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FOREWORD 

The Council on Wave Research of the Engineering Foundation was 
the sponsor of the first nine conferences on Coastal Engineering. This 
Council was abolished and was replaced in 1964 by the Coastal Engi- 
neering Research Council of the American Society of Civil Engineers. 
However, in spite of the change of name and affiliation there has been 
no discontinuity in either the activity of the Council or its management, 
which continues to function under the able guidance of the Secretary, 
Professor J. W. Johnson of the University of California, Berkeley. 

When the Council was formed eighteen years ago, many possible 
activities were considered. The field is international but small; coastal 
engineering works are predominantly under the jurisdiction of public 
agencies; research is conducted almost exclusively with governmental 
support; and specialists in many fields of engineering and science are 
active.   It became clear that a major contribution towards advancing 
this branch of engineering practice could be made by sponsoring con- 
ferences and publishing the proceedings.  Other activities have been 
considered by the Council from time to time, but none have been judged 
to meet a real need of the profession not already met by other organi- 
zations. 

Each field of engineering practice is related to a body of knowl- 
edge in basic and applied science.  The degree to which this scientific 
base provides quantitative means of analyzing real problems differs 
greatly from one field of practice to another.  Judgment based on ex- 
perience plays an important role in all branches of engineering prac- 
tice.  In coastal engineering practice, judgment still plays the major 
role in spite of the large, and growing, volume of experimental and 
theoretical results available.   The gap between reliable predictions 
from analyses and the needs of the engineer engaged in the design of 
coastal works is still very wide.  As an indication of the nature of this 
gap, a few of the deficiencies are as follows: 

1) The wave environment is important in design. Measurements 
of height and period are being made, but wave direction is not 
included routinely in the measurements. 

2) The surf actually produced by waves measured at sea has not 
been adequately explored by observing both concurrently. 

3) Littoral transport is a major factor in many coastal prob- 
lems.   Field data are almost entirely the integrated net 

xv 



xvi COASTAL ENGINEERING 

transport caused by wave action over a long period.  A means 
of measuring the rate of littoral transport is needed so as to 
relate the rate to the concurrent wave conditions. 

4) Records of the life of structures, and more particularly case 
histories of failures are very limited. Records of the design 
and history of structures, and of the complete environment to 
which they were exposed, are needed. 

5) Methods of appraising the probability of damage to structures 
are needed as the basis for insurance, not now generally 
available against damage by the sea. 

6) Scale models of coastal problem areas offer many advantages, 
in cost, in range of conditions represented, in elapsed time 
required.   Many models have been employed successfully but 
the choice of scale ratios seemed still to be more a matter of 
intuition than a quantitative analysis.   These remarks are 
positively pertinent to movable bed models. 

This list could be greatly extended.  Work has been done, and 
more is in progress.  An overall impression gained on reviewing the 
pre-prints of this conference and the previous proceedings is that 
coastal engineering research requires more comprehensive and pow- 
erful methods of attack on these problems than has been possible in 
the past.   Much of the work done has been in the category of "half an 
experiment;" "whole" experiments are needed to relate effects uniquely 
to their causes. 

An applied science should be not only scientific but should be ap- 
plied.   To be applied, the research results must be put in a form un- 
derstandable by the practicing engineer and should be related back 
quantitatively to the primary variables of waves, tides, local winds, 
bottom configuration, and materials.  Another impression is that there 
exists today a vast amount of field and laboratory data and of analytical 
results which should be sifted, analyzed, compared and generally shak- 
en down to be useful in practice. 

Morrough P. O'Brien, Chairman 
Coastal Engineering Research Council 
American Society of Civil Engineers 
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CHAPTER 1 

WAVES AT CAMP PENDLETON,   CALIFORNIA 

William H    Powers,   Jnr. ,   Institute of Geophysics and Planetary Physics, 
La Jolla,   California 

Laurence Draper and Patricia M    Bnggs,   National Institute of Oceanography, 
Great Britain 

ABSTRACT 

Waves were recorded for nine years at Camp Pendleton,   California, 
and the results of an analysis of records over two years are presented in 
this paper. 

INTRODUCTION 

From 1953 to 1961,  waves have been recorded at an exposed point 
3000 feet west of the boat basin of Camp Pendleton,   between San Diego and 
Los Angeles,   by means of a Snodgrass Mk IX wave recorder (Snodgrass 
1955) situated in a mean depth of 32ft      Records were taken at six-hourly 
intervals and were of 20-mmutes' duration      The instrument also recorded 
continuously,  but with a very much reduced chart speed.     The distribution 
of wave heights for each year has been determined,   and,   from the nine 
years,   two have been selected for a fuller analysis and the results have 
been combined to represent a typical year      One of these years,   1954,  was 
relatively calm and the other,   1958,  was relatively rough.     By using this 
method of selection it seems unlikely that these results represent unusual 
conditions      The recording and analysis were done at Camp Pendleton,   and 
the interpretation and presentation of the results were done at the National 
Institute of Oceanography.     (The analysis does not follow the pattern recently 
suggested by one of the authors    (Draper,   1966) as it was undertaken soon 
after the instrument was removed,   but the interpretation and presentation 
are m accordance with that paper ) 

PARAMETERS DERIVED FROM THE RECORDS 

The methods of analysis used yield   the following parameters 

T„ The significant wave period      This was determined from 
visual inspection of the 20-minute record by selecting 
groups of four or more consecutive waves.     The groups 
are selected by using two conditions-- 
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CAMP PENDLETON 

1 The waves should be well formed. 

2 The period within each group should appear to be 
consistent      The periods of the groups do not have 
to be consistent from one group to the other but in 
most cases they vary by only one or two seconds 

The total number of waves in all the selected groups is then divided 
into the total duration,   in seconds,   of those groups,   to yield Tg. 

Hmax (20-mmutes)     The height of the highest individual wave m the 
record. 

Hs The significant wave height,   the average height 
of the highest one third of all the waves on the 
record 

This is calculated in the following manner,    the length of record,   in 
seconds,   is divided by the significant period to yield the effective 
number of waves m the record.     The effective number of waves is 
divided by three,  and this latter number of the higher waves 
(starting with the highest) is averaged to yield the significant wave 
height 

These heights have been corrected for instrumental  response and the 
attenuation of wave motion with depth,    this latter correction is the 
theoretical hydrodynamic one,   unmodified by any experimental technique 

^max (6 hours) '^cie most probable value of the height of the 
highest wave in the recording interval (Draper, 
1963) 

PRESENTATION OF RESULTS 

There appeared to be no consistent seasonal distribution of wave 
heights or periods,   so the results are presented on a yearly basis,   and 
are as follows: 

Fig   I The cumulative distribution of significant wave height, 
Hs and of the most probable value of the height of the 
highest wave in the recording interval,   Hmax /(, hours) 

Fig    II        The distribution of wave periods. 

Fig.   Ill       A scatter diagram relating significant wave height to 
significant wave period 
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CAMP PENDLETON 

Fig      IV      A cumulative persistence diagram for waves of 
various significant heights 

Fig      V       'Lifetime' wave prediction 

Discussion of results 

From Fig I    may be determined the proportion of time for which 
Hs or Hmax (6 hours) exceeded any given height      For example,   the 
significant height exceeded two feet for 34 per cent of the time 

Because of the difficulty of differentiating on the low-speed record 
between waves and any spurious electrical pulse,   Hmax (6 hours) has 
been calculated from Hmax (20 minutes)      However,   although the 
calculated 6-hour maximum waves are,  on average, 28   per cent higher 
than the 20-minutes maximum, the average measured value of Hmax (6 hours) 
is only 2. 3 per cent higher than the calculated value 

The highest wave of all which occurred during a 20-mmute record 
m the two years which were studied was 115 feet high      The calculated 
height of the highest wave of all during the nine years was 14 5 feet 
(m 1955) 

The scatter diagram of Fig III relates the significant wave height 
to significant wave period      The numbers of occurrences are expressed 
in parts per thousand.     For example,  the most common situation with a 
significant wave height of about 1 5 feet and a period of between 13 and 14 
seconds,   occurred for 104 thousandths,  or 10 4 per cent,  of the time. 

A parameter which is sometimes of interest is the wave steepness, 
defined as the ratio of wave height to wavelength,    it may also be 
expressed as a decimal number      It should be noted that the steepness 
of a wave is not the same as the maximum slope of the water surface 
during the passage of a wave      Lines of constant steepness of I'lOO and 
1'200 are drawn on Fig III (in this case,   steepness relates to the 
significant wave height:sigmficant wave length).     Because the waves are 
predominantly swell,  the steepness is much lower than can occur in 
an area where waves are generated,  where the significant-height steep- 
ness can exceed 1:20      There is a theoretical limit to steepness of an 
individual wave of l-7,   and such a steepness is known to be approached 
occasionally during storms in an area such as the North Atlantic, 
(Draper and Squire,   1967) and is almost certainly approached on any 
ocean during a severe storm 

Because of the depth of installation of the instrument,  waves of 
periods shorter than about five seconds are not recorded adequately.     It 
seems unlikely that this is the primary cause of the cut-off in measured 
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CAMP PENDLETON 

wave period below about seven seconds,   so that it is therefore 
reasonable to conclude that locally generated waves rarely 
predominate over the swell 

Fig.   IV      From this diagram may be deduced the number and 
duration of the occasions in one year on which waves will be likely to 
persist at or above a given height.     For example,   if the limit for a 
particular operation of a vessel is a significant height of three feet, 
it will be unable to operate for spells in excess of ten hours on 18 
occasions or spells in excess of 60 hours on four occasions. 

Fig.   V      From this diagram it can be inferred that the most 
probable value of the height of the highest wave m,   say,   50 years,   is 
likely to be about 19 feet 'Draper 1963)      The parameter used in the 
preparation of this figure is Hmax (6 hours)- 

It is hoped that an analysis of the variability of wave conditions 
from year to year will be published later. 

Other publications on waves in this area are given in the references. 
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CHAPTER 2 

WAVES OFF BENGHAZI HARBOUK - LIBYA 

K. Y. Singh 

Senior Engineer - Sir William Halcrow & Partners - Great Britain 

and 

L. Draper 

National Institute of Oceanography - Great Britain 

ABSTRACT 

This paper gives details of the wave studies associated with the recon- 
struction of Benghazi Harbour, from the early forecasts, the installation of 
a recording instrument, its failures and repairs, to forecasts based on more 
recent techniques and subsequent analysis and presentation of results of re- 
cords taken from 1961 to 1965• Conclusions have been drawn and some suggest- 
ions for future consideration have been given. 

INTRODUCTION 

At the time of preparing the designs for the Reconstruction of Benghazi 
Harbour, there was hardly any information available on the observed or measured 
waves. Recourse had therefore to be made to wave forecasting techniques using 
whatever wind records that were available. It was decided to include this in- 
formation in this paper as a record of historical development of forecasting 
techniques. 

In order to obtain more reliable information it was decided to install , 
a wave recorder. Wave records have been analysed in accordance with Draper's 
and Tucker's methods except that H    instead of Hi was abstracted from every 
10mm. record because it was found that for all practical purposes H    was 
equal to H. The results of the analysis have been presented in accordance with 
the proposals made by Draper at the 10th Coastal Engineering Conference. 

It was considered important to give in some detail the damages and break- 
down sustained by the wave recorderinstallation in order to emphasize the 
hazards which are liable to affect almost any wave recording enterprise. 

It was also felt important to compare the maximum waves predicted by 
using the actual wave records with those obtained by the latest forecasting 
techniques in order to ascertain how much reliance could be placed on these 
techniques which have to be used on many occasions to predict "design waves" 
in the absence of information on actual wave records. 
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WAVE FORECASTS (OR RTNDCASTS) 

In 1955. Sir William Halorow & Partners asked Neyrpio, Laboratoire 
Dauphinios d'Hydraulique, Grenoble, to undertake hydraulic model tests 
for breakwater designs and for various layouts of the harbour. As the 
information on waves at that time was very scarce and unreliable, Neyrpio 
decided to resort to forecasting methods based on the knowledge of winds 
in order to augment the available data on waves. Various National meteoro- 
logical records were consulted for information on winds. Two values of 
wind velocities} 40 knots which was the maximum observed value, and 28 
knots corresponding to Beaufort 7» were used in making the forecasts. It 
was assumed, although no positive evidence was available, that these wind 
velocities were constant for the directions and fetches under consideration 
for relatively long periods. Methods of Suthons and Sverdrup as well as 
empirical formulae of Stevenson and Iribarren were used. Four directions 
were oonsidered but Neyrpics results for N.W. and N. only, which have the 
maximum fetch of 350 nautical miles, are given below. 

Wind velocity - 40 knots    Wind velocity - 28 knots 
Suthons      Sverdrup    Suthons      Sverdrup 

Wave Height 25' 

Period 12 sec. 

Min. Duration 24 hrs. 

30' 

10.2 sec. 

Jl hrs. 

15' 
9.7 seo. 

28 hrs. 

16' 

8.7 sec. 

36 hrs. 

Stevenson's formulas H(ft) - 1.5 >/fetch (nautical miles) - 28' 

Iribarren's formulas H(m.) - 1.2Vfetoh (km.) » 20' 

It was assumed that Suthon's method gave maximum wave height and Sverdrup's 
method gave significant height. It was also assumed that maximum wave heists were 
obtained from the formulae of Stevenson and Iribarren. Neyrpic recommended that 
for directions N.W. and N. a wave height of 23' of 10 seo. period should be used 
for wave agitation tests in the harbour but that to allow for exceptional storms 
higher waves of 25' to 30' height and 12 sec. period should be used for break- 
water stability tests. Further meteorological data based on actual storms upto 
January, 1968 has been examined and it is now concluded that a wind speed of 40 
knots for a duration of 24 hours is possible for the most severe storms. Using 
the latest methods the following forecasts are now made for deeper water off the 
harbour. 

Darbyshire - Draper graphical method (oceanic) t 

Hs " 20'» Hmax. (storm) " W ** Ts " n'3 seos' 

5 
Bretschneider's method s 

H - 26', H    / .  s » 52' and Ts - 13.5 sees, s    * max. (storm) ' J 
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Fig. 1.   Underwater Unit, Wave Recorder. 
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Fig. 2.  Section through the Underwater Unit. 
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Wave Spectrum (P-N-j) method^; 

H    - 25', H        ,  .       -, - 50'  and T    = 12 sees, s *    max. (storm;      •" s 

It should be noted that H   / .  \ given above is the maximum wave 
max.(storm) 

height which is likely to occur in a storm of 24 hours duration. In the case 
of Darbyshire - Draper method the appropriate height factors given in their 

4 
paper were used. For Bretschneider and Wave Spectrum methods the height 
factor was obtained from the formulas H   = 0.707 H /Log N where N = number 

max.        s   e 
of waves in the duration under consideration. 

WAVE RECORDER INSTALLATION 

The instrument is an N.I.O. piezo-electric wave recorder which measures 
fluctuations in pressure. These are transmitted as voltages through a seven 
core cable to the amplifier and recording instrument located on shore. An out- 
side view of the sea unit is given in Pig. 1 and a cross-section through it is 
given in Pig. 2. The underwater unit is mounted on top of a steel tripod 6' 
high. The wave traces are recorded on two separate charts, a continuous re- 
cord being taken at a chart speed of 6"/hour and an intermittent record of 12 
min. duration taken every four hours at a speed of 2"/"tin. 

The instrument was first installed in 1956 and functioned until early 
1958 when the submarine cable was damaged by tanker moorings. The meter head 
was lifted up, re-assembled and re-placed in August i960. During a severe 
storm on 5th/6th February 1961, the power supply to the recorder failed and 
records at the peak of the storm were not obtained. In 19&2 a standby generating 
set was provided which automatically came into operation in the event of mains 
failure. Wave records obtained during the storm of 15th/l6th March 1962, showed 
unusual features suggesting that the cable was damaged. Subsequent inspection 
showed that the cable was stretched to breaking point by tanker moorings. It 
was then decided to re-locate the sea unit wheie the cable would be clear of 
moorings. This opportunity was taken to obtain a more streamlined meter head 
as the old one was suspected of suffering from eddies and turbulence. The 
recording instrument was also moved close to the Chief Resident Engineer's 
Office where it could be kept under close supervision. The new unit and the 
cable were installed in December 1962. The instrument functioned reasonably 
satisfactorily until July 1965, when the cable was broken in a storm. A com- 
pletely new cable had to be provided and was connected up in November 1967. 

WAVE RECORDS AND ANALYSIS 

The first and second sitings of the sea unit were in depths of water of 
42' and 48' respectively. Some of the deep sea waves were, therefore, not 
measured as they had already broken before reaching the recorder. Intermittent 
wave records eovering the period from 1961 to 1965 have been analysed m accor- 
dance with the methods described by Draper and Tucker. The results are presented 
in Figs. 3, 4 and 5. 
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Pip-. 5.  This diagram shows the proportion of time for which s and "max. (4 hours) 
exceeded any Riven height.  For example, "a exceeded $  feet for 20!$ of the time. 

Pig.4. This is the scatter diagram relating the significant wave hei"ht to the 
zero crossing period.  The wave records are presented as parts per thousand.  The 
wave steepness lines are drawn using the wave length at the recorder location 
and from these it can be seen that most of the waves lie "between steepnesses of 
1:200 to 1:20. Contours have been drawn from which the frequency of occurrence 
of certain combinations of wave height and period can bp obtained. The most 
common zero crossing neriod appears to be J  seconds. 

Pig.5. The calculated values of max (4 hours) have been plotted against per- 
centage exceedance.  The graph is a straight line between wave heights of 5' and 
25' and breakaways below and above these heights.  The non-linearity above about 
2cj' is due in part to the shallow water, as depths of 42' and 48' cannot sustain 
waves of a height greater than about 5?' to 57' respectively.  Low wave heights 
ire often associated with short periods resulting in large depth attenuation 
which prevents such waves appearing on the record.  This results in a lower 
apparent percentage of waves of one and two feet in height and may explain some 
of the non-linearity at low heights. Using the straight dotted extension of 
the graph it can be predicted that a wave height of 52' (maximum) can be 
expected to occur once every year m deeper water.  This compares well with 
the waves forecast by the Bretschneider and P-N-J methods. Non-linearities 
are almost certain to occur at these wave heights, yielding extremes somewhat 
less than those predicted by the straight line, but until the behaviour of 
waves at these heights is better understood the linear extrapolation must be 
used.  This should give a slight error on the "safe" side. 

CONCLUSIONS AND SUGGESTIONS 

Although reasonable agreement has been obtained between the waves forecast 
using the latest techniques and the actual measured records, it is obvious that 
there is still considerable room for improvement in both the forecasting and 
recording techniques.  Forecasting would be more accurate if wind speed and its 
duration over the fetch could be determined with greater accuracy.  It is 
suggested that if wind data is available in a form suitable for extrapolation 
to long intervals of time it might included in the paper to enable the user to 
make his own forecasts at a later date if more accurate wave forecasting 
techniques become available. 

There is still a greal  need for a simple but reliable wave recording 
instrument which would be leoS subject to breakdowns.  There are instruments 
available now which reduce the manual task of analysis but their use in remote 
locations devoid of servicing facilities probably dauses more problems than 
it soVes.  It is also suggested that every encouragement be given to the 
development of instruments which would record wave heights and directions 
simultaneously. 
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CHAPTER 3 

WAVE MEASUREMENTS BY A PRESSURE TYPE WAVE GAUGE 

P.O. Bergan, A. T0rum and A. Tratteberg 

Research Engineers, River and Harbour Laboratory, 
Technical University of Norway, Trondheim 

NORWAY 

ABSTRACT 

The paper deals with comparative measurements of irregular 
model waves by a pressure type wave gauge and a continuous wire 
wave gauge.  For the depth and wave conditions used in the 
study it is concluded that the height of individual waves ob- 
tained by a pressure type gauge and using the first order wave 
theory may be in considerable error, while wave height distri- 
butions and wave spectra are fairly good estimated. 

INTRODUCTION 

Pressure type wave gauges have been extensively used in 
many locations throughout the world.  Along the Norwegian coast 
wave measurements with such gauges have been carried out at 
four exposed locations since 195 9 by the Norwegian State Har- 
bour Authorities.  The data from these gauges are collected by 
and analysed at the Technical University of Norway. 

The Norwegian gauges are placed close to the bottom at 
depths 17-20 m. 

When using pressure type wave gauges, the wave height is 
usually obtained by using the first order wave theory, some- 
times modified by an emperical factor which often is a function 
of the wave frequency. 

According to the first order wave theory the relation be- 
tween the wave height and the recorded differential pressure is 
the following 

An    — cosh k (d-z) 
p " Y'2  cosh kd 

Y= specific weight of water.  H = wave height 
k= 2ir/L.  L = wave length,  d = water depth 
z= vertical distance from the still water level to the 

pressure gauge 

where: 

19 
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A record of pressure variations due to waves is more or less 
similar to what has been sketched in Fig. 1.  The apparent 
wave period may be obtained by some method like the zero-up- 
crossing method which has been used in this paper as shown in 
Fig. 1. 

First order wave theory leads to errors in the wave height 
estimates, (1), (2) and (3).  Higher order wave theories have 
not usually been used because of the excessive computing work 
involved to obtain wave heights from the pressure records.  It 
should also be pointed out that really no reliable wave theory 
exists for short crested irregular waves.  For practical 
reasons it has therefore been usual to modify the wave heights 
obtained by first order wave theory by some empirical factor. 

The work reported in this paper were carried out to in- 
vestigate in a wave flume the accuracy of pressure wave gauges 
with particular reference to the conditions of the gauges 
along the Norwegian coast. All the data in this paper are 
presented as model data.  However, if a linear scale of 1:20 
is applied the water depth used in the wave flume corresponds 
to 20 m, the significant wave periods to 9 seconds and the 
significant wave heights to 3 to 5 metres. 

WAVE MEASUREMENTS 

The measurements of wave heights by a pressure wave gauge 
and a continuous resistance wire gauge were made in a wave 
channel, 78 metres long, 3,8 m wide and with a water depth of 
1 m. 

The wave channel is equipped with a wave generator which 
can generate unidirectional regular or irregular waves.  The 
unidirectional spectra of the irregular waves can be of any 
reasonable shape and the significant waves up to 25 cm high. 

The pressure wave gauge was a pressure transducer from a 
Swedish company:  SWEMA.  The transducer was mounted outside 
the channel and connected by a plastic tube to a pressure tap 
in the channel wall. As shown in Fig. 2 the continuous wire 
gauge was located in the same cross-section as the pressure 
gauge. 

Recordings of pressures from regular waves were analysed 
using both first and fifth order wave theory.  Fig. 3 shows 
comparisons of pressures measured by the pressure gauge and 
pressures calculated from wave heights obtained by the wire 
gauge using the first order wave theory.  Fig. •• shows a simi- 
lar comparison between measured pressures and pressures obtain- 
ed by the fifth order wave theory.  There is a fair agreement 
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between measured pressures and pressures calculated according 
to the fifth order wave theory, indicating that the testing 
arrangement was working satisfactorily. 

It should be pointed out that the pressure transducer and 
the set up in the model is an ideal pressure gauge with a full 
pressure response for all frequencies.  Prototype gauges may, 
due to hydraulic, mechanical and electronical conditions res- 
pond to the pressures differently than the transducer used in 
the present investigation. 

Fig. 5 shows a sample of simultaneous recordings of irre- 
gular waves from the continuous wire gauge and the pressure 
gauge.  This sample shows a characteristic feature of the 
pressure wave gauge, namely that it does not record as many 
waves as the wire gauge. 

The zero upcrossing method was first applied to the re- 
cording from the wire gauge, and the waves were numbered con- 
secutively.  Then the same procedure was applied to the pres- 
sure gauge record.  Waves that could more or less be traced to 
be the same on the two records were given the same numbers 
while waves on the pressure gauge that could not be traced on 
the continuous wire gauge were given a combined number corre- 
sponding to the waves on the wire gauge recording during the 
same time interval. 

Fig. 6 shows a comparison of waves measured by the wire 
gauge and waves obtained from the pressure gauge using first 
and fifth order wave theory respectively.  Only waves which 
are comparable according to Fig. 5 have been used in Fig. 6. 
The agreement is not very good, and it is probably not to be 
expected to be better.  The usual concept of irregular waves 
is that the irregular surface configuration is generated by 
regular waves travelling at their own individual speed.  It is 
then understandable that a poor result is obtained when apply- 
ing a theory that is valid to only the individual waves to a 
phenomenon that is an interference of many waves. 

Some calculations have been made to compare wave power- 
spectra and wave height distributions from the wire gauge and 
the pressure gauge. 

The calculations of the wave power spectra and the wave 
height distributions were based on records of 100-200 consecu- 
tive waves, varying somewhat from sample to sample.  The power 
spectras were calculated through the autocorrelation function 
and the raw spectra smoothed according to the Hanning method. 
The time lag used in the calculations was 1/4 seconds, and 
eighty points were calculated of the autocorrelations function. 
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The power spectra of the waves measured by the pressure 
gauge were obtaxned by calculating the power spectra of the 
pressures and applying a transfer function according to the 
first order wave theory. 

The wave heights used in obtaining the wave height dis- 
tribution are those obtained by applying the zero upcrossmg 
method.  The wave heights from the pressure gauge were ob- 
tained by using the apparent wave period when calculating the 
pressure response factor. 

Fig. 7 and 8 show spectra and wave height distributions 
from the two gauges. The agreement is rather good. Several 
similar analysis have been made. The agreement was not always 
as good as shown in Figs. 7 and 8, but the agreement between 
significant wave heights obtained from the pressure and con- 
tinuous wire gauge was in general within 10% of the wave height. 

In view of the poor accuracy on the individual waves ob- 
tained by the pressure gauge, it is quite surprising that the 
accuracy is so good when dealing with the waves m a statisti- 
cal manner. 

CONCLUSION 

The present investigations have shown that wave heights 
of individual waves obtained from pressure records of irregu- 
lar unidirectional waves may have considerable errors, irres- 
pective of whether first or fifth order wave theory is used. 

However, using first order wave theory when analysing 
pressure gauge records of unidirectional irregular waves may 
give reasonably accurate wave spectra and wave height distri- 
butions.  In particular a fair estimate of the significant 
wave height is obtained. 
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CHAPTER 4 

THE CHARACTERISTICS OF WIND-WAVES GENERATED IN THE LABORATORY 

by 

Theodore T Lee 
Associate Researcher 

Look Laboratory of Oceanographic Engineering 
University of Hawaii 

Honolulu, Hawaii 
U.S.A. 

ABSTRACT 

Wind-wave characteristics were recorded in the laboratory for the primary 
purposes of  (a) analysis of the probability distribution of wave height and 
wave period with wind speed, water depth, and fetch length as major parameters, 
and (b) comparison of the test results with existing theory and empirical 
formulae. 

An important aspect of this study was to test the validity of the Tucker 
and Draper method (Draper, 1966) for the presentation of ocean wave data as 
applicable to wave-data analysis for simulated wind waves.  It was interesting 
to note that some corrections were necessary when the method proposed by Draper 
at the 10th Coastal Engineering Conference was used for analyzing waves genera- 
ted in the laboratory. Approximately a positive 20% correction was necessary 
for this study in which the wave spectra distribution is of very narrow range, 
the wave width parametere = V1-(T /T ) varles from 0.25 to 0.50, where Tc and 
T2 represent crest wave period ana zero-crossing wave period, respectively. 
However, only a negative 5%  correction was necessary when the method was used 
to analyze sea waves (e = 0 73 to 0 76) measured off the shoreline near Look 
Laboratory  Therefore, it was concluded that the Tucker and Draper Method is 
quite feasible for engineering purposes in analyzing wind-waves having a spec- 
tral width parameter of 0.60 to 0.75 

The experimental data were compared with those wave heights predicted by 
the Darbyshire formulas (Francis, 1959) developed for ocean waves. A signifi- 
cant correction factor was necessary for laboratory waves produced by low-speed 
wi nds. 

The "fetch graph" was prepared and compared with those developed theore- 
tically by Hino (1966) and empirically by Ijima and Tang (1966) at the 10th 
Conference on Coastal Engineering, Tokyo, Japan  Comparison was also made 
with the previous empirical formulae by Bretschneider (1951, 1957), Sverdrup 
and Munk (1947), and Wilson (1961,1962). The experimental results compared 
well with the Hino theory for both wave heights and wave periods, and fairly 
well with Bretschneider's fetch graph for wave heights  The difference in the 
comparison of wave data with other investigators is illustrated in this paper. 

It is recommended that further study be made with emphasis on (a) theore- 
tical and experimental studies of wind-wave characteristics on pre-existing 
waves, particularly moving storms, (b) wave-energy spectra involving stochastic 
characteristics and extreme values of wind waves 
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INTRODUCTION 

Wind-generated water waves are considered the most significant phenomenon 
confronted by ocean engineers in the design of protective shoreline structures 
and the prediction of response of offshore floating structures moored in the 
open sea  This type of wave is distributed in random form compared to the 
long-period waves generated from an artificial disturbance, such as earthquakes 
and underwater explosions. The spectrum of the wind-waves varies with wind 
speed, wind duration, and fetch over which the wind blows. The topography of 
the local ocean bottom is often the governing factor in the modification of 
wave spectra in shallow water. 

One of the problems is how to present the wave data in forms which can be 
used by ocean engineers for design purposes. The most widely accepted method 
is the use of the significant wave (i e., the average of the highest one-third 
of the waves) as the design wave. The significant wave may be determined from 
field measurements during several storms, or it can be predicted by wave fore- 
casting or hindcasting techniques, such as those suggested by Sverdrup-Munk- 
Bretschneider (1951, 1957), Pierson-Neumann-James (1955) and Darbyshire (1963). 
Based on the significant wave, many shore structures have been designed with 
certain safety factors.  In recent years, some questions have been raised as 
to whether or not a structure should be designed for maximum wave height 
(extreme values), allowing due consideration for the frequency distribution. 
The distribution of wave periods becomes more important when resonance is of 
major concern  Therefore, the method of presenting wave data requires further 
investigation in order to provide ocean engineers not only with significant 
wave data, but with extreme values and frequency distribution as well. 

At the 10th International Conference on Coastal Engineering in Japan, L. 
Draper (1966) presented a method of analyzing and presenting sea-wave data as 
a plea for uniformity. The method is simple and meritorious in sea-wave 
applications, but its validity as applied to simulated wind waves generated in 
the laboratory needed to be determined. This paper describes the experimental 
results of wind-wave characteristics obtained by this author who has applied 
this method for both laboratory and sea waves. The data have also been com- 
pared with existing theoretical and empirical formulae which are commonly used 
in coastal engineering 

The primary objectives of the experimental investigation are to-  (a) 
analyze the frequency distribution of wind-waves simulated in the laboratory 
and/or measured in the Pacific Ocean; and (b) compare the test results with 
existing methods of wave prediction by theoretical or semi-empirical 
approaches, (c) evaluate the applicability of the simplified Tucker and Draper 
method for analyzing wind-waves generated in the laboratory and/or ocean;  (d) 
calibrate the pilot wind-wave flume and establish criteria for the wave-generating 
mechanism of the large wind-wave flume. 

EXPERIMENTAL EQUIPMENT 

The laboratory experiments were conducted in a wind-wave flume (9 inches 
wide, 13 inches high, and W feet long) with a blower-generator capable of 
simulating wind speeds from 9 to hk  feet/second (Fig. 1). The flume is a 
pilot model of a large wind-wave flume (h  feet wide, 6.25 feet high, and 180 feet 
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V Wind-wave generator 

(a) View from wind-wave generator end 

(b) View from absorbing-beach end 

Fig. 1 - The pilot wind-wave flume 

long) being constructed at the Look Laboratory of Oceanographic Engineering. 
The wind speed depends on the blowing opening; water depth, and fetch length 
in the flume. 

A plexiglas absorbing-beach of 1:12 slope is located at the leeward end 
of the flume.  Wave height and wave period pick-ups were installed at two 
stations having a fetch length of 15 feet (0 + 15) and of 33 feet (0 + 33), 
respectively, from the wind-generator. Two wave gages of submerged electrode 
type and a direct-writing oscillograph were used to sense and record the waves. 
A pitot-tube was used to measure wind velocity pressure, which in turn determines 
the wind speed.  The pressure was read from a portable manometer.  The effects 
of temperature and barometric pressure were insignificant. Wind velocities were 
measured at both fetch stations with a number of measurements sufficient to 
define the profiles along three vertical sections. 
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EXPERIMENT PROCEDURE AND TEST RESULTS 

The preliminary tests included the measurements of wind speeds, wave 
heights, and wave periods as a function of blower opening, water depth, and 
fetch distance along the flume  A relationship between the wind speed and 
blower opening was established. Twenty-two test conditions were formulated 
with four water depths and six wind speeds for each depth. A thorough analy- 
sis of wave characteristics in a water depth of k   inches was made and compared 
with the values computed by the Tucker and Draper method (Draper, 1966) deve- 
loped for analyzing ocean waves at the National Institute of Oceanography, 
England. 

Since the wind-waves generated in the pilot flume are of narrow spectral 
distribution, no attempt has been made to conduct a power-spectral analysis of 
the wave data collected  Instead, only a spectral width parameter based on 
the reproducibi1ity of wind-waves in the flume is presented.  It was found that the 
reproductivity of wind-waves is valid with relation to the significant wave heights 
and periods. However, there are some discrepancies in the wave spectral width 
parameters.  It is planned to collect more wave data to facilitate the analysis 
of extreme values and to study the dependence of wind-wave characteristics on 
pre-existing waves, includeing the effect of moving storms 

The test results showing the relationship between average wind speeds and 
blower openings are presented in Fig 2.  It should be noted that the average wind 
speeds at Station 0+33 (33 feet along the flume from the wind-wave generator) 
are generally higher than those measured at Station 0+15 because the cross section 
of the air stream at Station 0+33 was decreased as higher waves were presented, 
thus increasing the wind speed above water surface for a given discharge of air 
flow  During the tests, the wind speed for each run was gradually brought up to 
the desired level in order to avoid undesirable surges in the flume. This pro- 
cedure was also necessary in order to have the wind-wave system developed in a 
reasonably short time 

The average magnitudes of wave heights equal to or greater than 10 perc 
ercent, 50 percent and 100 percent of all waves measured are compared in 
3. 

The significant wave heights as a function of wind speed, fetch location, 
and water depth are compared in Fig. k.    The maximum significant wave height 
measured under various test conditions varied from 0 9 to 1.9 inches at the 
fetch Station 0+33, and from 0 55 to 1.k  inches at Station 0+15. Similarly, 
the relationship between wave period and wind speed for the different fetch 
locations and water depths is compared in Figs. 5 and 6. The average wave 
period varies from 0.A3 to 0.66 seconds at Station 0+33 and from 0.26 to 0.52 
seconds at Station 0+15  It is shown that wave period increases with wind speed 
and fetch. Generally, the measured wave heights and wave periods increase with 
wind speed. However, they tend to decrease when wind speed reacher certain 
values, as shown in Figs h  and 6. This is perhaps because of the turbulance 
of the water surface for higher wind speeds. The relationship between signifi- 
cant wave heights and mean wave periods is shown in Fig. 7. The experimental 
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o 
data coincided very well with the empirical formula (H, ,, = 0 45 T    ) 

' v 1/3        mean 
proposed by Wiegel (1964) and depicted in the figure as a dashed line. 

FREQUENCY ANALYSIS OF WAVE HEIGHT AND WAVE PERIOD 

A thorough analysis was made of the frequency of occurrence of wave 
heights and wave periods for run No. 6, during which time the still water depth 
was maintained at 4 inches and tests were conducted for five wind conditions. 
The frequency of occurrence or percentage of excess for the two fetch locations 
was compared to the significant wave heights and wave periods (Figs. 8 and 9)• 
On the average, the wave height and wave period measured at Station 0+33 were 
14 percent greater than at Station 0+15 

ANALYSIS OF WAVE DATA BY TUCKER AND DRAPER METHOD 

The experimental wave data were further analyzed by a method developed 
by the National Institute of Oceanography, England (Tucker, 1961; Draper, 1966). 
According to Draper, this method of analysis is the result of theoretical 
studies of the statistical properties of sea waves and the analysis of numerous 
wave data collected in the sea, with due consideration of the results of many 
users. Because of the simplicity of the method, which is of merit in field 
applications, it is considered advisable to analyze the wave data collected in 
the laboratory in order to determine the validity of the technique, i e , to 
determine whether or not it is equally applicable to both sea waves and wind- 
waves generated in the laboratory  The general procedure of analysis is given 
in Appendix A. 

Comparing the significant wave heights as determined from the Tucker and 
Draper method and from normal frequency analysis, it was found that a positive 
correction of approximately 21% was necessary for wind-waves generated in the 
Look Laboratory, of which the wave-spectra distribution was of very narrow 
range. H   = 1.3 H  against H   = 1.6 H for sea waves  The wave spectral 

' max      s max      s 

width parameter, e =Yl - (T /T ) varied from 0 25 to 0.50, where T is crest 

wave period, and T is zero-crossing period. This means that the significant 
wave heights were approximately 21% underestimated by the Tucker and Draper 
method. However, the significant heights of sea-waves off the Look Laboratory 
as computed by this method were very close to the actual values needed; this 
is within engineering accuracy.  In this case, the sea-waves have a larger wave 
spectral width parameter of 0.73 to 0.76 than the wind-waves simulated in the 
laboratory ( £ = 0.25 to 0.50). Based on the above test results, the correc- 
ted significant wave height factors for data analysis by Tucker and Draper 
method is applicable to the laboratory and sea-waves measured at the Look Labora- 
tory are shown in Fig 10.  It may be concluded that analysis of sea-waves by 
the Tucker and Draper method is feasible for engineering purposes but certain 
corrections are necessary to analyze laboratory wind-waves, particularly of 
narrow wave spectra distribution. The prediction is quite satisfactory when 
the wave spectral width parameter is between 0.60 and 0.75. 
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It must be pointed out that, according to Draper (1966), the wave heights 
must be corrected for: a) response of the recording instrument, and b) attenu- 
ation of waves with water depth if the wave height is measured as a function of 
pressure fluctuation of the sea bottom. 

During this study, the response of the recording instrument was investiga- 
ted by comparing the recorded wave heights at different periodic oscillations 
The experimental apparatus is shown in Fig  11.  It consists of a mechanical 
drive connected to a wire-resistant wave probe excited to oscillatory motion. 
The amplitude of oscillation was kept constant, but the frequency of oscillation 
was varied in order to determine the effect of frequency response on the recorded 
wave amplitudes  As shown in Fig 12, the recorded wave height is slightly 
higher for waves of high frequency (greater than 4 cps) than for waves of low 
frequency  There was a maximum 9 percent error observed in the interval of 
frequencies from 1 to 10 cps  However, there was no significant effect of fre- 
quency of wave heights for wave periods between 0 20 and 1.0 seconds, which 
covers the majority of wave periods measured under this study  Therefore, it 
is concluded that the effect of the response of the recording instrument can 
be ignored, although the wave height at any frequency from 5 cps up to 10 cps 
could be over-estimated by 3 to 9 percent 

The water level variations in the tests were sensed by wire resistance 
techniques. Therefore, it was not necessary to make any corrections for the 
attenuation of waves with water depth 

A comparison of the mean zero-crossing period (T ) and mean crest period 

(T ) with average wave period was made and there proved to be no significant 

difference (less than 6 percent among these parameters)  Therefore, it is 
considered advisable to use the mean zero-crossing period as the relevant 
average wave period for civil engineering purposes, as recommended by Draper 

For engineering applications, the significant wave height and a spectral- 
width parameter, e, may be used to describe the statistical distribution of 
wave heights. The significant wave height may be determined by the analysis of 
statistical distribution of waves. The spectral-width parameter, 
may vary from zero to unit. When e approaches unity, the waves  e = 1| 
would cover a wide range of frequencies.  For waves having a 
narrow range of frequencies, such as swells and tsunami waves, 
e would be nearly zero 

In the selection of design waves, it is customary to use maximum wave 
height or the average of the highest 1/10 of waves, in lieu of the significant 
wave height, for designing important fixed structures  It is interesting to 
note that the ratio of the maximum wave height to the significant wave height 
varies from 1.2 to 1 3, as compared with 1.60 for wind-waves in the ocean, as 
estimated by Darbyshire and Draper (1963)  This is because the laboratory- 
generated wind-waves have a much narrower wave spectrum than ocean waves. 

a i yb i 

V5 
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Fig.   11     Experimental   apparatus   for evaluation of frequency 
response of  the wire-resistance wave gage. 
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Fig.   12    Frequency   response of  the wire-resistance wave gage 
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ANALYSIS OF WAVE DATA BY THE DARBYSHIRE METHOD 

The Darbyshire formula (Francis, 1959) suggested the relationship between 
wave height, wind speed, and fetch as follows. 

1/2 
Hmax = °-°°76 (1 " e"°'23F  ) u2 (D  F,/2 

or   H   = 0.0060 (1 - e -°-°°3F,   ) y2 ( } 1/2 
max 1 

where 
H « maximum wave height of 100 waves in feet 
F = fetch length in nautical miles, F] = fetch length in feet 

U = gradient wind speed in knots estimated to be 1 5 times the 
wind speed at 30 feet above the mean sea level 

V = average wind velocity in ft/sec measured over water surface 
in the wind-wave flume. 

As shown in Fig  13, the use of the Darbyshire formula to predict the 
maximum height of wind-waves generated in the laboratory is feasible for high 
wind speeds but a significant correction factor may have to be applied for the 
cases of low wind speeds. Therefore, the discrepancy may have resulted from 
the use of 1.5 times the average wind speed at 30 feet above mean water level 
in the ocean.  Further investigation of these aspects is necessary. Due con- 
sideration should be given the use of gradient wind speed which needs to be 
defined for laboratory wind waves. 

In summary, the application of experimental results to field conditions 
should be done carefully to avoid any significant error in maximum wave pre- 
diction 

FETCH GRAPH COMPARISON 

2     2 
The dimensionless relationships gF/U , gH/U , and gT/2irU determined from 

the fetch (F), wind speed (U), and wave period (T) are referred to as "Fetch 
Graph." This is considered the most effective means for correlating the above 
variables  The non-dimensional representation has facilitated the comparison 
of various wave data collected either in the field or in the laboratory. 

The experimental results were compared with those developed theoretically 
by Hino (1966), and Ijima and Tang (1966) as presented at the 10th Conference 
on Coastal Engineering, Tokyo, Japan. Comparison was also made with the previ- 
ous empirical formulae by Bretschneider (1951, 1957), Sverdrup and Munk (19^7) 
and Wilson (1961, 1962). The data compared well with the Hino theory for both 
wave heights and wave periods, and fairly well with Bretschneider's fetch 
graph for wave heights  The difference in the comparison of wave data with 
other investigators is shown in Figs, l^t, 15, 16 and 17. The discrepancies 
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are perhaps due to the fact that the wind waves generated in the laboratory 
were of narrow wave spectra distribution. Furthermore, the empirical coeffi- 
cients as shown in Figs. 16 and 17 are being adjusted in the 1968 revision of 
wave forecasting (Bretschneider, 1968). 

APPENDIX A 

ANALYSIS OF WAVE DATA BY TUCKER AND DRAPER METHOD 

The basic procedure of analysis is as follows (Draper, 1966)• 

1. Select a section of wave record which covers at least 100 waves or more 
for the short fetch Station 0+15 during which period the waves are fully 
developed. The same period of time is used to analyze waves measured at 
the long fetch Station 0+33. 

2. Wave height parameters are calculated from the sum of amplitudes measured 
from the mean water level to the highest crest (A) and to the lowest trough 
(C), regardless of whether or not the amplitudes are part of the same wave. 
The sum of (A) and (C) is defined as Hj. The mean water level is drawn by 
eye, although it could be determined more accurately by other methods such 
as the use of a planimeter  However, experience indicated that the error 
introduced by determining wave periods from zero-crossing by eye is rather 
minor, and there will be no significant errors in the determination of wave 
heights and crest periods. 

3    Count the number of zero crossings of the waves over the record period, 
(t), selected and then divide by two (2) to get N . 

h.        Compute the mean zero-crossing wave period, T , i.l , T = rr . 

5. Count the number of wave crests, N , including both those above and below 
mean water level . c 

6. Compute the mean wave period of the crests, T , i.e., T = -rr-• r c       c  N 
c 

7. Compute the spectral width parameter, which is an indicator of the statis- 
tical distribution of wave periods  This parameter shows that when the 
waves cover a wide range of frequencies or periods, the long waves will 
carry short waves on top of them and there will be many more wave crests, 
N , than zero-crossings N . Then, T will be much smaller than T and 

approaches unity, which indicates that the wave train has a wide wave- 
spectral distribution. On the other hand, if the range of frequencies 
is narrow, each wave crest will be associated with a zero crossing, then 
T and T will be approximately equal and will be close to zero (Draper, 

1966). 
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8 Compute the significant wave height from the following relationship 
h" = H. factor  The factor is determined from Fig 10, as plotted from 

Draper's data 

9 Compare the values of significant wave heights obtained from item No 8 
above with those determined from the frequency analysis described in the 
preceding section  Fig. 17 shows the deviations; it is apparent that a 
correction factor of 1.21 should be entered  According to Draper (1966), 
H| should be corrected for the response of the recording instrument and 
for the attenuation of waves with depth  In this case, H = HJ • factor 
and H = (H  • factor) 1 .21 s 

s    s 

10 Similarly, the zero-crossing and crest periods were compared with the 
average wave periods obtained from the frequency analysis described in the 
preceding section 

11 Based on the new relationship of H = (H. • factor) 1 21, the significant 
wave heights were computed for the other runs under test conditions other 
than the '(-inch water depth in the flume 
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CHAPTER 5 

WIND VELOCITY PROFILE ABOVE PROGRESSIVE WATER WAVES 

Omar H. Shemdin 

Department of Coastal and Oceanographic Engineering, 
University of Florida, Gainesville, Florida 

ABSTRACT 

An investigation of the air velocity profile above progressive, 
mechanically-generated waves was made m the wind and wave facility 
at Stanford University.  The influence of propagating waves on the 
mean velocity profile was sought especially. 

Both the instantaneous and mean velocity profiles were obtained 
with the use of high response total head and static pressure 
probes, m conjunction with a wave height gage.  Experimental 
evidence is presented which suggests that the air velocity field 
responds to the wave motion. 

The dependence of the mean velocity profile on wave frequency 
was investigated experimentally over mechanically generated waves 
having a constant amplitude.  Also, the dependence of the mean 
velocity profile on wave amplitude was investigated over mechanically- 
generated waves with a specified frequency. 

The theoretical results suggest that the wave influence is 
threefold.  The first is due to the fact that a velocity-measuring 
instrument continuously shifts streamlines when measuring the air 
velocity above a perturbed water surface.  The second is due to the 
wave-induced perturbation in the air velocity.  The third is due 
to the interaction between the two effects just described.  The 
results contribute towards explaining the lack of consistency in 
the existing data. 

INTRODUCTION 

In the study of the aerodynamic drag on the water surface, the 
method of attack was to relate the properties of the wind to the 
slope of the mean water level, the surface currents, and the waves 
generated.  The total drag coefficient is usually defined 
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c - -£- , (i) 
n < 

where D is the total drag per unit area at the water surface and 
Un is a velocity at height y above the water surface.  Keulegan 
found that Cn increases linearly with Un in wind channel experiments 
(ref. 1).  Results similar to Keulegan's were found by Fitzgerald 
in another wind channel and by Van Dorn in a pond (ref. 2 and 3). 
The increase in the total drag coefficient was also observed by 
Francis, Sibul, and Hidy and Plate under laboratory conditions, and 
by Sheppard and Omar in the ocean (ref. 4, 5, 6, and 7).  Large 
scatter in the total drag coefficient was reported by Keulegan and 
by Johnson and Rice under laboratory conditions, and by Hellstrom 
in the field with little evidence that it followed any stress law 
(ref. 8, 9, and 10).  More recently, Kato and Takemura have 
reported a decrease in the drag coefficient with increasing Un 
(ref. 11). 

Munk derived an analytical expression for the total drag at the 
water surface based on the Jeffreys sheltering hypothesis and pre- 
dicted an increase in the total drag coefficient with increasing 
Un (ref. 12).  A similar theoretical result was reported recently 
by Hino (ref. 13).  An expression by Neumann, however, predicts a 
decrease in the total drag coefficient with increasing Un (ref. 14). 
Roll, in a review of the studies related to the aerodynamic drag on 
the water surface, concluded that the state of knowledge is far 
from satisfactory (ref. 15). 

The air velocity profile with respect to the mean water level 
has been approximated, most commonly, by a logarithmic velocity 
distribution given by 

U = ^± Jin 2- (2) 
K       Zo 

where U* = [to/p]1'2, TO is the surface shearing stress, K is the 
Karm£n universal constant, z0 is the roughness height.  The un- 
certainty in determining the mean water level accurately leaves 
room to adjust the velocity data so that it can be approximated by 
a logarithmic distribution, whence values of Ut and zo are obtained. 
If the assumption is made that T0 = D, then 

K/*n& (3) 

which implies that Cn depends on zo and the height yn at which the 
reference velocity Un is taken.  It is natural to expect that zo be 
related to the characteristics of the propagating waves at the air- 
water surface.  Evidence of such dependence was given by Kunishi 
for very small amplitude waves (ref. 16).  Holmes, however, found 
no correlation between z0 and wave characteristics (ref. 17). 

The results of previous investigators do not agree on a common 
relationship between U* and zo as shown in Fig. 1.  The disa- 
greement leaves room to question the validity of applying a 
logarithmic velocity distribution to a shear flow over the water 
surface.  A logarithmic fit was observed by some authors to be 
reasonable over a portion of the velocity data only.  Thus, the 
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conclusions of Kato and Takemura were based on fitting a loga- 
rithmic distribution to the measured velocities close to the 
water surface, while the conclusions of Francis were based on 
fitting a logarithmic distribution to the measured velocities 
away from the water surface (ref. 11 and 18).  The aim of the 
present study is to investigate both experimentally and theoreti- 
cally the effect of propagating water waves on the measured mean 
velocity profile in the air stream above the water surface. 

EXPERIMENTAL APPARATUS AND PROCEDURE 

The 115-foot-long, 74-1/2-mch-high, and 35-1/2 inch-wide wind 
and wave facility at the Stanford University Hydraulics Laboratory 
was used for this study.  A description of this facility was given 
by Shemdm and Hsu (ref. 19).  The facility wave generator is 
equipped with an electrohydraulic control system which is capable 
of generating simple waves ranging m frequency from 0.2 to 4.0 
cps.  The air intake is located 17 feet downstream of the wave 
generator plate so that the mechanically generated waves become 
fully established before exposure to wind.  A suction fan is 
provided at the downstream end of the channel.  The fan is driven 
by a motor capable of creating a maximum wind speed of 80 fps when 
the water level is at a nominal depth of 3 feet.  The channel has 
a steel plate floor, glass walls m the test section, and is 
closed by 3-foot by 5-foot interchangeable roof plates.  The 
instruments are mounted on a special 3-foot by 5-foot plate which 
can be placed at any station along the channel. 

The velocity in the air was measured with total head and static- 
pressure probes, in conjunction with a Pace differential pressure 
transducer (Model P90D) and a Sanborn 650-1100 series optical-type 
recorder.  Two types of velocity probes were used: 

1. a 1/32-mch O.D. pitot-static probe to obtain time- 
average velocities at a point.  The probe is a standard 
shelf item manufactured by United Sensors and Control 
Corporation, and has a low cut-off frequency in its 
response characteristics; 

2. a 3/32-inch O.D. total head and static-pressure probe 
to measure the instantaneous fluctuations of air veloci- 
ties due to the perturbed water surface.  The frequency 
response was flat up to about 3 cps, which is beyond the 
frequency range in the present investigation. 

The Pace differential pressure transducer was calibrated with a 
Harrison micromanometer.  The effect of both temperature and 
humidity were taken into account in converting the dynamic head 
signal into velocity. 

The instantaneous velocities above simple mechanically generated 
waves were obtained by simultaneously recording the dynamic head 
signal and the water surface elevation.  At each fixed position 
above the mean water level, a recording was obtained.  Recordings 
were obtained at different preselected elevations above the mean 
water level to adequately describe the instantaneous boundary 
layer.  The water surface elevation was measured by a capacitance- 
type wave height gage.  A Nyclad insulated wire, No. 36 HNC, with 
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0.006-inch O.D. was used as a sensor.  Adequate linearity was 
obtained in the relationship between the change in the water 
surface elevation and the voltage change due to wetting the sensor. 

The instantaneous velocity at a fixed position above the crest 
of a mechanically-generated wave was obtained by averaging instan- 
taneous dynamic head values which correspond m time to the wave 
crest.  The crest velocity was typically obtained from an average 
over ten waves (i.e.,   an average of ten crest dynamic head values). 
The position of the velocity probe above the wave crest was ob- 
tained from the initial position of the probe above the mean water 
level and the instantaneous water surface elevation.  The crest 
velocity profile was obtained by simply graphing the crest veloci- 
ties at different elevations above the mean water level with 
respect to the wave crest.  A velocity profile over the trough 
was obtained by a similar procedure. 

The mean velocity at any elevation above the mean water level 
was obtained by averaging the dynamic head signal at that level. 
The mean velocity profile was obtained by graphing the velocity at 
different elevations above the mean water level with respect to 
the mean water level.  The change in the mean water level due to 
wind (set-up) was taken into account.  The latter was found to 
be small. 

EXPERIMENTAL RESULTS 

The influence of surface waves on the mean air velocity profile 
can be evidenced by comparing:  (1) a mean velocity profile over 
wind-generated waves to (2) one over a rigid flat plate under 
otherwise identical conditions.  The wmd-and-wave facility offers 
a unique possibility for such a comparison since the facility is 
enclosed by smooth roof plates.  At any station the velocity 
profile vertically upward from the mean water level (profile above 
water surface) can be compared to the velocity profile vertically 
downward from the roof (profile over a rigid flat plate).  Such a 
comparison at Station 32.5 (32.5 feet from air intake to test 
section) is shown in Fig.  2.  The intake conditions were shown 
by Shemdin and Hsu (ref. 19). 

Instantaneous velocity profiles were obtained over both the 
crest and trough of a mechanically-generated wave having a wave 
height of 3.4 inches and a wave frequency of 0.6 cps.  Three trough 
and three crest profiles were obtained at three different fan 
speeds at Station 17.5.  The instantaneous profiles are shown in 
Fig. 3.  The corresponding mean velocity profiles are shown in 
Fig. 4.  The mean velocity profiles are approximated by logarithmic 
distributions by the method of least squares. 

Further evidence indicating the influence of waves on the mean 
air velocity profile is given by comparing:  (1) the mean velocity 
profiles over wind-generated waves to (2) those over wind-and- 
mechanically-generated waves, under otherwise identical conditions. 
The velocity profiles over wind waves only are shown in Fig. 5 for 
three fan speeds at Station 57.5.  The velocity profiles over 
wind-and-mechamcally-generated waves are shown in Fig. 6 for the 
same fan speeds and at the same station.  The velocity profiles in 
Figs. 5 and 6 are approximated by logarithmic distributions by the 
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method of least squares.  The logarithmic distribution is seen 
reasonable for the velocity profiles in Fig. 6 but not for those 
in Fig. 5. 

The influence of the waves on the air velocity profile shown 
above suggests a more detailed study of the dependence of the air 
velocity profile on the amplitude and frequency of waves.  For 
this purpose a comprehensive study was made of the mean velocity 
profile at Station 47.5 so that the geometrical effects of the 
air entrance and exit of the wind-wave facility can be minimized. 
Two sets of mean velocity profiles were obtained.  The first was 
over mechanically-generated waves with a constant amplitude and 
varying frequency.  The second was over mechanically-generated 
waves with a constant frequency and varying amplitude.  The 
frequencies used for the first set were 0.6, 0.75, 1.0, and 1.20 
cps.  The amplitude used for the first set was 2.00 inches.  For 
each frequency five distinct velocity profiles were obtained at 
different fan settings with maximum velocity ranging from 13.0 
to 40.0 fps. 

The frequency used for the second set of velocity profiles was 
0.75 cps.  The corresponding amplitudes were 1.1, 2.0, and 3.0 
inches.  For each amplitude, five distinct velocity profiles were 
obtained at different fan settings with the maximum velocities 
ranging from 13.0 to 40.0 fps.  The velocity profiles of the 
second set for amplitudes 1.1 and 3.0 inches are shown in Figs. 7 
and 8 respectively. 

From the velocity profiles of the first set the customary 
relationship between U* and z0 was investigated for each frequency. 
The results are shown m Fig. 9.  The dependence of z0 on wave 
frequency was also investigated and the results are shown m 
Fig. 10.  More details on the dependence of U* and zg on both wave 
amplitude and frequency were given by Shemdm (ref. 20).  Previous 
investigators have attempted to find a relationship between zg and 
U* as suggested by the data in Fig. 1.  A dimensionless graph of 
gzo/uS vs. C/U* is a convenient artifice to investigate the 
influence of waves on Zo and U*.  A dimensionless graph which 
includes all the acquired data m this study is given in Fig. 11. 
The graph indicates that C/U* is an important parameter which 
influences the relationship between U* and zo.  The relationship 
suggested by Charnock (on purely dimensional grounds) is also 
shown for comparison (ref. 21). 

THEORETICAL ANALYSIS 

A standard method for measuring the velocity above a perturbed 
water surface is to measure the time average dynamic head (i.e., 
the average difference between the total head and static pressure) 
at a fixed position of the probe above the mean water level.  The 
measured dynamic head p at any point in the flow field can be 
expressed 

l rT 
p = £ | j  u2(x,C,t)dt (4) 

'0 

where C is the elevation of the probe above the instantaneous water 
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surface and is consequently a function of time t, u is the air 
velocity at elevation t,  and station x along the direction of flow, 
T is the length of time over which the averaging process is con- 
sidered, and p is the air density.  The aim of the present analysis 
is to investigate the variation of p above the mean water level 
when the water surface is disturbed by a simple, small-smplitude, 
progressive water wave and the undisturbed mean velocity has a 
logarithmic profile.  The turbulent fluctuation is considered 
only insofar as they affect the unperturbed mean velocity profile. 

The velocity u(£,t) at a station x0 can be expressed in terms 
of a mean velocity U(c) and a wave-induced perturbation velocity 
u'(C,t) 

U(?,t) = 0(C) + u'(C,t). (5) 

The behavior of u'(C,t) was predicted by Miles for a mean velocity 
profile given by Eq. (2) (ref. 22).  Turbulent fluctuations were 
neglected m the flow field above perturbed water surface.  The 
water surface TI was described by 

ri = a exp ik(x - ct) , (6) 

where a is the wave amplitude, k is the wave number, and x is the 
axis along which the wave propagates with a phase speed c.  The 
real part of n is taken as the actual perturbed surface.  The 
unperturbed mean velocity profile U(c) was described 

U(C) = Ui In  §- , (7) 

where Ui is U*/K.  The flow field considered by Miles has no upper 
bound, and the perturbation velocity was defined (ref. 22). 

u'(Ct) = - knOi || , (8) 

where <t> is a complex function which satisfies the inviscid Orr- 
Sommerfeld equation and the surface condition, and decays as 
y •* «.  A numerical solution of the boundary value problem 
governing ((> was given by Conte and Miles and their results will be 
used in this investigation to predict the dynamic head above the 
mean water level (ref. 23) . 

At an arbitrary station x = 0, the position of a probe fixed in 
space at a specified distance y above the mean water surface, can 
be expressed in terms of its distance to the instantaneous water 
surface.  The water surface motion is periodic at x = 0 

n = a cos kct , (9) 

so that 
5 = y - a cos kct , (10) 

as shown schematically in Fig. 12. 

The dynamic pressure p at any elevation y above the mean water 
level can be obtained by expressing £ in terms of y and t in 
Eq. (4) and integrating with respect to time.  The wave-induced 
perturbation velocity may be expressed at x = 0 
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and 
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u'(C,t)   =  kaUig(C)   cos   (kct   -   6)    , (11) 

g(c)  =   |l|p-|   , (12) 

tan"    ReOVH)   + "  • (13) 

The dynamic pressure may then be expressed (it is recognized that 
the angle between the pitot-static probe and the resultant 
velocity vector is small above small-amplitude waves) 

1 fT I 
p(y) = •§• KT    U(y - a cos kct) + kaUig(y-a cos kct)cos 

(kct - e) 2dt , (14) 

where g(C) and 9 are obtained from the numerical solution given by 
Conte and Miles (ref. 23).  The function g is shown typically in 
Fig. 13   for a wave number k equal to 0.5 ft-1, and an air 
velocity profile specified by Ui equal to 3.4 fps and zj equal to 
0.05 in.  Conveniently, the function g may be approximated by an 
exponential function 

g(£) = Cie"hC , C < Co (15) 

and 

g(C) = C2 , X,   >   Co (16) 

where Ci, C2,   and h are constants.  The above approximation is 
also shown graphically in Fig. 13. 

The dynamic pressure p, given by Eq. (14), may be expanded into 
three integrals 

p(y) = £-(I + II + III) . (17) 

The integral expression I represents the effect of a probe crossing 
streamlines above a perturbed surface and is given by 

*J> S,n (y ~ a cos kct) 
z0 

dt. (18) 

The integral expression II represents the interaction effect 
between crossing streamlines and wave-induced velocity pertur- 
bation and is given by 

II = 2.k*ui   to(y " a cos kct)g(y - a cos kct) cos (kct - 9)dt. 
1    I n Zo 

(19) 
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The integral expression III represents the effect of wave-induced 
perturbation on the velocity measurement and is given by 

III = (k^Ul)  f  g2(y - a cos kct)cos2(kct - e)dt .    (20) 
Jo 

The logarithmic mean velocity may be expressed in a series to 
0[(a/y)*] 

U(C) = Di Hn  f- - Ui 

Ira 

(2-)cos kct + i(^)2oos2 kct + i(|)3cos3 kct 2 V 3^ 

+ |(f)Vos" kct + . 1 < - < 1. 
- y 

(21) 

The dynamic pressure p in the region ? < Co may be evaluated by 
substituting Eqs. (15 and 21) into Eq. Tl4).  The dynamic pressure 
p in the region C < Co becomes for a < y to 0[(a/y)*] 

a-I 2 

yJ 
p-^|(Dl Anf-)

2 - >? tnL.-Uf] (f) 

+ {2Cika02 exp(- 2hky) cos 6 i[hka to £- - (^)] 
Zo 

+ 1^) *»^-!(r -!<hka>2(y-) 
- |(hka)(|)2) + . . . |} 

C?(ka)2U2 exp(- 2hky)[| + li^2 (2 + cos 6) 

+ <h*a>" (3+2 cos 26)] } . (22) 

In the region C > So the dynamic pressure p becomes for a < y to 
OKa/y)1*] 

_ Iru? «,n y— - ii u
2l f-1* + 
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kaU2 C2[(§) + T(|) cos 9 

+ f(ka)2U2 C2} (23) 

The apparent velocity which is extracted from the dynamic pressure 
is 

U   = Up/p]1/2 . 
app    r K (24) 

The effects of shifting streamlines and wave-induced perturbation 
are shown typically m Fig. 14 for the case of an undisturbed 
logarithmic distribution with Ui equal to 3.4 fps and zo equal to 
0.05 inches and a propagating wavy surface with an amplitude of 
1.70 inches and a wave number of 0.5 ft-1.  It is suggested that 
the two effects may be compensating.  The interaction effect is 
appreciable, as shown also in Fig. 14. 

The above analysis suggests that the measurements of the mean 
velocity profile above a perturbed water surface depend upon the 
properties of the propagating waves at the surface.  Such an 
effect has been discounted in the past and thus may constitute the 
reason for the existing disagreement between the results of 
previous experimental investigators.  The expressions developed 
for the apparent velocity profile lend themselves readily to 
numerical evaluation on the computer.  The IBM 7090 was used in 
the present investigation. 

DISCUSSION OF RESULTS 

The theoretical and experimental results arrived at in this 
investigation can be viewed as two independent sets of results 
both aimed at investigating the influence of surface waves on the 
mean velocity profile above the surface.  Conveniently, the theo- 
retical results are discussed first and then the experimental 
results are explained in light of the theoretical results. 

The theoretical results suggest that when a truly logarithmic 
velocity profile exists over an undisturbed surface, the measure- 
ment of such a profile by a pitot-static probe over a surface 
disturbed by a propagating wave may give a velocity profile which 
is significantly different from the original profile.  The 
difference between the two profiles is seen to be due to three 
effects.  These are conveniently referred to as the effect of 
shifting streamlines, the wave-induced perturbation effect, and 
the interaction between these two effects. 

The effect of shifting streamlines is due to the fact that a 
probe fixed in space above a perturbed surface intercepts different 
streamlines when the probe is over the wave crest, than when it is 
over the wave trough.  This is shown schematically in Fig. 12. 
This effect is analogous to that caused by a probe oscillating in 
a boundary layer above a fixed flat plate.  In a turbulent velocity 
profile, the effect of shifting streamlines gives a velocity which 
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is less than the true velocity.  The effect depends strictly on 
the shape of the original velocity profile and the ratio of the 
amplitude of the wave to the height of the probe above the mean 
water level.  The effect is independent of the wave frequency.  A 
numerical computation of this effect is shown in Pig. 14 for the 
case of an undisturbed logarithmic velocity profile with Ui equal 
to 3.4 fps and z0 equal to 0.05 inch and a propagating wavy 
surface with an amplitude of 1.7 inches and a wave number of 
0.5 ft"1. 

The wave-induced perturbation effect is due to the fact that 
the instantaneous velocity profile over the crest is different 
from that over the trough of a perturbed water surface as shown 
in Fig. 3.  According to Miles this effect depends on g(?), 9, 
ka, and Ui.  This effect decays rapidly with increasing distance 
from the mean water level when compared to the effect of shifting 
streamlines. 

The interaction between the effect of shifting streamlines and 
the wave-induced effect may either increase or decreased the 
measured velocity, depending on the coupling between the wave- 
induced effect and the effect of shifting streamlines.  Thus a 
velocity probe, for example, may gauge a higher velocity over the 
crest of a wave due to the wave-induced perturbation effect, even 
though the probe is at a velocity region closer to the boundary. 

The predicted influence of wave amplitude on the measured 
velocity profile is shown in Fig. 15 for the same undisturbed 
velocity profile and wave frequency discussed above.  The wave- 
induced effect appears to be relatively significant for small- 
amplitude waves and is consistent with the rapidly decaying 
property of this effect with height above the perturbed surface. 
The effect of shifting streamlines becomes dominant for large- 
amplitude waves.  The results of Fig. 15 suggest that high values 
of both Ui and zo will be measured when compared to the corre- 
sponding values of Ui and z 0 of the undisturbed profile.  The 
overestimate increases with increasing amplitude. 

The predicted influence of wave frequency on the measured 
velocity profile is shown in Fig. 16 for waves having the same 
amplitude and the same undisturbed velocity profile discussed 
above.  The wave-induced effect decays exponentially upwards from 
the mean water level.  The decay factor depends directly on the 
wave number k.  Consequently, the wave-induced effect m a high- 
frequency wave (large wave number) is expected to be smaller than 
that for a relatively lower-frequency wave.  The effect of 
shifting streamlines, however, is independent of the wave frequency 
as it has already been noted.  The interaction effect depends on 
both wave amplitude and frequency.  For the 0.4 and 0.6 cps 
waves in Fig. 16, the interaction effect is of the same order of 
magnitude as the effect of shifting streamlines.  The interaction 
effect in these cases is also m the same direction as that due 
to the shifting of streamlines.  The two effects add up to a 
significant deviation from the undisturbed velocity profile. 
Contrary to the above, the interaction effect is small compared 
to the effect of shifting streamlines for the 1.0 and 1.4 cps 
waves in Fig. 16.  The wave-induced effect is also relatively 
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small, so that most of the deviatxon indicated is due to the 
effect of shifting streamlines.  The results shown in Fig. 16 
suggest that at certain frequencies the velocity profile may 
deviate significantly from a velocity profile over an undisturbed 
water surface. 

In conclusion it is emphasized that the present theoretical 
analysis is valid only insofar as the water surface is perturbed 
by a simple propagating wave, and only insofar as the Miles 
mviscid Reynolds stress mechanism remains valid.  Recent work 
by Bryant suggests that the mviscid Reynolds stress mechanism 
underestimates the transfer of energy to waves (ref. 24) .  No 
analytic solution of the wind field was proposed, however, to 
replace Miles's solution.  The present theoretical analysis can 
be extended to any wind flow field if it can be described 
analytically.  Within the above restrictions the results of 
Figs. 15 and 16 suggest, as a rule of thumb, that the influence 
of waves on the measured velocity profile becomes small at an 
approximate distance of three amplitudes above the mean water 
level. 

It is to be noted again that the theoretical predictions shown 
in Figs. 15 and 16 are for an undisturbed logarithmic profile 
which corresponds to a fan speed of 240 rpm.  At different fan 
speeds, the theoretically predicted wave-influenced velocity 
profiles are expected to be different.  The different behaviors 
indicated in Figs. 10 and 11 for different wind speeds may be 
explained in light of the two competing influences and their 
interaction, all of which are induced by the presence of waves. 

The present investigation in no way gives an answer to the 
question of whether the actual velocity profile over a disturbed 
surface is truly logarithmic.  It only suggests that if it is 
logarithmic, then the measured profile by a velocity probe would 
deviate from the true velocity profile.  The fact that the 
velocity profiles over wind-generated waves, shown in Fig. 5, 
deviate from a logarithmic distribution still remains to be 
explained.  The theoretical results presented in this investigation 
predict a deviation from the logarithmic distribution in the 
opposite direction from that shown in Fig. 5.  The fact that the 
measured velocity profiles over mechanically-generated waves shown 
in Fig. 6 come closer to the logarithmic distribution, is con- 
sistent with the theoretical results of this investigation. 
Stewart suggested that the velocity profile over a wavy surface 
may deviate from a logarithmic distribution in a manner similar to 
the profiles shown in Fig. 5 (ref. 25).  More recently, however, 
Phillips has discounted such a behavior (ref. 26). 
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Fxg. 3.  Instantaneous crest and 
trough profiles over a 
mechanically generated wave 
(a=1.7 xn.,  f=0.6 cps) . 

VELOCITY <fp») 

Fig. 4.  Mean profiles 
over a mechanically gener- 
ated wave (a=1.7 in, 
f=0.6 cps). 

VELOCITY  Ifpi) 

Fig. 5. Mean profiles 
over water surface 
perturbed by wind waves 
only. 

VELOCITY {fps) 

Fig. 6. Mean velocity 
profiles over water 
surface perturbed by wind 
and mechanical waves. 
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Fig. 7.  Mean profiles over 
a mechanically generated 
wave (a=1.10 in., f=0.75 
cps) . 

VELOCITY (fpi) 

Fig. 8. Mean profiles over 
a mechanically generated 
wave (a=3.00 in, f=0.75 
cps) . 

fREQUENCV  (cptl 

Fig. 9.  zo vs. U* at pre- 
selected frequencies 
(a=2.00 m.). 

Fig. 10. zo vs. f for 
mechanically generated 
waves (a=2.00 in.). 
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140 160 

Fig. 11.  Dimensionless relationship of all acquired data. 

VELOCITY PROBE  FIXED IN SPACE 

MEAN WATER LEVEL 

DIRECTION OF WAVE PROPAGATION 

Fig. 12.  Schematic diagram of streamlines over a perturbed surface. 
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Fig. 13.  gU) vs. kc from 
Conte and Miles (1959). 

Fig. 14.  Theoretically pre- 
dicted effects of shifting 
streamlines, velocity 
perturbation, and inter- 
action of two effects. 

— Logorlthnile Prod 

VELOCITY (fp«) VELOCITY  (fpi) 

Fig. 15.  Predicted wave- 
influenced mean profiles at 
different wave amplitudes 
(f=0.75 cps). 

Fig. 16.  Predicted wave- 
influenced mean profiles 
at different wave frequen- 
cies (a=2.00 in.). 



CHAPTER 6 

PRESSURE DISTRIBUTION OVER A MOVING WAVY BOUNDARY 

KonstantTn Zagustfn,   Ph.D. 

Agregate Professor and Head Hydraulic Laboratory 
Central   University of Venezuela 

Caracas - Venezuela 

ABSTRACT.- 

Experimental data on pressure distribution over a sinu^ 

soidal wavy boundary with a fixed and a moving condition, mea_ 

sured in a water tunnel, are presented for a number of flow - 

velocities. The model with the moving boundary condition is 

related to the situation prevailing in the steady state flow 

picture of a small amplitude wind-generated gravity wave in - 

which the water flow represents the air flow in nature, while 

the "fixed in space" moving wavy boundary corresponds to the 

nearly constant water particle velocity at the surface of the 

wave. 

The results show that the normal stress distribution - 

over a moving boundary differs from that over a fixed one by 

a phase-lag with respect to the wave shape, which varies with 

the ratio of flow velocity to the boundary velocity (wave ce- 

lerity), as predicted by the recent theories of Miles and Ben_ 

jamin. 

These results provide an explanation for the energy - 

transfer from wind to wave due to normal stresses and show 

that those experiments performed on fixed boundary models can 

not be associated with the phenomena of water wave genera - 

tion. 

71 
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INTRODUCTION.- 

Most of the experimental data available on the pressure 

distribution over wavy boundaries such as those of Stanton,  - 

Marshall and Houghton (1932).  Motzfeld (1937), Thijsse (1952} 

Bonchkovskaya (1955) and Larras and Claria (i960), were obtai- 

ned from tests performed in wind tunnels or water flumes, 

using fixed boundary models built from wood or wax.  (See ref. 

1 or 2, for a complete experimental survey). When these pre - 

ssure distributions are used to compute the energy transfer - 

from the wind to a gravity water wave the result is too small 

to explain the growth of such waves. This lack of agreement 

is a result of the erroneous boundary condition that prevails 

in the fixed boundary experiments. The flow configuration of 

an air flow, with velocity U blowing in the same direction of 

the wave train moving at a celerity c, is an unsteady one and 

is represented in Fig. 1. To reduce it to a steady case,  a 

coordinate system which moves at the same speed as the wave 

is introduced. When viewed from the moving coordinate system 

the wave profile is stationary and the water flows upstream 

at the wave propagation velocity. The water velocity at the 

surface of the wave varies from a maximum at the trough to a 

minimum at the crest, but for small amplitudes the speed  is 

nearly constant and equal to the same celerity c.  In this 

steady flow picture (Fig. 2), the zero velocity point (criti- 

cal level) is located at a certain height over the wave surfa_ 

ce (critical layer), while, in a fixed boundary model this 

critical level is at the boundary. 

Mathematical theories presented by Miles (ref. 3, 4 - 

and 5) and Benjamin (ref. 6) and explained from the physical 

point of view by Ligh thill (ref. 7), had proven that the 

thickness of the critical layer plays a crucial role on the 



PRESSURE DISTRIBUTION 73 

5 
Q 

< 
Ul 

CM 

(9 

5 o 
_j 
u. 

>- 
o 
< 
UJ 
H- 



74 COASTAL  ENGINEERING 

stress distribution over a wavy boundary. Previous experiments 

performed by the author in (ref. 1 and 2) using a model in which 

the moving boundary conditions were reproduced by a a belt loc£ 

ted vertically in a flume in which water was used as a working 

fluid, and moving at a constant speed following the shape of - 

the wave, have proven that the pressure distribution differs ra_ 

dically from that prevailing in a fixed boundary. While, the 

pressure distribution over a fixed boundary was almost in phase 

with the wave's shape, in the case of a moving boundary these e_ 

xists a noticable phase lag, in agreement with Miles's theoretjj^ 

cal results. However, since the experimental data were obtai - 

ned in an open flume the range of flow velocities was very small 

due to the appearance of surface disturbances which affected the 

already small magnitudes of the pressure (the boundary has moved 

at a fixed speed, which corresponds to the celerity of a gravity 

wave with the same wave length).  In order to increase the range 

of flow velocities and improve the precision of the measurements, 

a different experimental set-up had been designed. 

EXPERIMENTAL SET-UP.- 

The moving boundary conditions were reproduced by a cold 

rolled stainless steel band 10 cm. wide and 3 mt. long located 

in a water tunnel with a test section 2 mt. long and 10 cm. x - 

JO cm. cross section. The wavy boundary was formed by 3 waves 

with 40 cm. wave length, and the mechanism was such that the 

amplitude could be changed easily, starting from a flat surface 

and increasing to a large ratio of amplitude to wavelength. To 

produce the wavy form the stainless steel band had a fixed su - 

pport at the trough and a movable support at the crest. The 

thickness of the band and the diameter of the supports was se - 

lected in such a way that the wave's shape approximates a sinu- 

soidal one. The speed of the moving boundary was set to be e - 

qual to a celerity of a gravity wave with kO  cm. wavelength 
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(0,79 m/seg), althoagh it could be changed to any other value 

through a system of pulleys connected to an electric motor with 

a speed reductor. Water could flow at a maximum speed of 

3 mt/sec. and the velocity could be controled by a valve loca - 

ted downstream of the test section. Care was taken to obtain a 

well developed turbulent flow at the upsteam part of the test 

section, and for that reason a series of honey combs were pla - 

ced in several sections of the apparatus. The sketch of the 

test section is shown in Fig. 3, and the photographs of Fig. k 
and 5 shows the detail of the moving boundary mechanism and the 

general view of the aparatus. 

Velocity measurements were made at the trough of the cen_ 

tral wave using a number of small pitot tubes (1/8" 0. D.) pla - 

ced in the back side of the test section.  In the inmediate vici_ 

nity of the boundary some of the pitot tubes were placed in the 

opposite direction so as to measure velocities in the critical 

layer. Pressure distribution was obtained with static pressure 

probes (1/8" 0.0.) located parallel to the moving boundary at a 

1/V from it. These probes were placed every 1/8 of the wave 

length and were mounted at the back side of the test section in 

such a way that it was possible to adjust the height, the depth, 

and the inclination of the probe. Preliminary experiments showed 

that the pressure variation accross the test section was very 

small at the central part, and that the selected hieght of the 

probe was the most adequate one. 

All the measurements were performed at the mid section 

of the central wave, using differential pressure transducers 

model PACE P90 (range +1 in of water) with a Sanborn two cha - 

nnel thermal recorder model 320. 

EXPERIMENTAL RESULTS.- 

Pressure and velocity distribution measurements were 

performed for stationary and moving boundaries with three di - 

fferent wave amplitudes and several flow velocities. The wave 
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amplitude varied from h  mm. (a/  = 0.01) up to 12 mm. (a/ = 

0.03) and the flow velocities changed from aproximately 

0,5 m/seg. up to 3 m/sec. No higher wave amplitude were tested 

because the boundary conditions at the wave surface would differ 

considerable from the constant velocity prevailing in the model. 

The series of graphs given in Fig. 6, 7 and 8 show the corres - 

ponding velocity and pressure distribution curves for both boun 

dary conditions when the wave amplitude is 12 mm. and the ratio 

of maximum flow velocity to wave celerety is 0,65, 1,12 and 2,20 

respectively.  From this figures it is possible to observe the 

phase-lag existing in the moving boundary as compared with the 

fixed boundary condition. This difference is largest when the 

ratio of flow and boundary velocities is small, and diminishes 

when the flow velocity increases, as it is expected from the 

theory. 

In Fig. 9 and Fig. 10 the results for several ratio of 

flow and boundary velocities are presented, for wave amplitu - 

des of 8 and k  mm. respectively.  In these graphs the same 

trend can be observed for the pressure distribution curves with 

the moving boundary condition. 

C0NCLUSI0NS.- 

The experimental pressure distribution curves obtained 

for the moving boundary conditions confirm the theoretical pre_ 

diction of the phase-lag existing in the pressure curve, and 

explain the phenomena of energy transfer from wind to a water 

wave due to the normal stresses. This phase-lag become smaller 

as the flow velocity increases and at very high flow speeds the 

fixed and moving boundary pressure distribution become almost 

identical. 

This results prove fche importance of representing the 

right boundary conditions when dealing with a model of wind 

generated waves and show that the previos experiment performen 

in wind tunnel or water flumes using a fixed wavy boundary can 
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not be directly related to wind generated water waves. 
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CHAPTER 7 

SHALLOW WATER WAVES   A  COMPARISON 

OF THEORIES AND EXPERIMENTS 

by 

Bernard Le Mehaute* 
David Divoky>; * 
ALbert Lin** 

ABSTRACT 

A series of experiments were performed to determine the 
velocity fieLd and other  characteristics  of large amplitude 
shalLow water waves.     The experimental results were 
compared with the predictions of a variety of wave theories 
incLudmg those  commonly used in engineering practice. 
While no theory was found exceptionally accurate,   the 
cnoidal wave theory of Keulegan and Patterson appears 
most adequate for the range of wavelengths and water 
depths studied. 

1. INTRODUCTION 

This paper presents the results of an experimental program performed 
to establish the major  characteristics of waves  in shallow water and 
to determine  by detailed comparisons which of the many wave theories 
commonly used in engineering practice  best describes them.    Knowl- 
edge of the features of these waves is essential to the engineer interested, 
for example,   in the forces  on submerged structures,   such as pilings. 
For this purpose,   he needs  reliable expressions for the velocity field 
within the wave      Upon choosing a suitable design wave  (that is,   mean 
water depth,   wave height,   and wave  period) he then proceeds to select 
a theory to describe that wave.    This  choice is not easily made.    He 
must evaluate the applicability of at least a dozen theories.    It may be 
hoped,   for example,   that a theory developed to a fifth order of approxi- 
mation is more accurate than its lower order counterparts which may 
or may not actually be the case.     We have,   therefore,   conducted an 
extensive  series of experiments to measure the  characteristics of large 
shallow water waves and have,   further,   compared these results with 
a large number of theories in order to suggest one as most applicable 
for practical use.    In this  comparison and selection,   we have settled 
upon the horizontal particle velocity under the crest as the  single most 
important feature,   since,   in applications,   velocity is generally most 
critical and the velocity under the crest is the greatest attained at any 
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depth.    Other factors are of Lesser importance; for example,   the  surface 
profile in all theories must be roughLy similar since the wave height is 
imposed.     Furthermore,   a theory which prescribes the veLocity field 
welL is  constrained to be good for other features,   such as accelerations 
and pressures,   a priori 

The range of waves considered included relative depths,    D/T   ,   from 
0. 05 to 0   8 ft sec"     with heights  near the  breaking  limit.     The maxi- 
mum horizontal particle velocity in these waves has  been compared 
with the predictions of twelve theories  not all of which are expected 
to apply.     Nevertheless,   it is  possible that a theory may,   fortuitously, 
describe waves outside its  range  of analytical validity better than one 
developed for those waves.     Therefore,   our selection of theories has 
been rather broad,   including all those commonly used in engineering 
practice. 

Prior to presenting our experimental results and a comparison of these 
results with various theories,   a general discussion on the arbitrariness 
which prevails in the development of these theories is presented.    Even 
though it is realized that it is a difficult task to be fully aware of all of 
the mathematical intricacies leading sometimes to small differences, 
it is assumed that the reader is familiar with the subject.    It is not a 
critical anaLysis of the  shallow water wave theories,   but rather it is 
attempted to call attention to some known facts which are pertinent 
prior to presenting our experimental results. 

2. ARBITRARINESS OF WAVE THEORIES 

In an Eulerian system of coordinates a  surface  wave problem generally 
involves three unknowns   the free surface elevation r|   (or total water 
depth), the pressure   p   (generally known at the free surface), and the 
particle velocity  V,   expressed as a function of space and time. 

Since a general method of solution does not exist,   a number of simpli- 
fying assumptions are generally made which apply to a succession of 
particular  cases with varying accuracy. 

First of all,   it is assumed that a periodic progressive wave travelling 
over a horizontal bottom is  characterized by a steady state profile,   i.e., 

•n,  V,   p = f(x -  Ct) 

where   C   is a constant equal to the wave velocity or phase velocity      (In 
fact,   it has been observed that under certain conditions the wave profile 
in shallow water becomes unstable,   asymmetric,   and even degenerates 
into a succession of smaller undulations   ) 

The problem now consists essentially of solving a system satisfying 
continuity,   momentum and boundary conditions.    However,   these are 
not sufficient for solving the nonlinear problem and two more considera- 
tions are necessary. 
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This Leads us to a discussion of the problem of rotationality and mass 
transport  (since they are  related). 

It is first pointed out that a steady flow of arbitrary velocity distribu- 
tion can always be superimposed on a given wave motion,   so Leading 
to any arbitrary mass transport velocity distribution   (Dubreuil-Jacotm 
1934)      The arbitrariness in the calculation of wave motion is inherent 
in the arbitrariness which prevaiLs in the assumptions which are used 
in the calculation of the mass transport. 

The wave motion can be determined by assuming that there is no mass 
transport at all.     These are the dosed orbit theories,   such as the exact 
solution of Gerstner (1809) in deep water,   and the power series solution 
of Boussinesq and Kravtchenko and Daubert (1957) for  shalLow water. 
As a result of this assumption,   the motion is found to be rotationaL and 
the vorticity is in the opposite direction to the particLe rotation,   i.e., 
in the opposite direction to what should be expected physicaLLy under 
the influence of a shearing  stress due to wind blowing in the wave di- 
rection. 

The wave motion can also be assumed to be irrotational,   in which case 
a mass transport distribution is found as a resuLt of nonLinearity 
(Wehausen and Laitone,   I960).    These are the Stokesian wave theories 
which include Stokes  (1847),   Levi-Civita (1925),   Struik (1926),   and 
Nekrassov (1951). 

Even though there is a given mass transport distribution which is a 
function of the vertical coordinate,   the integrating constant is often 
determined by assuming that the average mass transport is ml for the 
sake of continuity,   i.e.,   a steady flow is  superimposed such that the 
average mass transport velocity is zero (Miche,   1944). 

Let 

U(z) = (u + 1) U£ = 0(z) 

where U(z) is the mass transport velocity as a function of vertical 
distance z and U£_Q IS the mass transport in an irrotational wave 
(C = 0)   of the same    family and approximation. 

The case where |i = -1 corresponds to the Boussinesq (cLosed orbit) 
solution.   |_l = 0 corresponds to the irrotational theory of Stokes      If 
|i >  0,   the average vorticity is in the same direction as the orbit direction, 
such as due to a strong wind blowing in the wave direction.     The case 
where p. < -1   gives a negative vorticity and a negative mass transport 
at the free surface which can be due to a wind blowing LocaLly in the oppo- 
site direction to the wave propagation (a frequent nearshore occurrence) 
In the  case where   -1 <[i < 0,   the vorticity is in the opposite direction 
and the mass transport is smalLer than in the irrotationaL case. 

It is recalled that Longuet-Higgins (1953) has demonstrated the impor- 
tance of the viscous force at the bottom to explain the well-observed 
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fact that mass transport at the bottom is always in the wave direction. 

In addition to the first assumption regarding rotationality or mass transport, 
another condition is required.    For example,  for progressive mono- 
chromatic waves,   it is attempted to establish a steady state solution 
such that the potential function   cp = f(x  - Ct)   where    C    is a constant 
equal to the wave velocity in which case the solution is unique. 
Although the  steady state solutions are of the same form,     C    is undeter- 
mined,  and for the determination of   C,   another condition is required. 
For example,   the average horizontal velocity over a wave period at a 
given location may be taken to be  zero,   but the mass transport is  then 
imposed to be minimum.    Another condition is generally preferred.     This 
condition consists of assuming that the average momentum over a wave 
length is  zero by addition of a uniform motion, in this case,   another 
expression for   C   is found which results in a different mass transport. 
Thus,   it is  realized that the calculation of wave theories is  subject to 
some arbitrariness because different assumptions can lead to different 
values of   C.     (Le Mehaute,   1968) 

Consider further the case of irrotational waves.     The values of the 
wave characteristics depend upon the number of terms chosen for the 
power series expansion,   either in terms of wave steepness    H/L   (Stokesian 
solution) or in terms of relative height    H/D   (cnoidal type solution).     The 
deficiency of the calculation of mass transport is inherent in the deficiency 
of the power series  solution.     It has been pointed out (Koh and Le Mehaute, 
1965) that the Stokesian power series solution is not uniformly convergent, 
and the validity of the solution is lost when the relative depth   D/L tends 
to a small vaLue (say,   D/L<0. 1 for a fifth order solution) since the 
coefficient functions of   D/L   tend to infinity.     The  same occurs in the 
case of the cnoidal wave  solution.     There is no unique cnoidal theory, 
rather,   the literature contains  several theories which may not be 
identical.     As in Stokesian theories,   since all cnoidal representations 
are truncated series,   the order of approximation is important because 
certain factors are zero in low order theory 

There are two types of cnoidal theories.     The oldest is intuitive in 
nature and the newer theories are straightforward and more rigorous. 
All are irrotational.     The primary intuitive theory is that of Korteweg 
and de Vries (1895).     The first and second terms of the series are 
deduced but no scheme is presented for extension to higher order terms. 
The terms which are found are unique.     The rigorous theories are those 
of Keller (1948),   Laitone (I960,   1962) and Chappelear (1962) which are 
all based on a perturbation expansion developed by Friednchs (1948). 
The work of Keller confirms the  results  of Korteweg and de Vries, 
whereas that of Laitone and Chappelear gives a higher order term. 

Unfortunately,   even though rigor prevails,   the newer theories diverge 
after the third term.    According to a personal communication with 
L.   Webb,   the fourth terms exceed the third by factors of 10 to 25.     The 
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cnoidal wave theory of Keulegan and Patterson is not consistent mathe- 
matically as some second order terms are neglected while third order 
terms are included,   but it may be the most appealing physically. 

There are questions which can be  raised as to the legitimacy of trun- 
cating these series,   either Stokesian or cnoidal,   just because the 
coefficients blow up.     For true rigor it must be shown that the  series 
are asymptotic in the pure mathematical sense.     This has not been 
done and indeed it would be a difficult task. 

As it would have been a tremendous task to consider all wave theories, 
a selection has been made for convenience.     The following wave 
theories were chosen for comparison with our experiments (listed 
with the sources of equations and tables used in this  study) 

9 

10 

11 

12 

Linear Airy theory in Eulenan coordinates 
(Wiegel,   1964) 

Linear Airy theory in Lagrangian coordinates 
(Biesel,   1952) 

Linear long wave theory (Wiegel,   1964) 

Stokes' waves,   2nd order of approximation 
(Wiegel,   1964) 

Stokes' waves,   3rd order of approximation 
(Skjelbreia,   1959) 

Stokes1 waves,   5th order of approximation 
(Skjelbreia and Hendrickson,   1962) 

Cnoidal theory of Keulegan and Patterson 
(Masch and Wiegel,   1961) 

Cnoidal theory of Laitone,   1st order of 
approximation (Laitone,   1961) 

Cnoidal theory of Laitone,   2nd order of 
approximation (Laitone,   1961) 

Solitary wave theory of Boussmesq (Munk, 
1949) 

Solitary wave theory of McCowan (Munk, 
1949) 

Empirical modification of linear Airy theory 
by Goda (Goda,   1964) 

While our experiments involved only periodic waves,   solitary wave 
theory has been included in the comparisons,  this is so since for the 
waves studied,   the phenomenon of short high crests and long flat 
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troughs is observed.     It is possible,   then,   that solitary wave theory- 
might describe these waves in the vicinity of their crests. 

While not an analytical theory,   the twelfth referenced empirical 
modification of Airy theory was included to determine the validity of 
its extension to waves of the type  studied here. 

It should also be noted that the source utilized for 3rd order Stokes' 
theory contains  some small errors in its mathematical development. 
Nevertheless,   it is a standard reference and was utilized without 
modification. 

The theories chosen involving nonlinearity are irrotational and have 
mass transport in the wave direction.    Since mass transport velocity is 
always  small compared with particle velocity,   this  effect has not been 
measured as it is not judged to be a  significant factor in the validity of 
these theories at this  stage.     For this  reason,   the comparison of 
experiment with 2nd order Stokes1 theory is also valid for the theory 
of Miche (1944). 

3. EXPERIMENTAL PROCEDURES AND RESULTS 

The current experimental program was performed in the Tetra Tech 
wave tank which is illustrated m Figure  1.     The tank is  105 feet long 
with an approximately four-foot square cross-section.     The wave 
generator is of the versatile plunger type.     The period of the waves 
can be varied by the motor speed control through a range of approxi- 
mately one to twelve  seconds. 

In order to produce large amplitude shallow water waves in the test 
section,  a convergence was combined with a sloping bottom prior 
to the constant depth and width region.     This arrangement concentrates 
the wave energy in the test section and easily permits the generation 
of high amplitude shallow water waves.     The wave is thus generated as 
a deep water "linear" wave and is transformed into a "nonlinear cnoidal 
type"  shallow water wave through the transitional section. 

The wave channel was entirely sealed nullifying mass transport.     Pro- 
vision for a return flow under the test station would result in a diffi- 
cult to specify mass transport through the channel due to unknown 
head-loss      Hence,  a sealed channel was preferred,   giving zero net 
mass transport,   in the interest of well-defined conditions. 

Water particle motions were determined photographically through 
observation of neutrally buoyant particles suspended in the water. 
Nitrlle rubber,   especially compounded to a specific gravity of unity, 
was used for this purpose,  cut into one-eighth inch cubes,   it was found 
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to follow the water motion quite well and refLect sufficient Light to photo- 
graph easily. 

Lighting was provided by a stroboscope of accurately controLlable 
flash rate allowing,   with open camera shutter,   the recording of several 
successive particle positions on a single negative 

To provide a spatial scale,   a rectangular grid of wires with one inch 
spacing was placed at the observation window and is visible,   with the 
channel bottom,   on each negative.    In order to minimize parallax 
problems,   a 200 mm telephoto lens  was used in conjunction with a 
35 mm camera.     Data processing is then easily accomplished,   particle 
image spacing and flash rate giving local velocity vectors,   and position 
within the wave being known by reference to the  bottom 

The data scatter was found to be gratifyingly small and systematic errors 
(predominately due to wave reflection) are judged to be at most  ± 5 % 

Two sets of non-breaking waves were studied,   one  set with heights 
just below breaking and another with heights  considerably Lower 
Figures 2 through 5  show the measured horizontal particle velocities 
under the crest for the lower waves while Figures 6 through 9 give 
the same results for the limit waves.    The experimental conditions 
(wave height and period and water depth) are indicated on the figures 

It is noted from these figures that no theory is uniformLy valid     How- 
ever,   some general observations   can be made.     FirstLy,   Airy theory 
(the  same in both Eulerian and Lagrangian coordinates) is  surprisingly 
good for the shorter waves but departs significantly from the data as 
the period increases.    Even for these longer waves,   however, Airy 
theory provides a reasonable approximation to the veLocity at the  bottom 
The higher order Stokes' theories are never as good as  simple Airy 
theory and,   considering their much greater complexity,   are not to 
be preferred 

The Boussinesq,   Lst order  cnoidaL (Laitone) and linear  Long wave 
theories aLL show a constant velocity profile.     The Boussinesq and 
cnoidaL vaLues are most suitable near the surface whiLe (Like Airy 
theory) the  Linear  Long wave result is in best agreement with the data 
near the bottom. 

While no theory appears  best in all cases,   the cnoidal theory of 
KeuLegan and Patterson (K ik P) is  seen from the figures to  be the 
best compromise.     This may be somewhat surprising considering, 
for example,   the greater rigor of the  Laitone  cnoidal formulations 
which are uniformly worse in this confrontation with data.     The question 
of analytical niceties aside,   the KeuLegan and Patterson cnoidal theory 
is  seen to find practical justification for the Long,   high waves considered 
here. 

Figure 10 shows a typicaL comparison between measured (photographi- 
cally) and computed surface profiles.    As stated earLier,   the variation 
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between theories  regarding profile is not as great as that for particle 
velocity since the most significant feature,   the wave height,   is imposed 
by experiment. 

The solitary wave theories of Boussinesq and McCowan are seen to 
match the experimental shape near the crest quite well,   but are,   of 
course,   displaced upward.     Better is the Keulegan and Patterson 
cnoidal profile which not only matches  the  shape adequately but also 
is accurately placed with respect to the still water level. 

The appearance of humps within the troughs of the Stokes' waves at 
all orders is an indication that they are being applied here beyond 
their range of validity.    Still,   the 3rd and 5th orders appear preferable 
in gross characteristics to the simpler Airy theory.     The formulation 
in Lagrangian coordinates is seen to improve Airy theory,   even at the 
first order,   since the profile is a trochoid with the crest somewhat 
narrower    than the trough, however,   the amount of correction is in- 
sufficient to produce adequate agreement with the data. 

Again, one is led to select the cnoidal formulation of Keulegan and 
Patterson although the solitary wave theories may also be useful if 
only the shape of the crest is of interest 

Determination of the maximum horizontal velocity,   presented pre- 
viously,   is relatively simple since it always corresponds to the top 
of the particle orbit,   which is  readily located on the photographs,   and 
occurs at   x = 0   (at the crest)   in all theories so that computations,   too, 
are straightforward.     Figure 11 is an example of data obtained when 
the particle motion is purely vertical (that is,   at the sides of the 
particle orbit).     In contrast to the horizontal case just described, 
comparison with theory is not straightforward.     In particular,   the 
phase position at which purely vertical motion occurs is not (except 
for Airy theory) immediately known,   but must be found from the equation 
for horizontal velocity with   u = 0.     For this  reason,   and since vertical 
velocity is generally of less practical significance than horizontal 
velocity,   -we have not made a complete comparison with all the 
theories.    Instead,  we show in Figure 11 Airy theory,   because of its 
simplicity,   Keulegan and Patterson cnoidal theory,   because of its 
success in the previous comparisons,   and McCowan theory,   in 
order to assess the applicability of the solitary wave approximation 
(Since the water particle motion is never purely vertical under a 
solitary wave,   the theoretical curve is that of maximum vertical 
velocity. )    It is  seen that the McCowan theory is best with Keulegan 
and Patterson next and Airy theory least satisfactory 

It was found in the course of the experiments  that an increase in 
period beyond about four seconds,   in water depths on the order of 
one-half foot,  was accompanied by the development of a wave in- 
stability.     That is,   the high,   narrow wave crest split into several 
smaller undulations upon entering the test section,   as many as five 
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being distinctly visible under some circumstances.    The appearance 
of this instability precluded extension of the experiments to longer 
waves.    The limit of stability,   while not investigated in detail,   was 
approximately D/T2 & 0. 04 ft sec"2. 

4. CONCLUSION 

It has been found that for the range of relative depths, D/T , and 
relative heights, H/T2, studied here, none of the commonly used 
wave theories are in exceptional agreement with data. However, for 
these large amplitude shallow water waves, the cnoidal theory of 
Keulegan and Patterson is perhaps the most generally acceptable 
description. 

This conclusion may be compared with many previous classifications 
of wave theories    (for example,   Druet,   1965).     Dean (1965) has 
compared the closeness of fit of several theories to the free surface 
boundary conditions as a criterion of relative validity.    He found that 
this method is particularly valid for deep water waves,   but may not be 
sufficient for shallow water waves. 

For applications requiring information only near the surface or in- 
volving only the crest shape,   the solitary wave theory of McCowan is 
an adequate approximation,   while simple Airy theory may be applied 
at the bottom 

These results should ease the problem of choice for the engineer 
concerned with the effects of large amplitude shallow water waves; 
perhaps,   too,   some assistance will be found by analysts in develop- 
ment of improved theories for those waves. 

It should be recalled that the value of the vorticity has to be deter- 
mined from the viscous effect which is particularly strong at the 
bottom and at the free surface under the influence of wind.   A rota- 
tional theory at a second order of approximation,   with an arbitrary 
vorticity distribution (and,   consequently,   mass transport) remains 
to be established.    This theory should take into account not only the 
viscous effect due to the bottom boundary layer,   but also the effect of 
wind shearing stresses at the free surface.    This can be achieved as 
a solution of the vorticity transport equation with an approach similar 
to that proposed by Longuet-Higgms.    One can only hope at this  stage 
that the mathematical model for the distribution of vorticity can be 
empirically correlated with wind characteristics by making quantita- 
tive observations on mass transport. 

Such an approach,   combined with the application of stochastic pro- 
cesses,   will provide the engineer with a much more realistic model 
of water waves than any high order Stokesian or cnoidal wave theory 
Further mathematical refinements of such theories would appear to 
be of little practical interest. 
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CHAPTER 

BREAKING WAVE CRITERIA; 
A STUDY EMPLOYING A NUMERICAL WAVE THEORY 

Robert G. Dean 

Chairman, Department of Coastal and Oceanographic Engineering 
University of Florida, Gainesville, Florida 

INTRODUCTION 

Although it is well recognized that wave systems in nature are irregular, 
comprising a spectrum of fundamental periods, there is still a need for im- 
proving our understanding of near-breaking nonlinear wave systems which 
contain a single fundamental period. For example, most of the shallow water 
design situations and other cases including forces on small diameter structures 
in which drag forces predominate are more directly treated in terms of a 
"design wave" rather than a wave spectrum.  This situation is contrasted to 
many important engineering design problems in which the dynamics of the system 
are paramount; for example, in the case of a moored drilling vessel.  Finally, 
one may reasonably expect that accurate solutions to the problem of nonlinear 
wave systems with a single fundamental period will lend insight regarding 
productive approaches to the more realistic problem of a spectrum of non- 
linear waves. 

This paper investigates the applicability of the stream function wave 
theory1 for the representation of breaking and near-breaking waves.  This 
particular problem has received little attention, although considerable 
progress has occurred on two related problems: 

1. The development of wave theories covering a wide range 
of relative water depths and wave heights, and 

2. The development of wave theories which apply at breaking 
conditions.  In general, although these theories may be 
applicable for the limiting wave conditions, their basis 
of derivation is such that they cannot be extended to 
non-breaking waves. 

The purpose of the present investigation, then, is to establish whether 
or not the stream function wave theory can be applied to span the range ex- 
tending up to breaking conditions. 

BACKGROUND 

A great deal of effort2'3>1(> 5»5'7 has been devoted to development of 
non-breaking wave theories based on mathematical approaches selected to 

108 
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cover various ranges of relative water depths and wave heights.  Recently, 
Dean3 has compared the relative validities of eight wave theories based 
on the agreement of these theories to the boundary conditions included in 
their formulation.  This comparison showed that the stream function wave 
theory provided a best fit to the boundary conditions over the range 
0.05 < h/T2 < 10.0 ft/sec2 and a range of wave heights encompassing most 
conditions encountered in engineering design problems. 

A second problem area, that of conditions at wave breaking, has also 
received considerable attention9! 10>11 > 12>* 3>ll*.  These investigations 
generally predict an upper limit for wave stability, and, although the 
various results differ somewhat in numerical values, they are in approxi- 
mate agreement.  These results will be discussed m greater detail later. 
Aspects of these limiting wave theories that are important to the goals of 
the present investigation include- 

1. The limiting wave theories cannot be applied to highly 
nonlinear, but non-breaking conditions. 

2. No results are available to compare the results of 
existing non-breaking theories with the limiting 
wave theories for conditions at or near breaking. 

3. All of the limiting wave theories require an a priori 
assumption concerning the shape of the wave crest. 
This assumption raises questions of the validity of 
the stability limit and of the wave kinematics and 
dynamics at breaking. 

ANALYTICAL CONSIDERATIONS OF PRESENT INVESTIGATION 

In the present investigation, two stability parameters will be defined 
as possible mechanisms limiting the heights that waves can attain without 
breaking.  These parameters are defined to equal unity if their respective 
breaking mechanisms are fulfilled.  Employing the stream function wave 
theory, the variations of these parameters are then investigated as the 
wave height is increased.  The calculations are continued with increasing 
wave height until one of the stability parameters equals unity.  The wave 
conditions and the values of the stability parameters at breaking are com- 
pared with previous results. 

Formulation of Water Wave Problem 

The system considered here will be that of a two-dimensional periodic 
water wave propagating over a horizontal bottom.  Since the basis of the 
formulation includes the inherent assumption that the wave travels without 
change of form, it is possible to select a coordinate system moving with 
the wave celerity, C, thereby reducing the problem viewed in this reference 
system to one of steady motion.  The formulation for this problem and the 
inherent assumptions have been presented and discussed thoroughly elsewhere1. 
Therefore, the governing equations will be simply set forth below without 
detailed discussion. 
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The Laplace differential equatxon expressed in terms of the velocity 
potential, <t>, or stream function, tji, must be satisfied throughout the region 
formed by the wave system.  (See Figure 1 for a description of the wave 
system and notation employed.) 

Formulating the problem in terms of a stream function, the associated 
differential equation is 

V2i|/ - 0 (1) 

The kinematic boundary Conditions on the bottom and free surfaces 
ensure that no flow occurs normal to these surfaces, that is, on the 
bottom, 

w=|i=0,z = -h (2) 

and on the free surface, 

In -   w 
3x " u-C * 

(3) 

The remaining (dynamic) boundary condition on the free surface ensures 
that the pressure on the free surface is uniform 

n + 4- [(u-C)2 + w2] = Q , z = n (4) 

where Q is a constant.  The problem formulation is completed by requiring 
that all of the variables be periodic in the horizontal space coordinate, x. 

If an analytical representation could be found that would satisfy the 
differential equation and boundary conditions, the representation would be 
exact within the limitations of the formulation. 

The Stream Function Solution 

The stream function representation for highly nonlinear waves has been 
explored in previous papers; hence, it will be presented here only in out- 
line form.  The stream function solution is written as 

N 

ijj(x,z) = — z + \       A(n) sinh [-^— (h+z) ] cos —• x (5) 

n=l 

and an expression for the free surface displacement, n(x), is determined 
in implicit form by setting z = n in Eq. (5), that is, 
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n = -^ - I    \  A(n) sinh [^° (h+n) ] cos -^ x    (6) 

n-1 

where \\>    is the (constant) value of the stream function on the free surface. 

It can be shown that, for arbitrary A(n) and L values, the stream 
function solution expressed in Eqs. (5) and (6) satisfies the formulation 
exactly except for the dynamic free surface boundary condition, Eq. (4). 
The problem is now posed, for given values of wave height, H, wave period, T, 
and water depth, h, of determining the wave length, L, and stream function 
coefficients, A(n) such that the dynamic free surface boundary condition is 
best satisfied.  (It should be noted that the stream function value at the 
free surface is determined by requiring that the mean of the water surface 
displacement, n, be zero.) A numerical iterative procedure has been es- 
tablished to successively improve on the values of A(n) and L in accordance 
with the requirement of uniform Bernoulli constant, see reference 1 for 
details. During the present investigation, a property of the A(n) coef- 
ficients was found which appears to be general and which facilitates their 
determination. 

STABILITY CRITERIA 

In previous investigations of limiting forms of progressive and standing 
waves, two possible mechanisms for wave breaking have been proposed. 

Kinematic Stability Parameter (KSP) 

The KSP is a measure of the maximum horizontal water particle velocity, 
u , (which occurs at the crest) relative to the wave phase speed, C, 

KSP: ^ (7) 

This criterion is proposed to be limiting if the water particle velocity 
equals the celerity, that is, %/C = 1. For conditions of the KSP equal 
to unity, it is sometimes argued that the crest particles will travel faster 
than the wave form, and the wave will become asymmetric and topple over. 
The soundness of this argument is not clear to this author. 

Dynamic Stability Parameter (DSP) 

The DSP is a measure of the total maximum vertical acceleration, Dw/Dt, 
relative to the acceleration of gravity, g, and is defined as 

DSP:  -i£ (8) 

The physical interpretation of this limiting condition is evident; if this 
parameter exceeds unity, it can be shown that the pressure gradient at the 
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crest Is zero and further increases in the wave height would cause water 
particles to leave the crest of the wave In a vertical direction.  It is 
clear that this must be the breaking mechanism in standing waves.  The KSP 
is generally regarded to be limiting for progressive waves.  The pertinence 
of the DSP to limiting progressive waves is believed to be unresolved by 
published accounts, although Laitone and Kinsman15 have indicated that the 
DSP is governing for progressive waves. 

Finally, it is emphasized that both the KSP and DSP are defined such 
that a value of unity of either of these quantities would indicate breaking 
due to their respective mechanisms. 

RESULTS 

Three wave conditions, spanning the range from relatively shallow to 
deep water, were chosen for further examination.  The wave periods and water 
depths of these three cases are shown in Table I. 

TABLE I 

WAVE CHARACTERISTICS SELECTED FOR BREAKING STUDY 

Case 
Relative 
Depth 

Water Depth 
(ft) 

Period 
(sec) 

A Shallow 20.0 20.0 

B Intermediate 100.0 10.0 

C Deep 1000.0 10.0 

In the initial calculations, the numerical stream function approach de- 
scribed earlier1 was applied to determine the stream function coefficients, 
A(n), individually.  It was found, by examination, that these coefficients 
vary in a semi-logarithmic manner with the index, n, 

A(n) = A(l) e 
-bn 

(9) 

An example is shown in Figure 2 for a 17th order Case A wave.  It is 
emphasized that these coefficients were not constrained to a semi-logarithmic 
variation, but this form of variation appears to provide the best fit to the 
dynamic free surface boundary condition (DFSBC). Although the last few co- 
efficients shown in Figure 2 deviate from the semi-logarithmic form, it was 
found that repeated iterations of the numerical procedure would improve this 
distribution.  Calculations for Cases B and C and other relative depths 
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indicated that the observed semi-logarithmic variation could be regarded as 
a property of these coefficients when a good fit to the DFSBC was attained, 
the reason for the semi-logarithmic variation is not known.  The simpli- 
fications associated with the semi-logarithmic variation are substantial; 
for example, the number of Independent wave parameters is 3 for a 20th order 
wave assuming a semi-logarithmic variation as compared to 21 if no a. priori 
relationship is recognized for the A(n) coefficients.  This feature was 
accounted for in the numerical scheme, thereby greatly reducing the compu- 
tational time required, especially for near-breaking conditions, which 
require a high order representation. 

Case A - Shallow Water Wave (h/T2 =0.05 ft/sec2) 

The kinematic and dynamic stability criteria for this case are plotted 
as a function of H/h in Figure 3. Note that breaking is predicted at a 
ratio H/h = 1.0 while the usually referenced breaking limit is H/h = 0.78; 
the range reported by previous investigators is 0.73 < H/h < 0.87.  For the 
results obtained here, it is clear that the kinematic criterion governs 
breaking, and it is surprising at first that the dynamic parameter is zero 
when breaking occurs.  This point will be discussed later in greater detail. 

The wave forms for a near-breaking Case A wave are presented in Figure 4. 
Note that the enclosed angle of the wave form is in approximate agreement 
with the previously determined value of 120 degrees. 

The amplitude spectrum, determined by a harmonic analysis of the wave 
form, is also shown in Figure 4. As expected, the higher order terms are 
quite significant for the case of a near-breaking shallow water wave for 
which the crests are high and peaked and the troughs low and broad.  As a 
reference for later comparison, the 10th order term (9th harmonic) is about 
25 per cent of the fundamental. 

Case B - Intermediate Depth Water Wave (h/T2 -1.0 ft/sec2) 

For the sake of brevity, the graphical results pertaining to this case 
are not shown here.  The stability parameter results were the same as for 
Case A, that is, the KSP governed breaking and the DSP equals zero at breaking. 
The ratio H/T2 at breaking was determined to be 0.69 ft/sec2 which, as will 
be shown later, is in good agreement with previously referenced results. 

Case C - Deep Water Wave (h/T2 = 10.0 ft/sec2) 

The kinematic and dynamic stability parameters are shown in Figure 5 
and indicate, as in Cases A and B, that the KSP governs and the DSP equals 
zero at breaking.  The value of H/T2 at breaking is 1.06 ft/sec2 compared 
with the usually referenced value of 0.873 ft/sec2.  The wave form and ampli- 
tude spectrum for a near-breaking Case C wave are shown in Figure 6.  Of 
interest is the rapid decrease in amplitude coefficients for large n.  The 
ratio B(10)/B(1) equals 0.02 for Case C, whereas for Case A the corresponding 
ratio is 0.25.  The angle enclosed by the wave in the vicinity of the crest 
is approximately 120 degrees for Case C. 
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Breaking Index 

The breaking wave parameters for the three cases examined here are 
compared with the usually referenced breaking index in Figure 7.  It is 
seen that the results obtained in the present investigation for Cases A, 
B, and C are 28 per cent higher, 0 per cent higher, and 21 per cent higher, 
respectively, than the index shown. Possible reasons for this difference 
are discussed in the next section. 

CONCLUSIONS AND DISCUSSION 

Conclusions 

The results of this investigation indicate that: 

1. For progressive waves, the kinematic stability parameter, 

— rather than the dynamic parameter,  — , governs 

breaking. The dynamic criterion was found to equal zero 
at breaking; this implies that immediately under the crest, 
hydrostatic conditions prevail. 

2. The enclosed crest angle associated with the limiting wave 
is approximately equal to 120 degrees, a value determined 
by previous investigators. Earlier investigators, however, 
required the a. priori assumption that the crest form be an 
angle which is a submultiple of 360 degrees. 

3. The breaking wave heights determined here are somewhat 
higher (0 to 28 per cent) than those usually referenced. 

4. The stream function wave theory appears well suited for 
representing the geometry, kinematics, and dynamics of 
periodic water wave systems up to breaking conditions. 

Discussion 

Probably the most significant results of this study are that:  (1) the 
dynamic parameter, as defined, is zero at breaking rather than one-half as 
usually referenced, and (2) the breaking wave heights determined in this 
study are somewhat larger than those determined in earlier investigations. 
It is important, when considering these differences, to recall that all but 
one of the previous studies has required the a  priori assumption that the 
limiting wave crest at breaking be a sharp angle which is a submultiple of 
360 degrees. The present investigation required no a priori assumptions, 
but was based on determining the representation which best satisfies all of 
the defining equations. 

With regard to the question of the value of the dynamic stability para- 
meter at breaking, it is instructive to expand the expression for this para- 
meter at breaking for the case of a stationary wave system 

nop.   _ I Sw - _ I rc,-ri is. + 12sdi no-) DSP> g Dt g   Ku C)   3x + 2  3z  Jcrest {l0) 
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Consider the two terms enclosed by the brackets. The second term is identi- 
cally zero at the crest phase position where instability would be initiated. 
The first term contains the kinematic stability parameter; and since this is 
zero at breaking, therefore, it is seen that the dynamic stability parameter 
must be zero at breaking unless 3w/3x = °°. This will only occur if 3n/3x = « 
at the crest which is precisely the feature embodied in other investigations 
with the a priori assumption that the crest form a sharp angle.  The interpre- 
tation here is that the DSP xs zero at breaking and that the term 3w/3x is 
finite up to breaking. There is always the possibility that the term 3w/3x 
would approach infinity as the number of terms in the stream function ex- 
pression increases without limit. To test this possibility, higher order 
representations were checked to see whether the additional terms contributed 
substantially to the wave form or to 3w/3x. The conclusion reached from these 
calculations was that the observed result was not an artifice of the finite 
number of terms in the series representation. Other possible extraneous causes, 
that could be associated with the numerical procedure employed, are being ex- 
amined. 

The final question to be considered is whether the breaking values deter- 
mined here or those in previous investigations are more nearly correct. Although 
this question cannot be absolutely resolved, the writer concludes that because 
the approach presented here requires no a  priori assumption concerning the wave 
form (as discussed above) the results of the present investigation may be more 
valid.  Further work, Including breaking computations for a greater number of 
relative depths, is warranted to provide additional results on this facet of 
the problem. 
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CHAPTER 9 

HYPERBOLIC WAVES AND THEIR SHOALING 
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ABSTRACT 

Is is very difficult for engineers to deal with the cno- 
ldal wave theory for practical application, since this theory 
contains the Jacobian elliptic functions, their modulus k, and 
the complete elliptic integrals of the first and second kinds, 
K and E respectively. 

This paper firstly proposes formulae for various wave 
characteristics of new waves named "hyperbolic waves", which are 
derived from the cnoidal wave theory under the condition that k = 
1 and E = 1 but K is not infinite and are a function of T/g/h 
and H/h, so that cnoidal waves can be approximately expressed 
as hyperbolic waves by primary functions only, in which T is the 
wave period, h the water depth and H the wave height. 

Secondly, as an application of the hyperbolic wave theory, 
the present paper deals with wave shoaling, that is, changes in 
the wave height, the wave crest height above still water level, 
and the wave velocity, when the waves proceed into shallow water 
from deep water. 

INTRODUCTION 

Cnoidal waves, which were discovered by Korteweg and de 
Vries (1895), are not familiar to engineers, despite a long his- 
tory, because of mathematical treatments including the Jacobian 
elliptic function and the complete elliptic integrals of the 
first and second kinds.  Since, however, it has been noticed 
that the theory of Stokes waves is not appropriate to periodic 
waves progressing in shallow water in cases where h/L <£ l/lO/_ 
(Keulegan, 1950;, h/L < l/8 (Laitone, 1962) or h/L <£ (%/!•)'i 

(Wilson, Webb and Hendrickson, 1952), and that the theory of 
cnoidal waves should be applied to those waves, it is necessary 
to modify the theoretical results of cnoidal waves and provide 
graphs to easily find the wave characteristics,where L is the 
wave length and 1Q   the wave crest height above the still water 
level.  For this purpose, graphs were presented by Wiegel (i960) 
and tables published by Masch and Wiegel (1961) to obtain the 
profile and velocity of cnoidal waves from a given wave height, 
water depth, wave length or wave period.  These graphs and 
tables, however, were based on the theoretical results of the 
first approximation by Keller (1948) and Keulegan and Patterson 
(1940), and furthermore the mean water depth was replaced by the 
water depth below the wave trough, so that they seem to be un- 
satisfactory compared with those of Stokes waves of the third 
order approximation presented by Skjelbreia (1959). 

124 
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For this reason, the author tried to provide graphs to 
easily obtain the wave profile, wave velocity, wave length and 
wave steepness from a given wave period, still water depth and 
wave height for practical use based on Laitone's cnoidal wave 
theory of the second approximation(Laitone, 1961, 1962), and 
confirmed the validity of the cnoidal wave theory by making a 
comparison with the results of an experiment conducted for a 
case where T/g/h ^ 15 (Iwagaki, 1964, 1965; Iwagaki and Hosomi, 
1966a, 1966b). 

Theoretical curves of the wave height change in shoaling 
water for a large depth to wave length ratio were presented by 
Le M6haute and Webb (1964) based on the Stokes wave theory of the 
third order approximation and by Koh and Le Mehaute (1966) based 
on that of the fifth order approximation.  On the other hand, 
the computation of wave height change in shoaling water for a 
small depth to wave length ratio using the cnoidal wave theory 
was attempted by Masch (1964), but it was not successful because 
of the difficulty of numerical computation for complicated 
expressions including the Jacobian elliptic functions. 

In this paper, after firstly defining the new waves named 
"hyperbolic waves" (iwagaki, 1967), which are derived from the 
cnoidal wave theory, formulae for various wave characteristics 
of hyperbolic waves are presented, which are expressed by prim- 
ary functions only.  Secondly, changes in the wave height, the 
wave crest height above still water level and the wave velocity 
in shoaling water are computed based on the hyperbolic wave 
theory and compared with experimental results to confirm the 
validity of the hyperbolic wave theory. 

DEFINITION OF HYPERBOLIC WAVES 

Wave characteristics of cnoidal waves in dimensionless 
form 0   are generally expressed as follows: 

<J> •/("IT. I   •  *.-f-> *> <="(».*)• »n(»,*), dn(ll.«) (1) 
\ H       fit K ' 

in which »-2K(*-e/)/i , h+ is the water depth below the wave trough, 
en, sn and dn are the Jacobian elliptic functions, c the wave 
velocity, t the time, x the distance in the direction of wave 
propagation, and z the distance taken upwards from the wave 
trough as shown in Fig. 1. 

Since the solitary wave theory can be derived with the 
limitation that k= I or K»» , E= 1 and L •*•<*> , and in this 
case cn(-W,k) and dn(v,k) are written as sechv' and sn(v,k) as 
tanhv, wave characteristics of a solitary wave in dimensionless 
form 0,   are expressed as 

*. = />(    ' ,     ?-, sechti, tanhuj ( 2 ) 

and v = 2a(x-cf)/l,t    (3) 

in which ^  is   a  function  of  h-fc/H. 
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Now, let us consider a case where k can be approximately 
put as unity, which is not the limiting case k = 1 as in the 
solitary wave theory.  The value of K does not become as large 
as infinity even if the values of k and E tend to unity and can 
be put approximately as unity, as seen in. Fig. 2.  In other 
words, when K = 3, k = 0.98 and E = 1.05, then k and E can be 
put approximately as unity.  Therefore, if k and E are put as 
unity on condition that 

KZ3    (4) 
the following expression for wave characteristics of new waves 
in dimensionless  form *» can be derived corresponding to Eq. 
(l) • 

**= fn[~r, —r~, K, secho, tanhuj (5) 

The waves are not periodic because they are expressed by 
hyperbolic functions.  However, if the wave troughs are con- 
nected with each other for every wave, they can be treated as 
periodic  waves, since the wave length is not infinite.  The 
author has named the new waves "hyperbolic waves", because the 
characteristics of the waves can be expressed by hyperbolic 
functions with finite wave lengths (iwagaki, 1967). 

Since the dimensionless quantity for wave characteristics 
of hyperbolic waves ** contains the complete elliptic integral 
of the first kind K as shown in Eq. (5), it is necessary to 
obtain the relationship between the wave period, wave height, 
water depth and K.  The relationship was already presented gra- 
phically by the author (iwagaki, 1965) based on Laitone's cnoid- 
al wave theory of the second approximation (Pig. 3).  Then, the 
relationship between K, T/g/h and h/H is formulated using Fig. 
3. Fortunately in the range of K 3f 3, the curves for each 
value of a parameter h/H can be expressed approximately by 
parallel straight lines, which are shown by a solid line in Fig. 
4. The formula to fit this solid line was proposed as follows 
(Iwagaki, 1967; Iwagaki and Sakai, 1968); 

TVJTh •*HT{>-'{ffT (6) 

in which 
a = 1.3, n = 2 and m = l/2 for H/h = 0.55 (7a) 

and   a = 0.54, n = 3/2 and m = 1 for H/h > 0.55 (7b) 
The plotted points are values computed by Eq. (6), which are in 
good agreement with the solid line. 

The limit condition for application of the hyperbolic 
wave theory can be obtained from Eqs. (4) and (6).  Fig. 5 shows 
a graphical expression of the limit. 

CHARACTERISTICS OF HYPERBOLIC WAVES 

Formulae for various characteristics of hyperbolic waves 
can be derived by putting k and E as unity and replacing the 
Jacobian elliptic functions with hyperbolic functions in the 
cnoidal wave theory as mentioned previously. 
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HEIGHT OP STILL WATER LEVEL ABOVE WAVE TROUGH 

Tr-xl^x-^-iKxH (8) 

WAVE PROFILE 

*—<¥*) 44-*<¥*X1+xx)i^--*<¥')} {9) 

in whi ch x=x-ct      (10) 

WAVE VELOCITY 

-fi<±4)-£]]   <"> 
WAVE LENGTH 

PRESSURE 

H 

PARTICLE VELOCITIES 
Horizontal velocity 
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13 

^A.sech'^x) +^sech'(Mx)-A„ 

.(14) 

Vertical velocity 
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WAVE ENERGIES 
Potential energy per unit area 
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- i^^-v^i-^^m^-^)} (i6) 
Kinetic energy per unit area 

1 l fZ/2     fij 

2 LJ-//2j-At 

1       „,1 L      3  1     if/1      3  1      3  1 \ 
= s^/d^tfMiiT^^) 

+ H V2A_T113  1   , 3_ 1 \1      ( 17 ) 
+ \hc)  [560^160 K+8 K'l\ K     '' 

Total energy per unit area 

E-Er+Eic 

2      „. 1 f.      3  I  .HI    1     3 LUH'f  5+157 ' + ?-Ml (18) K'j     \h,l  Ul2     480A-     16 AT^I V        ' 

RATE OP ¥AVE ENERGX TRANSMISSION 

Ti-Tlzl-h,  \2 P ) 

|m7_ 31_ 29   1.13JLV 
\ht)   \   112    160 K    4 K'j 

(19) 

CHANGE IN WAVE HEIGHT ON SLOPING BEACH 

The change m the wave height on a sloping beach can be 
calculated from the condition that the rate of wave energy 
transmission is constant at each section if the wave motion on 
a sloping beach is assumed to be the same as that on a hori- 
zontal sea bottom having the corresponding water depth.  If 
wave energy dissipation due to bottom friction and wave re- 
fraction and reflection due to variable water depths are neg- 
lected, the relationship described above is expressed as fol- 
lows;      _ _ ,  . 

w=w,    (20) 

Eq. (19) is applied to ¥ at the left side of Eq. (20) 
and the following relationships derived by Le Mehaute and Vebb 
(1964) based on Stokes wave theory of the_third order approxi- 
mation by Skjelbreia (1959) is used for ¥  at the right side of 
Eq. (20), in which the suffix o denotes the quantity in deep 

water!      *-£(f*M*K*)} (2D 
I * + *-"'     (22) 
io_!_(1 + ,v)   (23) 

Finally the following equation of H/H0 IS derived as a function 
of H0/L0 and h/L0: 



134 COASTAL   ENGINEERING 

X    1- JHV&vtl      3   1       HI2      5   1 3   \ a{-h-)\   {
I
~2-K

+
TAJ-2-K

+
-F) 

+(£-)'(- 5i'_^-J_+i?J_V""* (24) \h,J\  112     160 tf +4 £'/| 

because 

*-iLi^/AV' (26) 

and T/g/n ln EQ.- (6) 1S a function of h/L. and H /L  from Eqs. 
(22) and (23). °     °  ° 

Since the right side of Eq. (24) contains H/H , successive 
approximate computation using a digital computer has been adopt- 
ed.  A group of curves on the left side of Fig. 6 shows the 
result of computation by Eq. (24).  In addition, a group of 
curves on the right side of the figure is that by Le Mehaute and 
Webb (1964) for the third order approximation of Stokes waves. 
As a condition of breaking inception for hyperbolic waves, 

•^•=0 73   • (27) 

has been used, which was proposed by Laitone (1961) for cnoidal 
waves. 

CHANGE IN WAVE CREST HEIGHT ABOVE STILL WATER LEVEL 

Prom Eq. (8), the wave crest height above still water 
level of hyperbolic waves ^  is expressed as 

l-^-'-i-iK?) <28> 
which is a function of HQ/L  and h/L0 as seen from Eq. (26) and 
Fig. 6.  Fig. 7 shows the relationship between {J_/H and h/LQ 
with a parameter of H0/L besides the curves for Stokes waves. 

CHANGE IN WAVE LENGTH AND WAVE VELOCITY 

From Eqs. (6), (12), (22) and (23), the expression for 
the wave length ratio L/L0 is derived as follows: 

£^(irK(!:)}RM) 
4-<fn"H+i-?)v*)r (29) 

Since L/L0 IS also a function of H0/LQ and h/L0 and Fig. 
8 is a result of numerical calculation.  Of course, the wave 
velocity ratio c/c0 is equal to L/L0. 

EXPERIMENT 

EQUIPMENT AND PROCEDURE 

The wave tank used for the experiment of wave shoaling on 
a beach was 63 m long, 50 cm wide and 65 cm deep, with a wave 
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generator of piston type.  A model beach of uniform slope l/20, 
which was made of steel plate, was set 8 m long about in the 
middle of the wave tank.  The top of the slope was just 40 cm 
high from the bottom, and the water depth above the horizontal 
bottom was always controlled at 40.5 cm, so that breaking waves 
overtopped on the upper edge of the slope and reflected waves 
were reduced as much as possible.  Periods of waves used were 
1, 1.2, 1.5 and 2 sec, and wave heights at uniform depth were 
from 1.5 to 12.0 cm.  Wave records were taken instantaneously 
by six wave meters of electric resistance type set at uniform 
depth and on the slope.  The wave height in deep water H was 
obtained from the water depth and the wave height at uniform 
depth using theoretical curves of wave height change based on 
the third order approximation of Stokes waves by Le Mehaute and 
Webb (1964).  The wave length L and wave velocity c0 in deep 
water were computed approximately using gT /2K  and gl/2K   re- 
spectively.  Wave velocity data were taken by measuring the 
time necessary for each wave crest to pass between two adjacent 
wave meters, as the wave velocity m the middle of the wave 
meters.  Several waves were adopted as data, which were record- 
ed until waves reflected by the beach returned again from the 
wave generator after the wave height became constant. 

EXPERIMENTAL RESULTS AND CONSIDERATIONS 

Fig. 9 shows a comparison between experimental values 
and the theoretical curves on wave height change in shoaling 
water.  It is found that the experimental data in the figure 
agree well with both theoretical curves based on the hyperbolic 
and Stokes wave theories.  According to the plots of experiment- 
al data taken by Wiegel (1950), Iversen (1952) and Eagleson (l 
956), their experimental results are not in agreement with the 
theoretical curves except Eagleson's data in the case of H /L 
= 0.02 (Iwagaki and Sakai, 1967).  This fact can not be explain- 
ed even if the effect of bottom friction is taken into account. 
As far as the present experiment by the author is concerned, 
the effect of bottom friction is estimated as approximately 1 
fo  when the wave period is equal to two seconds. 

Experimental data of the wave crest height are plotted 
in Pig. 10 with the theoretical curves of hyperbolic and Stokes 
waves for comparison.  Agreement between them is very poor. 
The reason will be due to asymmetric deformation of the wave 
profile in shoaling water.  This fact suggests that it is neces- 
sary to study not only wave height change but also wave profile 
deformation in shoaling water including breaking of waves over 
a sloping beach. 

Fig. 11 shows experimental results of wave velocity 
change in shoaling water compared with the theoretical curves. 
Agreement of the experimental data with the theoretical curves 
is as poor as in the case of the wave crest height.  The reason 
may also be due to asymmetric deformation of the wave profile 
in progress. 
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CONCLUSIONS 

The author proposed new waves named "hyperbolic waves", 
which are derived from the cnoidal wave theory under the condi- 
tion that k = 1 and E = 1 but K ^ oa  .  Since the theory of the 
waves does not contain the Jacobian elliptic functions but pri- 
mary functions only, it is possible to easily compute various 
wave characteristics of finite amplitude long waves.  The com- 
putation of wave shoaling presented here is an application of 
the hyperbolic wave theory to coastal engineering problems.  A 
combination of the hyperbolic wave theory and Stokes wave theory 
now makes it possible to give a qualitative description of finite 
amplitude wave characteristics all over the region of shallow 
water before breaking, subject to the limitation that the waves 
are of permanent type. 
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CHAPTER 10 

EFFECT OF BEACH SLOPE AND SHOALING ON WAVE ASYMMETRY 

M. D. ADEYEMO, B.So. (Eng) Lond. PhcD, (Lond) 
Engineer, Western Nigeria Water Corporation. 

SYNOPSIS 

This paper is concerned with the quantitative study of the 
geometrical asymmetry associated with shallow water oscillatory 
waves in the breaker zone. Three descriptions of wave asymmetry 
are defined and examined : 

(l)  Wave vertical asymmetry 
i2^  Wave slope asymmetry 

and (3)  Wave horizontal asymmetry 

The effects of shoaling, produced by beaches of different slope, on 
the wave asymmetry are examined. Six beach slopes in the range 1:4 to 
1:18 were employed, and a quantitative correlation was found to exist 
between the wave slope asymmetry, wave horizontal asymmetry and the 
wave vertical asymmetry. 

An expression is given for the wave horizontal asymmetry based on 
the expression for the wave vertical asymmetry from the cnoidal wave 
theory. The theoretical study of wave slope asymmetry made by Biesel 
(1) and the results of the experimental work on the wave slope 
asymmetry in the present work are compared and gave a good agreement* 

INTRODUCTION 

The asymmetry of the wave in shallow water induces the 
asymmetrical forces which influence the near shore sediments and 
coastal structures to a very great extent. Thus the understanding of 
the shallow water wave processes is of extreme importance in the design 
of coastal engineering projects. 

As waves approach shallow water over bed slopes similar to those 
reproduced in the model, they change from the deep water to the shallow 
water category and become markedly asymmetric before breaking. 
The shoreward side of the wave becomes nearly vertical whilst the seaward 
face is appreciably incllnedo The actual configuration^ is affected by 
the bed slope. 

Owing to the continually varying geometry of waves in shallow 
water and in order to have a detailed understanding of Wave 
transformation in shoaling water, three main types of wave asymmetry 
are defined in the present worko Their quantitative definitions being 
as follows :- 

145 
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~    _.. ,     .   Vertical distance from crest to SoW.L. 
Wave vertical asymmetry = Total wave height  

Wave slope asymmetry  a ^(Pront face slope at S.W„Lo + Back face) 
slope at S.W.L.  ) 

Both the front face slope and the back face 3lope were measured in 
radians. The front face slope was taken as negative and the hack 
face slope as positive. Thus, a negative mean slope would indicate 
that the wave front is steeper than the rear face slope. 

Two types of wave horizontal asymmetry are defined and given the 
symbols H, and HA*. 

H   - Horizontal disto from crest to front face at S.W.L. 
A  ~ Horizontal dist. from crest to back face at SoW.L. 

H'  - Horizontal dist. from crest to preceding wave trough 
A  " Horizontal dist. from crest to following wave trough 

Diagrams showing the definitions of the wave asymmetry are shown in 
the appropriate graphs discussed later in the paper. 

Some mention of the wave vertical asymmetry has been made in the 
literature. For instance, the trochoidal wave theory gives the 
positions of the wave crest and trough relative to the still water 
level in the shallow water as :- 

Height of crest = f + ^    "oth  —^       (1) 

and depth of trough  = "o ~ ~TT  c0*h  T ' (2) 

Stokes* finite amplitude wave theory shows that the wave crest lies 
above the still water level by the amount 

-J?   1 •   \ 1  coth i# 

which is more than the value given by the trochoidal wane theory by 
the factor 

2 
2 sinh   27Td 

The experimental results of the wave vertical asymmetry in this 
work were compared with the expression from the cnoidal wave theory 
corresponding to the wave vertical asymmetry, and a good agreement was 
obtained. 

It is important to note that whereas the cnoidal wave theory 
predicts wave vertical asymmetry, it does not predict wave horizontal 
asymmetry and wave slope asymmetry. 
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An expression for the wave horizontal asymmetry is provided later in the 
work reported in this paper based on the expression for the wave 
vertical asymmetry from the cnoidal wave theory. 

A brief summary of both the cnoidal wave theory and the theory 
of Biesel are presented below : 

SPMMAHY OF THB CflOIPAI. WAVE THEORY 

Korteweg and De Vries (10) developed the cnoidal wave theory which 
is generally considered very useful for describing the propagation of 
periodic waves in shallow water where the depth is less than one-tenth 
of the wave length. The cnoidal theory also provides a link between 
sinusoidal waves and solitary waves. 

Korteweg and De Vries, (10) Keulegan and Patterson (9) and 
Keller (7) used different symbols, but the formulae obtained by them 
are essentially the same. The equations below are obtained by 
Wiegel (17) based mainly on the theory of Korteweg and De Vries. 

The notations used in the equations below are as follows : 

I>   Wave length 
d   still water depth 
K(k) complete elliptic integral of the first kind 

E(k) complete elliptic integral of the second kind 
k modulus of elliptic integral 
H Wave height (trough to crest) 
T wave period 
u incomplete elliptic integral of the first kind 

cnu,3n u elliptic functions 
x horizontal co-ordinate 
Y vertical co-ordinate measured from the ocean bottom 
Ys vertical distance from ocean bottom to wave surface 
Yt vertical distance from bottom to wave trough 
Yc vertical distance from bottom to wave crest 

SoW.L. still water level 

The wave length is given by 

* -  -*= K(k) (a +i-fp     0) * =  1? 
where L and k are defined by the following two equations 

k  =   d " d  (4) 
2L + 1 - Jl 

•(5) (k + i-f) E(k) . (k + 2-f-f)K(k) 
For k to be real in equation (4), the following equations must 
also hold 
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2L + 1  > ^ > ~  ando^k2^1 ad ~- 
Equation (4) can be re-arranged in the form 

An  +1 &•) IS. IS  -    I 

Substituting ea. (7) into equation (3) and squaring gives 

1 - W * K(k) — i.e. 

Equation (5) can be re-arranged to give 
r.   12.1 

E (k) - K(k)   a      I -    d        K(k) 

—(6) 

•(7) 

"(8) 

•(9) 

»•<-? 
—(10) 

Substituting equation (3) into equation (10) and re-arranging terms 
•a   llatra V we have 

Yc     l6d K(k) (K(k) - E (k) + 1 -(11) 

multiplying equation (11) by ^   we get 

Yo - d   _   164^ 
H ~X?B 

K(k) (K(k) - E (k))  (12) 

Equation (12) is important as it expresses the WAVE VERTICAL 
ASYMMETRY. 

The elliptic function on is in general doubly periodic, it will 
be singly period (period 4K) providing k is & real number and 
o £ k £ 1 • It is important to note that when k = o; snu =• sin u, 
onu s cos u and K a "H/2 i.e. the period h& » 2V    , thus when 
k = 0 the elliptic cosine reduces to the circular cosine and the wave 
profile is given by the trigonometric functions. On the other hand 
when k:1, cnu a seen u, and we have the hyperbolic function with 
K(k) a oo hence the period beoomes infinite and we have the solitary 
wave expression. Thus the enoidal wave theory gives the solitary wave 
and the sinusoidal wave as its two limiting cases. 

The properties of the enoidal waves are given in terms of the 
complete elliptic integrals of the first and second kind, and the 
Jacobian elliptic functions hence the term •enoidal' analogous to 
sinusoidal. 
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Masch and Wiegel (11) computed several of the cnoidal wave 
characteristics from the equations obtained by wiegel (17) based on 
the work of Korteweg and De Vries and they presented the results 
together with the elliptic integrals and the Jacobian elliptic 
functions in tabular farm.    The graph of equation (12) is shown in 
fig. 1. 

WAVE SLOHS ASYMMETRY 

In studying the progression of periodic waves in water of 
variable depth Biesel (1) produced a second-order theory for the wave 
slope asymmetry at still water level. Let OX and 0Y be rectangular 
co-ordinate axes looated at mean sea level, with x positive in the 
direction of wave propagation and 0Y being directed vertically upward. 

The other notations are defined as follows :- 

T Wave period 
A> '"'<. angular frequency 

L wave length 
u,   v OX and 0Y velocity components 

m      *?L 
a wave amplitude 
d water depth 

"^r)     = slope of the bed 
suffix 0 denotes deep water conditions 

(p       velocity potential 

Under conditions of irrotational and incompressible flow, the 
continuity equation gives 

$- • 1L.   . 0  M) 
The velocity components are given by 

u .  ii  ,  T -  i*  (14) 

In order to satisfy the boundary condition at the bed we have 

-&-      -   XM_   =   0     fory = -d         (15) 

Assuming constant surface pressure we have 

Prom Biesel the above four conditions are satisfied by the function. 

S'thmd 

bsinhmct coshmJ      I    '   "^   7 

(n) 
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where D . 1 +  3^^ ooahm'd  <18) 

m, ** and & are related fcy 

gm tanh md  = W  (19) 

and 
•ll1 -—r- 

(I>tanh ad)* 
•(20 

The free surface equation can be expressed parametrically by the 
equations 

\        =     <Xe & co$(cit — Jmalx)   +    Qot B>, $in(u3t - \w<ixA    ————--(22) 

where A, A., B and B. are functions of md with    h    and     A     being 
the co-ordinate of a point on the free surface,, 
The free surface slope of the wave ia given by 

,.        -^4. mao&sm(">t~fmdxj •q-n»jk,,6,-t- OoB)cogft>*-Jrndx) 

Th         =       ! - mo. 4 cot (cot -fmfy + 7^ao A   i^A J/U ~/w*) 

TT -^— (23) 
For the wave slope in the neighbourhood of a particle with the 
initial co-ordinates (x, o) at the instant when the particle crosses 
the plane y = p   we then have 

y = 0       or 

B oos^t -   mdx)     +   X B1 sin(«t -   md*)   «   0 
Hence there are two sets of possible values for cos(«9t -   mdx) 
and sin^Wt -   mdx) 

i.e. 

oosfcut -   mdx) = *|-';       sin((i»t -   mdx)   *>   -   1 (24) 

cos(Wt -   mdx) = -   -*!*• ; sin(»t -   mdx) > 1  (25) 

Equation (24) corresponds to the passage of the front face of the wave, 
and equation (25) to the passage of the back face of the wave* 
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Combining equations  (24) and (25)   with (22) and noting that 
terms of      y*  have been neglected we have :- 

Sf   =    -ma.5   ~ ^ao^f^+A.i)-m»oZAE>        (26) 

and for the back of the wave : 

56    =     ma0B>   -   »XQ0*X (AB, + A,&)~ma?A&    (27) 

The mean slope S = ^(Sp+S8)isa measure of asymmetry of the wave. 
Thus from equations (26) and (27) 

S = - w'-Qo1 y (AB,  +  A,B) -  m a„lAB       (28) 

Replacing A, B, A. and B. by their values we have 

rnWtf f & + -f~—,    ~      5md hnh md ) S    = J tonhmcJ  (29) 
I D1" [sink md)      fanh md 

*»»D-        1+   idnhmfcosh md  <18> 

As pointed out by Biesel (1) the analysis above assumes that the 
slope of the bottom is small. 

This theory had not previously been tested experimentally, and 
its verification formed nart *?  the nresent work . 
A satisfactory agreement was obtained. 

WAVE HORIZONTAL ASBMSTRY 

In order to completely define the asymmetry of the wave in 
shoaling water, note ias to be taken of the asymmetry of the wave in 
the horizontal sense too. For this purpose, two types of wave 
horizontal asymmetry are noted and are given the symbols H, and HA*. 
They are already defined above. 

As far as the author is aware, there is no theory describing 
wave horizontal asymmetry for shoaling waves. As will be shown later 
in this work it was found that the two types of wave horizontal asymmetry 
i.e. HA and HA' follow the same trend. It was found possible therefore, 
to produce an empirical relationship expressing one in terms of the 
other. 

Later in this work an expression is given for the wave horizontal 
asymmetry HA based on the theoretical expression for the wave vertical 
asymmetry from the cnoidal wave theory. 

APPARATUS 

The study described in this paper involved the use of an 
hydraulic model with an impermeable beach. The impermeable beach was 
chosen to permit beach slope variation and to enable a detailed study 
of the effect of the backwash to be made. The study on the effect of 
backwash is reported in another paper in this same journal (ref.4). 
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Plate 1 

Plate 2 

The Beach arrangement and the Wave Generator 
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In order to overcome the scale limitations imposed by the model 
size, the measurements were based on parameters used in certain aspects 
of wave theory, so that the behaviour of the model could be assessed. 

The choice of variables was made in the light of pilot experiment 
conducted by the authrcr and recent experiments by ELinston (14) and Kemp 
(8) of wave action on granular beaches. These examined amongst other 
things the variation of beach slope with wave characteristics, and the 
phase relationship between two successive wavesbreaking on the beach. 
The change of beach slope using a plane beach and constant wave 
characteristics is equivalent to a change in beach material size, 
although the effect of permeability is not allowed for. Nevertheless, 
the reduction in phase relationship between uprush and backwash with 
increasing beach slope, and higher backwash velocities are both produced 
and are important factors in the movement of beach material. 

The overall size of the apparatus was limited by the space 
available. The wave flume was 24- feet long, 9 itches wide and 15 inches 
deep. At the wave generator end, the bed of the channel sloped down 
to a depth of 21 inches. The channel was made of marine plywood, with 
the exception of long perspex windows which formed the sides of the 
channel at the beach end* 

A satisfactory convex shaped slatted wave absorber was built 
behind the paddle to damp out reflections from the generator endo The 
beach was made of marine plywood and stiffeaed at the back with an 
I section to prevent vibration of the beach. The toe of the beach was 
hinged to the beach plate. A false toe was used for the feat beach slope 
in order to contain the beach in the tank. The upper end of the 
artificial beach was supported by a vertical screwed rod by which the 
beach slope was raised. Hate 1 shows the beach arrangement and plate 2 
the wave generator. 

A special feature of the design was that the motor and reduction 
gears were mounted on a very strong support, and were quite separate 
from the channel o Thus there would not be any vibration of the flume 
arising from the machinery. 

Several sets of waves were generated by varying the wave period 
and the deep water wave height with the intention of selecting 
suitable wave characteristics, and also finding the position on the 
horizontal portion of the channel at which the wave had become steady. 
This enabled a wave measuring station to be chosen in the horizontal 
section of the channel. 

The wave characteristics selected were :- Period T = 0.8 sees 
Ho = 1.45 ins and horizontal section still water depth = 9«5 ins. 
TheBe wave characteristics were held constant. The beach slopes used 
were £, 1/6, 1/9, 1/12, 1/15 and 1/18. 

The filters used consisted of -g- ins. chicken mesh folded many 
times so as to suitably occupy the width of the channel for a length 
of 65 feet. The filters were placed at a suitable distance in front 
of the paddle. An experiment was conducted to determine the amount of 
wave reflection in the wave tank for the six beach slopes. 
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The lowest value of the coefficient of reflection was found to he about 
jfo for the flattest beach slopes and the highest value was about 8$ 
for the steepest slopes of 5 and 1/6. These values correspond with 
typical values from Miche (12). 

MEASURING TECHNIQUES 

General Procedure 

The wave lengths were measured by using two capacitance - wire 
probes suspended separately on a carriage with the ends inserted in 
water in the tank to the mean.operating depth. The output wave form 
from the wave meter was displayed on a D.C, oscilloscopeo The arrange**- 
ment allowed visual observations to be made on D.C. oscilloscope. 

The wave height and the wave shape at the different positions 
along the beach were found by using the capacitance - wire probe 
system in conjunction with a'viaidorder'- ultra violet type instrument 
givlnya permanent trace on paper. This recorder offers 8 paper 
speeds (6 to 800 mm/sec) and also 0.1 and 1 second timing intervals. 

Two graduated scales were made on the side of the wave channel 
for the purpose of reading the still water depth. The scales were 
graduated in 1/10 of an inch divisions. 

The first step for every beach slope was to locate the wave 
break-point by placing the probe at several marked places very close 
to each other in the neighbourhood of the position where the wave was 
visually observed to be breaking and noting the deflection registered 
on the oscilloscope. The position at which the wave height was a 
maximum and shoreward of which the wave lost its wave form was 
selected as the wave break-point. 

The location of the break-point was followed by the marking out 
of the several positions along the beach where the detailed study of the 
wave asymmetry was to be made. The capacitance-wire probe was positioned 
at each of the places marked out, and while the wave generator was 
switched off a line corresponding to the S.W.L. was defined on the 
recording paper. This was done at the start and end of every reading. 

After marking out the S.W.L. line the wave generator wa3 then 
switched on, with the probe still in position the vislcorder was then 
also switched on, and the wave profile for the particular position of 
the wire probe was recorded. The probe position was then changed and 
by repeating the processes again for each probe position the wave trace 
and wave length measurements were obtained for the different positions 
marked out along the beach, up to the break-point. Jt  the end.of such a 
series of experiments a calibration test was carried out for the 
particular setting of the visicorder. 
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EVALUATION OF WAVE VERTICAL ASYMMETRY 

The S.W.L. mark lines on the wave trace paper, one at the start 
and the other at the end of every reading for every position of the 
probe were joined, thus providing the S.W.L. line from which measurements 
were made. Both the measurements of the vertical distance from the 
wave crest to the S.W.L. and the total wave height were scaled off. 

EVALUATION OF WAVE HORIZONTAL ASYMMETRY 

Two alternative definitions of wave horizontal asymmetry are made. 
The evaluation of these two values HA and HA' required the 
measurements of the horizontal distances from crest to the front and 
rear faces of the wave at S.W.L. and the horizontal distances from crest 
to the preceding and the following wave trough. The two types of wave 
horizontal asymmetry HA and HA1 have already been defined earlier in 
this paper. 

EVALUATION OF WAVE SLOPE ASYMMETRY 

In the evaluation of the wave vertical asymmetry and the wave 
horizontal asymmetry any scale exaggeration of the output wave trace 
from the visicorder would be of no importance, as the wave vertical 
asymmetry and the wave horizontal asymmetry are dimensionless ratios, 
of which the terms involved are either both horizontal measurements or 
both vertical measurements, in which case any scale exaggeration of the 
output wave trace would cancel out. 

On the other hand, the wave slope asymmetry is measured in 
radians, and because of the scale exaggeration of the wave trace, the 
profile has to be reproduced to the natural scale from the wave trace. 

To evaluate the wave slope asymmetry, the angles made by the 
front and rear faces of the wave with the still water level line were 
measured in degrees and then converted into fcadian3. The wave slope 
asymmetry is defined as : 

•g (Front face slope at S.WoL. + Back face slope at S.W.L.) radians 

The front face slope was taken as negative and the back face slope 
as positive. 

REVIEW OF PREVIOUS WORK 

Wiegel (16) conducted a series of experiments to compare the wave 
profile with the trochoidal wave theory. He commented that the 
surface profiles were similar to that given by the trochoidal wave 
theory wheii the wave was not in relatively shallow water (say d/L p> 
0.15) but that near the breakers the experimental results were conside- 
rably higher than those given by the theory. 

In a study of breakers and beach erosiiin Hamada (5) remarked that 
at breaking, the displacement of the orbital centre above the still 
water level was 0.2ft).Hb on a 1/10 slope and 0.228 Hb on a slope of 
1/15» He noted the observation that when a wave is about to break on 
a shallow sloping beach the trough becomes wide and flat; and the 
crest narrow and steep. He considered that the forward leaning of the 
wave crest might be an important factor in wave breaking. 
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Eagleson (2) compared experimental values of wave height 
steepness and wave length with stokes' theory. The commented that 
stokes* third order theory applied only in the early stages of 
transformation, the divergencies being too large as the wave begins 
to deform. 

Ursell (15) theoretically predicted in a qualitative sense the 
effect of shoaling on wave asymmetry by consideration of 
parameter., ~^jr      • He concluded that larg* values of the parameter 
Hi*  would predict an increased tendency towards wave asymmetry. 

Ippen and Kulin (6) studied the shoaling and breaking of the 
solitary wave. They classified breakers as "symmetric," "asymmetric" 
and "intermediate." They described waves which retained much of their 
original symmetry during shoaling and which deformed by what they 
termed "peaking up" of the crest, as symmetric breakers. On the other 
hand, they classified as asymmetric breakers, waves which showed a 
marked steepening of the front face. They did not define what they 
termed as the intermediate breaker, but presumably they intended some- 
thing between what they called the symmetric and the asymmetric 
breakers. When they tried to translate their results into a graph, 
they found that there was some scatter and they rightly noted that their 
classification depended very much on personal judgement. From the 
studies made in the work reported in this papi=r, and within the 
experimental limits, it is evident that nothing like a symmetric 
breaker was observed. 

Miller and Zeigler (13) selected about 200 breaker traces from 
the very many recorded, and plotted each breaker on a dimensionless 
graph. By comparing the breaker profiles, Miller and Zeigler 
considered that the breaker forms fell into three mnjor categories, 
which they referred to as "symmetric", 'asymmetric* and very 
'asymmetric' breakers. They then averaged the individual breaker 
traces for each class to obtain a single trace. Comparing the breaker 
they classed as asymmetric breaker with the "near breaking wave" i.e. 
the mean profile just seaward of the break-point they commented that 
the profile of the asymmetric breaker was more peaked. 

The author would like to comment that from the study made in the 
work reported in this paper, the breaker Miller and Zeigler referred 
to as a symmetric breaker in fact possessed a distinct vertical 
asymmetry and some wave horj zontal an3 wave slope asymmetry. Miller 
and Zeigler themselves remarked that the transition frorn the profile 
of the "near breaking wave" which already possessed asymmetry to the 
symmetric breaker, was difficult to appreciate. On the whole their 
classification seems to be based on visual judgement of the wave trace 
with a bias towards what is referred to in the present work as wave 
slope asymmetry. Tt was however, very surprising that Miller and 
Zeigler considered that the breaker type they referred to as the 
symmetric breaker was possibly analogous to the plunging type and the 
very asymmetric breaker was similar to the spilling type; the author 
considers that, if anything, a plunging breaker ought to correspond to 
a very asymmetric breaker. 
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EXEERMBNTAL RESULTS ON WAVE VERTICAL ASYMMETRY 

On all the beach slopes it was found that as the wave progressed 
shoreward, the wave vertical asymmetry was continuously increasing and 
was maxinrum at the break-point. On the "beach slope of 5 it was found 
that the experimental results gave values vezy slightly higher than the 
theory for d/L > 0.18. Shoreward of this the experimental results 
were lower than the theory. The maximum divergence was about 18$ of 
the theoretical value, and that was the greatest divergence found 
throughout the work including the other beach slopes. 

The maximum divergence between the experimental results and the 
theory for the beach slope of 1/6 wa3 10JS of the theoretical 
prediction. The experimental result of the wave vertical asymmetry 
at the wave break-point on the beach slope of 1/6 was found to be 
0.707 which was higher than the corresponding value of 0.62 at the 
break point on the beach slope of \  but lower than the value of 0<>725 
at the wave break point on the slope of1/9O 

It was found that whereas the graphs of wave vertical asymmetry 
against d/L were non-linear for the steeper beach slopes, they became 
linear for slopes <£, 1/12» The experimental results of the wave 
vertical asymmetry on the beach slope of 1/15 were quite close to the 
theoretical predictions. However, the theoretical curve was non- 
linear. 

The graph of wave vertical asymmetry against d/L on the beach 
slope of 1/18 (see fig. 2) showed the same trend on shoaling as on the 
slope of 1/15. The maximum divergence between the value of the 
experimental results and the theory was 5/J of the theoretical prediction. 
The value of the wave vertical asymmetry at the break point on the beach 
slope of 1/18 was 0.74 which was considerably higher than the corres- 
ponding value of 0.62 at the breaker position on the beach slope 
of i. 

Whereas on the beach slopes of 5, 1/6 and 1/9 the breakers formed 
were plunging breakers, on the beach slope of 1/12 and for the flatter 
slopes of 1/15 and 1/18 the breaker in each case was spilling. 

The effect of beach slopes on wave vertical asymmetry is shown in 
figure 3, and it indicated that the wave vertical asymmetry is greater 
for flat slopes when the wave is in very shallow water of 
about d/L /L  0.10. 

EXPERIMENTAL RESULTS ON WAVE HORIZONTAL ASYMMETRY 

The graph of HA and HA' against d/L on the beach slope of ~ is 
shown in figure 4. The value of HA at the break point was about 0.2 
which meant that at the breaker position, the horizontal distance from 
the wave crest to the wave front face at still water level, was 1/5 
of the horizontal distance from the crest to the rear face. At a 
d/L value of 0.15, the value of HA was 0o80, and 30 the wave was not 
really very asymmetric at that stage. The most rapid change in HA and 
HA' was found to take place at d/L <.0o15« The graph of HA' against 
d/L was quite similar to that of HA against d/L. This was, however, in 
line with expectation as both HA and HA* are measures of wave 
horizontal asymmetry. 
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It was found however that HA' indicated a higher asymmetry than HA. 

The graphs of HA and HA* against d/L for the beach slopes of 
1/6, 1/9, 1/12, 1/15 and 1/18 follow the same trend as that on the 
beach slope of \  discussed above. 

Figures 5 and 6 show the effect of beach slope on the wave 
horizontal asymmetry HA and HA*. It is evident from the figures that 
the horizontal asymmetry of the wave increases as the beach slope gets 
steeper, whereas it will be remembered that in very shallow water in 
the case of wave vertical asymmetry, the vertical asymmetry decreases 
as the beach slope gets steeper. 

As can be seen that figure 7 which shows the graph of HA and 
HA' for the different beach slopes, establishes a correlation between 
the two types of wave horizontal asymmetry HA and HA*. This is not 
unexpected, but it is quite useful, in that it does mean that 
observations or calculations in wave studies can be made in terms of 
either parameter. 

EmERIKSroAI, RESULTS ON WAVE SLOPS ASYMMETRY 

On the beach slope of 5, the graph of wave slope asymmetry 
against d/L (see figure 8) showed that the wave slope asymmetry 
increased as the wave advanced into shallower water. The wave slope 
asymmetry was negligible at d/L value of 0.26 whereas at d/L value of 
0.15 the value of the wave slope asymmetry was - 0,007. The most 
rapid change in wave slope asymmetry took place at d/L *C      0o15. 
For instance, at d/L value of 0.10 the value of the wave slope 
asymmetry became - 0.037. At the breaker position where the wave was 
most asymmetric the value of the wave slope asymmetry was - 0.083. 
The theoretical curve gave results rather lower than the experimental 
results. On the beach slope of 1/6, it was again  found that the most 
rapid change in wave slope asymmetry took place in the region d/D 
^    0o15» The maximum divergence between the theory and the 

experimental results wa3 about 7f"  of the theoretical prediction. 
The results for beach slopes of 1/9, 1/12, 1/15 and 1/18 indicated a 
similar trend to those discussed above. 

As can be seen from fig. 9 showing the effect of beach slopA on 
wave slope asymmetry, the wave slope asymmetry increases as the beach 
slope gets steeper. This is in marted contrast with the wave vertical 
asymmetry which decreases as the beach slope gets steeper. On the 
other hand the wave horizontal asymmetry increases with increasing beach 
slope. 

Figures 10 and 11 show, however, that all of the asymmetries, 
'slope*, 'vertical', and 'horizontal', are correlated. As a result 
of the studies, the following relationships were obtained s 



170 COASTAL  ENGINEERING 

Let Av = wave vertical asymmetry 
S =s wave slope asymmetry 

]a| = modulus of s 
y = beach slope 

HA & HA.'    = wave horizontal asymmetry 

m.    _ Horizontal distance from crest to front face at S.W.L 
Horizontal distance from crest to 'back face at S.W.L. 

„., _ Horizontal distance from crest to preceding wave trough 
Horizontal distance from crest to following wave trough 

The empirical relationships between Av, S, y , lift, and HA* are: 

HA = ^rA   tanh HA«  (JO) 

HA = -i^r  (1.18 - sinh Av)  (30 

Av = 8.8  tanh [s| + 0„5  (32) 

Prom the cnoidal wave theory as developed by Korteweg and de Vries 
(10), the wave vertical asymmetry Av is given by 

Kc") — E(K)\ -(12) Yc - <4 Hod*        I \y.   •.  ' 

where Yc = distance from the ocean bottom to the wave crest 
d = still water depth 
II = wave height (trough to crest) 
L = wave length 

K(k) = complete elliptic integral of the first kind 
B (k) = complete elliptic integral of the second kind 

k = modulus of the elliptic integral. 

From equations (31) and (12) 

HA . ^[/./g _ iinh(j^[k^Kk) __ £fl0JjJJ   (33) 
Thus equation (33) givof a general expression for wave horizontal 
asymetrry HA0 Values of K(k) and E(k) are tabulated in Masch and 
Wiegel (11) (1961). 

CONCLUSIONS 

The wave asymmetry defined in all of the three ways increases 
as the wave advances into shallower water and the wave is 
most asymmetric at the wave break point. The most rapid change in 
wave asymmetry takes place in the region d/L ^ 0.15. 

The cnoidal wave theory is adequate for predicting wave vertical 
asymmetry. However, whereas, the cnoidal theory indicates a non- 
linear curve throughout, the experimental curves of the wave vertical 
asymmetry against d/L became linear for slopes <C 1/12. The studies on 
the effect of backwash showed that the linearity was due to the 
backwash and the flat beach slope. 
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The worl: on the wave slope asymmetry showed good agreement with 
the theory of Biesel (l). The results of the experiments for the 
beach slopes x,  1/6 and 1/9 indicated thtst the wave slope asymmetry 
ceases at d/L = 0.26. The theory of Biesel (1) predicted that the 
wave slope asymmetry ceases at d/L = 0.27. This would appear to be 
a valuable verification of a theory which had not previously been 
checked experimentally. 

The wave horizontal asymmetry (both HA and HA*) and the wave 
slope asymmetry increase as the beach slopo jets steeper, whereas the 
wave vertical asymmetry is greater for flft slopes when the wave is 
in very shallow water. The rule of thumb thet the trough is a 
quarter of the breaker height below the undisturbed water level, 
whatever the beach slope 3 s not quite correct. 

A correlation was found to exist between tho two types of wave 
horizontal asymmetry HA and HA'. Further thej' both show the same 
trend, thus any studies connected with the wave horizontal asymmetry 
could be made using either HA or HA». As shallow water wovea tend 
towards the characteristics of long waves, it is evident that 
measurement of HA would be more precise than HA». 

Apart from the correlation between the two types of wave 
horizontal asymmetry HA and HA* a correlation was also found to exist 
between the wave slope asymmetry, wave horizontal asymmetry and wave 
vertical asymmetry, this thus make it possible to obtain a general 
expression for the wave horizontal asymmetry HA. 
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ABSTRACT 

Experiments were conducted to determine the various effects on 
the shoaling, breaking and run-up of solitary waves resulting from the 
bottom configuration. An initial set of experiments investigated the 
effect of the initial bottom slope on the breaking and run-up of a wave 
on a second, higher slope. A second set of experiments considered the 
effect of a continental shelf configuration on the transmissibility of 
waves in the shoreward direction, and the decomposition of the waves due 
to the shallower water depth on the continental shelf.  It was found that, 
in order to make predictions at or near the shoreline for waves generated 
in deep water, it is necessary to consider the total configuration of the 
bottom leading to the shoreline. 

INTRODUCTION 

Large, long ocean waves moving shoreward are influenced by the 
bottom topography while still at a great distance from the shoreline. 
Two major changes occur in the bottom topography: a relatively steep 
continental slope which flattens out into the continental shelf, and a 
steepening of the bottom slope in the area of the shoreline. To the 
latter one must add the slope change created by man on structures placed 
at or near the shoreline. The primary objectives of the experiments des- 
cribed herein were, therefore, to establish bounds on the fluid volume 
delivery onto a shelf resulting from long wave encroachment, and to study 
the behavior of waves on a sloping bottom as a function of a previous 
incident slope. 

While large ocean waves are most commonly described in terms of 
periodic wave trains or impulsively generated wave groups, our experience 
has shown that solitary wave studies provide valuable information on the 
complex bottom-wave interaction processes because of the ultimate simplicity 
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of the solitary wave and its description (Camfield and Street, 1967). 
Accordingly, solitary waves have been used in the present study. As 
the solitary wave is the limiting case for finite amplitude periodic 
waves as length becomes large relative to other parameters, this study 
of the limiting case is very instructive and should provide a basis for 
future investigations. 

THE EXPERIMENTS 

FACILITIES AND EQUIPMENT 

The present experiments were run in the Stanford Wind, Water- 
Wave Research Facility (Hsu, 1965) located in the Hydraulics Laboratory 
at Stanford University. The facility consists of a 115 foot long by 
3 foot wide wave channel (Fig. 1). A glass-walled test section,  85 
feet long, is located downstream from the wave generator, and waves from 
the generator travel 15 feet through the channel forebay before entering 
the test section. The inside width of the test section is 35% inches. 

Waves are generated by a vertical piston-type wave plate with 
a total available forward motion of 18 inches. The motion and position 
of the wave plate are controlled through a hydraulic-servo-electronic 
system by an externally applied voltage from an electronic function 
generator. For the present experiments a small, self-contained, elec- 
tronic function generator was used. This generator produces a voltage 
signal in the form of a hyperbolic tangent function, has a continuously 
adjustable signal amplitude with a range of 0 to 5 volts, and also has 
an adjustable time base with a range from 0.5 to 10.5 seconds (Camfield 
and Street, 1967). The position of the wave plate is registered elec- 
tronically by means of a gear-rack and potentiometer, and the control 
system matches the plate position with the input signal through a feed- 
back circuit. The distance through which the wave plate moves is linearly 
related to the change in applied voltage. A change of 5 volts produces 
the full 18-inch motion of the plate. To produce a solitary wave a single, 
unidirectional, forward motion of the wave plate is used. 

The beach for the continental shelf configuration is shown sche- 
matically in Fig. 2. The beach is composed of three sections:  the beach 
slope, the horizontal beach shelf, and the vertical reflecting barrier. 
Clearly, the objective of the beach slope and horizontal shelf was to 
simulate the continental slope and shelf. The vertical reflecting barrier 
was installed with the idea in mind that the barrier, by perfectly reflec- 
ting the waves, would provide a virtual doubling of the shelf length as 
the reflected waves ran back over still water. 

The second beach configuration consists of a long, low slope, 45 
feet in length, followed by a short, steep slope, varying in length from 
5 to 10 feet. This allowed the simulation of waves in a shoreline region, 
impinging on a higher slope such as a man-made structure. 

The initial beach slope for the continental shelf configuration 
is a single 10 foot long aluminum plate. This plate is 35 inches wide 



SOLITARY WAVES 175 

and 0.125 inch thick.  It is rigidly supported on a welded frame composed 
of 2 inch by 2 inch aluminum angles. The beach slope plate was anchored 
to the wave tank bottom at the toe of the slope (see Fig. 2) and connected 
by hinges to the first plate in the horizontal beach shelf, this plate was 
also specially stiffened with 2 inch by 2 inch angles.  In spite of the 
firm support, some minor flexing of the beach slope under the action of 
the waves was observed. The flexing had no apparent effect on the results. 

The remaining beach sections were constructed from series of alu- 
minum plates interconnected to form long, flat surfaces. The individual 
aluminum plates are 30 inches long by 35 inches wide and are made of 0.125 
inch thick plate.  Stiffening members were added to the underside of each 
plate. The interconnection of the individual plates is accomplished with 
0.188 inch thick by 4 inch wide aluminum plates placed under the joint 
and connected to the plate on either side by eight machine screws.  The 
plate assembly is suspended from above by steel rods; there are two 0.5 
inch rods attached to each plate at a distance of 1.5 inches from the walls 
of the wave tank. 

The vertical reflecting barrier is composed of two plates identi- 
cal to those used in the sections above. The barrier is attached by 
hinges to the final plate in the shelf. When the slope and shelf were in 
proper position the reflecting barrier was blocked firmly in place with 
2 inch by 4 inch wood studs to which the barrier was clamped after the 
assembly was plumbed to vertical. This barrier was also used to study 
wave run-up on a vertical wall, and was later adjusted to a 45° slope for 
studies of wave run-up. 

Wave heights were recorded by means of capacitance-type wave 
height gages (Camfield and Street, 1967; Colonell, 1966). The output 
from the gages was recorded by means of a Sanborn recording oscillograph 
system, series 950, equipped with carrier preamplifiers.  The gages were 
suspended on long steel tubes from 2 inch by 6 inch aluminum channels 
mounted atop the wave tank. The gage calibrations were linear and were 
obtained by raising and lowering the gage (and mounting tube) in still 
water. Motion pictures were taken of the breaking and run-up detail, 
using a 16 mm Bo lex movie camera with a 10 mm wide-angle lens and Tri-X 
film. 

THE SOLITARY WAVE 

The solitary wave has a form lying entirely above the still 
water line and consisting of a single swell that propagates without change 
of form and at a constant celerity in water of uniform depth (Ippen, 1966, 
Camfield and Street, 1967). Figure 3 shows a solitary wave of height H , 
in water of depth D , and traveling with celerity c in the positive 
x-direction. On the basis of considerable analysis and many experiments, 
it has been determined that the following equations quite adequately des- 
cribe the wave on a horizontal bottom. The surface profile T| is given by 

T| = H sech2 

&)" "" "> 
(1) 



V    =     f 11 dx    = fD3H 
-00 

per unit of crest  length.     It  follows  that 

H           3   /V\2 
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where t is time. The celerity c is 

c = [g(H + D)]% (2) 

where g is the acceleration due to gravity. 

From Equation (1), the volume above the still water line in the 

(3) 

(4) 

Hence, V/D  is a useful measure of the volume in a given wave and 
simultaneously is directly related to the relative wave height H/D . 
As we are concerned here with the volume delivery over a beach slope and 
onto a shelf, the ratio V/Vr    is taken as the primary non-dimensional 
parameter of the study. 

HYDRAULIC JUMPS AND BORES 

If a solitary wave moves up a plane beach into ever shallower 
water, the wave will eventually break. If the beach slope is small (say 
less than 8°, cf., Camfield and Street, 1967), the breaking wave will 
propagate shoreward and maintain a relatively steep, turbulent face. 
Such a progressing wave with a steep front is called a bore (Stoker, 1957). 
This bore is the direct analog of the hydraulic jump, i.e., the bore is a 
moving hydraulic jump.  In the shelf experiments, it was observed that the 
appearance and behavior of the experimental solitary waves after passage 
over the slope onto the shelf was not unlike that of hydraulic jumps. 

Consider a moving hydraulic jump. View this jump with respect 
to a set of coordinates fixed in the face of the jump and traveling at 
the speed Cg of the jump. The classical results of stationary jump 
analysis (Henderson, 1966) are easily adapted to the moving system. Figure 
4 shows the two common types of hydraulic jump expected for the Froude num- 
ber range of the present experiments and the notation to be employed here. 

If the depth in front of the jump is y^ = Dg and that behind the 
jump is y2 » application of the' momentum and continuity principles in the 
moving coordinates yields the sequent depth relationship 

£-*[<!+.F»>*-l] (5) 
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where  the Froude number    F1     is  given by 

F      =   —^ (6) 
1 <*>s>% 

Recall that C„ is the speed of the jump over the fixed bottom of the 
shelf, while  Dg = y-^ is the still water depth ahead of the moving jump. 

The rationale behind the existence of the undular and broken 
jumps has been examined by Benjamin and Lighthill (1954). Their comments 
on the work of Favre (1935) and Lemome (1948) are summarized below. 

The classical jump analysis shows that, across the jump, the rate 
of energy loss e per unit of jump crest length per unit time is 

1       (y2 - yl)3 

4 s  y, y-. pq (7) 

where p is the fluid density and q is the flow rate. The point of 
basic interest here is that the energy loss need not necessarily be dis- 
sipated into heat and lost; part (even most in some cases) may be radiated 
downstream behind the jump through the trailing wave train of the undular 
jump. 

Thus Favre found that, for F, < 1.21 , none of the waves of the 
jump exhibited any breaking.  Lemome concluded that under these circum- 
stances the required loss of energy may occur not by friction, but by 
radiation through the trailing wave train.  Favre found further that the 
trailing waves form behind the bore one by one after it is first created. 
The number of waves present at any instant may then be regarded as an 
indicator of the period of existence of the bore. This is in accord with 
Lemome's view that the trailing wave group carries the energy away as it 
is liberated at the bore. 

An essential contribution to this concept by Benjamin and Lighthill 
(1954) was the extension of the analysis of Lemoine to finite amplitude 
waves. They show that the behavior of a supercritical stream (or, as in 
the present case, a disturbance moving over still water at a speed such that 
Fj^ > 1 ) is describable as follows: for a bore with no frictional effects 
at all the only form of disturbance that can arise is the solitary wave; for 
a bore in which the classical value of energy is dissipated in friction at 
the bore, no trailing wave train can arise; the undular jump or bore with 
trailing wave train exists when the frictional losses lie between these 
extremes. Thus, the formation of a train of waves behind the bore front 
requires some frictional dissipation, but not too much. 

EXPERIMENTAL RESULTS 

THE CONTINENTAL SHELF PROBLEM 
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The experimental configuration is shown schematically in Fig. 2. 
The independent variables of the study were: 

D = the "deep water" depth at the toe of the beach slope 

D = the water depth on the horizontal beach shelf 

a = the angle of inclination of the beach slope 

H = the solitary wave height 

Accordingly, the test parameters were: 

H/D  = relative deepwater wave height 

D /D  = water depth ratio 

For the present tests, water depth ratios of DT/Dg = 2.0, 3.0, 
6.6, 9.2 and 12.1 and beach slopes of a =  4, 6, and 8 degrees were used. 
The range of the volume parameter was 0.10 < V/D• < 1.25 .  This corre- 
sponds to a range of relative, deepwater wave heights of 0.002 < H/D„ < 
0.30 . Under the given conditions and with the present facility and equip- 
ment, the lower limit on H/Dm was imposed by the resolution of the wave 
gages and the limited ability of the wave plate to generate pure solitary 
waves of extremely small heights, while the upper limit on H/Hj, was 
imposed by the limited motion of the plate (18 inches maximum). 

Wave volume data were obtained from capacitance wave height gages 
located at stations 17, 28.15 feet to the right of the toe; 18, 30.85 feet 
to the right of the toe; and 19, 33.20 feet to the right of the toe (Fig. 2). 
The area beneath the oscillograph wave height trace was plammetered, and 
the wave volume on the shelf was obtained from the product of this area and 
the wave celerity Cg  (Street, Burges, and Whitford, 1968). 

The volume of the initial, solitary wave m deep water (depth D„) 
was determined directly from the displacement of the wave generating plate 
through use of the following argument. First, the leakage between the wave 
plate and the channel walls is assumed to be negligible. Then, if the sole 
effect of the single, unidirectional forward motion of the wave plate is to 
produce a solitary wave form, given by Eq. (1), lying entirely above the 
still water line, it can be assumed that all the water displaced by the 
motion of the plate has gone into the region above the still water line. 
That this should be the case is intuitively obvious.  In addition, we have 
made the necessary experimental observations to verify the assumptions for 
waves with a proper time base. 

Shelf wave height data were taken at station 17. This has been des- 
ignated Hi7 . The adjoining station 18 was used in a few cases, but on the 
average the data from the two stations appear to be essentially the same. 

The results are defined using the parameters: 
K,^ = the fraction of the initial wave volume that reaches station 17; 

V-/V , where V„  is the wave volume on the shelf. 
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H17 
1 + —— = the relative total water depth beneath the crest of the 

S     leading wave or bore on the horizontal beach shelf. 

C  = celerity of the leading wave or bore front on the shelf. 

These results will be interpreted in terms of their relationships to the 
volume V of the incident solitary wave, the ratio of water depths and the 
beach slope-angle a  . Data have been plotted for K_, and  1 + (H,7/Dg) 
versus V/D• for the various ratios of T>„/T)„   . These results are summar- 
ized in Figs.  5 and 6. 

The significance of the various parameters is now summarized.  First, 
the relationships between VL,    and V/D^ depicted in Fig. 5 describe the 
fraction of fluid volume delivered onto a shelf by the encroachment of a 
long wave. Fig. 6 gives the equivalent results in terms of the relative 
total water depth,  1 + (Hjj/Dg) , at the bore front, the crest of the lead- 
ing wave of a system or the crest of a single wave on the shelf. Recall 
that the incident wave height H/D = (3/16)(V/D~) . 

Fig. 7 depicts the relationship between the actual sequent depth ratio 
of a wave system, (Dg + HIT)/DS , and the sequent depth ratio, y~ly-, , of an 
equivalent hydraulic jump, i.e., a jump with Froude number K . 

The summary plots (Figs. 5 and 6) show the deepwater to shallow water 
depth ratio Dm/Dg as a parameter.  It is clear that a change in Bj/Dg has 
a pronounced effect on the shelf wave heights and on the fraction of volume 
transmitted. The linear relationships proposed in Fig. 5 were chosen because 
no consistent results could be obtained with curves of a more sophisticated 
nature.  For Dj/Dg = 12.1 data were available only for ex = 8° .  The linear 
fit to these data was not consistent with that for other Dm/Dg values. 
Because of the absence of other data for Bj/Dg > 12.1 (not possible in the 
present facility) or other a; , the 12.1 data for Kj, are not included on Fig. 

As little as 40 percent of the initial wave volume appeared on the hori- 
zontal beach shelf in some cases. However, a significant or coherent reflec- 
ted wave moving to the left away from the beach slope was never observed.  It 
is thought that the reflected volume moved away as a low solitary wave. 

It is noted that the wave system on the shelf continued to evolve as 
it propagated.  In particular, it was observed that wave crests continued to 
appear after the initial deformation on the beach slope, that after the wave 
system reflected from the vertical barrier the waves in the system began to 
appear to take on equal heights, and finally that the deformation to an 
undular bore occurred in many cases without breaking.  If these observations 
are coupled with those above that establish that the wave system on the shelf 
moves like a moving hydraulic jump, then it is clear that the precise situa- 
tion described by Benjamin and Lighthill (1954) and Lemoine (1948) has been 
observed. Thus, the wave system is continually radiating energy downstream 
(or to the rear).  Finally, a check of the data confirms the Favre (1935) 
result that the transition of a supercritical stream can take place for 
F, < 1.25 without any breaking. 
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THE TWO-SLOPE PROBLEM 

When a submerged, symmetrical hump was placed on a horizontal channel 
bottom, and solitary waves were generated in the channel, waves of a proper 
height were observed to break downstream from the hump. This breaking 
occurred In relatively the same location for a fairly wide range of wave 
heights. From this the following conclusions were drawn- 

(1) Waves which reach a critical ratio of wave height to water 
depth, H/D , will not necessarily immediately break, as the breaking pro- 
cess depends upon particle motion within the wave and is time dependent. 

(2) Waves which reach some critical state, as yet not well defined, 
will always break, even if the wave has passed into a region where the ratio 
H/D no longer exceeds a critical value. 
From these conclusions it is possible to say that the breaking process is not 
dependent on the bottom configuration immediately below the wave, but instead 
is dependent on the slope which the wave has passed over preceding its arri- 
val at the breaking position. Also, it may be concluded that the bottom slope 
affects the shape of the wave, and that sufficient loss of wave symmetry 
precipitates breaking. 

The above leads to a question concerning the validity of previous 
results for wave breaking and run-up on a slope, where the generated waves 
passed over a horizontal bottom before impinging on the slope. The bottom 
slope in the region of a shoreline would not normally be expected to be 
horizontal. This created the necessity for investigating waves passing 
over initial low slopes before running up on a second, higher slope. 

Extensive experiments have been conducted (Gamfield and Street, 1967) 
for solitary waves shoaling for long distances over low slopes. From these 
an empirical solution was obtained for the limiting height of waves on low 
slopes. The ratio HB/Dg , where Hg is the wave height at breaking and DB 
is the still water depth at that point, was found to be represented by the 
expression 

VDB 0.75 + 25 S - 112 S2 + 3870 S3 (8) 
"B 

This expression was found for 0.000 < S < 0.045 . 

Experiments were then performed for waves traveling long distances 
over low slopes and then onto higher slopes.  If the initial low slope is 
Si , the second slope S2 , the water depth at the intersection of the two 
slopes D0 and the wave height at that point HQ , the maximum value of the 
ratio H /DQ is given by Eq. (8) as 

(H0/D0)max = 0.75 + 25 Sx - 112 S2 + 3870 s\ (9) 

Values of HB/Dg were recorded for waves which broke on the second slope. 
Fig. 8 shows a summary of results for 0.01 < S^ <  0.03 and S2 = 4° . The 
solid lines terminate at the point where the waves break at the toe of the 
second slope and %/Dg = HQ/D0 . It can be seen that HB/DB increases with 



SOLITARY WAVES 181 

increasing    S-^    for  given values  of    HQ/DQ   .     Limited experiments were  run 
for    S2 =  8°     and    S2 =  12°     and  the same  trend was  seen to  exist.     However, 
the number of data points was  insufficient  to  plot due  to  the  experimental 
errors  inherent  In obtaining this   type of data. 

In addition to measuring    H_/DB  ,  values were obtained  for  the 
vertical rise of water,    R  ,  on the  second slope.     Fig.   9 shows  a summary 
of data  for    0.01 < S^ < 0.03     and    S2 = 4°     and    8°   .    Again,   limited data 
obtained  for    S2= 12°     showed  the same  general  trend,  but data on this  slope 
is  insufficient  to  include  in the plots.     It  is  readily noted  that the run-up 
factor    R/H0    increases  for  fixed values  of    H0/D0    and    S2    as  the  initial 
slope    S,     increases.     It  is  also evident that    R/H0    increases  as    H /D0 

decreases  and    S,     increases. 

Additional experiments were  carried out with  the  initial slope  set 
at values  of    S2  = 45°     and    90°   .     This  allowed  a comparison with previous 
results  on wave  run-up obtained  for waves  impinging on 45°     and 90°     slopes 
after passing over a horizontal bottom  (Camfield and Street,   1967).     Results 
for  a 45°   slope are  shown m Fig.   10 in comparison with the  empirical  line 
of Hall and Watts   (1953).     Results   for    S2  = 45°     show that  the run-up was 
increased by  the non-zero  initial slope.     For a second slope  of 90     (Fig.   11) 
results  of considerably more interest were obtained.     Previously,   for waves 
passing over a horizontal bottom and onto  a vertical wall,   the  equation 

R/H      =    2.0 + H /D (10) 
000 

was obtained. For waves passing over a slope of S = 0.01 and when H /D 
was small, values of R/H were still somewhat within the range of the 
above equation as the waves remained fairly symmetrical. However, as H0/Do 
increased, the waves became very steep fronted and came into contact with 
the vertical wall with explosive impact. Visual observations of waves having 
high values of H0/DQ  indicated values of R/HQ ss 5.0 with spray reaching 
approximately twice this height. As the higher portion of the run-up became 
a thin film, it was difficult to accurately measure the exact height of run- 
up. Therefore the values shown in Fig. 11 are somewhat conservative. 

It can be noted that the trend of data on the higher slopes is the 
opposite of the trend on the lower slopes, i.e., the run-up increases with 
increasing HQ/D0 and decreases with increasing S2 . This can be explained 
by noting that the waves broke where the second slope had a low value. As 
waves having lower values of H0/Do and/or traveling over higher values of 
S2 tended to break relatively closer to the shoreline, less energy was dis- 
sipated and the run-up increased where the second slope was small. On the 
other hand, as the second slope reaches a high value the wave does not break 
but the effect of gravity becomes more predominant. 

Attention is called to the one point on Fig. 11 for a wave which broke 
on the initial slope before reaching the vertical wall. When a wave breaks 
there is a rapid decrease in wave height (Camfield and Street, 1967), much 
more rapid in fact than the decrease in energy. Therefore, for waves which 
break in front of the wall, the value of R/H0 can be expected to be higher 
than the value of R/H  for a nonbreaking wave with the same value of H0/Do , 
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where H /D  is measured at a point the equivalent of one-half of the 
effective wave length in front of the vertical wall in each case. 

Limited observations were made for a case where the first slope was 
set at S = 0.03 and 0.045 , the second slope was set at 1/5, and the wave 
was allowed to break on the first slope, forming a bore. It was found that 
the bore would reflect from the second slope. This reflected bore was super- 
imposed on the increased water level caused by the incident bore and the 
resulting water level was higher than the incident bore. 

CONCLUSIONS 

By use of solitary waves propagated over a stepped slope it has been 
shown that long waves can deliver a significant portion of their initial 
volume to an arbitrary point on a shelf beyond the slope. In addition, the 
wave system, formed on the shelf by shoaling of a solitary wave, was shown 
to behave essentially as a moving hydraulic jump or bore when the ratio of 
water depths before and after the slope is, at least, greater than or equal 
to 2.0. 

The restricted travel distance of the present wave generator plate 
limited the range of these exploratory tests. It is believed that it would 
be instructive, for example, to run tests for DT/Dg < 2.0 and > 12.1 to 
ascertain if the indicated trends persist in these domains. In addition, 
it would be instructive to use larger values of a    or a longer beach slope 
(hence, greater Qj/Dg) to see if the solitary wave could be forced to break 
on the beach slope. This did not occur herein. Accordingly as the wave 
size (volume) increased, Kj increased. It is believed that K_, will reach 
a maximum value when either the initial wave exceeds its limit height in deep 
water or when it breaks on the beach slope. Thus, one of the original ques- 
tions posed at the start of this investigation, to wit: "Is there an optimum 
combination of parameters for the maximum volume delivery to a shelf?" remains 
unanswered, while on the other hand much has-been gained in terms of our 
understanding of wave behavior on a stepped slope. 

The results for a low initial slope followed by a second higher slope 
show that the initial slope has a significant effect on both the breaking 
height and the run-up of the waves.  It is therefore necessary to consider 
the bottom slope at some distance from the shoreline when analyzing waves 
approaching the shoreline, and when predicting the breaking and run-up of the 
waves on the shoreline or on structures near the shoreline. The present ex- 
periments showed qualitative trends which could be used to predict the effects 
of various slope combinations. However, it is suggested that further data 
should be obtained for any quantitative analysis for design purposes. 
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CHAPTER 12 

LONG WAVES  IN CHANNELS Of ARBITRARY CROSS-SECTION 

D.   H.   Peregrine 

Lecturer in Applied Mathematics 
Department of Mathematics 

Umversitv of Bristol 
Ensland 

This warier summarises some recent work on 
lone gravity waves on still water m channels 
of arbitrary constant cross-section.  Theoretical 
results have been obtained for both straight and 
curved channels.  Some experimental work has 
been performed m straight trapezoidal channels 
and shows reasonable agreement with theory.  For 
straight channels some details of the second 
approximation are given, and the cases where the 
approximation breaks down are indicated.  For 
curved channels it is found that the effect of 
channel curvature is more r>ronounced when the 
cross-sectional shane of the channel is not 
symmetric with resnect to its centre-line. 

The waves considered are Ions gravity waves on the 
surface of water contained in a channel.  If the waves are 
very long compared with both the breadth and depth of the 
channel, then it is reasonable to assume uniform conditions 
across the whole cross-sectional area of the channel.  That 
is, a uniform height of water and a uniform velocity of 
water alone the channel.  If, further, it is assumed that 
the amnlitude of the wave is very small compared with the 
depth of water, it is simple to show that the pressure is 
hydrostatic, and the wave motion in a straight channel is 
governed bv the equations, 

where u is the velocity of water along the channel which is 
taken to be m the x direction, Z>   is the height of the water 
surface above its undisturbed level, Ao is the cross- 
sectional area of the channel and B0 is the width of the 
free surface of the channel, where both Ag  and B0 are 
evaluated for the undisturbed water surface.  If attention 
is now confined to straight channels of uniform cross- 
section, A<, and Bn are constant and the wave velocity c0 
is given bv 

e§ = g £*   = gbo 

where ho is the mean deptho 
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For the linearized equations (1) to be useful it is 
necessary for waves to have exceedingly small amplitudes, so 
it is desirable to find a better aTjoroximation.  This can be 
done bv retaining the assumption of uniform conditions over 
a cross-section, but sucn an approach leads to equations which 
are not uniformly valid.  That is, the assumption of long 
waves breaks down, since the equations predict that the front 
of waves of elevation continually steepens.  However, for two- 
dimensional motion it is known that this only happens for 
relatively large amplitudes, and that the appropriate 
uniformly valid approximation is that leading to solutions 
such as the solitary wave.  This includes the effect of the 
vertical acceleration of the water on the pressure, as well 
as the next approximation in the amplitude.  In addition to 
these we therefore also include here the effect of transverse 
water motions m channels which are not rectangular m section. 
This has been done and mathematical details may be consulted 
in a recently published paper fref. 1"). 

It is found that the transverse and vertical velocities 
("v,w) are given bv 

9x dy'       3x az' 

where ijf(y,z) satisfies 

3*±  + 3£± - -i (2) 

within the area Ao , with boundary conditions ^=0 on the 

channel walls and f^ = h. on the "free surface. The variations o z 
of longitudinal velocity and amplitude across the channel are 
also in terms of ijr<>  In particular, the variation of amplitude 
across the channel is 

- §r *(y,o), 
where z = 0 is the undisturbed water level.  As may be expected 
ty also appears in the equations of motion, which are 

at + u ax + g ax - °» u; 

where b  = B'(O)/^, if B(z)   is   the width of  the  channel  at 
height  z,and 

\|rB - *A =   •£•[    f(y,Q)dv - jWT i|r(y,z)dyaz. 
"JB0 

JX 
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These equations are no more difficult to deal with than the 
corresponding two-dimensional equations, and in manv cases of 
interest it is simple to transform these equations into the 
two-dimensional ones. There is, for example, a solitary wave 
solution, and it is interesting to note that its velocity c 
is independent of \{t(v,z) and depends only on the geometry of 
the channel: 

c2 = g[ho * (1 - ^bb^a] 

where a is the amplitude of the wave. 

This theory is of most interest where it denarts from 
the two-dimensional theory and from the first a-oDroximation, 
in particular in the variation of surface level across the 
channel. One general result can he found fairly easily by 
considering the boundary conditions on ty  at the shore line. 
If the shore line is at an angle a to the vertical, measured 
in the y direction, then the slope of the water surface at 
the shore, 

§ — g^tana. 
This result sbows that the crest of a wave (~?' < 0) will ox 
slope up towards the shore if a > 0 and thus reach a higher 
level than st points away from the shore.  Conversely if the 
banks eie over-hanging, i.e. a < 0, tben the level of the 
crest will be depressed near the shore.  Similarly the depth 
of a wave trough is increased or decreased near the shore if 
a is greater than or less than zero respectively. 

It is possible to solve equation (2) analytically in a 
number of simple cases; but for most channels a numerical 
solution is needed.  One particularly simple solution is 
for any triangular channel where 

• (y,z) = j(yz +- z«) 

when the origin of the coordinates is taken at the bottom of 
the channel,. In this case the transverse surface profile is 
alwavs part of a parabola. 

Attempts to solve equation (2) analytically for 
trapezoidal channels led to an interesting result concerning 
wide channels.  That is, as such a channel gets wider so the 
difference m crest height between the centre and the shore 
increases like the width of the channel.  Thus, an essential 
part of the derivation of the solution, that such variations 
be small, no longer holds.  It seems likely that lone waves 
travelling along wide channels will usually break at the shore 
line. 
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Figure 1 shows how the function i|r(v,0) varies for a sequence 
of three channels of different widths.  For wider channels 
the value of \|/ at the shore line increases linearly with L. 

->y 

Figure 1 : Values of \|t(v,0) for channels of the cross- 
sectional form shown at the top of the figure. 

Some simple experiments measuring the variation in 
surface height along the crests of solitary waves have been 
conducted in three different channels.  Two were trapezoidal, 
with one vertical side and the other side at 30 or k5    to 
the vertical.  The measurements from these channels were in 
reasonable agreement with the theoretical results.  The third 
channel was triangular, with one side vertical anri the other 
at 60 to the vertical.  The results from this latter channel 
were not very consistent and usually differed substantially 
from the theoretical values.  It is clear from the theory 
that it is not applicable for shore lines slopins at small 
angles to the horizontal and it may be that, for waves of the 
amplitude used, 30 is too small an angle.  Further details 
are given in reference 2. 

This theory has been extended to curved channels (Towers, 
unpublished thesis, University of Bristol 1968).  The 
equations corresponding to equations (1) are 

at + ax = o.   Bofl + £(Qof) = o, 
where f = (1 + /cy)u, QQ If & 

at • ax 
dydz 

(5) 

KV 
, and K  is the radius 

of curvature of the centre-line of the channel. Note that 
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even in the first approximation the velocity is not uniform 
across the channel, u is the velocity at y = 0.  As before, 
x is measured along the channel, y in the horizontal trans- 
verse direction and z vertically upwards: however, this now 
defines curvilinear coordinates which is why (1 + icy) 
appears in some terms.  The surface y = 0 is chosen to be 
midway between the two shore lines.  The form of the equations 
and the values of f, u, K,  Q and x are all slightly different 
if a different zero is used, but £ is unchanged, so that it 
is preferable to look on equations (5) as equations for 
g(x,t).  In this, the first, approximation £ is constant 
across the channel. 

If f(x,t) is eliminated from equations (5) it is clear 
that the effect of channel curvature only appears in QQ.  If 
K  is assumed to be small, which it must be if this long wave 
approximation is to be consistent, then we raav write 

Qo = AQ - icjl    y dy dz + /e2 If   y2 dy dz + „„. (6) 

If the cross-sectional area is symmetrical about the centre- 
line the second term in (6) is zero, otherwise it mav be non- 
zero.  Hence it appears that the curvature of the channel may 
have a stronger influence when the channel cross-section is 
aysymmetrical. 

By comparing equations (1) and (5) it may be seen that 
the effect on wave amplitude of varying curvature along a 
channel is the same as would occur if the cross-sectional 
area A,, varied in a straight channel while B0 was constant, 
for example a rectangular channel with varying depth. 

The next approximation, which gives the variation of 
wave amplitude across the channel has been worked out, and 
solutions obtained for channels of three different cross- 
sections.  The results indicate that these second-order 
effects are quite small in those circumstances where the 
theory is most likely to be anplicable.  For exarnnle, in a 
channel of square cross-section of unit depth with 

•i 

K  — TT  and a solitary wave of amplitude of 0-3 the wave 

crest is only 0-028 higher at the outer edge of the chrnnel 
than at the inner edge. 
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CHAPTER 13 

WAVE REFLECTION AND TRANSMISSION 
IN CHANNELS OF VARIABLE SECTION 

E. L. Bourodimos* 

A. T. Ippen  ** 

SUMMARY 

Reflection and transmission phenomena were investigated in a laboratory- 
channel for transitions of linearly varying depth and/or width terminating 
in channels of reduced cross-section. Upstream wave characteristics were 
varied from deep to shallow water waves by changing wave frequencies, 
amplitudes and channel depths over a wide spectrum of conditions. Experi- 
mental values were corrected to correspond to transmission in an endless 
channel. The reflection and transmission coefficients are given as functions 
of the pertinent dimensionless parameters such as:  group velocity ratio, 
channel depth ratio and wave steepness. Associated wave energies were also 
evaluated. 

THE PROBLEM 

Ocean waves arriving on beaches and in estuaries undergo a process of 
shoaling, I.e., they are transformed by the variation in the bottom topo- 
graphy of these areas.  Changes in wave length, amplitude and phase angle 
are produced, and the transmission of wave energy is affected; part of the 
energy is transmitted, a part is reflected, and in addition processes of 
dispersion and of dissipation are active. Detailed knowledge concerning 
these phenomena is important in the design of maritime structures and 
harbors. 

This study deals with an experimental program on reflection and trans- 
mission of waves in channel transitions of linearly varying bottom elevations 
and/or width for three geometries of the channel transition as given in 
Figure 1. labelled A, B and C. The depth in the approach channel was varied 
to give ratios of h./h, between 1.80 and 3 to 5. The periods of the incoming 

waves could be varied from .8 to 12.0 seconds resulting in a range of charac- 
teristics from deep water to shallow water waves. Wave steepness also was 
considered as a significant parameter and varied accordingly from 1/1000 to 
1/20. 

*  Assistant Professor of Civil Engineering, Rutgers, The State University, 
New Brunswick, New Jersey 

** Ford Professor of Engineering, Hydrodynamics Laboratory, Department of 
Civil Engineering, M.I.T., Cambridge, Massachusetts 
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The limits of the theory for such transitions are well established. On 
the one end of the spectrum is Green's Theorem which gives the amplitude 
of the transmitted wave on the basis of frictionless flow for shallow water 
waves in long, gradual transitions while reflection is zero. On the other 
end we find the theoretical transmission and reflection coefficients for 
abrupt transitions in width and/or depth given by Lamb (2) for linearized 
shallow water waves. There have been a number of attempts to generalize 
the theory for transitions between these limits by various investigators 
such as Rayleigh (3), Carrier (4), Takano (5), Kajiura (6) and Dean (7). 
An extensive review of this literature is given in references (8) and (9). 
The theory for the amplitude and phase changes for a wave of discrete 
frequency encountering a gradual transition is rather complex. 

The mass flux varies with position and time over the transition length, 
such that the net storage within this length is variable and is zero only 
over a full wave period. 

THE EXPERIMENTAL STUDY 

In view of the rather limited scope of the theoretical results available 
so far, the present study adopted for the experimental program a systematic 
variation of the basic wave parameters within the possibilities of the 
available laboratory wave channel. These parameters are in dimensionless 
form: the group velocity ratio C^./C-., the reflection coefficient K = ai/ai 

the transmission coefficient K = aj/aj, the depth ratio h,/h.. and the 

incoming wave steepness H-/L, . 

The experimental wave channel is 100 feet long and is of rectangular 
cross-section, 2.5 feet wide and 3.0 feet deep as shown in Figure 2. The 
sides and 40 feet of the bottom consist of plate glass. Both a piston-type 
and a flap-type wave maker are available at one end followed by an expanded 
aluminum wave filter. At the other end energy absorbers of several types 
were utilized. Data were obtained by means of resistance wire wave gages 
mounted on carriages travelling over the channel sections upstream and down- 
stream of the transition. The wave envelopes were recorded on Sanborn 
oscillographs. 

Several transitions with linearly varying depth were tested during the 
overall program, the first attempts being made with relatively steep tran- 
sition of 1:0.58 (a = 60°) and 1:2.75 (a = 20°). The depth ratios hj/hg 

employed varied from 2.5 to 7.0. The short and intermediate waves were kept 
to small amplitudes. The channel following the transition section terminated 
abruptly. The results obtained for this initial study for reflection and 
transmission are reported in reference (8) and are employed for the present 
study primarily for comparison. This is true also for the second study with 
a transition of 1:16 (.a = 3.57°), however, wave steepness was varied in this 
program as an important parameter. Depth variations extended over a more 



WAVE REFLECTION 197 

limited range of h./h, = 2.0 to 3.0. The wave periods corresponding to the 
range of short waves to shallow water waves were T = .67 seconds to 7.25 
seconds.  The wave steepness varied correspondingly from a maximum of .058 
for short waves to a minimum of .00072 for long waves (8). 

The test program to be emphasized here is the one specified for the 
three transitions A, B and C, Indicated in Figure 1. As for the transition 
1:16 these transitions were also exposed to the full range of waves from 
short to shallow water waves with depth ratxos and wave steepnesses as 
given before. 

EXPERIMENTAL RESULTS 

Although the channel following the transition terminated in wave absorbers 
at the end of the wave channel some reflection remained as determined from 
the wave amplitude envelope. This necessitated the reduction of the data 
again as originally developed by Ursell and Dean (10) for an endless channel. 
This was done by a computer program for the wave systems S- and S„ shown in 

Figure 3. The corrected emplitudes a' , a'„ and a' are related to the 

measured wave amplitudes a, 

as follows: 

a- and a, for the linearized waves assumed 
3     4 

1 3 13 

I j — 
J al      a4 a2 = VV1 + *$ <4> 

cos   (6., -«2 + v 

£L) <%> cos (6i _62 + v 

[• e) 

(i) 

(2) 

(3) 

Hence, the experimental reflection and transmission coefficients are defined 
by: 

K (4) (5) 

These coefficients derived from experimental data are compared in the graphical 
presentations of results with those given by Lamb for abrupt transitions for 
long waves (2).  Since in the short and intermediate wave range Lamb's analysis 
is not applicable the coefficients of reflection and transmission were restated 
from the energy balance quite generally for a channel of constant width: 

(1 Kr2> CG1 Kt2 CG3 
(6) 
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and 

wherein 

r   llf2 

i-Kt
2(j3; 

t    CG1 

nC i „ f2 kh -f sjnh 2kh| 
2 L     sin 2 kh  J 

(7) 

(a) 

Values for the group velocity ratios are readily obtained from wave tables 
(H). 

Lamb has derived the reflection and transmission coefficients for abrupt 
transitions and shallow water waves as: 

1 " <i. 
(9) 

Kt = 
1+ ft w (10) 

Noting that the terms yhT/hT represent group velocity ratios for shallow 

water waves and since C = L/T these coefficients may be stated for our 
purposes as: 

K = 
r 

1 - 4^ ^ h    CGI 

1 + </) fcM) 
Bl  CG1 

(11) 

and 1 + K - 
r 

l + fc2) (TT
1

) 
Bl  CG1 

(12) 

Values of the coefficients computed from equations (11) and (12) were used 
for comparison with the experimental results defined by equations (4) and (5). 

Figure 4 gives these experimental values for transition A and 
short and intermediate waves versus the group velocity ratio. Previous 
experimental investigations for linearly varying bottom transitions 1:2.75 
and 1:16 are shown by respective average lines. As in the previous studies 
the scatter for this transition of slope 1:8 is very large and a good 
physical explanation is difficult. A possible reason is the restricted 
length of channel, within which only a few waves can be generated ahead of 



WAVE REFLECTION 199 

the transition. Damping effects also make an accurate evaluation of amplitude 
changes difficult, since wave envelqpes extend over a considerable portion 
of the channel. Generally, reflection coefficients for gradual transitions 
are considerably higher than those established for Lamb's case. The most 
abrupt transition 1:2.75 is closest to this case, the transition 1:8 giving 
the highest values of K . The transition 1:16 shows the reflection coefficient 

lower again as one would expect for decreasing bottom slopes, the reflection 
eventually becoming negligible. 

The trend for both the reflection and transmission coefficients is a 
decreasing one with an increase in the group velocity ratio. Differences in 
the transmission coefficients for the various transitions are relatively small 
in the significant range of group velocity ratios near unity and all K values 

are close to unity. Maximum values of K » 1.25 were reached for the lowest 

group velocity ratios. To be noted in connection with the scatter of the 
results in Figure 4 is the fact that they are not differentiated with regard 
tq wave steepness, which was found however, to have relatively little effect 
on reflection and transmission for the short and intermediate wave range. 

Figure 5 gives the experimental data for transition B for short and 
intermediate waves. Within the scatter the average experimental trend shows 
surprising agreement with the equivalent curves computed; from Lamb's theory 
for shallow water waves. No previous results are available for this type 
of transition. 

Figures 6 and 7 show a comparison of the reflection and transmission 
coefficients for transitions A and B for shallow water waves with Lamb's 
theory for abrupt changes in section as a function of group velocity ratio. 
The reflection coefficients for transition A are again higher than Lamb's 
values and the transmission coefficients are lower, but the change is not 
great. Transition B gives higher values than transition A, as expected, in 
view of the additional side contraction. However, it is seen that Lamb's 
theory overcompensates for this effect and the reflection and transmission 
coefficients are now lower and higher respectively than those from this theory. 

Reflection and transmission coefficients both decrease with increasing 
group velocity ratio. The scattering for shallow water waves for each 
change in the depth ratio is more distinctly attributable to wave steep- 
ness as is seen from the following figures 8 and 9. In view of the absence 
of any theory including wave steepness as a parameter results for the re- 
flection and transmission coefficients are compared to the mean curve of the 
transition 1:16 for shallow water waves for transition A and show higher 
values for A than obtained for the transition 1:16 (8). Transitions A and B 
both show a considerable decrease in the K values with increasing wave steep- 

ness.  Some of this effect is undoubtedly associated with the markedly 
increased energy dissipation in the transition process as the wave steepness 
increases. This, although subject to extensive experimental error, was 
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verified from energy balance considerations in reference (9). Energy losses 
for the range of wave steepnesses tested on transitions A and B show increasing 
dissipation rates for shallow water waves to maxima of 5 and 8% respectively. 
For the intermediate wave range these dissipation rates are somewhat higher, 
increasing from 2% for the lowest steepnesses of H./L. = 1/1Q0Q to 6% and 

12% for transitions A and B for the highest steepnesses of 6/100. 

Transmission coefficients seem very little affected by wave steepness 
changes for both transitions. This trend is confirmed by the previous study 
on transition 1:16. 

Figure 10 shows the effect of wave steepness on the K and K values for 

transition C of constant depth, hence of constant group velocity ratio. 
While again the scatter is sizeable a generally decreasing value of K with 

rising wave steepness is noticeable, while the value of K is constant. 

CONCLUSIONS 

An extensive experimental program was conducted in a rectangular wave 
channel to determine the reflection and transmission coefficients for trans- 
itions of linearly varying depth and/or width. Experimental results were 
obtained for three transitions; a transition A of constant width and linearly 
sloping bottom (1:8), a transition B with a linear reduction in width to one 
half (1:12.8) and a linearly sloping bottom (1:8), a transition C with a 
linear reduction in width to one half (1:25). 

The variables were:  the wave frequency, which could be adjusted from 
deep water to shallow water waves in the approach channel, the wave ampli- 
tude, to give a maximum possible range of wave steepness, the channel depth 
resulting in different depth ratios for the upstream and downstream channels. 
The experimental results obtained in this program were compared to results 
of previous experiments on transitions of constant width with linearly 
varying depth of 1:2.75 and 1:16 where applicable. 

Data reduction was on the basis of linearized, small amplitude theory 
with systematic reference to the theory for abrupt transitions by H. Lamb 
for shallow water waves. Generally, the coefficients of reflection and 
transmission were related to the resulting dimensionless parameters: group 
velocity ratio, wave steepness and channel depth ratio. Only very general 
conclusions are possible due to the relatively large scatter of the data 
in spite of considerable care exercised in the measurements. 

1.  For transitions of constant width and linearly rising bottom experimental 
reflection coefficients for all slopes are materially above the values pre- 
dictable from Lamb's theory for abrupt transitions. This holds for waves 
from deep water to shallow water in the approach channel. 
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2. For these transitions transmission coefficients are somewhat lower than 
predicted from Lamb's equations, but generally quite close. 

3. For the case of the transition of linearly decreasing width and depth 
Lamb's theory seems to predict the transmission and reflection coefficients 
quite well in the shorter wave range. For shallow water waves the reflection 
coefficient was found to drop lower and the transmission coefficient to rise 
above the values computed from Lamb's relations. 

4. All values of reflection and transmission coefficients tend to decrease 
with increasing group velocity ratios as is predicted from Lamb's expressions. 

5. Wave steepness was confirmed to have a material effect on reflection 
coefficients for all transitions tested, as had been established in a previous 
study. It does not seem probable that viscous effects alone are responsible 
for this. Non-linear wave characteristics may account for part of this effect. 
Transmission coefficients were found essentially constant with wave steepness 
within experimental accuracy. 
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CHAPTER 14 

UPWIND TRAVEL OF REFLECTED WAVES 

by E. P. Richey 

ABSTRACT 

Wind waves in a lake have been observed to reflect from a barrier 
and to travel upwind for considerable distances. A model has been devised 
which provides a means of predicting the decay of these waves as a function 
of wind speed and direction with respect to the barrier. Two floating 
bridges across a deep lake have formed a convenient, full-scale test basin 
for the formation and observation of the reflected waves under a range of 
wind speeds and directions. Wave characteristics have been measured to a 
limited extent by photographic means, a portable wave probe and visually 
to provide seme verification of the results computed from the model. The 
measured and the predicted wave heights and the zones influenced by the 
waves were found to be in general qualitative agreement. 

INTRODUCTION 

Reflected waves will be assuming a more important role in the design 
of marine structures. The objective of many of these structures is to 
provide shelter or shielding from wave energy, so transmission characteristics 
receive most attention, with reflected energy usually being a residual of 
only secondary interest. However, the pressures of the modern society are 
leading to a rapidly increased use of our space on and in the water. In 
addition to the more conventional structures, there are proposals out for 
floating airports, stadiums, marinas and the like. There are a few large 
floating bridges in operation and others in the design stages. In some 
circumstances waves reflecting from structures like these could cause 
undesirable interactions with those nearby and the general environment. A 
reconnaissance study was undertaken to put limits on "nearby" and "general" 
by assessing the parameters of upwind decay rate and areal extent of reflected 
waves as dependent upon wind speed, frequency and direction, A convenient 
field site for observing the reflection problems in full-scale was provided 
by a floating bridge installed recently across a deep lake. 

SITE DESCRIPTION 

Geography - A convenient field observation basin is formed by two 
floating bridges across Lake Washington. As shown on Figure 1, this lake 
forms the easterly boundary of the City of Seattle, in the State of Washington 
at the northwestern corner of the United States. The lake is about twenty 
miles long and mile and half wide, with its long axis in the north-south 
orientation. It is quite deep, especially through its midsection, where 
the bottom shelves off to a depth of 70 feet within 100 feet of shore and 
then to nearly a constant 200 feet within about a thousand feet of either 

Y.   Associate Professor of Civil Engineering, 
University of Washington, Seattle, Washington 98105. 
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shore. The lake level is controlled within a range of about one and 
one-half feet by a set of locks which separates the lake from the tidal 
waters of Puget Sound. Hills from one to two hundred feet high ring most 
of the lake on the east and west shores; Mercer Island, rising about 
400 feet above the lake, divides the southern third into two channels. 

Structures - Until recently, cross-lake traffic demands were met by 
a ferry system. The width and depth of lake and the absence of suitable 
foundation sites made conventional bridge or tunnel crossings impractical. 
However, a floating pontoon concrete structure 6400 feet long reaching 
from the west shore to Mercer Island near the southern end of lake (see 
Figure 2) was completed in 1940. Continued urban expansion led to a 
second, similar bridge completed in 1963 about three miles north of the 
first crossing. This one, the Evergreen Point Bridge, has a floating section 
7,578 feet long. A typical pontoon has vertical side walls, a width of 
60 feet and a draft of about eight feet. The two bridges, therefore, form 
clean-cut end boundaries on a deep-water basin about 19,000 feet in length 
and a mile and half in width. 

Meteorology - The cyclonic weather systems typical of a mid-latitude 
(47°N) west coast climate generally dominate the area from late fall to 
early spring with winds mostly in the sector from the southeasterly to 
southwesterly direction. Important northerly winds occur during the summer 
season when the Pacific anticyclone is suitably situated, and in conjunction 
with the cold frontal systems that pass occasionally during the winter 
months. The main axis of the lake parallels the common wind directions, 
and the topography surrounding the lake exerts a marked steering effect on 
the winds at ground level. Neither the general meteorological conditions 
nor the site topography is conducive to the formation of winds from either 
the due westerly or easterly direction. 

There are four weather stations in the vicinity of Lake Washington. 
The annual wind rose for one of these, the Seattle-Tacoma Airport, which 
lies about 6 miles from the south end of the lake is given as Figure 3 to 
show a measure of the speed, direction and frequency of concern in the wave 
generation within the basin between the two bridges. A wind gage installed 
on the Evergreen Point Bridge provides data for the wind effective over the 
basin, but has not been in operation long enough to allow compilation of 
any statistical information. Cross-correlation of readings concurrent with 
those at the airport station shows that the speed group of 8 - 12 miles per 
hour from the southerly sector as appearing on hourly weather reports, is 
the best index of minimum speed needed for the generation of waves of 
interest to this study. These waves are primarily fetch limited. 

DECAY OF REFLECTED WAVES 

Model  alysis 
height of waves as they move upwind may be obtained through an adaptation 
of the work by Jeffreys (1925, 1926) who formulated that the power P per 
unit area transmitted from the wind to waves could be expressed as 

P = BttJ-C)2^ (1) 
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in which B includes a numerical constant, the mass density of air, the 
wave number and a sheltering coefficient. The wind speed is denoted by 
U, and H and C represent the wave height and phase speed. Equation (1) 
is basically an application of the standard hydrodynamical drag equation to 
a moving, deformable boundary. In the definition sketch of Figure 4, points 
1 and 3 along the incident and reflected wave rays, are equally distant 
from the reflecting surface or barrier at 2. 

Figure 4. Definition Sketch 

The energy flux of a wave system having a characteristic height H, 
entering the boundary at 1, plus the power added to it by the wind is equal 
to the energy flux at the downwind position 2, i.e.. 

^-G. 
1 + l/Z^pAV2^ 2 (2) 

wherein y is the specific weight of water, CL is a group velocity, CH 
is a drag coefficient, V is the wind velocity relative to the wave, 
C. - is l/^ (Cj-tC,) > the average phase speed, 

wind (from 1 to 2), the relative velocity is 

For a wave moving with the 

V = U-C 1,2 (3) 
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and the projected area normal to the wind is 

A - 1/2 (H^) (4) 

All waves encountered in the test basin are in the "deep water" 
class so that the group speed is equal to one-half the phase speed, 
and then Eg. (2) may be written as 

CaPuYHjHU-c^)2^ - V^W^Cj-HJft) (5) 

It is assumed here that the reflection coefficient at the barrier 
is unity, so that the reflected "H," is equal to the incident "H,". The 
analysis could be adapted to any other known reflection characteristics. 

Naves moving against the wind from 2 to 3 must do work on the 
surroundings so now 

V • O cos e + C2 3 (6) 

A-1/2(H2+H3) (7) 

and Eq. (2) applied to this reach becomes 

Cdp(H2+H3)(U cos 84C2 3)
2C2 3 - l/4y (H^-HJCJ) (8) 

The division of Eq. (5) by Eq. (8) yields 

(HJ+HJ) (O COS WC2 3)
2C2 3    I^C2 - H^C 

(9) 
'3^3 

in which the approximations surrounding the drag coefficient and seme 
of the averaged terms have been minimized in this dimensionless form. 
The wave heights implied thus far have been any characteristic of the 
systems; hereafter the "H., " shall be regarded as the significant 
heights. x s 

The distance or fetch, F,, to the barrier is an implied known 
quantity in Figure 4; for a given wind speed and direction, the unknowns 
in Eq. (9) are the values of height and phase speed at points 1 and 3. 
One might assume a value for the fetch distance to point 1 and thereby 
reduce the unknowns to two, the height and speed at 3. However, the 
more convenient solution follows from selecting a value of H-, then 
solving for where it occurs relative to the barrier, which is by 
formulation a distance equal to that to point 1. The equations additional 
to Eq. (9) needed for a solution may be obtained from published relation- 
ships among fetch, wind speed, and wave height and speed. Thus an 
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additional but desirable unknown, the fetch F, is introduced. From 
the results given by Bjjetschneider (1958) the familiar parameters of 
gH/CT and C/U vs. gF/lr may be represented very closely by the 
equational forms 

gH/U2 * 0.0044(gF/U2)0,38 (10) 

C/U = 0.082(gF/U2)0,26 (11) 

in the range of 10 <gF/lr<10 , which brackets all conditions of 
interest in the test basin. 

For a given wind speed U and fetches F. and F,, the ratio of 
Bq. (11) to (10) reduces to x    z 

(cyH^/fcyHj) - (F^)0'12 (12) 

the right hand side of the above equation is not far (14%) from unity 
for fetch ratios up to 3, so it is assumed that the linear relation- 
ship may be applied between 2 and 3 to obtain 

c3 « ly^o, d3) 

C23 = l/^d+H^) (14) 

The substitution of these two equations into Eq.  (9) brings it to 
the final form: 

(Hj+iy [U cos e+l/2C2(l+H3/H2)]2[C2(Hfl3/H2)]        H^-H^iyiyc. 
(15) 

form: 

2 

Equation (15) can be solved by a computer in the following outline 

1. Select U, e, F, as fixed for one condition 

2. compute H2, C2 from Eqs. (10) and (11) 

3. Select a value for H, 

4. By iteration solve Eqs. (10), (11) and (15) for F1 
5. The distance from the barrier to the point where the 

reflected wave decreases to the selected value for H, is 

x3 * F2~Fx <16) 
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The moping of the reflected waves on the test basin as predicted for 
the wind of 0=20 mph, e= 15° (S20W) is shown on Figure 2. Heights 
versus distance for three wind speeds and two values of 8 as computed 
from Eq. 15 are given on Figure 5. Values of distance from this plot 
need to be referred to Figure 2 with the appropriate value of 6 to 
determine where the rays of the reflected waves may intersect a shore- 
line, which determines the limiting value of "x,". The ensuing 
discussions of the observations and measurements on the lake will bring 
out where these predictions agree and disagree with field conditions. 

OBSERVATIONS AM) MEASUREMENTS 

Scope - The extent of the observations and measurements of field 
conditions was matched to the initial objective of the study, i.e., 
to make a reconnaissance of the limits to which waves reflecting from 
a barrier in deep water might extend under a range of natural conditions. 
Therefore, the field investigation was limited to the simpler tech- 
niques of photography, visual observations, and a sampling of wave 
heights using a portable wave gage and recorder. 

Photography - A series of areal photographs for four occasions, 
and a motion picture sequence for one wind-wave condition were taken 
to ascertain wave lengths and zones where reflected waves could be 
identified. Although none of these is reproduced herein, the results 
do enter indirectly in support of other observations. A near-shore 
condition resulting from a steady southerly wind of about 20 mph is 
shown on Figure 6. The stepped breakwater in the foreground is about 
3000 feet from the bridge. Groups of reflected waves with heights of 
nearly a foot are discernible over much of the picture, which was taken 
from a high building that shields the bay from southerly winds. A 
ooamon network pattern of incident and reflected waves appears in the 
foreground. Figure 7 shows the source of the reflected waves for a 
somewhat slower wind speed. Figures 8 and 9* show the near-bridge and 
traffic conditions under an infrequent wind speed of 40 mph with higher 
gusts. Note the plumed waves moving out against the wind. Even here, 
the lee (north) side of the barrier shows no energy transmission. Sane 
breaking of waves in the vicinity of the bridge begins at a speed of 
about 25 mph, and under the higher speeds like those in the last two 
photographs, considerable energy is expended in the reflection process. 

Wave Height Measurements - A parallel-wire resistance gage and 
strip recorder were teamed as a portable unit to sample waves for a few 
different wind conditions. Four sites on the lake were chosen where 
accessible piers extended to water depths of about 15 feet. Since the 
bottom shelves off quite rapidly and few waves had lengths longer than 
30 feet, shoaling effects at these sites was not important. The wave 
gage was not directionally sensitive so the reflected waves, when present, 
had to be sorted out visually by their orientation and direction of 
travel and suitably marked on the oscillograph record. Very canmonly 
a group of reflected waves would dominate a site for a time, then would 

•Figures 8 and 9. Courtesy Seattle Times, photographer J. Scaylea. 
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give way to an incident pattern. As distance upwind of the barrier 
increased, the number of reflected waves identifiable decreased, as 
well as their heights; components at the higher frequencies also tended 
to disappear due to the filtration process. A brief summary of the 
wave gage measurements appears in Table 1, with site locations A, B, 
C and D spotted on Figure 2, where the wave pattern forecast for 
U-20 mph 6=15° is shown. The sampling serves to give a good measure of 
period and height; no attempt was made to prepare comparative energy 
spectra. The maximum excursion of the reflected waves was traced visually 

Table 1 
Summary of Have Gage Measurements 

No. Site  x3   0   Dir.  9  i or r  T  L*  H   Sample 

ft. mph       deg.      sec  ft  ft 

1 B 20 S 25 i 
r 

1.5 
2.0 

12 0.66 
0.84 

181 
145 

2 A 10 SSE 45 i 
r 

1.7 
2.0 

15 0.54 
0.71 

58 
24 

3 C 9 SSE 45 i 
r 

1.3 
1.2 

10 0.29 
0.40 

93 
38 

A 12 SE 65 i 
r 

1.4 
1.5 

10 0.87 
0.85 

71 
53 

4 A 900 30 SSW 5 i 
r 

2.2 
2.5 

25 1.02 
1.17 

222 
78 

B 1800 i 
r 

2.1 
2.6 

23 1.17 
1.60 

132 
44 

C 4000 i 
r 

2.0 
2.2 

20 1.11 
1.00 

205 
12 

5 D 2200 16 ssw 5 i 
r 

2.3 
2.5 

27 1.61 
1.83 

274 
143 

6 B 10 sw 15 i 2.2 
2.2 

23 1.10 
1.39 

306 
105 

2^ 
l-incident       r=reflected        * 1>=5.12T 

frail the shoreline and from examination of the aerial photographs. The 
frequency with which reflected waves are discernible on the east side of 
the basin is markedly less than on the opposite shore, and none have been 
identified more than about 3000 feet from the bridge. However, on the 
west shore under favorable conditions reflected waves, usually in groups, 
can be detected as far as Denny Blaine (see Figure 2) which is about 
8000 feet from the source. This distance would match H3=0.4 feet on 
Figure 2. 

Comparison of Analysis with Observations - The analysis assumes the 
winds to be constant in magnitude and direction, that the incident wave 
crests are normal to the wind vector, and that no energy (a known reflection 
coefficient could be accommodated) is lost in the reflection process at the 
barrier. None of these stipulations is strictly true, of course. 
Observations show that the waves do not grow uni-directionally as implied 
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in the analysis and as illustrated an Figure 2, but tend to develop in 
a sector about 20° or so to either side of the mean wind direction. 
The steering effect of the lake valley does not seem to allow the 
angular spread up to 45° as referred to by Wiegel (1964, p. 230). Have 
systems were difficult to categorize visually when the wind was 
especially gusty; no measure of turbulence levels was available. 

The predicted heights of the reflected waves with distance from 
the barrier were in qualitative agreement with the observations up to 
the stage when breaking at the barrier became significant. The distance 
to the "zero-height" also agrees with the comments from observant sailors 
of small boats who notice the effect of the extra wave system on the 
trimming of their craft for optimum performance. When the analysis is 
matched to the wind speed, frequency and directional data, it does 
substantiate quite properly the observations concerning the relative 
frequencies of occurrence and upwind travel of reflected waves on the two 
sides of the lake. The heights and periods of the reflected waves were 
sampled under several different wind conditions, but the data needed to 
evaluate the energy spectra of these waves could not be acquired with the 
equipment available. Therefore, the change in the energy of the reflected 
system with distance from the source has not been evaluated. 

OONCXUSICNS 

The prediction analysis foretold quite well the general limits of 
travel of the reflected waves and the regions they influence as a function 
of wind speed and direction so long as the reflection process did not 
entail significant loss of energy in the reflection process. The analysis 
could be modified to correct for a known reflection coefficient. Both 
the analysis and observations indicate that the reflected waves in deep 
water can be identified for a considerable distance from their source; 
in some situations these waves could be an undersirable component and 
designs should be sought to minimize their effect on the environment. 
A more extensive and detailed set of field observations is needed to 
answer some questions raised by the study concerning (1) the reflection 
characteristics of the barrier as dependent upon incident wave height and 
direction, and (2) the energy spectrum in the reflected wave system at 
various distances from the source. 
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Figure 7. Evergreen Point Bridge, t>=20 nph 

Figure 8. Evergreen Point Bridge iMO+nph 
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Figure 9.   Evergreen Point Bridge tMfrwph 



CHAPTER 15 

A STUDY ON MASS TRANSPORT IN BOUNDARY LAYERS 
IN STANDING WAVES 

Hideaki Noda 

Assistant Professor of Hydraulics 
Disaster Prevention Research Institute 
Kyoto University, Kyoto, Japan 

ABSTRACT 

This paper deals with the mass transport in the boundary 
layers developed on smooth and horizontal bottoms by standing 
waves in shallow water.  In a theoretical approach, the basic 
equations of laminar boundary layers are applied to solving the 
oscillatory motion in the boundary layers caused by the stand- 
ing waves.  The mass transport velocities are derived on the 
basis of solutions of the second approximation which describe 
the flow velocity near the bottom, and the effects of convec- 
tive terms involved in the basic equations are investigated. 

Experimental measurements in standing waves of mass trans- 
port velocity in the bottom boundary layer were carried out 
using dye-streak and solid-particle methods.  The experimental 
data are compared with the theoretical prediction. 

INTRODUCTION 

The depositional behaviour of sediments is an important 
factor in the control of shoaling in harbor basins and the 
maintenance of the harbor function for navigation.  The consid- 
erations developed in this paper began with some of the prob- 
lems of the Gumizaki Fishery Harbor being filled up by drifting 
sands. 

It has been shown in the previous paper, presented at the 
Tenth Conference on Coastal Engineering, that sand bars are 
formed at definite locations in a harbor basin, and that the 
standing waves induced in the harbor basin play an important 
role in the formation of these bars.  Lettau (Ref.l) has theo- 
retically shown that sand bars are formed at the anti-node po- 
sitions of standing waves by the deposition of suspended sedi- 
ments.  On the other hand, Nomitsu (Ref. 2) has described bar 
formation at both the node and anti-node positions of standing 
waves by the movement of bed loads.  Hayami (Ref. 3) has also 
shown that the filling-up of the basin by drifting sands in 
Toman Harbor can be explained by Nomitsu's theory. 
Nevertheless, the author's experimental results differ from his 
prediction: these bars are formed only at the anti-node of 
standing waves. 

The movement of sediments is caused by the fluid motion near 
the bed.  Therefore, the resolution of this question is neces- 
sary in order to give an adequate description of the character- 
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istics of the oscillatory motion near the bottom due to stand- 
ing waves.  The mechanism of such bar formation must then be 
found on the basis of the above description.  Therefore, an 
attempt has been made to study the fluid motion in the bound- 
ary layers developed on smooth bottoms in the case of stand- 
ing waves in shallow water of uniform depth, especially the 
velocity profile and the mass transport velocity in the bound- 
ary layers. 

Longuet-Higgms (Eef. 4) derived an appropriate field equa- 
tion for the stream function of the mass transport, and 
described a general method for determining the mass transport 
velocity in the boundary layers.  In general, it is well known 
that in the irrotational standing waves the mass transport 
velocity vanishes everywhere.  However, Longuet-Higgms showed 
the existence of the mass transport in the boundary layers by 
taking into account the viscous action of the fluid, even in 
standing waves. 

On the other band, Iwagaki and Tuchiya (Ref. 5) described 
the perturbation method for determining the velocity profile 
in the boundary layers developed on the bottom of a wave tank 
by progressive waves, when thev treated the problem of wave 
damping due to bottom friction. 

In this paper, the latter method is applied to the case of 
standing waves.  By this method, an approximate solution of 
non-linear, laminar boundary layer equations is applied to 
deriving the mass transport velocities of this layer in stand- 
ing waves.  The author's result for the mass transport velo- 
city is in agreement with that predicted by Longuet-Higgms. 

Experimental measurements of mass transport velocity in the 
boundary layer near the bottom under standing waves are then 
compared with theoretical results. 

THEORY OP LAMINAR BOUNDARY LAYER DUE TO 
STANDING WAVES 

For two-dimensional case, the laminar boundary layer equa- 
tions on the assumption of incompressible fluid are given by: 

d" + Jj>L=0 y       (i) 
dx     dz [ 

' f dx     at ax 
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in which x.  is the horizontal distance from the vertical wall 
of one end of a wave tank, z  the vertical distance from the 
bottom, tthe time, p the pressure, f the density, i> the 
kinematic viscosity, U  and Vfthe velocity components in the 
boundary layer in the direction of X and z , respectively and 
U»  the velocity just outside the boundary layer due to the 
finite amplitude wave theory. 

Selecting the wave length of standing waves L    and the 
boundary layers thickness parameter S =( \>T/2 7C )     as the 
representative length, and using the dimensionless quantities 
defined as follows: 

u = Cu*, w«<o<5V* -p-tcfi a„ = ca£    i 
x«-kx, r-ou-t; 5?*~*/<r, r-kh     1    (2) 

the non-dimensional form of Eq.(l) can be expressed by: 

at*+ ^ a**+^ ^*~ at* + u" "i^4 a2-*2 ) 
da* . jwi* _ „ f (3) 
a**  a**  ^ 

in which 7*is the wave period, A  the water depth, C =L/T , 
O) = 2K/T , and /e = 2K./L.     •      The boundary conditions for 
Eg.(3) can be written as 

0*= 0 and W*=  0 at 2"*= 0,  1 
t (4) 

«* = £/^ at ?^>"» • ' 

The velocity just outside the boundary layers Uoeon the 
basis of the finite amplitude wave theory is given by: 

0£= - /-^)-4- sin TC* cos f -(Ef   J?t*       cos 2X* sln2f-  (5) 

for the case of standing waves, in which /-/ is the wave 
height. 

The solution of Eq.(3) can be obtained by the perturbation 
method which expresses the solution of tf* and yj* ,   respec- 
tively as follows: 

Ut=   6U*+ £*U?+'    j 
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in which a small quantity £ is equal to H IL. 

From Eq.(5), the velocity just outside the boundary layers 
can be rewritten by: 

i&etC+e'uZs  (7) 
in which 

Utol= TT* sin **cos t* i sinhA 

(j*Z= ? ^       cos 2X*sin 2f* M** 8sinhV 

(8) 

Substituting these expressions into Eq.(3) gives the differ- 
ential equations of the first approximation for (J* and vf*i 

dUt      3'UT = bU£t 
at*     9T-*     at*     1 

3**     az* 

with the   boundary  conditions U*=VT= 0  at Z*= 0  and Ct?= Uni at 
j?*—• e>o .     Bq.(9)   indicates  the   linearized  theory  and  its 
solutions  are  given  by: 

Uf= - fa  sin j<5{cost* _ a"?* eosU*- f)}, 

-UT?= -  OSl  cos** {JTf cost* + e-^cos(   t*- ?*- ft/4)  - oos( t*-*M)} 

in which -£*= 2"*/2   and Q^,   = Tf/sinh A* . 

For 6(2   ,   the   equation  of  the   second  approximation  can  be 
written  by: 

W- T-Sl T^'M 2X# O^.^oo.C  2** -^*) 

- 8  ( UM/UZI
2
)cot 2;C*cos  2t*J 

+ JL fc^'sin 2^2(  2 +jri*)e~M*cosj2l* - Ze'2^* 
8 -2(1 -Jit*)****   sin/^* j 

    (11) 

in which &«?2 = 37tV8sinh*/? .  The approximate solution for Uz   , 
which must satisfy the boundary conditions, Ut =  0 at •£*= 0 
and U*P=UM, tltis/lt*   = 0 as f*-»oo , as shown by Schlichtmg 
(Ref. 6) taking into account «* = U*f, +  Cl*s   where U^, denote the 
periodic and IA%   the steady contribution of the second approxi- 
mation, respectively, is given by: 



STANDING  WAVES 231 

U*= -  U&cos 23? {sin 2^- e-m\^2-e-fZ1*)} 

J-   *      fBin 2X*sin 2t*{e-^*cos/H*- e^'cos ?* 
V2Sinh/,y +yrre-«*sxn(-r+*-/4)} 

•f/      *"   .Jain 2X"coS 2£*{- e-^Vn^f + e" ** sin ?* 

+ • ^zTS. sin 23C*{- 3 + e~21 +8e_?*sin f+  2e ""?*cos £* 

(12) 

Therefore, the approximate solution for the velocity U* is 
obtained by substituting Eq.(ll) and (12) into Eq.(6).  Fig.l- 
(a) and (b) show the velocity profiles calculated for the case 
of £ - 0.04 and sinh/$* = 1.18 at X* = ft/2   and flr/4, respectively, 
in which Uv) = <? SUni = 7thJ/ T  sinh/?A .  These figures positively 
demonstrate that at X*= K/2,   the positive, maximum velocity of 
a water particle in the boundary layers is identical with the 
negative one, but that at X*=7t/4, the positive motion is less 
than the reverse movement.  Seemingly, these results are im- 
portant, since the direction of sediment movement may be deter- 
mined by the larger of the two maximum values of the velocity. 

Fig. 2 shows the relationship between CC  /wwand ^*for the 
various values of £ ; that is, the effects of convective terms 
in the boundary layer equations on the velocity profile. 
This figure indicates that the maximum velocity in non- 
dimensional form slightly increases with the increasing of the 
values of £ . 

MASS TRANSPORT VELOCITY IN BOUNDARY LATERS UNDER STANDING WAVES 

Longuet-Higgins gives the mass transport velocity in the 
boundary layers in non-dimensional form, jf*as 

V*= £tf?+  £*&*+  (13) 

in which ff* = ff/C , J7*= 0 and 

Substituting Eqs.(lO), (12) and (14) into Eq_.(l3), the mass 
transport velocity in the boundary layers developed on the 
smooth bottom is given by: 

in which 
K( f) = - 3 + 8e-** sin f + 3e -»«*" (l6) 

This equation can be rewritten in the form: 
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ff = flr^wsln2W K(^ (17) 
which is identical with that obtained by Longuet-Higgms. 

Pig.3 shows the  result calculated of the vertical profile 
of the mass transport velocity in the boundary layer to the 
case of standing waves.  An outstanding feature which this 
figure shows is that the transport near the bottom, that is the 
lower layer, for the range of ^* < 0.9, is always in the direc- 
tion from the anti-node to the node of the standing waves, but 
the transport in the upper layer for the range of ^*>»0.9 is 
contrary to the lower one. 

In any discussion of bar formation, this result is important, 
since the direction of sediment movement may be determined by 
the ratio of sediment diameter d with the boundary layer thick- 
ness parameter f . 

EXPERIMENTS ON MASS TRANSPORT VELOCITY IN BOUNDARY LAYERS 

EXPERIMENTAL EQUIPMENT - Experimental apparatus consists of 
a glass side wave tank 3.0 m long, 30 cm wide and 70 cm deep, 
as shown in Eig.4.  The walls are vertical and the glass bed 
is horizontal.  Standing waves were produced by a flutter type 
wave genarator installed at one end of the tank.  Wave heights 
were measured by an electric resistance type wave gage placed 
at the anti-node position. 

METHODS OF MEASUREMENT - The first method of observing the 
mass transport velocity involved photographing dye streaks 
obtained by dropping small grains of potassium permanganate, 
which sank to the bottom with negligible solution enroute, into 
water.  This method proved advantageous in that a series of 
water particle displacements could be recorded in a single 
exposure as shown in Photo. 1, since a conspicuous dye streak 
was produced in the boundary layer every cycle.  The maximum 
displacement of water particles and its vertical profiles per 
cycle were measured from similar photographs. 

The second method was to examine the transport in the oppo- 
site direction near the bottom as  predicted by theory.  The 
method involved photographing the movement of vinyl pellets 
(median diameter 0.13 mm, specific gravity 1.15) which were 
spread in a thin, uniform layer on the bottom before beginning 
the tests. 

The third method of recording the mass transport velocity 
involved photographing displacements of a small nylon particle 
that had the same density as water every 5 cycles of waves 
using a strobo-scope.  When the wave period and water depth 
are maintained constant, and wave heights are gradually in- 
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creased, flows in bottom boundary layers undergo a transition 
from the laminar to the turbulent regime.  Therefore, the dye- 
streak method mentioned above cannot be used because of the 
dispersion of dye.  Then, measurement of the mass transport 
velocity in the turbulent boundary layers was made using nylon 
particles (diameter 3 mm).  Photo. 2 shows an example of a 
series of displacement of a nylon particle. 

SUMMARY OF EXPERIMENTAL RESULTS - Fig. 5 and 6 show the 
results of the maximum displacements observed by the dye- 
streak method for the h /1—     lalues of 0.16 and 0.08, 
respectively.  The experiments were carried out by measuring 
the maximum displacement DWxTfor varying wave heights and for 
a wave period and water depth that were kept constant.  In 
these figures, the theoretical curve which describes the non- 
dimensional, maximum displacement of a water particle in the 
boundary layer, J^  , can be given by putting •£*= 3.94 in 
Eq.(17): 

X*= - sin 2kX (18) 
in which 

A* =^7/(3-12 -Tt'H'/SL     sinhU)   (19) 

and ZTm<\x is the maximum mass transport velocity in the boundary 
layer.  Although the scatter of points can be seen, these 
figures show that the results of the experiments are in agree- 
ment with theory except when the wave height is as small as 4 
cm.  Russell and Osorio(Ref.7) showed in their experiments in 
the case of progressive waves, that low waves result in faster 
transport values than high waves when plotted non-dimensionally. 
It seems that their results are identical with those of the au- 
thors in the case of standing waves. 

Fig.7 shows the observed mass transport velocity profiles 
in the boundary layer for the ^/Z_.  values of 0.16 and 0.08. 
It is found that the results are in good agreement with the 
theoretical curve shown by a full line for the range of #*>3.0. 

But it was not possible to measure accurately the mass 
transport velocity in the lower layer for the range of ^*<:0.9 
by this method.  Therefore, the different method mentioned above 
was used to examine the transport in the opposite direction 
near the bottom as predicted by the theory. 

Photos.3 and 4 show the results of the experiments in the 
/} /1~    value of 0.16 for wave heights 3.3 cm and 8.0 cm, 

respectively.  Both ends of the photographs correspond to the 
anti-node positions and the center to the node position of the 
standing waves.  In addition, the white and black parts of the 
photographs show the vinyl pellets and the bottom of the wave 
tank, respectively.  The photographs demonstrate that the 
transport of the vinyl pellets is in the direction of the node 
position, and that high waves result in faster transport of 
vinyl pellets than low waves.  Thus, the experimental evidence 
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is m qualitative agreement with the theory. 

Fig.8-(a), (b) and (c) show the results of the experiments 
in hli~   = 0.08 for wave heights of 12 cm, 16 cm and 19 cm, 
respectively.  These figures indicate that the experimental 
values of >J are less than those predicted by the theory. 
Collins (Ref.8) and Brebner (Ref.9) found that in the experi- 
ments in the case of progressive waves, the observed mass 
transport velocity near bottoms is less than that predicted by 
laminar theory as the bottom boundary layer becomes turbulent. 
The results for standing waves also indicate that at the in- 
ception of turbulence there is a break from the laminar theory 
in which zf/nayis proportional to /-f*  . 

Fig. 9 shows the relationship between IWmxxtt-   and H{ T smhfoh) 
x|sm 2(9X| for laminar and turbulent ranges.  In addition, the 
limiting value indicated by Brebner and Collins is also shown 
in this figure.  In the case of progressive waves, Brebner and 
Collins proposed a critical Reynolds number defined by V^S/v 
and obtained the value of 160, in which TT9  is the maximum 
velocity at the bottom on the basis of the linearized wave 
theory.  Therefore, replacing-^ by Itht ( 7" sinh'*6/) T'lsin 2<?x] 
gives the critical Reynolds number in the case of standing 
waves. 

CONCLUSION 

The following conclusions may be derived from the results 
of this study: 

1) The mass transport in a laminar boundary layer is in 
agreement with the theoretical value except for the low waves 
and the direction of the mass transport in the upper layer is 
contrary to that of the lower one. 

2) In the case of standing waves, boundary layers are turbu- 
lent at higher Reynolds number than 160, which is a critical 
one, and the mass transport is less than the theoretical value 
for laminar boundary layers. 
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Fig. 3  Distribution of non-dimensional mass transport 
velocity. 
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Photo. 1  An example of dye streaks. 

mi 

Photo. 2  An example of movement of a nylon particle. 
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/n ITJmax I 

Fig. 7  Comparison between theoretical and experimental 
non-dimensional mass transport velocity profile. 
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Photo. 3 Movement of vinyl pellets near bottom with time 
( H = 3.3 cm). 
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Photo. 4  Movement of vinyl pellets near bottom with time 
( H=  8.0 cm). 



246 COASTAL   ENGINEERING 

-10 

A 

-05 

H*l2cm T* 2 63 sec 
h= 40 cm 
L=500cm 

(A) 

o   o      ° 
o   °    o% 

0 
Cr,       o 

<*>*°o 
0 

O °o 
6° 

o 

o      o 
o 

0 
o                  \ 

-10 

A* 

-05 

H*l6cm T=263sec 
h« 40 cm 
L=500 cm 

(B) 

/             c 
35to 

< 
o o 

•xS> 

0% 

oc ,   8 

°^°0 

)    o 
QJO °8 

oo 
°poo   °   o 

e? 

oo\ 

03             \ 
0 

Fig Comparison between theoretical and experiment 
non-dimensional mass transport velocity by so 
particle method. 

1 
lid- 



STANDING  WAVES 247 

/1\ 

•Ell 

• 

• 

• 
s»      * 
\  • 
• \ 

* o 
/ 

•^ 
  

O     $g>g 
fefc°* 

CO 
• 
• 

zs wAt- • N- 

00 
o 
0 

<0 

d in 
• \ 7 

— 

"3 

cvi 
<* 

• • • 

^ 
/ 

• • • 
• 

1 • 

1 o • 

1      1 

o 
(b ^x 
jn 
N\ ^c 
E 
o fl 

N„^ H 
CO 

—_ (^ 

5: 
c rd    B 

<n a o 

Nli. 
'   ^"""N ~'° 

-C r^ 
-^ IfciS 

"sz — o 
a e c CD   CO 

0) >   0) 

K +> si 

•Is—• 
rO 

X Pi O 
H =H 

-ci 
O CO   

O   a. 

-P CM 
cd 

•H   d 
d)   H 
« JO. 

O 

ti 
ft 

(oas/tuoj   1 XDUii2 



CHAPTER 16 

APPLICATION OF WAVE DIFFRACTION DATA 

Richard Silvester    and Teck-Kong Lim 

ABSTRACT 

By considering separately the two termsof the Sommerfeld solution 
of wave diffraction behind a semi-infinite breakwater, the influence 
of the wave reflection from the structure can be evaluated  The 
diffraction coefficient at any point can be obtained from a graph or 
table for full, partial or no reflection by the simple addition of 
two coefficients  From the similarity of the energy-spreading process 
to the dam-burst problem, it was found that wave heights decreased 
consistently along the near circular crests for all distances from the 
breakwater tip  For a workable range of incident angle and distance 
from the breakwater, wave heights could be defined by this arc distance 
from the shadow line expressed in wave lengths  These relationships 
have been verified experimentally for all but the smallest incident 
angle in proximity to the breakwater  This can be likened to the dam 
model in which the dam is moving too slowly to permit normal spreading. 

The several theoretical solutions for the breakwater gap, when graphed 
on the same basis, are shown to be very similar, diverging only for 
small incident angles  New parameters are provided which greatly 
simplify the presentation of information  The scatter of past experimental 
data precludes the verification of this theory and indicates the need 
for further tests 

INTRODUCTION 

Theoretical solutions have been available over many years for 
computing wave heights behind breakwaters  These are based upon the 
diffraction process in optics and hence have given rise to the term 
"shadow zone" for the area behind the structure  The relevant equations 
can be solved by computer and thus results, to apparent high degrees 
of precision, are becoming available.  This tendency perhaps is not 
commensurate with the inaccuracies inherent in the wave data of coastal 
engineering problems. 

This paper attempts to simplify the presentation of information 
by an averaging process, thus reducing the number of variables.  The 
modest error so introduced should not influence the accuracy of general 
design procedures. 

Professor of Coastal Engineering, Asian Institute of Technology, 
,., Bangkok, Thailand. 
*• ^Graduate Student, AIT, Bangkok, Thailand 
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Diffraction of ocean waves can be divided  to three main topics, 
namely: (a) the semi-infinite breakwater, in which the water zone beyond 
the breakwater is considered to be unlimited as far as wave energy 
supply is concerned 

(b) the breakwater gap, in which two structures extend to less 
than five wave lengths apart, so limiting the wave energy available 
for spreading into the one or two shadow zones so formed 

(c) the island or offshore breakwater, in which waves diffract 
to leeward of the structure from either end 

Only cases (a) & (b) are discussed in this paper, with the following 
assumptions applying: (1) uniform depth of water throughout, inferring 
a constant wave length for any specific wave period 

(ii) breakwaters which have a width that can be considered 
thin in respect to the wave length  If the structure or land mass has 
a sizable width the diffraction solution should be applied from the 
leeward or shadow-zone face. 

(m) small amplitude waves in keeping with the linear theory, 
although experimental verification is available for relatively steep 
waves 

SEMI-INFINITE BREAKWATER 

The general case is illustrated m Figure 1 in which it is seen 
that a train of waves is approaching at an angle 9 to the breakwater 
Thus the orthogonals of the incident waves are angled 9 to the 
structure and the one passing through the breakwater tip will be con- 
sidered the limit of the shadow zone and will be termed the "shadow 
line". Wave heights only in the shadow zone are considered in this 
paper.  The location of any point P will be defined by either the polar 
coordinate system (a, R/L) or the circular arc system (S/L, R/L)  As 
will be seen later, this latter system can be reduced to S/L alone, 
with little loss of accuracy. 

It can also be observed in Figure 1 that the waves reflected 
from the breakwater also diffract whilst they proceed seawards  Before 
entering the shadow zone they must spread through an angle of 360 -29, 
so that to supply energy at point P they have a diffraction angle of 
360 -29 + a      Outside the shadow zone the interaction of the reflected 
waves with the incident waves creates a short-crested system, the 
detailed characteristics of which are availableC-1-)  Immediately outside 
the shadow zone the two waves are practically aligned and, although 
a slight phase difference may be present between the incident and the 
reflected waves, heights in excess of those of the incident wave are 
theoretically possible  As noted already, this zone is not treated 
herein 
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It can be readily accepted that the influence of the reflected 
wave in the shadow zone is small, but no insignificant for the case of 
100% reflection.  Inspite of the tendency to design breakwaters for 
the fullest dissipation of waves, diffraction theory in current 
use is based upon 100% reflection  In proximity to the breakwater tip, 
where the reflection component is greatest its correct assessment 
could result in worthwhile economies of design 

THEORETICAL SOLUTION 

(2) 
The Sommerfeld   solution of optical diffraction was applied to 

water waves by Penney and Price' 3)(4)_  The basic equation with the 
definition of # an-d a    as lr* Figure 1, can be written as follows: 

F(R,a) = f(ul).exp(-ikRcos a ) + f(u2) exp(-ikRcos a  ) ....  (1) 

where ul    =     -y8R/L  sin  (a /2)  (2) 

u2    =     -|i/ism(Br/2)  (3) 

k    =    2n/L  (4) 

f(u)     =    —5— exp(-iTf u )   du  (5) 
-co 

f(-u)     =    —T—    I     exp(-m  u ).du  (6) 
-co 

f(u)    +    f(-u)     =    1  (7) 

The diffraction coefficient K is defined as 

v    = diffracted wave height .„. 
incident wave height   

The numerical value of K is equal to the modulus of equation (1) 

so that  K =  JF(R.a)|  (9) 

In this event the second term of the RHS in equation (1) can be 

written  f(u2) exp (-1 k R cos 360° - a  )      (10) 

which represents the diffraction of the reflected wave, from its 
orthogonal through the breakwater tip around to the polar direction of 
point P.  The first term of equation (1) represents the fraction of 
the wave height resulting from diffraction of the incident wave from 
the shadow line.  Thus 

K =  |F(R.Q/)|  =. incident term + reflected term. 

The generalised form for equation (9) is thus 

K =  Jf(u) exp(-i k R cos a)|        (11) 
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in which a  can be measured from the shadow line to give the diffraction 
coefficient for the incident wave, and from the tip orthogonal of 
the reflected wave (360 - 29 + a)   to give the coefficient for the 
reflection component.  The two values are added to give K for the 
case of 1007o reflection.  For partial reflection a proportion of the 
second component should be used. 

Separating the components in the above manner introduces a slight 
error for incident angles Q < 45°, but this is on the conservative 
side and it occurs only near the shadow line and for small radial 
distances as indicated in Figure 2. 

Larras   has recently made a similar approach to the problem, 
by solving the sine and Fresnel functions from the geometry of the 
point P in terms of orthogonal axes and the use of Cornu spirals.  In 
this case also the diffraction coefficient is the addition of an 
incident and reflected term, the latter being modified according to the 
degree of reflection. 

POLAR CO-ORDINATE SYSTEM 

Equation (11) can be graphed as in Figure 3, or tabulated as in 
Table I.  The values of K representing incident and reflected com- 
ponents are read from the angle a  as previously indicated and then 
added.  For example, with Q = 60°, en -  30° and R/L = 10 we have from 
Figure 3: 360 - 2(60) + 30 = 270°, so that K(incident) =0.10 and 
K(reflected) = 0.03, giving K(100% reflection) = 0.13, K(zero reflection)* 
0.10 and K(50% reflection) = 0 115. 

The respective values as obtained from Table I are as follows: 

K(a = 30°) = 0.096 

K(360° - 29 + a  = 270°) = K(360°-270° = 90°) = 0.036 

K(100% reflection)  = 0.132 

In reading table I it is sufficient for the reflection term to use 
29 - a,  which in this case = 120°-30 = 90°. 

It is noteworthy that with no reflection the wave height along the 
shadow line (a = 0 ) remains static at 0.5. Also, on the lee-side of 
the breakwater, where a =  9, it is found that the incident and 
reflection components are each 50% of the total.  This is significant 
when the latter might not exist at all due to adequate dissipation on 
the breakwater. 

CIRCULAR ARC SYSTEM 

ponsider the wave at the shadow line just after it has reached the 
the breakwater. At the crest alignment two distinct water levels 
attempt to exist simultaneously, that of the wave crest and that of 
the still-water level inside the shadow zone.  This instantaneous 
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TABLE  1  - K'   =   |f(u)  exp(-2rTi(R/l.)cos(oi))f 

\E/L 

degreesN, 

K x 1/1000 

1 2 3 4 5 6 8 10 15 20 

0 500 500 500 500 500 500 500 500 500 500 
2 476 466 459 453 448 443 435 428 413 402 
4 453 435 422 411 402 393 379 367 344 325 
6 431 406 388 373 361 350 332 317 288 266 
8 411 379 357 340 325 313 292 275 244 222 

10 392 355 329 310 294 280 258 241 210 188 
12 373 332 304 283 267 253 230 213 182 162 
14 356 311 282 260 243 229 207 190 161 141 
16 340 292 262 240 222 208 187 170 143 125 
18 325 275 244 221 204 191 170 154 128 112 

20 310 259 228 205 189 175 155 140 116 101 
25 278 225 194 173 157 145 127 115 94 82 
30 251 197 168 148 134 123 107 96 79 69 
35 228 175 147 129 116 107 93 83 68 59 

40 208 157 131 115 103 94 82 73 60 52 
45 191 142 118 103 92 84 73 66 54 46 
50 176 130 107 93 84 77 66 59 49 42 
55 164 120 99 86 77 70 61 54 44 39 

60 153 111 91 79 71 65 56 50 41 36 
65 143 104 85 74 66 60 52 47 38 33 
70 135 97 80 69 62 57 49 44 36 31 
75 128 92 75 65 58 53 46 41 34 29 

80 122 87 71 62 55 51 44 39 32 28 
85 116 83 68 59 53 48 42 37 30 26 
90 111 79 65 56 50 46 40 36 29 25 
95 107 76 62 54 48 44 38 34 28 24 

100 103 73 60 52 46 42 37 33 27 23 
105 99 71 58 50 45 41 35 32 26 22 
110 96 69 56 49 43 40 34 31 25 22 
115 94 67 54 47 42 39 33 30 24 21 

120 91 65 53 46 41 38 32 29 24 21 
125 89 63 52 45 40 37 32 28 23 20 
130 87 62 51 44 39 36 31 28 23 20 
135 86 61 50 43 39 35 30 27 22 19 

140 84 60 49 42 38 35 30 27 22 19 
145 83 59 48 42 37 34 29 26 22 19 
150 82 58 48 41 37 34 29 26 21 18 

160 80 57 47 40 36 33 29 26 21 18 
170 80 56 46 40 36 33 28 25 21 18 
180 79 56 46 40 36 32 28 25 21 18 
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differential can be likened to the dam-break problem, in which the 
vertical wall of water gives way to a sloping surface which flattens 
swiftly with time 

The major differences in these two phenomena are the element of 
time and the supply of energy  In the case of the dam-burst the slope 
at the channel alignment varies with time, whereas in diffraction the 
wave crest is changing position and would appear to maintain a fixed 
profile  In respect to energy supply, this is limited in the dam case 
by the volume of water available in the resevoir, but appears unlimited 
for the semi-infinite length of the wave crests outside the shadow 
zone of the breakwater.  This comparison suffers many disabilities, 
but it is felt significant that the water at the dam site remains 
constant at 4/9 of the original depth, whilst the energy level remains 
constant  In an apparaently similar manner the energy transfer in 
diffraction, for the incident wave alone, maintains a constant depth 
along the shadow line. The order of the depth changes are vastly 
different and crest to trough measurements are involved rather than 
SWL, so that strict equality cannot be expected 

From the above generalisations it was surmised that along a 
wave crest, which in the shadow zone could be accepted as circular in 
plan, a constant wave-height profile should exist for all its positions 
from the breakwater.  This distance measurement from the shadow line 
is designated an arc length (S/L) which could thus replace the 
(R/L, a) coordinate system previously used for defining positions in 
the shadow zone. (See Figure 1). 
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Curves were drawn from the Sommerfeld solution m the circular 
arc system for values of R/L = 0.5 to 10 and 9 = 45  to 180   A 
typical set of results is displayed in Figure 4, which shows the curves 
for the various angles Q and the specific value of R/L =3. An 
average curve was drawn for 9 = 60  to 150 , as indicated, for each R/L 
value and then collected m a single diagram (as Figure 5).  From this 
a single curve appeared acceptable to represent R/L values from 3 to 10. 

The errors so introduced by this averaging procedure can be 
ascertained from the two figures. As seen in Figure 4, that due to 
averaging 8 occurs mainly in the smaller Q values, for example a 
maimum of K = +0.04 for 9 = 60° at S/L = 3 for the case of R/L = 3.0. 
In Figure 5 an average line (not drawn) involves a maximum error 
of about + 0.035 at S/L = 2.0, or 3 5% of the incident wave.  These 
error values are not strictly cumulative since they occur at different 
S/L values and the first one quoted is for the 60 incident angle only 
The average error for 9 larger than this was in the order of + 0.01. 

Figures 4 and 5 represent full reflection conditions. Similar 
graphs can be obtained for zero reflection, resulting in the curves of 
Figure 6  This figure can be used instead of Figure 3 or Table I with 
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the slight loss of accuracy indicated  To find the relevant S/L value 
an arc should be drawn through the point of interest P, centered on the 
breakwater tip, and the length along it from the shadow line measured 
in wave lengths.  This can be accomplished on any harbour layout where 
constant depths can be assumed 

EXPERIMENTAL VERIFICATION 

( ft} 
Putman and Arthur   conducted experiments which avoided reflection 

from the breakwater  Their results, which were presented in x-y 
coordinates, were transformed to the arc length system and are 
displayed in Figure 7  Agreement is clearly shown with the zero re- 
flection curve. 

Tests conducted by Lim   at the Asian Institute of Technology 
were concentrated on the region within three wave lengths of the break- 
water tip  Incident angles of 45°, 60°, 90°, 120° and 180° were 
examined and measurements were made for R/L =1,2 and 3 at intervals 
of either 7% or 15  from the shadow line  The main elements of the 
equipment are shown in Figure 8, where it is seen that the incident 
angles were varied by changing the position of the breakwater.  Re- 
flection from the exposed side of the breakwater is obviously excluded. 

Waves were measured by a step wave probe to an accuracy of + 1.0 mm. 
The range of wave heights and wave periods for all tests are listed 
in Table II where it can be noted that periods ranged from 0 5 to 0.7 
seconds and incident wave heights from 19 to 36 mm  This latter 
measurement was an average of values taken at 3 points in the approach 
channel (See Figure 8) to obviate the resonant cross-waves established 
there. 

Results from runs with similar waves presented some scatter, as 
exemplified in Figures 9 and 10 and observed m Table II.  This would 
have arisen from the probe error, incomplete dissipation of the waves 

at the basin boundary, and long period surge of the basin  Averages of 
the several runs are listed in Table II for each a  and R/L value 
(probe location), and graphed for each 8 in Figures (11 to 15).  For 
angles of 60° and 90 the experimental data agree very well with the 
theory for zero reflection.  For angles 120° and 180° the experimental 
points are a little low, but for 45  are high, m all cases increasing 
with distance inside the shadow zone.  This difference decreased as 
R/L approached 3.  The maximum error was in the order of 4% of the in- 
cident wave height.  Since the theory is conservative for 9 > 60°, 
based upon this experimental evidence, it is suggested that Figures 3 
and 6 or Table I can be used with confidence, by computing an appropriate 
allowance for reflection. 

For the special conditions of 9 < 60 and R/L < 3, an addition of 
0.1 should be made to the K evaluated above  The previous comparison 
of wave diffraction to the dam-burst problem may help explain this 
deviation from the theory. When 6 is small the wave has insufficient 
room to spread properly.  This situation is similar to a moving dam whose 
velocity does not permit the formation of the water surface profile 
commensurate with a sudden dam collapse 
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BREAKWATER GAP 

Where two breakwaters are aligned and full reflection is realised 
from each, the waves in each shadow zone are comprised of the 
incident wave and the two reflected waves  Since the crest curvature 
of one of these is not centered on the breakwater tip of the incident 
and other reflected wave, the resultant wave height measured along the 
arc length fluctuates about the smooth curve of the semi-infmite 
breakwater solution.  This is illustrated m Figure 16, where it can 
be observed that the deviations increase as the gap width decreases. 
Down to the value of B/L = 5 the semi-mfmite breakwater solution 
can be used without great loss of accuracy. Where no reflection occurs 
such undulations are not present as noted in the experiments reported 
herein, which are essentially half a breakwater gap without the 
reflection component. 

APPLICATION OF SOMMERFELD'S SOLUTION^ 

It can be shown, by graphing values of K and R/L in Table I, that 
the wave height is reduced m proportion to (R/L)*.  This suggests 
a parameter Kyi/R/L for combining radial and arc distance influences. 
It is also convenient to centre the polar coordinate at the mid-point 
of the breakwater gap.  In the knowledge that for R > 5B the value of 
K^R/L is essentially constant for any a  a simple series of graphs can 
represent conditions anywhere in the protected basin. An example of 
this is Figure 17, which is drawn for R/L = 20, the largest probable 
radius to be encompassed  In the absence of reflection, the fluctuations 
exhibited in Figure 17 will not be present, so that averaging them 
should not involve undue error in a prototype situation  Figure 18 
results for 6 = 90  and B/L < R/L < 20, in which curves are grouped 
into two categories- R/B = 1 and R/B > 1.  For gaps smaller than 2L 
the single curve (full line) represents both cases of R/B 

The above simplifications lead to a maximum error m K^R/L of 
+ 0.3 at the maxima and minima of the undulations (See Figure 17). 
The average deviation is m the order of + 0.2.  Since reflection is 
likely to be much smaller than 100% these errors appear acceptable. 
Although Figure 18 applies only to 6 = 90 , other angles can be 
treated by the method suggested by Blue and Johnson^")(9)j ln which 
the equivalent width B' is used for the angle 9 (See inset of figure). 

MORSE-RUBENSTEIN SOLUTION 

For gap widths of 3L and less an exact solution in optics has 
been derived by Morse and Rubenstein^•*•") , and applied to water waves by 
Carr and Stelzriede(H), to which the reader is referred for the 
relevant equations.  The computation procedure is tedious, but a 
graphical solution is provided in Reference No (11) 
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Using the previously derived parameter K^R/L, graphs for B/L = 0.5, 1 0 
and 2 0 are presented in Figure 19 for incident angles of 30 , 60 and 
90   These are applicable to zones where R > B 

LACOMBE'S SOLUTION 

(12) 
Lacombe    has derived an approximate solution which is based 

upon a polar coordinate system centered on the mid-gap point  It applies 
to R > B and is best used to determine the maxima values in the 
fluctuations previously discussed  For B > 2L the solution is close 
to that of Morse-Rubens tern. 

COMPARISON OF SOLUTIONS 

For the smaller gap widths (B < 2L) a direct comparison of the 
above mentioned solutions is possible  As seen in Figures 20 and 21 
the solution of Penney and Pnce'^' is extremely close to that of Morse 
and Rubenstem, for the incident angle of 90 and to the limit of a 
to which the latter is carried  For this same normal incidence the 
Lacombe approximation is sensibly the same It is not until 9 = 30 
that major deviations occur between the Lacombe and Morse-Rubenstein 
solutions.  The latter should be preferred for design purposes 
because of its conservative tendencies 

EXPERIMENTAL EVIDENCE 

(13) Blue    carried out extensive model tests on diffraction behind 
a breakwater gap  His measurements were made on a square grid system, 
which had to be converted to the polar coordinate system.  Only those 
results could be used, therefore, which approximated the B/L value 
for the theory.  The points plotted in Figures 22 and 23 suffer extreme 
scatter, which is probably due m part to the variety of depth/wavelength 
and height/length ratios used, both of which would have influenced 
the degree of reflection from the vertical walls of the model break- 
waters  The results as presented cannot be accepted as verification 
of the theoretical curves, so that further practical work appears 
necessary.  In order to exclude the reflect on component, tests similar 
to those reported herein are indicated, the only difference being 
the width of the approach channel in respect to the wave length. No 
drastic differences m wave attenuation should be expected, since the 
only change is the limited crest length from which the diffraction energy 
is supplied 

CONCLUSIONS 

SEMI-INFINITE BREAKWATER 

1. The theoretical value of diffraction coefficient for a semi- 
mfinite breakwater can be divided for engineering purposes into two 
components, arising respectively from the incident and reflected waves. 
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2. The diffractxon coefficient from (1) above can be presented in 
a simple table or graph which involves an angular measure and distance 
from the breakwater tip. The incident and reflection components 
determined from the angle through which diffraction takes place, are 
additive. 

3. The sensibly constant profile along the nearly circular crests 
of the diffracting waves permits a simplified presentation of diffraction 
coefficient for arc distances from the shadow line, which covers a 
wide range of incidence angle and radial distance  Various degrees of 
reflection from the breakwater can be incorporated into the diffracted 
wave height 

4. Experimental evidence confirms the reflection component approach. 
It also verifies the zero reflection solution for incident angles from 

o      o 
60  to 150  inclusive.  For lesser angles an addition of 0.1 in the 
diffraction coefficient is recommended. 

BREAKWATER GAP 

5 The various theoretical solutions for wave diffraction behind 
a breakwater gap give very similar results for incident angles approach- 
ing 90   Only when the angle is less than 45 do deviations become 
pronounced. 

6. The simplest presentation of data results from the use of the 
parameter Kj^R/L, together with a polar coordinate system based upon 
the incident orthogonal passing through the mid-point of the gap. 

7 Results from past experiments on the breakwater gap contain too 
much scatter to verify the theory, indicating the need for further work 
in this direction. 
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CHAPTER 17 

SYSTEMATIC COLLECTION OF BEACH DATA 
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Washington, D. C 

ABSTRACT 

Theoretical considerations of "beach "behavior are often hampered "by a lack 
of systematically obtained data sets which reflect the beach environment.  For 
specific studies, lack of time and money often prevent the collection of such data 
sets.  Thus, any opportunity for the collection of such data, on a routine basis, 
should be fully exploited l 

In 19679 the U S Army Corps of Engineers and the State of California initiated 
a cooperative program to collect empirical data at selected locations along the 
California coast. The objective was to establish a reservoir of repetitive, system- 
atic observations, by qualified personnel, with the hope of securing a better under- 
standing of the physical characteristics of the California shore and the littoral 
processes occurring there. 

Once a sufficient volume of data has been collected, analysis of the data 
will begin with the aim of determining meaningful correlations between the various 
recorded parameters. 

The number of distinct observations and sites dictated standardized observational 
procedures and recording methods amenable to automatic processing  Observational 
methods and a recording form were designed to provide a base of comparison and an 
efficient means of processing the expected large volume of data  Investigation of 
various methods of recording data led to the design of a suitable optical scanning 
form.  This form, completed m the field by individual observers, can automatically 
be converted to punched cards for further processing  Experience m collecting 
similar data in connection with other studies of the Coastal Engineering Research 
Center influenced the selection of comparatively inexpensive instruments for data 
collection. 

Approximately 50 observation sites, extending from the Oregon-California bound- 
ary to the United States-Mexican border are presently contributing data.  These sites 
represent a wide variety of shore types, beach sediments, geographic orientations, 
and morphology  It is anticipated that future expansion of this program will in- 
clude sites other than those directly controlled by State agencies and will allow a 
more detailed description of the California shore  Although not presently program- 
med, the extension of this study to other coastal areas of the United States where 
little or no information is presently available would be desirable, and could provide 
the necessary background for more comprehensive description of the overall behavior 
of the littoral zone 

INTRODUCTION 

BACKGROUND 

Although increasing emphasis is being placed on investigative study of the deep 
oceans, the boundary zones of the lands and seas remain generally unknown areas and 
of concern to relatively few investigators.  In some respects, this classically for- 
saken zone should invite greater concern, for it is here that man leaves one environment 

T?he field collection of data, laboratory procedures and consequent study 
here reported are being carried out m connection with the general research 
program of the U S Army Corps of Engineers, Coastal Engineering Research 
Center  However, the" interpretations expressed are those of the author and 
are not necessarily concurred in by the Corps of Engineers.  Permission 
granted by the Chief of Engineers to publish the information contained 
herein is appreciated 
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to enter another  This general lack of active interest can certainly he partially- 
attributed to the complex problems that confront those investigators intrepid 
enough to evince an interest, this boundary or littoral zone has all these forces 
and problems associated individually with land or sea occurring here m strange 
and unwonted interfusion. 

However, despite this somewhat bleak prognosis, knowledge of the littoral zone 
and its many interacting forces has increased markedly m recent times, although 
a great deal is still to be learned  Theoretical studies of shorelines, designed 
to increase our understanding of the environment are often hampered by a lack of 
systematically obtained data sets which adequately reflect the dynamic character 
of the littoral zone.  For specific, project-oriented studies, a lack of time and 
money generally prevents the collection of statistically significant data sets, 
this expediency often imposes misleading conclusions, resulting in projects that 
fail from the outset or are of only limited success. Thus, whenever an op- 
portunity for the collection of environmental data on the littoral zone occurs, 
the occasion should he fully exploited and supported. 

In late 1966, such an opportunity occurred when the State of California pro- 
posed the collection of empirical data at selected sites along the California Coast, 
utilizing available State Park employees m order to document beach configurations. 
Due to the large volume of information that would ultimately be developed m a pro- 
gram of this type, the U. S, Army Corps of Engineers was asked to cooperatively 
participate in the study and act as custodian of all collected data with a possible 
overview toward compiling the data so obtained to eventually prepare a suitable 
summary report. The Coastal Engineering Research Center (CERC), the primary 
representative of the Corps m this field, accepted the proposal, provided that the 
data would be obtained and furnished in reasonably complete sets on a regular and 
systematic basis 

The ultimate aim of the proposed data collection program was to establish a 
reservoir of repetitive, systematic observations which would be compiled and made 
available to the scientific community for applicable analytic study. The results 
of such studies would hopefully result m an increased understanding of the littoral 
environment and more particularly, greater knowledge of the physical character- 
istics of the California shore and the littoral processes taking place. 

STUDY CONCEPT 

Early in 1967s after a series of meetings between representatives of all inter- 
ested parties, the State of California began a test collection of field data at Hew 
Brighton State Beach located at the north end of Monterey Bay, primarily for the 
purpose of evaluating the extent of effort required by individuals to make a 
specified number of observations. Since the proposed study would utilize the employ- 
ees of California as the observers, the collection of any data would necessarily be 
in addition to their regular duties, and could not unduly interfere with their normal 
routine. This initial test satisfactorily confirmed the feasibility of using such 
employees as observers. During the test, twice daily observations were made of 
surf characteristics, i.e , wave height and period, as well as direction of wave 
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origin, tide level, and measurements of the location and elevation of the "beach 
berm crest with respect to a reference point and an arbitrary datum  Additionally, 
panoramic photographs of the beach were taken weekly. 

At the outset of planning and coordination of this study, it was readily ap- 
parent that the intended scope of the study would yield a large volume of data, of 
the order of 30,000 bits of information per month, which if improperly recorded and 
processed would negate the value of the data collected  It was envisioned that 
approximately TO observation sites would be included in the study m order to yield 
data on a variety of shore conditions.  The number of distinct observations and 
sites dictated standardized observational procedures for logical compatibility of 
data and recording methods amenable to automatic processing of the data  Experience 
in collecting similar data m connection with other studies of the Coastal Engineering 
Research Center influenced the selection of the particular observations and a limited 
number of comparatively inexpensive instruments for making the observations.  The 
experiences of the Center and of others m various methods of recording data was in- 
vestigated, and this led to the design of a specialized form employing optical scan- 
ning techniques to facilitate automatic processing of data 

Based on the results of the test at New Brighton State Beach and of other similar 
studies, the parameters selected for observation include 

1  Surf observation (twice daily) 

a. Wave period 
b. Wave height 
c. Wave direction 
d. Type of breaking wave 

2.     Wind observations (twice daily) 

a. Velocity 
b. Direction 

3  Beach observations (once daily) 

a. Beach berm crest elevation referred to some 
specific datum 

b. Beach berm crest distance from an established 
reference station 

c. Foreshore slope angle 

h      Littoral current observations (once daily) 

a. Velocity 
b. Direction 

5  Tide level (twice daily) 

6.  Presence of rip currents (twice daily) 
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7. Presence of beach cusps (twice daily) 

8. Panoramic photographs of the observation site (monthly) 

9. Collection of representative beach materials (monthly) 

10. Water temperature (twice daily, this factor is observed only if 
it is obtained for other purposes as a normal procedure at a 
particular site). 

11. Reports of any unusual occurrences. 

Additionally, periodic visits by Corps of Engineers personnel to each observation 
site will be made to ensure that correct observational procedures are being con- 
sistently practiced and to emphasize and explain the importance to the study of doing 
so. 

PROCEDURES 

SITE SELECTION 

As originally proposed by the State of California, observation sites would be 
established at selected beaches and shoreline parks, operated and staffed on a full 
year basis by the Department of Natural Resources, Division of Beaches and Parks. In 
the final selection of the observation sites, consideration beyond personnel 
availability was given to the need for data to assist in the planning, design, con- 
struction or maintenance of coastal works m an area, correlation of the observed 
data with existing or planned basic data collection programs, general shore conditions, 
i.e., a variety of shore exposures, orientations and beach configurations, and spacing 
of sites to give the greatest coverage with the fewest locations  Within those shore- 
line segments where there are no State operated beaches but where the collection of 
data is desirable, locally operated beaches and parks have been included. 

Of over 80 beaches operated under State direction, 39 observation sites have been 
established and are submitting data  Additional sites will be added as the State 
expands its recreational program, and stations personnel at more beaches. Further, 
there are approximately 20 observation sites operated by local agencies which are 
being added to the study. A map of California with the locations of the active obser- 
vation sites  is shown in Figure 1.  As previusly noted, the shoreline conditions vary 
at each site and typical illustrations of these conditions are shown m Figure 2. 
Conditions vary from pocket beaches to long, uninterrupted shores, and from heavily 
populated areas to remote, uninhabited shores. 

INSTRUCTIONS, RECORDING FORMS AMD INSTRUMENTS 

To minimize variance in data collection methods by the large number of individuals 
involved, a set of instructions describing the preferred methods of observation was 
prepared and distributed to each site  The instructions for each item, arranged in 
the same sequence as these items appear on the actual recording form, consist of short, 
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concise statements relative to each individual parameter and the manner in which 
each observation is to "be made. These instructions, illustrated in Figure 3, have 
"been laminated with plastic to facilitate their use m the field as a ready reference 
at the actual site  In addition to these instructions s brief statements concerning 
individual observations have also been printed on the data recording form to facil- 
itate the observational procedures. 

The form on which the observations are recorded has been designed for automatic 
processing through an IBM 1231/1232, optical mark page reader, which converts the 
data to acceptable computer language•/*. Once the value of an individual observation 
has been determined, the data is recorded on the form shown in Figure k  by filling in 
the appropriate blanks with an ordinary lead pencil. 

Two comparatively inexpensive instruments have been selected for measurement of 
the three parameters, wind velocity, elevation of the beach berm crest and the angle 
of the foreshore slope. A Dwyer Wind Meter, shown in Figure 5, is used to measure 
the wind velocity rather than using visual estimates such as Beaufort Wind Scales. 
The instrument's simplicity of construction and use, as well as its comparative ac- 
curacy assures compatibility of data between observation sites  An Abney Topographic 
Hand Level allows the measurement of the beach berm crest elevation in the normal 
manner, the angle of the foreshore slope is measured by using the level as an inclino- 
meter.  Use of the Abney Level in the latter fashion is shown m Figure 6. 

Each site has also been supplied with a measuring tape, a supply of plastic 
bags for collecting samples of the beach materials, a supply of fluorescem or rhoda- 
mine B dye for use m observing the littoral current patterns, cameras, film and 
sturdy envelopes for mailing the data to the Coastal Engineering Research Center. 

METHODS OF OBSERVATION 

At each observation site, a permanent reference point with a known elevation has 
been established near the shoreline. Observations are referred to this station so 
that all subsequent data sets can be used to reflect variations of the littoral environ- 
ment from a fixed reference.  The observations are made during a normal inspection of 
the shoreline by personnel assigned to the area.  These inspection tours usually occur 
twice a day so that two sets of observations are possible each day at each site.  The 
various instruments, instructions and recording forms require no special handling and 
can easily be carried by the observer during his normal tour. Once on station, 
observation of the desired parameters by following the procedures outlined m the in- 
structions and on the data-recording form is a simple task requiring approximately 
20 minutes. 

Observed data is forwarded to the Coastal Engineering Research Center on a weekly 
basis, samples of the beach materials and photographs (obtained monthly) are mailed 
as taken 

OFFICE PROCEDURES 

At CERC, the data is processed through'an optical mark page reader and converted 

*Numbers in parentheses refer to References at end of report. 
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to standard punched data cards which are stored for analysis in future studies 
The only data reduction now planned is the compilation and data printout of the ob- 
servations.  However, once a statistically significant volume of data has "been ac- 
cumulated, detailed studies of data will be started to seek meaningful correlations 
"between the various parameters. 

Granulometric analysis of "beach materials is accomplished on a routine basis 
by the Geology Branch of the Coastal Engineering Research Center as the samples are 
received.  Utilizing a rapid sediment analyzer similar to that described by Schlee(5)s 
size distributional characteristics of the samples are calculated by computer tech- 
niques and include cumulative size-frequency distribution, median and mean diameters, 
standard deviation, skewness and kurtosis of each sample.  Presently, this is the only 
analysis being made of the beach material samples, however, the samples are being 
retained so that other types of analysis (compositional, heavy mineral, etc.) can be 
made by investigators m the future if deemed desirable. 

EXAMPLES OF USE FOR COLLECTED DATA 

Although no detailed studies of the submitted data have yet been accomplished, 
several possible methods of investigation are discernible when scanning the obser- 
vation forms and the results of beach material analysis and photographs. Examples of 
these methods of investigation are illustrated, but are not intended as a complete 
catalogue of possible uses. Illustrative examples represent only minimum analysis. It 
is believed that the information will have many more uses beyond those suggested by 
the author 

SURF AND BEACH OBSERVATIONS 

Data from an observation site has been randomly selected to illustrate the pos- 
sible correlations of the surf and beach observations.  Approximately 60 days of record 
for Seacliff State Beach on Monterey Bay, collected during the spring of 1968, are 
shown in Figure 7  Although there are lapses of several days each in the record, ap- 
parently caused by lack of manpower at these times to collect the data, the record is 
essentially complete and is open to several qualitative interpretations. 

For example, the data in Figure 7 shows for the recorded period that the waves 
were small, varying from 1 to k  feet m height, had rather long periods, averaging 
slightly higher than 10 seconds and they originated from a distant generating area in 
the southwest quadrant. Generally, the waves broke on the shore as spilling waves. 
The overall response of the shore to these waves resulted m an accreting beach char- 
acterized by a lowering berm crest with a gentle foreshore slope. 

Qualitatively, it can be stated that the predominant wave climate during this 
period was conducive to movement of available littoral materials toward the observation 
site and allowed it to remain m the area. Additional data will, m all probability, 
record varying responses during other periods of the year.  Studies by Shepard^"' 
and Trask''' have shown that California beaches undergo annual cycles with general 
erosion of the beaches occurring during the winter months when large, steep waves ac- 
companying storms out of the northwest predominate, and accretion during the summer 
months of southwesterly sea swells which return sand to the upper portion of the beach 
profile. 
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This type of data, once more of it has "been accumulated and processed, will 
assist various individuals and agencies in project oriented studies of the California 
shores.  A case m point is a recent report of the Corps of Engineers Los Angeles District 
on Newport Beach, California^ 9 using data on beach sidths observed since 195U by 
Mr. Robert E. Reed, Chief Lifeguard of that city  This information, m conjunction 
with studies of a more conventional nature was used to predict the time when the beach 
would erode to a dangerous position, and require restoration by placing sand fill on 
the shore.  A summary of Reed's data as used by the Los Angeles District is shown m 
Figure 8  This dat is similar to that being obtained m the cooperative program reported 
on, as indicated in the instructions and observation form and Figure 7- 

Surf observations at locations on parts of the U. S. Coast other than those shown 
on Figure 1 are presently being analyzed at CERC under a different study^' (co- 
operation with USCG), but data collected under any of these studies will be correlated 
with any that may be available from any of the other study programs  Observations of 
the surf are intended to supplement more detailed study of waves using recording wave 
gages installed at various locations on the coastline of the United States'^' 

Compilations of the observed data on surf characteristics and beach response 
should also prove useful m studies directed primarily toward the recreational aspects 
of the shore  The ability to predict the overall characteristics of a beach for such 
uses as swimming and surfing will allow the appropriate agencies to assign various 
classifications for safety and use to the beaches. 

BEACH MATERIALS ANALYSIS 

As previously mentioned, analysis of sample beach materials received at CERC 
under this program is made by the Geology Branch  The results of the analysis from the 
rapid sand analyzer are processed by computer methods yielding the size-frequency dis- 
tributions of the individual samples as well as the computation of the statistical 
parameters which are descriptive of size distributions.  Several typical examples of 
this process are shown in Table 1.  The samples listed were all obtained on 1 July of 
this year and are representative of the type of analyses presently being made 

Availability for comparison of the various parameters of the beach materials for 
many beach locations should result m additional understanding of the geomorphology 
of the California shore, and when correlated with all the other observed data, should 
enhance the understanding of shore characteristics in relation to the materials com- 
posing the beach.  An example of such a comparison is shown in Table 2 where mean 
diameters and standard deviations of the beach samples have been listed for a number 
of observation sites. The data listed in Table 2 is based on analyses of samples 
taken during the spring of 1968, The locations are listed m a north to south di- 
rection as shown on Figure 1 and the variance m the physical characteristics of 
beach materials at different locations is indicated. 

As directed m the study instructions shown m Figure 3, the samples of beach 
material are obtained from the wetted zone of the beach and although sampling is 
small compared to the whole beach area, hopefully the results of the sample analysis 
will bear some significant relationship to the physical characteristics of the materials 
forming the entire beach. It is already clear that there is substantial variation m 
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Typical Results of Computer Analysis of Beach Material Samples 
Littoral Environment Observations 

PHI MM. Frequency Cumulative 
Size Size Percent Percent 

Wright's Beach Ho 05021 

-1.00 2.000 .00 00 
- -50 1.414 87.55 87.55 

.00 1.000 10.98 98.52 

.50 .70T 1.48 100.00 
1.00 .500 .00 100 00 
1.50 .354 .00 100.00 
2.00 .250 .00 100 00 
2.50 .177 .00 100.00 
3 00 125 .00 100 00 
3 50 .088 .00 100.00 
4.00 .062 .00 100.00 

San Simeon Beach No  05009 

.50 .707 .00 .00 
1.00 .500 23.17 23.17 
1.50 .354 35.56 58 73 
2.00 .250 29.18 87 91 
2.50 .177 9.92 97 84 
3.00 .125 2.16 100.00 
3.50 .088 .00 100 00 
4.00 .062 00 100.00 

Carpmtena Beach Mo. 05014 

1.00 .500 .00 00 
1.50 .354 11 25 11.25 
2.00 .250 29.71 40.96 
2.50 .177 37.91 78.88 
3.00 .125 19.67 98.55 
3.50 .088 1.45 100.00 

It.00 .062 .00 100.00 

Huntington Beach No. 05027 

.50 .707 .00 .00 
1.00 .500 11.79 11 79 

1.50 354 16.61 28.40 

2.00 .250 22.21 50.61 

2.50 .177 31.59 82.20 

3.00 .125 16.34 98.54 

3.50 .088 1.46 100.00 

4.00 .062 .00 100.00 

Sample taken 1 July 1968 

STATISTICAL PARAMETERS 

PHI MM 

Median - 64 I.562 
Mean -.63 1.552 
Stand Dev. 18 1 136 
Skewness 1 38 
Kurtosis 6.85 

Sample taken l.July., 

STATISTICAL PARAMETERS 
PHI MM 

Median 1.40 380 
Mean 1 42 372 
Stand Dev. 47 1 383 
Skewness 46 
Kurtosis 2 62 

Sample taken 1 July 1968 

STATISTICAL PARAMETERS 
PHI MM 

Median 2.13 .229 

Mean 2 11 .232 
Stand. Dev .45 1.365 
Skewness .03 
Kurtosis 2.13 

Sample taken 1 July 1968 

STATISTICAL PARAMETERS 
PHI 

Median 1.99 
Mean 1.90 
Stand. Dev. .64 
Skewness -.36 
Kurtosis  2.28 

MM. 

.252 
269 

1.553 
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TABLE 2 - Comparison of Computer Derived Statistical Parameters for Beach 

Material Samples - Lrttoral Environment Observations 

Date of Mean Diameter Standard Deviation 
Location Sample 

1 Apr 68 

<j> Units mm 4) Units mm. 

Mackemcher -0.05 1 ok +0 30 0.82 

Russian Gulch 25 Apr 68 +1 70 0 31 +0.53 0.69 

Van Damme 8 Apr 68 +0 10 0 93 +1 02 0 1*9 

Manchester 11 May 68 +0.80 0.57 +0 80 0.57 

Goat Rock 15 Apr 68 +0 10 0.93 +0.80 0.57 

Wright's 15 Apr 68 +0.70 0 62 +0 87 0 55 

Stmson 17 Apr 68 +2.15 0 23 +0.39 0 76 

Thornton 15 Apr 68 +1 85 0 28 +0.39 0.76 

Half Moon Bay 15 Apr 68 +0 50 0.71 +0.1*5 0.73 

Natural Bridges 1 Apr 68 +1 60 0.33 +0.57 0.67 

Twin Lakes 8 Apr 68 +1.25 0 1*2 +0.1*8 0 72 

New Brighton 2k  Mar 68 +2 10 0.23 +0 50 0.71 

Seacliff 6 Apr 68 +2 00 0 25 +0 1*8 0.72 

Sunset 5 Apr 68 +1 90 0.27 +0.1*2 0.75 

Carmel River 6 Feh 68 +0.25 0 81* +0 57 0 67 

San Simeon 9 Apr 68 +1.U0 0.38 +0 1*5 0.73 

Montana de Oro 1 Nov 67 +1 00 0.50 +0.63 0.65 

Flsmo 1 Apr 68 +2.1(0 0 19 +0.30 0.81 

El Capitan 1 Apr 68 +2.10 0 23 +0 36 0.78 

Carpmteria 1 Feh 68 +1.90 0 27 +0.1*2 0.75 

San Buenaventura 1 Apr 68 +2.10 0.23 +0 1*2 0 75 

McGrath 1 Apr 68 +0.70 0 62 +0.33 0 80 

Point Mugu 1 May 68 +2 00 0.25 +0.36 0.78 

Leo Carrillo 3 Jan 68 +1.35 0 39 +0.50 0 71 

Bolsa Chica 6 Apr 68 +0 75 0.59 +0.60 0 66 

Huntmgton 1 May 68 +1.75 0 30 +0.50 0.71 

Newport 1 Apr 68 +1.1*0 0.38 +0.1*5 0.73 
Doheny 26 Apr 68 +0.90 0 5U +0.70 0.62 

San Clemente 19 Apr 68 +1 1*5 0 37 +0.50 0.71 

Torrey Pines 18 Apr 68 +1.75 0 30 +0.1*2 0.75 
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TABLE 3 - Comparison of Variations m Mean Diameters of Beach Materials 
Littoral Environment Observations 

Locations of Beaches 
Thornton San Simeon San Buenaventura Bolsa Chica 

Date cf> Units 

1 60 

mm. 

0 33 

<j) Units mm. <tf> Units mm 4> UnitE 

2 20 

3 mm 

Oct 67 1.05 0.U8 2 15 0 22 0 22 

Mov 67 2 00 0 25 1 25 0.1*2 2 10 0 23 1 30 0.1*1 

Dec 67 2 05 0.2k 1 1»5 0.37 2 00 0 25 0 95 0 52 

Jan 68 1 95 0.26 1 U5 0 37 2 10 0.23 1 10 0 1*7 

Pet 68 1 95 0.26 0.80 0.57 2.10 0 23 0.50 0.71 

Mar 68 1 90 0 27 0 60 0 66 1.60 0 33 0.70 0 62 

Apr 68 I.85 0 28 1 1*0 0.38 2 30 0 20 0.75 0 59 

May 68 1 55 0.3U 0 75 0 59 1.20 0 1*1* 1.50 0 35 

Jun 68 1 20 0 1*1* 1.80 0 29 1 1+0 0 38 



BEACH DATA 283 

the composition of samples at different points in time from the same locations 
Table 3 lists the results of part of the beach material analyses for four ob- 
servations sites for a 9-month period.  It can be seen that the mean diameter of 
the materials varies considerably, especially for the observation sites at San 
Simeon and Bolsa Chica State Beaches. This variation may be a result of re- 
sorting and redistributing by increased storm action that is typical along the 
California Coast during the winter months but it cannot be directly attributed to 
any one factor until sufficient data has been collected and interpreted. 

PHOTOGRAPHS OF OBSERVATION SITES 

Photography has long been an accepted method of documenting the condition of 
beaches and shoreline structures and m many cases has been the only evidence 
gathered.  The use of such photography in a number of studies has revealed changes 
which would otherwise have been impossible to describe without having resorted to 
difficult, expensive and time-consuming surveying techniques.  A historical record 
of the New Jersey shoreline by Vesper and Essick^' is an example of the judicious 
use of photography, a capsule commentary on the variations of a large segment of 
the coastline of the United States is placed in one brief, easy-to-comprehend, 
volume. However, ground photographs by themselves do not allow quantitative de- 
scriptions of the shoreline variations which occur, and therefore can only com- 
plement data of a more conventional nature  For this reason, panoramic photographs 
of each observation site are taken monthly.  The photographs reveal the general 
conditions at each site which cannot be recorded on the observation form  It is 
felt that the photographs will allow an investigator studying the data to form im- 
pressions of the observation sites which would not be otherwise possible unless 
he actually visited each site, and will hopefully assist m the interpretations 
of the data. 

A series of photographs, acquired under this study, are shown in Figures 9 and 
10. Three overall views of El Capitan State Beach, plus three views to the south 
of the actual observation point at this beach are shown in Figure 9.    Several recog- 
nizable landmarks are clearly discernible m all six photographs, such as the small 
grove of trees and the stone groin in the background, and these assist in the eval- 
uation of the general beach condition.  It can be seen that in November 196? the 
beach was generally broad, with a gentle foreshore slope, and had at least two 
berms, in January 1968 the beach was slightly narrower, having been recently affected 
by storm waves as indicated by the cuspate tonal difference of the sand above the 
waterline m the left photograph and the beach scarp in the right photograph.  An 
added inference is that wave conditions were conducive to the formation of beach 
cusps at the time the photographs were taken  By March 1968, the beach is still 
narrower and again shows recent effects of storms as denoted by seaweed and debris 
on the shore m the left photograph and the beach scarp, considerably larger than 
that shown in the photograph for January 1968, on the right. 

Figure 10 is a series of six photographs taken at Natural Bridges State Beach 
over the period November 19^7 through April 1968  The variation m the condition 
of the beach which is easily noted m these photographs reflects a seasonal cycle 
at this observation site. 
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Detailed analysis of other observed data should "be concurrently considered 
in order to confirm these conclusions but the photographs do allow rather quick 
analysis of overall beach conditions. All of the photographs taken at each ob- 
servation site are being filed at the Coastal Engineering Research Center and will 
become a part of the data bank for future analytic studies. 

STUDY SUPPORT 

As stated, this study is a cooperative effort of the State of California and 
the U. S. Army Corps of Engineers. The State, acting through the Department of 
Natural Resources Division of Beaches and Parks provides the necessary manpower for 
the colleciton of data. The cost of this manpower contribution at present far exceeds 
the other efforts in a monetary sense. A typical observation site can be initially 
equipped for under $100 and requires sustaining funds of approximately $30 per 
year. The funds for this support are budgeted under the general research program 
of the Coastal Engineering Research Center. It should be noted, however, that with- 
out the cooperation of the State of California, the collection of this type of data 
could not be unilaterally carried out by the Center. 

The distant location of the Coastal Engineering Research Center from California 
makes assistance from other branches of the Corps of Engineers a requirement, the 
South Pacific Division and the Los Angeles and San Francisco District Engineer offices 
have been instrumental in the coordination and implementation of this study by pro- 
viding the necessary technical liaison between the Center and local park employees 
at each observation site. Personnel of these offices, by their knowledge and ex- 
perience, have contributed immeasurably in the selection of individual observation 
sites, in obtaining the excellent cooperation experienced to date from a large 
number of individual observers located at many distant points. 

The initial compilation and reduction of the collected data will be made by 
CERC as part of a much broader program of data collection and analysis, seeking full 
understanding of littoral environment around the United States. 

It is presently contemplated that this study will continue for three years, 
however, the value of the data could conceivably extend the life of the program well 
beyond this period. Specific analysis of the data will ultimately be made by 
scientists and engineers of the Center, but all data will be available to any inter- 
ested investigator who desires to make use of it. 

CLOSURE 

This study of the California shoreline is in no way unique or original. The 
Netherlands'3J has long led the world in documenting coastal variations, and the 
Coastal Engineering Research Center itself has conducted or supported similar 
studies of the shores of the United States, including those of California in more 
limited scope. However, it is felt that the frequency and number of observations, 
and the number of observation sites, place this study in a novel status. It is 
expected that future analysis of collected data will enhance understanding of the 
littoral environment and allow greater utilization of this zone by man. 
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Fig. 1. Map of California showing the locations of Littoral Environment Observation Sites. 
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a.   Goal Rock Stale Beach.Sonoma Coast b.   San Buenaventura State Beach 

and McGrath State Beach. 

c.   Stinton State Beach. d.   Newport Beach,City of Newport Beach- 

Fig. 2.   Aerial photographs ol typical California Littoral Environment Observation sites. 
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LITTORAL ENVIRONMENT OBSERVATIONS 
Instructions for filling out CERC form No 32 

CERC form No    32 has  been designed for processing by optical  scanning equipment      This  equipment  automatically    reads     the observatior 
forms   and  converts   the   recorded data   to  punched   cards  which  will   then  allow  analysis   of  the data  by  computer methods        It   is   therefore 

length  of  the  mark positions   and  should   fill   at   least   two-thirds   of   the space  between  the   top  and  bottom of  the  guide   lines       The  marks 
should not extend more  than 1/16    beyond  the ends  of the guide  lines  and  in no case should  they be extended beyond the margin on the  right 
hand  side  of the  form      Marks  beyond  the margin will  result  in erroneous  reading of  the data form      If an error  is  made  in recording data 
erasures  should  always be made carefully and completely      An incomplete erasure will  be read as  a mark 

STATION  IDENTIFICATION 
Each site  in the    Littoral  Environment Observation    study has  been assigned a  numerical  i.ode > 

digits   define   the   state  or   territory   in which   the  site   is   located  and   the   remaining  3 digits   defin 

SURF OBSERVATIONS 
a      Wave Period - Record  the  time  in seconds for  eleven (11) wave    crests     to pass some stationary point      Eleven "crests"will   include 

ten complete waves  (crests  and  troughs)      The  first  (1)     crest    selected  for  observation is  recorded as  time zero and  the  eleventh  (11) 
crest    will  be  the  stop or  cut  time      Record  this  time  in seconds   in the spaces provided 

b Wave Height - This observation is based solely on the judgement of the observer Natural or manmade features on the shoreline 
or in the surf zone whose dimensions are known may aid in judging the height of a wave utherwise the observer s best estimate will he 
sufficient       Record   the  wave   height   to   the   nearest  foot 

c      Wave Direction - To  indicate  the  direction of  the  approaching waves  the  observer must  know the  approximate  orientation of the 
beach with respect  to north      The observer can then determine the direction    from which    the waves are approaching the beach 

d       Type   of Breaking Wave 

Spilling - Spilling occurs  when the  wave crests  becomes  unstable  at  the  top and  the crest flows  down the  front face of the wave 
producing an irregular    foamy water surface       (see figure  1  on reverse side) 

Plunging - Plunging occurs when the wave  crest curls  over  the  front  face of  the wave  and  falls  into the base of the wave 
producing a high splash and much foam      (see figure 2  on reverse side) 

Surging    - Surging occurs  when the wave  crests  remains  unbroken while  the base of the front face  of the wave advances  up the 
beach      (see  figure 3 on reverse side) 

WIND OBSERVATIONS 
a Wind Velocity - A wind meter is provided to each observer and it is recommended that the instructions provided with the meter 

be   followed   to  obtain wind velocity measurements 
b      Wind Direction - After  the  approximate orientation of the beach  with respect  to north has been defined  the  observer can determine 

the direction    from which    the  wind  is coming 

BEACH OBSERVATIONS 
a       Elevation of most  seaward  beach  berm crest       To obtain  this   measurement  a graduated   reference  pole  has   been   installed   on  the  beach 

and  the observer  has been provided with a hand level      The hand  level  will  be used  as  a surveying  level  therefore  it   is  suggested  that  the 
observer provide himself with  a vertical  support  such as  a 2 by 4  or a pipe  to rest  the  instrument  on      This  support must  be  of a known 
length    say A  or 5  feet      After  locating the position of the most seaward beach berm crest  the observer  standing on  the berm crest and 
using his  level will take a reading of the graduated reference pole      This  reading minus  the known length of the level support shall be 
indicated on the  form in the spaces provided      Space  is also provided  on  the  form to  indicate whether  the elevation is plus   or  minus 

b      Distance  of most seaward beach berm crest from reference pole      The  observer will  measure  the distance from the  installed 
graduated   reference  pole   to where  he   takes   his   level   reading 

c Angle of the foreshore slope For this measurement it is suggested that the observer have with him a clip board Lay the clip 
board on the foreshore slope and place the hand level on the board with the long axis perpendicular to the shoreline Next loosen the 
arc  set  screw,  center  the bubble on the crosshair  in the bubble  tube    tighten the  arc set  screw and  note  the reading on the  DEGREE scale 

rement   the   observer has   been provided   with dye       The  dye  should   be   thrown   into  or   just  forward  of 
ureaner  zone        ine   ooserver  will   note   the   position of  the dye   at  entry   into  the  br  aker   zone   and   the  position of  the dye  after   an elapsed 

•  of one  (1) minute      Measure  the distance between these two positions  and enter  the value  in the spaces  provided on the form 
b       Current   direction       Having   already established  the  approximate  orientation of the beach   the  observer  can readily determine   the 

?ction  in which   the  dye  or  current   is  moving 

ARE RIP CURRENTS  PRESENT? 
Rip currents  are defined  as  seaward moving channels  of water  which MW                             ,»,, WMWMHIM              , .    ,- 

return  the water  that  has  been piled up along  the shore by incoming waves w }f I                      SHORE—i                }. )   ' 
Rip currents are fed by feeder  currents,  water moving along  the shore t   ''..•' ^ f\        ,' <   "• > ,t 
(see figure  at  right)      Two currents  join and extend  out  in what  is  known as     V  * t r \\ ' 4 *f 
the    neck      where  the water  rushes  through  the  breaker  zone  in a narrow -v   i    .                                   I 
lane       Beyond   the   breaker   zone   the  current  spreads   out   in what   is   called 
the    head    and dissipates       If such rip currents  are present  indicate so and 
if multiple   currents   exist   record   the distance between  such   rip  currents 

Fig. 3.a.   Obverse side of Littoral Environment Observations instructions. 
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be   taaan  oner  *  aontri.   prtfrrably  early  ••fit  eon 
up  and  dom  CM*f   dirniior  art  d.iirn).     phot ogr apM  aach  aonth  *nould 
rrcufnliablr   lindniit   in   the   bacairrmnd   If  puiiilr.     At   I•>•• I   )  patoloe   ahov! 
ta   ttiit  fuWri   and  photo*   of  unuaual   feature*  an  the  baatfi   ir»  deairabla,      I 

I.     overall   view of  ine   beach   looking   toaard   the   ocean -ith  itit  tef. 
t,      lira  ijpto.it   froa  the  referent*   pal*.     (Reference  pal*  mti  be   li 
J.     "lee  doniKNit   f»o*i  the   HttoMM  pel*.     (Referent*  pal*  *Jr  be 

WIMIC   vice*   a/   the  beach   1 

leer   In*   jM'i.Cf   I*  not   11a 

It   la   requeeted   (hat   rath  obecreer i   following   InforeatlM 

2.     Oa)ta  and   tine  alien photograph  •*.*   taken. 
1.     DiJrcnon  a/  lean*  (ajaJHl,   up/down coaatl. 
4.     leeurtt,   If  any. 

.   •.»•[) MH*L*  IMJAimD' 
Sand *eJeple* at. in be takan once a eaxtth from tba *aae general location on I 

I tand in. Tht baga ihauid be f11 lad full and the ttapir ebould bo obtained fri 
w  aetted  or  the   •*«   up-ruih   (at *  feu  aaaaaslr   figure  3  beloa).     All   aaaple*   obi 
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FIGURE   I   SPILLING WAVE FIGURE 2   PLUNGING WAVE 

FIGURE 3 SURGING WAVE 

FIGURE  4 CUSPS 

Fig. 3.b.   Reverse side of Littoral Environment Observations instructions. 
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LITTORAL ENVIRONMENT OBSERVATIONS COASTAL ENGINEERING RESEARCH CENTER 

5201 Little Falls Road N W, Washington, D C 20016 

STATION IDENTIFICATION 

Name of beach or park 

[ State wTefritory 

its-     ^ 

Mar    Apr     Msy    Jita Aua     Sen     Qsi     Wor 

Neareil quarter hour 

SURF OBSERVATIONS     These observations arem fee nffie twice-ffi daily  once m the memtng and once «i the afternoon 

a  Vlave Period    Give the time m seconds for eleven breaker erests ft) pass" - 
a point  Eleven crests wifi include ten complete breakers IcreSs plus 
troughs)  Crest 1 ts 2ero time, west It rs cut time 

b Wave Height Give tbf. average wave height from crest to vougfi to (pet* 
for the highest third of the observed breakers. If less than one half (1/2* 
foot  record   0 

1       -2 £;     -4     (100s) 

-J*      -2        '£-      4       (Is) 

,*| -  ^i     v 3--    ^ 4 *   ftOs) 

d  Type of Breaking Wave    See-msgujitions for Wffiffiff^^Jffiffi;,,.,, i|fto^.i 

WIND OBSERVATIONS    These observations are to be made twice (2) daily  «it Ihe same time that the sort observations are made 

a   Wind Vflogiry    To be measured to the nearest mile per hour (mph) # 1       .3 3-4      (10s)      5 « £ 

$ * 
Noie the direction from which the wind Onshore 

Calm 

BEACH OBSERVATIONS    The beach measurements a 3 be once (?) a day (SreteraMy a* the same time each day between 1300 and 1950 

6        xfc: A- (10s) 6- 

-4, (ts) -S - 

-Jr-    SOW    S 

-tsr M 

Angle of the foreshore Slope meaawsd. in the area of die wave 
uprus*i  to the nearr^st degree    See instructions for ittustrattao 

UOQs) 

»** 
OS) 

""(ST - 
1H 

~3       -& 

4     LITTORAL CURRPNT OBSERVATIONS    To be made once US  1 day  preferably at the s e each day  between 0700 and 1200 

Current Velocity    Measure m feet the 0 (100s) 

110s) 

b   Current Direction     Observe direction tn which current is 
moving toward sw-    w-    mt 

TIDE LEVEL    if known  indicate the relative state of the fade 

Rising        -- Falling    -, 

ABE RIP CURRENTS PRESENT? (See 11 

s No Jf yes  indicat 

;t  for tiluitta 

spacing in 1' 

ARE 8EACH CUSPS PRESENT?   (See inst lor illustration) 

Ves No i[ yes  indicate spacing in feet    „ 

WERE PHOTOGRAPHS TAKEW? WAS SAND SAMPLE OBTAlHSD? 

10  WATER TPMPFRATURE     To the newest degree  If available (lOsl 

(Is) 

3 rewetw side of form as necessary 

n No 32 (16 Oct 67) Observers Signatur 

'Fig. 4   Copy of Littoral Environment Observations form, CERC Form No. 32 (16 Oct. 67 ] 
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Fig. 5.   Photograph of Dwyer Wind Meter used in measuring 

predominate wind velocities. 
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Fig. 6. Photograph of Abney Topographic Hand Level being 
used as an inclinometer to measure the angle of the 

foreshore slope. 
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Fig. 7    Graphical presentation of Surf and Beach Observations, 

Seacliff State Beach, April - May, 1968 
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LEAST LOSS (last) 

A    V 
MOST LOSS (J9&5)- 

(ADJUSTED FROM 1967 
OBSERVATIONS) 

NOTE 

I WIDTH FIGURE SHOWN IS WIDTH OF LEVEL 8EACH FROM SOUTHERLY UNE OF PRIVATE PROPERTY 
LOCATION FROM 19S4. TO 19«4 )S W*i ST, FROM 1965 ON IS •till- ST 

2.PLOTT6D FROM DATA FURNISHED ST CITY OF NEWPORT BEACH,PUBLIC WORKS DERARTMEWr 
DATA      OBSERAIEP  BY    MR    ROBERT   E    REED, CHIEF    L-IFE6UARD 

Fig  8.   Graphical presentation of observed beach widths, Newport Beach. 
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4  NOV. 1967 4   NOV.  196 7 

3   MAR. 1968 

5   JAN. 1968 
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Fig 9.   Panoramic photographs of El Capitan State Beach, California taken 

during Nov. 1967, Jan. and March 1968. 
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L9G7 11   FfB. 19fc8 

11 DEC. 19&7 1 1   MAR. 19<68 

H JAN. 1968 11 APR. 1968 

Fig. 10.   Panoramic photographs of Natural Bridges State Beach, California taken 

during the period Nov. 1967   through April 1968. 



CHAPTER 18 

LONGSHORE TRANSPORT OF SAND 

by 

Douglas L. Inman, Paul D. Komar 
Scnpps Institution of Oceanography, University of California 

La Jol la, Cal i forma 92037 

and 

Anthony J. Bowen 
Tidal Institute, University of Liverpool 

Birkenhead, Cheshire, England 

ABSTRACT 

Simultaneous field measurements of the energy flux of breaking 
waves and the resulting longshore transport of sand in the surf zone 
have been made along three beaches and for a variety of wave conditions. 
The measurements indicate that the longshore transport rate of sand is 
directly proportional to the longshore component of wave power. 

I NTRODUCTION 

The importance of waves in transporting sand along the shore has 
been recognized for many years, but quantitative measurements of trans- 
port rate as a function of wave energy flux have only been possible 
during the last two decades and then only in model wave basins.  The 
study of the longshore transport phenomena in the real surf zone requires 
synoptic measurements of the flux of wave energy and the transport rate 
of sand. 

This is a preliminary report of a continuing study that is being 
conducted along three natural beaches.  El Moreno Beach, Mexico, on the 
northern Gulf of California; Silver Strand Beach, Coronado, California, 
and, Scnpps Beach, La Jol la, California.  The sands on these beaches 
range in median diameter from 180 to 600 microns, and the waves incident 
to the beaches varied from one-third to one meter high wind waves from 
the Gulf of California, to one to two meter high swell from the Pacific 
Ocean. 

Contribution from the Scnpps Institution of Oceanography, University of 
California, La Jolla, California. This study was supported by the 
Coastal Engineering Research Center, U. S. Army, and the Office of Naval 
Research, under contract with the University of California. 

298 



LONGSHORE TRANSPORT 299 

PROCEDURE 

The direction and flux of wave energy is measured from an array of 
digital wave sensors placed in and near the surf zone.  The wave staffs 
and their installation is described in Koontz and Inman (1967) and a 
schematic diagram of the array is shown in Figure I. The array has both 
on-offshore and longshore components with spacings between staffs of 
about one-quarter of the wave length of the prevailing waves. 

The output from the array is entered on magnetic tape, and later 
programmed on a computer to obtain the wave spectra and cross-spectral 
analysis for the various members of the array. The wave spectrum is 
obtained by Fourier analysis of the time series of water level fluctua- 
tions at each sensor, using a rapid procedure (Fast Four) modified from 
Coo ley and Tukey (1965).  The spectrum consists of the squares of the 
absolute values of the complex Fourier coefficients, which serve as 
estimates (having dimensions of length squared) of the energy density in 
each elemental frequency band (Figure 2).  The sum of the energy densities 
under the spectral peak of the incident waves is the mean-square eleva- 
tion <IT3'> of the water surface described by the time series.  The mean 
wave energy per unit area of the water surface is given by the product 
of <nz>  and the weight per unit volume pg of the water 

E = P9<rf> =1 pgH^,s (D 

where Hrms is the root-mean-square wave height.  The flux of energy, or 
power transmitted per unit of wave crest length is given by the product 
of E and the group velocity G of the waves, P = EG.  The direction of 
energy flux is interpreted from the phase difference between the various 
sensors.  Sensors at or near the breakpoint of the waves are used to 
obtain the angle <X that the breaking wave makes with the beach.  The 
longshore component of wave power per unit length of beach is then given 
by 

P  = P si not cos<X (2) 

Quantitative measurements of the longshore transport rate of sand 
are obtained from the time history of the position of the center of 
gravity of tracer injected onto the beach.  The sand tracer is native 
sand colored with a thin coating of fluorescent dye. The tracer is 
introduced onto the beach face in single injections of between 45 and 
90 kilograms. The movement of the sand is indicated by the subsequent 
distribution of the tracer as determined from approximately 200 volume 
samples taken from the beach face at various times after injection. 
Figure 3 shows an example of a tracer distribution obtained from such a 
sampling.  The mean distance of transport is taken as the distance bet- 
ween the injection point and the new center of gravity of the tracer 
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PLAN 
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PROFILE 
HIGH WATER  LEVEL 
LOW  WATER  LEVEL 

s. 
; RECORDING  " " 
ANEMOMETER 

'.'.••'•.•.'•:":•'DIGITAL  WAVE   STAFFS .'•:•: 
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Figure I. Schematic diagram of sensor array used for measuring direction and flux of 
wave energy (after Koontz and Inman, 1967, Fig. 16)  Cross-spectral analysis shown 
in Figure 2 is from a longshore pair of such an array. 
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distribution, while the thickness of the sand layer involved in the 
transport is determined from the depth of burial of tracer in cores 
taken from the beach. The bulk volume of sand transported per unit 
time, S, is the product of the mean longshore distance of transport, 
the width of the beach, and the thickness of the layer of motion, all 
divided by the time between injection and sampling. 

The accuracy of the measured transport rate is dependent upon the 
portion of the original tracer that can be accounted for by the sampling 
program. Most of the tracer should be accounted for by an initial sam- 
pling soon after injection of the tracer.  The rate of decrease in the 
accountable tracer budget with successive sampling intervals should be 
commensurate with the estimated loss by lateral diffusion to concentra- 
tion levels below the threshold of sampling sensitivity.  If more than 
one-quarter of the injected tracer cannot be accounted for in the sam- 
pling program, the data are considered unsatisfactory and not used. 

DISCUSSION 

Simultaneous measurements of the longshore transport rate of sand 
and the flux of wave energy have been made on three beaches and under 
six different wave conditions with breaker heights up to two meters.  The 
new data is plotted together with previous field and laboratory data in 
Figure 4. The longshore transport rate, I j , is expressed as immersed 
weight transport per unit time so that the transport is defined in terms 
of the difference in densities of the sand, ps, and of the fluid, p. 
The relation between the immersed weight transport and the volume trans- 
port per unit time, S, is given by 

l_j  = <PS - p) g a, S (3) 

where g is the acceleration of gravity and a, is the correction for pore- 
space, a, was assumed equal to 0.6 in transforming the data of other 
workers into immersed weight. 

The best fit curve for the new data agrees generally with the rela- 
tion 

ijp =KP, (4) 

suggested by Inman and Bagnold (1963), with a value of K equal to about 
0.7.  Figure 4 shows that the longshore power of the new measurements 
is about one-half that for previous field data, for a given transport 
rate. This discrepancy appears to result from the erroneous use of the 
significant wave height in computing wave power for the earlier field 
observations (Inman and Frautschy, 1966).  The expressions for wave 
power are based on the root-mean-square wave height, H ., which is also 
the wave parameter measured in the laboratory for simple waves of steady 
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amplitude.  For real waves having a single narrow band of frequencies, 
the use of the significant wave height gives a wave power that is erron- 
eously high by a factor of two (Longuet-Higgins, 1952). 

The results of this study indicate that the rate of longshore trans- 
port of sand is:  (I) directly proportional to the longshore component 
of wave power for fully developed transport conditions; and, (2) inde- 
pendent of sand size within the range of about 180 to 600 microns studied 
here. 

The new field data indicate that the longshore transport of sand 
is directly proportional to the longshore component of wave power. How- 
ever, it appears that the transport conditions are not fully developed 
for all laboratory experiments and that the transport mechanism is there- 
fore less efficient than for conditions that prevail in the field. This 
difference in efficiency must be considered in any attempts to extrapolate 
laboratory measurements to field conditions. 

The size of the sand on the beach appears to have little effect on 
the transport rate.  In suspended load transport, the size of the sed- 
iment, because of the dependence of settling velocity on size, is an 
important variable.  This suggests that suspended load transport of sand 
in the surf zone is less important than bed load transport. 
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CHAPTER 19 

APPLICATION OF FLUORESCENT COATED SAND IN LITTORAL DRIFT 
AND INLET STUDIES 

Mmze Stuiver and J. A. Purpura 

Department of Coastal and Oceanographic Engxneering, 
University of Florida, Gainesville, Florida 

ABSTRACT 

The use of fluorescent coated sand In tracing the sand movement along 
beaches and around Inlets is an important tool in the field of Coastal 
Engineering.  As a part of an extensive beach erosion study along the shore 
of West Palm Beach, Florida, four areas were subjected to such a "tracer 
study." Each area represented a particular beach configuration either with 
or without erosion protective structures.  In this paper the procedure and 
results for one area is described. 

As a second application of sand tracers, the results of a study con- 
cerned with the sand migration in and around South Lake Worth Inlet is 
discussed. 

LITTORAL DRIFT STUDY ALONG A BEACH 

Injection 

Figure 1 shows the methods of injection and sampling of the fluorescent 
tracers.  The tracer sand, whose properties have to be exactly the same as 
the properties of the sand of the test beach, is injected during low water. 
It is spread out on the dry beach from approximately the high water line to 
the low water line over a width of 50 feet and is mixed with the beach sand 
by raking.  In this way the tracer material is wet before it is subjected to 
the wave action.  Experience has shown that this is a particularly important 
step in the injection procedure for if the tracer material is not "wetted" 
it will float on top of the water due to surface tension and may result in 
misleading information.  Water soluble bags were used for tracer injection 
from the low water line to approximately the MSL -3 foot line.  These bags 
often being placed under water dissolve within ten to fifteen seconds re- 
leasing the tracer material. 

Sampling Procedure 

The sampling of beach material is started at the first low tide after 
injection.  The tides along Florida's east coast are semi-diurnal. The 
time intervals between sampling are generally taken as the period between 
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two low tides.  The low txde during the daytime is most convenient for working 
on the beach. The distances between sampling points generally depend on the 
nature of the study.  If only a small area is to be studied in detail, the 
distances between sampling points may be as small as 100 feet; whereas a lit- 
toral drift study along a relatively uniform beach does not require such small 
distances.  In the discussed littoral drift study, the distances between sam- 
pling points was chosen at 500 feet.  In the offshore direction, three samples 
were taken, at the high water line, the low water line, and the MSL -3 foot 
line, respectively.  Although, in general, there exists no rule for the number 
of samples to be taken, the accuracy of information obtained by the sand 
tracing method improves proportionally to the number of samples taken.  How- 
ever, the time required for analysis of each sample sets a practical limit 
to the total number of samples to be collected during each survey. 

Sample Analysis 

The sand samples are collected in small labeled bags, dried, and examined 
for tracer content. For reasons of comparison, one-hundred grams of the 
well-mixed sample are analyzed. This analysis is carried out for all of the 
samples taken. 

The results for a particular set of sampling give a concentration dis- 
tribution of tracer as a function of distance from the injection point.  The 
least square method was applied to fit a third-degree polynomial curve to 
the "raw" field data (Figure 2).  If this is done for each consecutive survey, 
a family of concentration curves as a function of time can be formed as shown 
in Figure 3.  Since samples have been taken at three water lines, three sets 
of curves are obtained. 

From Figure 3 it can be seen that, in general, the concentration de- 
creases for each subsequent survey and that the maximum of the concentration 
curve shifts. The decrease of tracer concentration is due to dispersion as 
well as burial of part of the tracer material.  If one assumed uniform erosion 
or accretion, the absolute maximum of the concentration would be affected; 
but the location of the tracer concentration maximum would remain the same. 
If the distance, As, between two successive concentration maxima is divided 
by the according time interval, At, the average migration speed, v, of the 
tracer material is obtained.  Since the tracer material is identically the 
same as the beach material, the speed of the littoral drift is known for 
the time, At, between two surveys.  Figure 4 shows v as a function of time 
for the high water line, low water line, and MSL -3 foot line.  Since the 
test beach has a north-south orientation, the drift is found to change from 
north to south. 

As a next step, it has been tried to correlate the speed of littoral 
drift with the longshore component of the wave energy.  The Coastal Engi- 
neering Research Center, U.S. Army Corps of Engineers kindly allowed the 
Department of Coastal and Oceanographic Engineering to obtain the daily 
records of a step-gauge wave recorder located at the end of the 1,000 foot 
long public pier at Lake Worth, Florida.  The analysis of the records showed 
that 85 per cent of the wave periods ranged from 3 to 6 seconds and that 
the remaining 15 per cent of the waves were in the range of 6 to 11 seconds. 
Accepting an average period of 5 and 9 seconds for the two categories, 
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respectively, refraction diagrams were calculated for these two periods and 
for wave directions from the northeast, east, and southeast. Diagrams were 
calculated for each study area m addition to a small area around the wave 
recorder.  Knowing the wave energy E and the width between adjacent rays 
b at the recorder, the energy E in each consecutive ray m the study area 
could be extrapolated from 

bR 
s  b  R 

s 

The longshore component of the wave energy is represented by 

ET = E cos a = r— E„ cos a 
L   s        b  R s 

where a is the angle between the normal to the beach and the wave crest. 

Discussion of Results 

The result of a long and tedious analysis is comprised in Figure 4. 
The figure shows the speed of sand migration as a function of time in one 
study area and is correlated with the longshore wave energy of that area. 
The figure shows the change in direction of the longshore energy component 
to agree fairly well with the change m direction of littoral drift.  It 
also indicates an increase in speed of littoral drift with an increase in 
longshore energy.  There seems to be a tendency for the littoral drift to 
slightly lag the longshore energy component.  A very significant feature of 
the figure is the sensitivity of the high water area to the wave energy, 
indicated by the maximum amplitudes of the solid line. A remarkable fact 
is that the transport in the MSL -3 foot area is also very pronounced. Less 
movement is observed in the low water region. This generally has been ob- 
served in the analysis of the other three areas.  The latter results are not 
shown to avoid repetition. 

It has to be stated that the accuracy and the correlation are not 
perfect. Particularly, the representation of the speed of sand movement as 
a function of time does not generate the desired confidence; although, a 
pattern of similarity in the modes of transport for the high water line, 
low water line and MSL -3 foot line can be unmistakably defined.  It is 
believed that the indicated approach for obtaining information concerning 
littoral drift can be made very useful especially for calculating and com- 
paring the speed of littoral drift for a wide variety of beach configura- 
tions found in nature. 

From the results of this study it is evident that the sampling methods 
need to be improved. As a first step, it seems to be necessary to take 
more than one sample at each sampling point and to determine the tracer 
concentration at this point from the analysis of three or four samples. 
Another step could be to reduce the distance between the sampling points. 
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As stated before, this may not be possible from a practical point of view. 

SOUTH LAKE WORTH SAND TRACING STUDY 

General 

A very effective use of sand tracers can be made in the study of sand 
migration in-and-around inlets. Figure 5 shows the South Lake Worth Inlet 
connecting the Intracoastal Waterway with the Atlantic Ocean. The width of 
the inlet channel is 130 feet, and the length measured from the easternmost 
jetty tip to the Intracoastal Waterway is 1900 feet. The average depth is 
14 feet below MSL.  The channel bottom has a rocky composition with some 
patches of sand, particularly in the bridge area. The channel is confined 
between vertical steel sheet piling over its entire length.  A serious 
problem, dating back to the time the inlet was dredged in 1927, is the sand 
drain into the inlet. This results in a substantial loss of sand from the 
surrounding Atlantic beaches. This problem has been partially solved by 
installing a permanent dredge on the north side of the inlet to artificially 
transfer sand by a 10-inch pipeline to the south side of the inlet. Qual- 
itative determinations of natural and artificial bypassing as well as the 
transport of sand into the inlet have been made by using four different 
colors of tracer material. 

Locations of Injection and Sampling 

Green tracer in the amount of 2000 pounds was placed on the beach 
600 feet north of the inlet; 2000 pounds of red tracer material was in- 
jected at the same location on a bar at a distance of approximately 100 feet 
offshore. This bar extended southward and terminated due east of the inlet 
entrance. Another 2000 pounds of yellow tracer material was injected 500 feet 
to the south of the inlet between the high water line and the MSL -3 foot 
line.  Finally, 2000 pounds of rose-violet tracer material was injected m 
the inlet on the Intracoastal Waterway side. Figure 6 shows all the locations 
of injections. 

The samples on the north side of the inlet were taken at 100 foot 
intervals from Station 0 + 00N through Station 5 + 00N. The sampling points 
on the south side of the inlet also had a spacing of 100 feet between each 
station from Station 0 + 00S through 10 + 0OS and were spaced 500 feet apart 
from here on through Stations 25 + 00S. 

In the inlet channel, bedload and suspended load samplers were installed 
from which samples could be remotely drawn (See Figures 5 and 6). A small 
hand dredge was used to obtain samples from the Intracoastal Waterway bottom 
in the immediate vicinity of the inlet and the area adjacent to the jetty. 

Current and Wave Measurements 

Current measurements employing a Price current meter were made in the 
inlet channel in order to obtain a correlation of the mode and speed of 
sediment transport to the prevailing currents during the test. The veloc- 
ities were measured in the middle of the channel and 40 feet to the north 
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and south of the middle at a distance of approximately 150 feet east of the 
bridge crossing the inlet (See Figure 5).  This location coincides with the 
location of the samplers.  Table I shows the current velocities during the 
peak of the flood tide. 

TABLE I 

CURRENT VELOCITIES IN INLET CHANNEL 

Average Current Velocity (ft/sec) 

Date of 
Measurement 

North of 
Middle 

Middle 
South of 
Middle 

12-6-1967 5.8 5.2 2.8 

12-7-1967 5.6 5.0 2.7 

The current velocity distribution is highly asymmetric about the channel 
centerline.  Figure 5 shows how the current even reverses direction m a 
region south of the middle.  The location of the trap was such that it was 
not affected by this negative current.  In addition to the skewed current 
pattern, the flow was highly turbulent.  To record the current pattern, use 
was made of dye packages attached to anchored floats.  The dissolved dye 
created clearly distinguishable streaks in the water which were recorded by 
aerial photography. 

The wave heights and wave periods were measured visually.  Table II shows 
that during the test the direction of wave approach was at about 15 degrees 
north of the normal to the beach with wave heights of 3 to 5 feet and periods 
of 4 to 5 seconds.  This produced a relatively strong longshore current flowing 
south. 

Discussion of the Results 

Natural and artificial bypassing 

Figure 5 shows the concentration curves for the green tracer material 
between the north jetty and Station 5 + 00N for eleven consecutive surveys. 
The migration of the maxima of the curves to the south indicates the speed 
of sediment movement which appears to be slow. Of particular interest is 
the zero concentration for survey 1 through 5.  This most likely was caused 
by stagnancy of the water in a strip directly north of the jetty.  This 
feature is evidenced by the fact that during the first and second day the 
samples taken from the artificially bypassed sand show almost negligible 
amounts of green tracer material.  (P indicates location of permanent dredge, 
and the arrow at Station 10 + 00S indicates discharge of bypassed effluent.) 
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TABLE II 

WAVE HEIGHT, WAVE PERIOD AND WAVE DIRECTION DURING TESTING PERIOD 

Date Survey No. 
Wave Height 

in Ft. 
Wave Period 
in Seconds 

Wave Direction 

12-5-67 1 6.10 5.06 ENE 

12-6-67 2 5.00 3.83 NE 

12-7-67 3 3.88 3.60 NE 

12-8-67 4 2.51 3.40 NE 

12-9-67 5 2.15 3.48 ESE 

12-10-67 4.10 3.73 SE 

12-11-67 6 3.58 3.71 SE 

12-12-67 1.66 3.13 E 

12-13-67 1.65 2.95 E 

12-14-67 2.18 4.48 E 

12-15-67 7 No Waves 

12-16-67 No Waves 

12-17-67 1.80 6.00 E 

12-18-67 2.08 4.20 E 

12-19-67 8 2.56 5.20 E 

12-20-67 3.78 4.75 SE 

12-21-67 2.48 3.93 ENE 

12-22-67 9 4.50 5.30 NE 

12-23-67 4.15 4.26 NE 

12-24-67 4.73 5.76 NE 

12-25-67 2.35 4.73 NE 

12-26-67 10 1.30 4.76 E 

12-27-67 1.85 3.46 E 

12-28-67 11 3.80 3.66 E 

12-29-67 0.96 4.14 E 

12-30-67 1.18 3.63 E 

12-31-67 2.05 3.56 SE 
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The notation "green 1/100" refers to the presence of one green tracer grain 
in a sample of 100 grams. Only at the point where waves rushed up on the 
beach and then hit the jetty was a substantial amount of green tracer ob- 
served. 

Due to the prevailing rough weather only a few samples could be collected 
from the bar.  However, the few bar samples taken show high amounts of red 
tracer indicating a considerable sediment transport along the bar.  The high 
concentrations of red tracer sampled from the artificial bypassed effluent 
show that the feeding of the bypassing plant occurred predominantly by the 
sediment migrating along the bar.  Evidence of considerable natural bypassing 
is given by the relatively high concentration of red tracer found on the 
beach to the south of the inlet (See Figure 5, curves in the right top corner). 

Looking at the concentration curves for the yellow tracer, which initially 
had been injected on the south side of the inlet, it appears that for survey 
Nos. 2, 3, and 4 there is substantial transport to the south.  This is in 
agreement with the wave information of Table II.  For the next three days, the 
waves were from the southeast shifting the maxima of the concentration curves 
Nos. 5 and 6 back, indicating a transport to the north.  For the remaining 
surveys, Nos. 7 through 11, the waves were from the east or northeast which, 
in combination with the orientation of the shoreline, should result in a 
littoral transport to the south.  This is substantiated in the curves between 
Station 10 + 00S and Station 20 + 00S by the drop in tracer concentration. 
However, north of Station 10 + 0OS there is a tendency for the tracer concen- 
tration to increase, indicating that sand is transported toward the inlet from 
the south and, as will be shown later, moves into the inlet.  This tendency 
also appears in the concentration curves of the naturally bypassed red tracer 
material. 

The explanation for this behavior can be found m the analysis of the 
dye patterns.  They showed that,for waves approaching from southeasterly 
directions, the longshore current was directed toward the north and transported 
the sand into the inlet.  For wave conditions from the northeast, as prevailed 
during the two days of measurements on which Figure 6 has been based, there 
existed a large eddy on the leeside of the north jetty rotating in a clock- 
wise direction (See Figure 5).  Dye packages released in the surf zone at 
various locations between Stations 0 + 00S and 10 + 00S produced south ori- 
ented streaks which reversed direction around Station 5 + 00S.  The streaks 
north of Station 5 + 00S advanced to the easternmost tip of the south jetty 
giving rise to the idea that even under these conditions sand from an area 
extending approximately 500 feet to the south of the inlet is transported 
into the inlet. 

Sediment transport into the inlet during flood 

Bedload and suspended load samples were collected in the inlet channel. 
The suspended load was sampled for fifteen minutes by pumping the water-sand 
mixture through a fine sieve m a sample bag. The rate of pumping was such 
that continuity existed at the intake nozzle. The bedload was collected by 
means of bedload traps for thirty minute cycles.  (Bedload traps are of the 
type described by Thornton (1968) in these Proceedings.)  The qualitative 
results of this part of the test program are shown in Figure 6, I R, II R, 
I L, II L, III L, respectively.  The figures represent the unsmoothed tracer 
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concentration curves for three consecutive days.  The legend at the bottom 
of the figure only applies to these concentration curves. 

The curves in I R and I L, representing the tracer concentrations two 
days after injection in the south and north bedload and suspended load 
sampler respectively, show that in-the south side of the inlet the yellow 
tracer predominates, and the green tracer concentration is minor.  On the 
north side of the inlet, green is dominant, and yellow is present m smaller 
quantities.  II R and II L show the same tendency three days after injection. 
The yellow suspended tracer material is dominating on the south side, and 
the yellow bedload, green suspended load and green bedload occur in decreasing 
quantities.  On the north side of the inlet, the appearance of red tracer in 
the bedload, as well as in the suspended load, indicates that the travel 
distance for the green tracer has been smaller than it was for the red tracer. 
This suggests a leakage in the north jetty. The tracer concentration of the 
red material also far exceeded the concentration in the bedload. 

Figure 7 shows the grain size distribution curves for the beach samples 
north of the inlet and the samples taken north of the centerlme in the in- 
let.  Figure 8 shows the same set of curves for the south side.  It is important 
to note that the difference between the grain size of the suspended sediment 
and the bedload material in the channel is insignificant.  This can be ex- 
plained by the high degree of turbulence in the inlet, causing intensive 
mixing of the sediment vertically. However, there is a substantial difference 
between the grain sizes of the sediment carried through the inlet on the north 
side and the sediment carried through the inlet on the south side, which is 
evidenced by the curves for the channel on Figures 7 and 8. 

In general, there is always wave action on the north side of the north 
jetty entraining relatively coarse and heavy sediment. On the leeside of the 
north jetty, where there is little wave action, the only means of transporting 
the sediment towards the inlet is the eddy current generated in the lee of the 
north jetty.  The current is so slow that only the light material is entrained. 
This explains the difference in coarseness of the material transported through 
the inlet. 

Sediment Transport Outward During Ebb 

Very small amounts of organic matter were collected in the suspended load 
trap as well as in the bedload trap during the outgoing tide. Of the rose- 
violet tracer, nothing was collected in the samplers either. Visual inspection 
of the injection area showed that the patches of rose-violet tracer material 
were still present indicating that no movement takes place in a region approxi- 
mately 75 feet away from the inlet (See location of rose-violet injection in 
Figure 6).  Both observations seem to imply that the transport out to the ocean 
is negligible. 

Conclusions 

The sharp decline in concentration of the green tracer in the immediate 
vicinity of the jetty very likely is caused by stagnancy of water next to the 
jetty.  The lack of green tracer in the bypassed effluent and the presence of 
the same color tracer in the channel trap indicates a drain of sand through 
the north jetty occurring in the wave uprush zone, rather than being trans- 
ported around the jetty.  This has been confirmed by detailed tests at a 
later date.  There appeared to be a rather pronounced transport along the 
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bar which even results in substantial natural bypassing of the inlet.  This 
was evidenced by red tracer material collected on the south side of the inlet. 

Concerning the artificial bypassing for the given situation, it can be 
concluded that most of the bypassed material originated from the bar region 
and not from the beach.  This means that sediment not only is transported 
along the bar but also in substantial quantities across the bar. 

Of great importance are the observations made in the inlet channel. 
They show that the sediment carried into the inlet is predominantly a suspended 
load.  Of even more significance is the observed transport through the inlet 
from sediment originating from the south side (lee side) of the inlet for 
waves approaching from a northeasterly direction.  Figure 6 shows that the 
order of magnitude of concentrations north and south of the channel center 
are approximately the same.  This implies that, considering the low current 
velocity on the south side, the sand drain from the south is relatively high 
compared to the contributions from the north side. 

The negligible amount of sediment transported outward to the ocean makes 
this inlet an extreme example of a sand drain causing a considerable loss of 
sand from the surrounding beaches as evidenced by these tracer studies. 
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CHAPTER 20 

QUANTITATIVE  TRACING   OF  LITTORAL  DRIFT 

Dr.   Per  Bruun 

Professor of Harbour Engineering, 
Technical Unxversity of Norway, Trondheim 

NORWAY. 

ABSTRACT 

Tests were run at Fernandina Beach, Florida, using fluore- 
scent tracers and bed load traps with automatic doors and hy- 
draulic lift to determine the thickness of the bed load trans- 
port layer on the bottom ("bottom creep") (ref.l).  Four spe- 
cial bed load traps with hydraulic remote controlled doors 
were installed on an ab. 800 ft. long pier.  Fig. 1.  Tracers 
of various colours were dumped at various distances from the 
pier.  Two types of bottom profiles, Fig. 2, "berm profile" and 
Fig. 3, "bar-profile" were tested.  As an example Fig. 4 shows 
test arrangement and wave action for test No. 17 (berm profile). 
Longshore wave power for this particular test was 1,5 Watts per 
ft of wave (one Watt is ab. 0,1 kg m/sec or ab. 0,0014- Horse 
Power), H, ,, was o,45 m, T, ,„ was 4-5 sec. 

Fig. 4 shows average velocities of grains up to the point 
of maximum concentration as well as average velocities during 
the test of 1,3 to 1,5 hours (in paranthesis).  Thickness of 
the moving bed load sheet layer based on the average veloci- 
ties found during the testing period (ref.l) and the migrating 
quantities per meter of bottom were as indicated in Table 1. 

Table 1. Sheet layer thickness, ave. grain velocity and 
quantities per meter per hour. Longshore wave 
power ab. 1,5 Watts)ft or ab. 5 Watts/meter. 

Station 2 Station 3 
Layer thickness in cm 0,00064 0,00073 
Number of grains of 0,2 mm 1/35       1/30 
Average velocity of grains meters/mm.  1,3 0,95 
Quantity in liters per hour/m 0,48        0,42 
Quantity in kilograms per hour/m       0,2 8       0,2 5 

It is interesting to note from this and other tests that 
quantities of drift seemed to be related to the longshore wave 
energy. Fig. 5 shows longshore drift per ft as function of 
longshore wave energy per ft for a number of tests which in- 
clude berm as well as bar profiles and wave energy input rang- 
ing from a few Watts to ab. 50 Watts per ft of wave crest. 
Tidal currents 'could not be eliminated.  Results seem to bear 
some witness hereof. 
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From Fig:5 it may be seen that: 

a) Longshore transport as bed load seems to increase with 
longshore wave energy.  Not enough results are available how- 
ever to draw any conclusions, and it should be noted that all 
results refer to bed-load in narrow areas only.  Most littoral 
drift formulas assumes a linear relationship between longshore 
drift and longshore wave energy. 

b) The importance of a longshore (tidal) current super- 
imposed on the wave-energy current may be noted for the low- 
energy section. 

c) The importance of the longshore incl. tidal currents 
combined with the stir-up may be seen from the results for the 
higher energy levels.  The perpendicular-to-shore component of 
the wave energy is twice as high for the HH  Watt/ft longshore 
wave energy case as for the 3 2 Watt/ft. 

d) The importance of the longshore current is also evi- 
dent from the trough transports predominance over bar transport 
for the energy levels under consideration.  This is undoubtedly 
going to change for higher inputs of wave energy accompanied by 
frequent wave breaking and stir-up activity on the bar. 

e) The results mentioned above are of preliminary and in- 
dicative nature only.  Larger equipment and continuous record- 
ing is necessary in order to draw conclusions of more general 
value.  Such test should if possible be carried out on a shore 
without longshore tidal currents.  Two piers a few thousand 
feet apart on a straight shore would be a great advantage for 
the tracer tests and for comparison between quantities. 

Other results from this testing program are mentioned in 
paper by E. Thornton at this conference. 

Bruun, P. and J. Purpura (1964):  "Quantitative Research 
on Littoral Drift in Field and Laboratory", Proc. IXth 
Conference on Coastal Engineering, Lisbon, Portugal, 
pp. 267-288. 

This paper will be published in the Proceedings of the 2 2nd 
Congress of the Permanent International Association of Navi- 
gation Congresses, Paris, 1969. 
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CHAPTER 21 

VARIABLE DISPERSION AND ITS EFFECTS ON THE MOVEMENTS 

OF TRACERS ON BEACHES 

W. A. Price, Senior Principal Scientific Officer 
Hydraulics Research Station, Wallmgford, Great Britain 

SUMMARY 

To arrive at a quantitative  assessment of sediment transport 
using tracers it is usual to analyse the results using the 
"centroid method".  It is quite satisfactory to apply such a 
method when the dispersion from any cause is constant over the 
area under study.  However, when tracers are used m a variable 
dispersive field,as on a beach, the interpretation of the results 
"by normal methods can give misleading results. A simple arith- 
metical model is used to illustrate the ideas put forward m the 
paper. 

INTRODUCTION 

It is the author's contention that the results of many 
fluorescent tracer experiments carried out on beaches, particu- 
larly with respect to the movement of tracer m an onshore/ 
offshore direction, have been misinterpreted. The purpose of 
this note is to show that when tracers are used on or near "beaches 
in a variable dispersive field even the net direction of sediment 
transport, as indicated "by the trace elements, can "be misleading 
if interpreted "by normal methods. Although the author and his 
colleagues have questioned for some time the validity of some 
of the conclusions drawn from the results of tracer movements 
on "beaches the mam stimulus towards the formulation of the idea 
presented m this note came from reading the excellent "book 
by J, C. Ingle. Jr. - "Developments in Sedimentology - The move- 
ment of beach sand". (Ref. 1).  Ingle describes field tests 
carried out on beaches in Southern California where fluorescent 
tracers were used to track the movement of beach sand.  One of 
the conclusions was that the tracer invariably moved offshore 
towards the breaker zone.  Quoting from Page 5k.     (Ref. 1 ). 

"Since offshore tracer transport was dominant under all surf 
conditions (i.e. long-period low amplitude waves to short- 
period high-amplitude waves) an incongruity is presented as 
monthly beach profiles indicate that alternating periods of 
accretion and erosion occurred at all five test beaches over 
the period of the investigation". 

The present author believes that the results are not as 
incongruous as they appear.  When the beaches were building up 
(net onshore transport of material) or eroding (net offshore 
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transport of material) the tracer placed on the foreshore might 
well "be expected to move in an offshore direction. Unless there 
is a large sediment transport in one direction tracers will move 
towards the area of maximum dispersion - in this case towards 
the "breaker zone.  Tracer placed seawards of this point will move 
onshore while tracer placed shorewards of this point will move 
offshore. 

Arithmetical Model 

An attempt will he made to explain this concept "by means of 
a simple arithmetical model.  For simplicity take the case of a 
"beach subjected to regular waves xn a laboratory wave tank. 
After some time stability will be reached and an equilibrium 
beach profile established.   (Fig. 1). 

FIG. 1 .  A Stable beach 

If the profile is stable a number of statements can be made. 

1. There is no net transport of material past any section 
AA, BB, CG, DD. 

2. The movement xn a backwards and forewards dxrection will be 
greater at D than at C, greater at G than at B   etc. 
This follows from the fact that the wave orbits and the 
general level of turbulence are greater at D than at C etc. 

3. Proceeding offshore, a point will be reached where even the 
maximum wave-orbital velocities are not large enough to move 
material and such a point could be at A. 

Any arithmetical model, describing the way material 
moves on a stable beach, must satisfy the conditions in 
1, 2 and 3. 

At the Hydraulics Research Station, Wallingford, quite a lot 
of work is carried out in wave flumes on model beaches. What do 
we see9 With relatively low waves the bed ripples and within a 
ripple the material moves back and fore.  The activity of this 
movement varies with the position on the beach and the degree 
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of this activity will control the number of particles exchanged 
hetween adjacent ripples during one wave cycle. 

FIG. 2.  Exchange of particles 

For example, m one wave stroke, 3 particles might he exchanged 
hetween ripples m the vicinity of X, 10 particles hetween 
ripples m the vicinity of Y and 21 particles between ripples in 
the vicinity of Z   (Fig. 2). Proceeding through the breaker zone 
the exchange will then decrease to zero.  If this is the case 
then at a point on the bed m the area seawards of the breaker 
zone more material will be exchanged between this point and 
points right than this point and points left. An arithmetical 
model of a stable beach might, therefore be described as shown 
on (Fig. 3). 

BREAKER ZONE 
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FIG.   3.     Model of Tracer movement  on a stable beach. 
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Although It is not necessary to interpret the model in 
terms of the exchange of particles between ripples the ideas are 
easier to put across on this basis.  Consequently the triangular 
shapes m the diagram are meant to represent ripples and the 
figures between the ripples the number of particles exchanged m 
one wave stroke.  The variation m the exchange of material 
between ripples has been exaggerated for illustrative purposes 
and it has been assumed that each ripple contains the same 
number of particles - in this case 1000. Also, any material 
entering a ripple is assumed to be uniformly mixed with that 
which was already present at the end of each wave stroke. 

Suppose the ripples at A and B are now replaced by tracer. 
Its distribution can be calculated at the end of every wave 
stroke as shown in the diagram. Even by inspection it can be 
seen that the centroid of tracer distribution is moving onshore 
from A and offshore from B.  If the normal "centroid" method is 
used to interpret the results then unreal directions of sediment 
transport will be indicated - the initial premise for a stable 
beach being no net movement of sediment.  (The model can be 
extended to include net sediment movement m one direction and 
to demonstrate the anomolous situation of an apparent tracer 
movement in the opposite direction.) 

Tracer distributions measured in one of our laboratory 
wave tanks confirm that qualitatively the arithmetical model 
describes the movement of tracers quite well.  It was hoped that 
when we came to write the full paper we might have been able to 
describe the process quantitatively.  Pressures of work from 
other sources, however, have prevented us proceeding any further. 
A number of problems have to be solved m the quantitative case. 
For example, what controls the number of particles exchanged 
between adjacent parts of the bed9 Perhaps the exchange rate 
is proportional to the maximum wave orbital velocities, the 
orbit length, or the net movement of water close to the bed. 
Tests in a wave tank are now planned to resolve some of these 
questions. 

THE EFFECT OP TIDAL VARIATION 

So far the ideas have been explained m terms of a beach 
subjected to waves with a constant water level. However, the 
dominating influence of variable dispersion is perhaps more 
marked when the water level on the beach is subject to changes 
brought about by tides.  Here the periods of time that the water 
stands on the beach varies from place to place and, therefore, 
the phenomenon for the part of the beach between L.W. level and 
H.W. level is now time dependent. 
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PIG. l\..     Diagrammatic sketch showing dispersion with tides 

Let us describe qualitatively the cumulative effect of 
dispersion over a tidal cycle.  On the part of the "beach below 
L.W. level the dispersive agencies integrated over a tidal cycle 
will increase towards the "breaker zone (A  B) m Fig. i\.. 
Shorewards of point B the cumulative effect of dispersion will 
decrease because the time at which water stands at the various 
levels decreases when moving from L.W. to H.W. level (B   c) in 
Pig. U.  On this basis, as shown earlier, tracer placed shore- 
wards of L.W. level will tend to move seawards while tracer 
placed seawards of L.W. level will move shorewards. 

SUMMARY AMD COMCLUSIONS 

It is realised that such a simple model, at least m its 
present form cannot represent the movement of beach material 
completely.  For example, when violent movements of the bed 
material take place under large waves particles can be displaced 
many ripple lengths m one wave stroke.  Nevertheless, it is 
hoped that the model demonstrates that it could be misleading to 
interpret the movements of tracers injected into a variable 
dispersive field, on and near a beach, by the normal methods. 

It would be instructive m the field for a variety of 
reasons to measure the quantity of material travelling as littoral 
drift, not so much in total, but at various levels on the beach. 
The author and his colleagues have thought about this problem 
and have come up against the obvious difficulties of using tracers 
for this purpose.  If, however, the present arithmetical model 
could be made to work quantitatively (that is values could be 
ascribed to the dispersion coefficients at all "points on the bed) 
then tracer distributions measured m nature could be corrected 
for the apparent mass transport effect m the onshore/offshore 
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direction so that lateral distributions of tracer could then 
"be used to establish the quantity of drift at various levels. 

Finally, I would like to thank Mary Kendrlck, George Lean 
and Maurice Crickmore for the many enjoyable arguments we have 
had on this subject. 

This paper is published by permission of the Director of 
Hydraulics Research, Wallmgford, England. 

Ref. 1. Developments in Sedimentology 5.  The movement 
of beach sand.  James C. Ingle Jr. Elsevere 
Publishing Company, Amsterdam.  London, 
New York 1966. 



CHAPTER 22 

A FIELD INVESTIGATION OF SAND TRANSPORT IN THE SURF ZONE 

Edward B. Thornton 

Department of Coastal and Oceanographic Engineering, 
University of Florida, Gainesville, Florida 

ABSTRACT 

The distribution of bed-load sand transport normal to the beach has been 
measured m a series of field experiments conducted in the surf zone at 
Fernandma Beach, Florida.  Simultaneous measurements were made of the waves 
and water particle motion at various locations in the surf zone.  The energy 
flux of the waves was resolved Into Its longshore component from the measured 
directional and energy spectra.  It Is found that the bed-load transport is 
related to the depth of water and longshore energy flux.  Insight into the 
mechanics of sediment transport is obtained by comparing the wave and water 
particle motion energy spectra, which give a direct measure of the kinetic 
and potential energy, at various locations in the surf zone. 

INTRODUCTION 

A meaningful field investigation of the sand transport processes m the 
surf zone requires the synoptic measurement of a number of hydrodynamic and 
sediment variables.  Fairly complete and extensive data are required to eval- 
uate the validity of various proposed sand transport relationships and the 
formulations of new relationships where necessary. 

This paper describes field experiments conducted m the surf zone at 
Fernandma Beach, located on the northeastern coast of Florida.  The emphasis 
of this study was to obtain information concerning the distribution of bed- 
load transport perpendicular to shore and the physical processes causing 
such movement.  Sediment transport m the surf zone can be considered as 
being caused by a combination of shear stresses due to wave and current action. 
An attempt to correlate sediment transport with physical parameters then must 
include good wave and current measurements. 

The experiments were conducted from October, 1966 to May, 1967, a period 
that encompasses the more intense wave activity along this coast.  The beach 
and nearshore bottom profile is typically a one or two bar system with a 
gentle slope of two to three per cent.  The sand has a mean grain size of 
approximately 0.2 millimeters.  The mean tidal range is 1.7 meters. 
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The physical parameters measured during the experiments were the time 
history of the wave height, wave direction, instantaneous water particle 
velocities, tides, wxnd direction and speed, quantity of sediment transport, 
bottom contour profiles, and sediment characteristics. 

The measurements were conducted from a pier traversing the surf zone 
seaward to the outer bar, that is to the first breaker line.  A plan of the 
pier and location of the instrumentation is shown in Figure 1. A typical 
bottom profile taken adjacent to the pier is also shown in this figure. 
During the course of the experiments the waves "peaked" or spilled on the 
outer bar, crossed the bar, and carried on into the inner bar where they 
broke.  The experiments were limited to the study of the bed-load transport 
in the area bounded by the outer and inner bar. 

Since this is not the area of intense turbulence, the mode of trans- 
port is primarily due to bed-load which includes saltation.  It should be 
pointed out that this area represents only a portion of the surf zone, and 
the quantity of sand measured was not the total littoral drift, but repre- 
sents a significant contribution to the total. 

EXPERIMENT 

The experiments were conducted over approximately half a tidal cycle, 
usually four to six hours.  The tide recorder, anemometer, and sand traps 
operated continuously during the experiment.  Current measurements were 
taken at various locations for durations of at least five minutes and up to 
twenty minutes.  Waves were measured simultaneously and at the same location 
as the current measurements. Also during the test, wave measurements at two 
locations at the end of the pier were taken simultaneously for a period of 
twenty minutes. The instrumentation and details of measurements are described 
below. 

Taking measurements in the surf zone is very difficult due to the tre- 
mendous forces exerted by the waves.  It is almost essential for synoptic 
measurements to have a stable platform from which to work.  This platform, 
a fishing pier in this case, exerts some local influence on the environment 
being measured and care must be taken to minimize this effect.  Thus, all 
measurements were made as far from the pier and its piling as possible, and 
the measurements were taken on the updrift side of the pier on which the 
incident waves impinge first. 

A pier or similar structure extending out from the beach can also exert 
an influence on the general circulation patterns of the surf zone.  The pier 
can act as a perturbation on the longshore current system, and one often 
observes a rip current generated near the tip of such structures. Care was 
taken to note the occurrence of rip currents being generated at the pier, 
and such occurrences have been treated as being anamolous. Data taken during 
such experiments have been excluded. 

Another effect of the pier was noted from the bathymetry of the area 
adjacent to the pier.  It is found that there was considerable scour about 
the seaward end of the pier which certainly influences the sediment transport 
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in this vicinity.  Similar scour about the ends of other piers has also been 
found elsewhere.  It was also noted that there was some slight accretion of 
sand at the shoreward end of the pier in the swash-zone area. 

Current measurements 

The measuring of accurate current velocities in the presence of a wave 
field, such as the surf zone, has long been a problem. This has greatly 
limited the quantitative nature of results collected pertaining to sediment 
transport in the ocean. An electromagnetic flowmeter was used during these 
experiments and proved applicable for use in the surf zone. This instrument 
was used essentially as a turbulence meter. With this instrument, not only 
the mean, but the fluctuations about the mean, or the turbulent velocities, 
are measured. 

Problems encountered m the surf zone with conventional current meters 
are due to the suspended sediments and rapid water particle accelerations. 
The suspended sediments tend to wear out bearings or moving parts. Propeller 
or rotor-type meters have a poor response to rapid accelerations due to the 
inertia of the blades.  Since the electromagnetic current meter utilizes no 
moving parts, these problems have been eliminated. 

The current meter mounted on a tripod is shown in Figure 2.  Its overall 
length is 15 centimeters with an inside bore diameter of 1 centimeter.  Cali- 
bration of the instrument showed it to have very linear characteristics over 
the velocity range of less than 0.03 meter per second to more than 5 meters 
per second, which was the range of the calibrating facilities.  The tests 
also showed the instrument to have a fairly flat response up to frequencies 
of one cycle per second.  For a complete description of the current meter and 
other instrumentation the reader is referred to Thornton (1968). 

It was found necessary to mount the current meter on a tripod rather 
than on the pier in order to have the desired rigid mounting.  The pier, 
although a stable platform to work off, responds to the wave motion with a 
frequency approximately the same as the frequency of the waves.  The motion 
of the pier is mostly lateral.  This motion has negligible effect on the wave 
measurements but introduces a serious impressed motion on the current meter 
record.  The natural frequency of the tripod is much higher than frequencies 
of interest for the measured water particle velocities and has proven to be 
an excellent mounting. 

Wave measurements 

Waves, as they appear in nature, are essentially aperiodic or random in 
nature and as such have to be treated as a statistical phenomenon. The 
studies were conducted over a relatively short duration of time, half tidal 
cycle or less, and, as such the physical environment may be assumed quasi- 
stationary.  Since a stationary system can be assumed, spectral analysis was 
employed in treating this aperiodic phenomenon. 

Both energy-density spectra and directional spectra of the waves were 
measured by means of two resistance wire wave poles located at the end of 
the pier.  The outer bar delineates the seaward edge of the surf zone, and, 
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FIGURE     2 
ELECTROMAGNETIC    FLOW   METER 

FIGURE     3 
BED-LOAD    TRAP 
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since the waves were recorded here, the energy input into the surf zone 
was measured directly.  By computing the Fourier transform of the cross- 
correlation function of the two wave records, a single directional spectrum 
is obtained.  This analysis associates a direction with each frequency com- 
ponent and is essentially a measure of the phase difference between the two 
measuring locations for each Fourier component. 

A pressure transducer to measure wave heights was mounted on the same 
tripod as the current meter so that a direct correlation of the water particle 
velocity and wave height could be obtained at the same location in the surf 
zone. 

Bed-load traps 

The quantity of sand transport was measured by means of bed-load traps 
which are aligned in the direction of the longshore current.  These traps, 
shown in Figure 3, rest on the bottom and sample an area 20 centimeters high 
by 40 centimeters wide.  The bed-load movement here is defined by the height 
of the traps and, as such, includes saltation.  Up to six traps were used 
simultaneously. 

The unique design of these traps has evolved over several years of use, 
and they have proven to be very rugged and dependable for the severe con- 
ditions under which they are subjected.  For a more complete description of 
the traps and attendant system, see P. Bruun and J. Purpura (1964). 

Analysis 

Meaningful information from the wave and current meter records can be 
obtained by computing the individual energy-density spectra.  A time series 
record of finite duration, extending from tx to t2 can be represented in the 
form of a Fourier integral 

n(t) - —  |  A(a) elCTt da (1) 
/2ir 

where the A(a) is the complex amplitude spectrum and is a continuous function 
of the frequency, cr. A(a) can be determined by the Fourier transform of the 
time series representation of the wave record given by 

A(o) =-i-  j n(t) e"iot dt - |A(a)| ele (2) 

where e is the argument, or phase angle, of A(a). 

The energy-density spectrum, *(a), is proportional to the square of the 
modulus of the amplitude spectrum 
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*(o) = |A(a)| (3) 

The amplitude spectrum can be determined via either the mean-lagged product 
as presented in Blackman and Tuckey (1958) or directly by the computationally 
faster Fast-Fourier-transform method that is outlined m Bmgham, et_ al. (1967). 

The potential and kinetic energy of the waves and water particle motion, 
respectively, can be obtained by integrating the energy-density components over 
all frequencies where 

1  . .TT9 .1 .2 
— pgH2 = — pg  I  |A^(a)|  do = average potential energy 

of waves/unit area 

1 —   1 
-r pu2 = -r p  I  |A (a) |  da = average kinetic energy of 

water particle motion/unit 
0 volume 

A measure of the directional characteristics of the waves can be obtained 
from the simultaneous time records of the two wave poles at the end of the pier. 
This method of analysis was suggested to the author by Dr. R. G. Dean and is 
fully described by Thornton (1968). A single directional spectrum of the waves 
is obtained by computing the Fourier transform of the cross-correlation function 
of the two wave records.  The analysis associates a direction with each frequency 
component and is essentially a measure of the phase difference between the two 
measuring locations for each Fourier component. 

Let us consider for the moment monochromatic waves having an infinitely 
long-wave train approaching under asimuth g, with amplitude a, frequency 
a = 2-n/T, and wave number k = 2it/L, where T and L are wave period and length, 
respectively. We will assume the frequency and wave number can be related with 
sufficient accuracy by the small amplitude wave theory relation 

a2 = gk tanh kh 

The wave displacement is represented as 

.    .   ., .  (at-kcos g-x-ksin g-y-c) 
n(x,y,t) = A(a) ev 

Using a coordinate system (x,y) with the origin at the reference wave sensor (1) 
and the x-axis through the secondary wave sensor (2) (see Fig. 7), the measured 
water surface displacement due to this single component can be represented in 
complex notation 
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ni(o,o,t) = |A!(a)| e
l(ot"£l) (4a) 

r -i   I « / \ I  i(ot-ksin g-s-e?) ... . 
n2(o,s,t) = |A2(cr) | e <•' (4b) 

where s is the separation distance between the wave sensors.  For monochro- 
matic waves, the phase angles are equal e(a) = z\  = £2- 

The cross-spectrum $12(0) for a particular frequency can be obtained 
from the complex amplitude spectra of the two individual wave records as 
computed in Equation (2). 

*l2(a) = C12 + 1Q12 = |*i2l e 

(5) 
1, , . 1 1. , . 1  iks in f? • s 

= \Ai(a)I |A2(o)| e 

where C12 is the co-spectrum, and Qj2 is the quadrative spectrum, and 

l*12l - [C122 + Qiz2]*5 = Ma) I Ma) I 

tan 
Ql2 
C12 

Equating arguments in Equation (5), we find 

<»<0> * sln_1 [kfofs-] (6) 

where 3 is the asimuth of the approaching wave for a particular frequency. 
Thus, from the record of two wave sensors it is possible to infer a single 
wave direction for each frequency.  The assumed wave system is, therefore, 
equivalent to an infinite number of wave frequencies composing the spectrum, 
with the directional characteristics of each component described by a single 
value. 

The separation distance, s, of the wave meters must be short enough so 
that the criterion of long-crested waves is realized, and it is also required 
that they be separated by sufficient distance to obtain good resolution.  It 
should be noted that for the case of two sensors, there is a direction ambi- 
guity for each frequency of 180 degrees.  In our application, the measurement 
of waves is close enough to the shore so that, except for possibly very high 
frequencies which are of minor importance, the direction is uniquely deter- 
mined.  It also should be cautioned that the interpretation of the determined 
direction for a frequency component with broad directional or multi-directional 
characteristics would certainly be questionable. 
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Past sediment transport studies have indicated the longshore component 
of wave energy flux to be an important parameter in determining the littoral 
drift. We can easily calculate the total longshore energy flux, Pj, from 
the Information obtained from the energy and directional spectra of the waves. 
Assuming the linear wave theory approximation for the group velocity of the 
individual energy components 

r. / \  °  n .   2kh  1 
CG(a) = 2k [1 + sinh 2kh] 

and equal partitioning of kinetic and potential energy in the wave, P 
given by 

I 

Y%  = 2 )     CG(a) pg*(a) sin2g (7) 

RESULTS 

Insight into the mechanics of sediment transport m the surf zone can 
be gained by examining the waves and currents.  The results of the experi- 
ment conducted on May 24, 1967, are used as typical of the results to 
illustrate the fluid-sediment mechanics of the system measured.  The weather 
on this date was very good with maximum winds of less than eight knots.  A 
predominant swell which was quite regular was from the north quadrant which 
originated from a distant storm system located off the northeastern part of 
the United States.  The wind and swell conditions were quite constant through- 
out the test. 

The quantity of bed-load sand transport as a function of time is shown 
m Figure 4.  Each point of the curve represents a twenty minute average for 
the longshore bed-load transport at a particular location m the surf zone. 
The four curves indicate the sand caught at traps 1 through 4.  (See Figure 1 
for location of traps.)  The tidal curve is represented below to show the 
changes in the mean water depth during the experiment.  The changes in water 
depth were minimized by working over the peak of the tidal curve. 

One of the most striking features of the diagram is the variability of 
the sand transport with time, even though the waves were quite constant during 
this time.  This is indicative of the very complex nature of the sediment 
transport problem in the surf zone.  Generally, it is noted that the sediment 
transport is related to the depth, that is, the sand transport increases with 
decreasing depth. 

The results of the spectral analysis of the wave and current records is 
given in Figures 5-7 showing a comparison of measurements taken at various 
locations in the surf zone.  Generally, it can be seen from the figures that 
the kinetic energy of the fluid particles increased in a shoreward direction 
while the potential energy decreased which is indicative of a system dis- 
sipating energy.  In this case, the waves were "spilling" between the two 
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measuring locations.  In an "ideal" wave system (non-dissipative), for which 
potential theory would be valid, we would expect the potential energy to 
increase since the energy flux would be constant and the group velocity would 
be decreasing due to decreasing depth. 

A comparison of the energy spectra of the waves at the breaker's edge 
and at a location 70 meters inshore in Figure 6 shows the potential energy 
of the waves to be decreasing m a shoreward direction.  The shape of the 
spectra is attributed to the nonlinear character of the waves m the surf 
zone wherein several harmonics of the fundamental peak can be seen.  It will 
be noticed in the comparison of the two wave spectra that there is a decrease 
in the fundamental peak of the inshore spectra but an increase in the higher 
frequency peak.  This might indicate the loss in energy in the lower fre- 
quencies due to spilling and nonlinear transfer of energy to higher frequencies. 
The spectra of the water particle velocities demonstrated a similar shift m 
energy-density to higher frequencies. 

Figure 6 shows the measurement of the kinetic energy measured 55 centi- 
meters from the bottom at two locations in the surf zone.  It can be seen 
that there is an increase in the kinetic energy from the offshore station 
(150 meters) to onshore (120 meters).  This can be attributed to the transfer 
of potential energy to kinetic and turbulent energy in the shoaling and spilling 
process.  The increase in kinetic energy would be indicative of an increase in 
shear stress at the bottom due to wave and turbulent action. This increase in 
shear stress would result in more sediment being placed in motion for transport 
by the longshore current. Assuming a uniform longshore current (the shear 
stress for the current alone being essentially uniform), one would expect long- 
shore drift to increase in the shoreward direction.  This was generally sub- 
stantiated by the sampling of the bed-load traps. 

Also shown in Figure 6 is the kinetic energy spectrum of the parallel to 
shore component. The energy of this spectrum was approximately one-tenth that 
of the component aligned with the waves.  It should be pointed out that the 
directional response of an orifice-type current meter is not fully determined 
for angles of incidence approaching 90 degrees. Therefore, the spectrum of 
this component should be viewed with reservations although it is felt that 
the measure of the mean current of 0.23 meters per second is fairly accurate. 
This spectrum does show relatively more energy content in the low frequencies 
as one would expect. 

The calculated directional spectrum from the two wave sensors is given 
in Figure 7. From this spectrum and the wave energy spectrum the longshore 
energy flux can be resolved as given in Equation (7). 

An empirical correlation of the wave and sediment transport quantities 
by dimensionless grouping of the pertinent variables was attempted in order 
to determine the relative importance of the various parameters.  These can 
be represented in terms of dimensionless parameters in the following functional 
form 

QHs 
j-5 = f(Hs/d) (8) 
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where 

Q = quantity of sand transport (gm/min/m) 

H = significant wave height (m) 

P = longshore wave component of energy flux (gm-m2/sec/m2) 

d » depth of water (m) 

The results of these and earlier experiments are summarized in Figure 8. 
The figure indicates that generally the sand transport increases as the depth 
decreases.  Since a bar-trough profile was usually present, this relationship 
indicates higher transport rates on the bars than in the troughs.  The greater 
transport of sand on the bar and other shoal areas in comparison with the 
trough was also demonstrated in earlier experiments using fluorescent tracers. 

These results were limited to experiments where the significant wave 
height at the edge of the surf zone was generally less than one meter.  For 
larger wave heights, the sediment transport data greatly deviated, falling 
under the curve shown.  This may be due to the fact that for higher waves 
the mode of sand transport is changed; a significant portion of the transport 
may be due to suspended load and was not measured by the bed-load traps. 

The results of these experiments were compared to the littoral drift 
formula used by the Coastal Engineering Research Center (ref. 5) which re- 
lates longshore wave energy flux to total littoral drift.  The total bed-load 
during the tests between the outer and inner bar can be determined approxi- 
mately by integrating the empirical curve shown in Figure 8 over the limits 
from deep water to the inner breaker line for a particular set of wave con- 
ditions.  The comparison of the two relations showed the bed-load measurements 
to be ten to forty per cent of the total littoral drift as given by the CERC 
formula.  This is within the range of expected values and appears to give good 
comparison of the two sets of information. 
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CHAPTER 23 

THE EFFECT OF WAVES ON THE PROFILE 
OF A NATURAL BEACH 

Warren C. Thompson, Professor of Oceanography 
and 

John C. Harlett, Lieutenant, United States Navy 

U.S. Naval Postgraduate School 
Monterey, California 

ABSTRACT 

A 60-day field study was conducted on a selected natural beach 
in which the beach profile was measured daily and the waves incident upon 
the profile were recorded continuously.   Beach and wave parameters de- 
rived from the field data were empirically combined to yield:   (a) quantita- 
tive relationships between the change in the profile and the-average deep- 
water wave steepness and wave power over a lunar day (24.8 hours) given 
the profile at the beginning of the period,  (b) equilibrium profiles for dif- 
ferent values of wave steepness,  (c) an empirical relationship between 
wave steepness and wave power which agrees well with theory, and 
(d) rates at which the beach profile approached equilibrium for given initial 
conditions of non-equilibrium.    Using the relationship developed between 
beach change and wave steepness, hmdcasts were made of the day-to-day 
sand elevation at a selected location near the middle of the profile and 
were found to agree fairly well with the observed sand level. 

INTRODUCTION 

Observations made daily or on a shorter term basis show that natural 
sand beaches change sensitively m evident response to changing wave con- 
ditions , but in a complex way.   This paper reports on a successful attempt 
to establish a quantitative relationship between daily changes in the pro- 
file and the waves incident upon a selected beach.   The development of 
this relationship is a very preliminary step toward the ultimate develop- 
ment of methods for making daily synoptic forecasts of the behavior of 
natural beaches given predicted or observed wave conditions and knowledge 
of the tides and the sand properties. 

The beach where this field study was conducted is a long, gently 
curving strand named Del Monte Beach, which is located in the southern 
end of Monterey Bay, California.   A brief review of its environmental 
characteristics is given here before proceeding. 

Del Monte Beach is a stable beach and has remained in very nearly 
the same location since the earliest hydrographic survey of 1851.   The 
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profile across the beach and through the surf zone characteristically lacks 
a well-defined berm and offshore bars, and is fairly simple most of the 
time.   Seaward of the surf zone the bottom slopes evenly across the con- 
tinental shelf „   The beach in the vicinity of the profile studied is uniform 
laterally for some distance, except for subdued cusps that frequently occur 
on the upper beach.   The material composing the beach is well-sorted 
medium to fine siliceous sand having a mean gram diameter of 2 0 (0.25 mm). 

The predominant waves on the beach are moderate to long period 
swell usually having narrow frequency spectra.   The beach is partially 
sheltered from the Pacific Ocean in such a manner that waves entering 
the bay from all open ocean directions refract so as to arrive with their 
crests parallel or nearly parallel to shore.   Littoral drift is negligible most 
of the time, and beach profile changes involve essentially offshore-onshore 
transport of sand.   The tides are of the mixed type and have a diurnal range 
of 5.3 feet.   Meteorologically induced water-level variations are negligible. 

It may be seen from this description that the beach selected for 
study is a natural laboratory where beach response to changing wave condi- 
tions may be investigated under relatively simple environmental conditions. 

BEACH OBSERVATIONS 

The beach and wave information used in this study were collected 
over a 60-day period in February and March 1967 by Harlett (1967) along a 
permanently established profile.   The profile, shown in Figure 1, consists 
of a line of 20 railroad rails driven into the sand at approximately 10-foot 
intervals extending from the rear of the beach to the lowest tide level. 

Beach profiles for every day of the study were constructed from 
measurements of the sand level against the rails.   The latter were made 
at the time of lowest tide each day when the beach exposure was greatest, 
and accordingly at a sampling interval of one lunar day or 24.8 hours.   The 
observation times during the study are marked by dots on the tide curve in 
Figure 2. 

Synchronization of the observation times with the diurnal lunar 
tidal cycle may be seen in Figure 2 to result in a very nearly repetitive 
tidal sequence between successive observations as well as tide levels that 
differ only slightly from one sampling time to the next.   It thus appears pro- 
bable that this choice of sampling interval tends to filter out the effect of 
the tides and thereby to amplify the effect of changing wave conditions in 
producing the observed profile changes. 

Waves were recorded continuously during the field study, except 
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for the first five days, using a pressure sensor located 600 feet directly- 
seaward of the rails „   The analog records were analyzed manually for signi- 
ficant height and dominant period.   The waves observed during most of the 
study were low swell with periods in the range from 8 to 20 seconds.   The 
wave height exceeded three feet on only one occasion, and most of the time 
was under one foot. 

Deep-water wave height, which was used to calculate deep-water 
wave steepness and wave power, was computed from the recorded height in 
shoal water using linear wave theory.  Application of the linear theory 
appears valid in view of the relatively narrow frequency spectrum evident in 
the swell most of the time. 

Sand samples collected from the uppermost thin skin of the beach 
surface were also obtained daily across the profile along with the measure- 
ments of the sand level.   Information on the textural properties of the sand 
are not presented in this paper but may be found in Harlett (1967).   It is of 
interest to record here only that the phi mean grain diameter during the field 
study ranged between extreme values of 1.6 and 2.3 0. 

The field study was limited to the exposed mtertidal portion of the 
beach above the lowest daily tide level because of the practical difficulty 
of making measurements in the surf zone.   A wave-tank study by Rector 
(1954) and a field study by Eubanks (1968), who extended his profile mea- 
surements through the surf zone on this beach, show that the intertidal 
section of the profile behaves very differently from the section that lies 
seaward of the approximate low tide level and that it should be studied as 
a separate beach unit. 

OBSERVED BEACH PROFILES 

The daily profiles for the 60-day period are presented in Figure 2 
in the form of a time series.   The curves in the figure represent contours 
of beach elevation above MLLW.   The contour interval is 20 cm except near 
the rear of the beach where it is 60 cm.   Seaward movement of the contours 
with time represents accretion and shoreward movement denotes erosion. 
Spacing of the contours is inversely proportional to the beach slope.   For 
reference to the tides, the elevations of the principal tidal datum planes 
are:   MLLW =0.0 cm, MSL = 83 cm, and MHHW = 159 cm. 

Perhaps the most obvious feature to strike the eye in this figure 
is the constant change that occurs in the profile.   During the two-month 
period the change m sand level from one day to the next amounted to 6 cm 
or more somewhere on the profile.   This was the case even during extended 
periods when the incident wave heights recorded did not exceed 0.5 feet 
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(10-13 February, and 5-10, 12-23, 26-28 March).   The rear portion of the 
beach where the contours remain stationary with time was not reached by 
waves during the study. 

To the observer walking on this beach, the profile on most days 
is quite smooth to the eye.   Examination of the figure shows, however, 
that the beach does not usually erode or accrete in a simple way. At times 
the entire profile in the mtertidal zone changed fairly uniformly, particularly 
when the change was large (as from 4 to 5 February), but most of the time 
the change tended to be localized along the profile.   On several occasions 
there were as many as five separate zones of minor cut and fill across the 
profile. 

Changes in the profile are by no means random, however, as evi- 
denced by the patterns of cut and fill that may be seen.   Focusing attention 
on the five prominant sequences of cut and fill, it may be noted that erosion 
rates were ordinarily greater than accretion rates.   The extreme values 
measured were 61 cm and 44 cm per 24.8 hours, respectively.   On the other 
hand, significant cutting usually lasted only one day and never more than 
two, whereas accretion ordinarily occurred more or less continuously over 
a series of days.   These prominant cycles of erosion and accretion were 
found to occur in response to the arrival of prominant wave trains propagated 
from individual wind areas.   Another feature of interest, which was observed 
in an earlier field study of this beach (Rohrbough, Koehr, and Thompson, 
1964), is that cutting sometimes begins on the upper beach with fill on the 
lower beach (as from 23 to 24 March), but ordinarily within a day a reversal 
occurs and the upper beach accretes while the lower beach erodes. 

It is evident that this beach reacts sensitively to the waves arriving 
upon it.   It appears that the reaction is in the form of constant profile readjust- 
ments to continuously changing wave properties, which in turn are super- 
imposed in an endless variety of combinations on the regularly changing tide 
levels. 

PROFILE CHANGES RELATED TO WAVE PARAMETERS 

In the belief that it should be possible, in view of the comparatively 
simple beach and wave conditions normally prevailing on Del Monte Beach, 
to quantitatively relate the observed daily profile changes to the incident 
waves, a systematic effort was made to find representative parameters that 
incorporate time changes in the beach and the waves and to combine these 
successfully. 

Two waves parameters of several that were investigated proved to 
show a good correlation with the profile changes, namely deep-water wave 
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steepness, y, and wave power, P.   The selection of steepness as a 
parameter is of interest particularly because of its demonstrated relation- 
ship to various wave characteristics such as wave mass transport, breaker 
height, breaker type, and wave runup.   Wave power was adopted as a 
parameter upon the suggestion of D. L. Inman in the discussion of this 
paper following its presentation at the London conference.   With respect 
to beach profile changes and the offshore-onshore sand transport that is 
implied, wave power has obvious dynamic significance whereas wave 
steepness does not.   Steepness on the other hand conveys a sense of 
wave age which power does not. 

It is of interest to observe that both of these parameters incorpor- 
ate the two fundamental wave properties, height and period, and that 
steepness tends to stress the influence of wave period (y OC HT~ ) where- 
as power stresses wave height (P OC H T).   It may be noted that neither 
parameter has a discrete value for every H-T combination since a range 
of H-T pairs can yield the same value.   Finally, it will be recognized 
that wave steepness has a definite upper limiting value which is deter- 
mined by wave stability whereas the value of wave power has no such 
upper limit. 

The relationship found between beach changes and wave steepness 
will be considered first. 

Wave Steepness 

The relationship to be presented between beach parameters and 
wave steepness was arrived at on the basis of assumptions derived from 
the results of wave-tank studies conducted by othersand from subjective 
examination of the field data collected in this study.   These assumptions 
are (a) that real ocean waves (wave spectra) having a specific set of 
properties would produce a characteristic equilibrium profile on this beach 
if the waves were to remain constant with time (note the laboratory studies 
by Watts, 1954),   (b) that this beach tends constantly to readjust its pro- 
file so as always to approach the equilibrium profile associated with the 
wave conditions prevailing at the moment, and (c) that the response of the 
profile to changing wave conditions is sufficiently rapid that the profile 
assumes the hypothetical equilibrium profile at all times to a first approxi- 
mation. 

It was concluded from these assumptions that if, at a given point 
on the beach, the sand elevation at a given time is higher than the equili- 
brium elevation associated with the wave conditions prevailing during the 
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interval immediately following, the beach should cut in order to approach 
the equilibrium profile for those waves.   Conversely, if the elevation is 
initially too low the beach should fill.   From this reasoning an empirical 
relationship was established between the following beach and wave para- 
meters . 

h,      the initial beach elevation at a given point on the pro- 
file (elevation above MLLW at the beginning of a 
24.8-hour sampling interval) 

Ah      change in the beach elevation over the 24.8-hour 
sampling interval at that point 

H '/L       the average unrefracted deep-water wave steepness 
during the 24.8-hour sampling interval (y ). 

H '   is the deep-water significant wave height computed from the recorded 
waves and uncorrected for refraction, and L    is the deep-water wave length. 
Both quantities were calculated from linear wave theory using the observed 
dominant period.   The average steepness for a given sampling interval was 
obtained by averaging the values of H '/L    at the two consecutive observa- 
tion times.   This method of integrating the wave characteristics over a 
sampling interval is obviously gross but yielded good results.   No wave 
data were used for periods of very low waves because of difficulty of ana- 
lyzing the records. 

The relationship established between the selected beach and wave 
parameters is illustrated in Figure 3 for the arbitrarily chosen location on 
the beach occupied by Rail No. 10, which is near the mid-point of the 
daily swash zone.   In the graph the negative the positive values of Ah 
represent cut and fill in centimeters.   The curve of  Ah = 0 cm is of parti- 
cular interest because it can be considered to represent the equilibrium 
elevation of the beach over the range of wave steepnesses shown.   Appli- 
cation of the graph is best indicated by means of an example.   If the sand 
level at Rail 10 is observed to be 160 cm above MLLW and the wave steep- 
ness averaged over the following 24.8-hour interval is 0.001, then a drop 
in the sand level of 20 cm may be expected over the interval. 

Figure 3 indicates that when wave properties are averaged over a 
suitable time interval, the beach can be shown to cut with an increase in 
wave steepness and to build with a decrease.   The figure thus confirms 
empirically the often made statement to this effect.   The figure also re- 
veals that very high sand levels are produced only by swell of very low 
steepness, and suggests that the lowest sand level possible is that given 
by the equilibrium elevation associated with storm waves of limiting steep- 
ness . 
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Graphs similar to that in Figure 3 have been constructed for other 
rail locations, and the information contained m each for the equilibrium 
condition has been extracted and combined to produce Figure 4 in which 
is shown a family of equilibrium profiles for the range of wave steepnesses 
observed.   The equilibrium profiles are seen to have a gentle upward curva- 
ture.   The profile is not completed on the upper part of the beach between 
Rails 1 and 7 because of the sparsity of beach change observations due to 
less frequent wetting. 

Wave Power 

The wave power arriving at the surf zone per unit length of beach 
for the case of simple waves having a zero breaker angle can be shown to 
be 

p=i!2i
(Ho)2T <» 

where   p  is the density of sea water,   g   is the acceleration of gravity, 
and H ' and   T  are as defined above.   As pointed out earlier refraction is 
such that waves arrive on the beach most of the time with little or no  wave 
angle. 

Wave power, when computed using this equation and averaged over 
the 24.8-hour observation interval in the same manner as the deep-water 
wave steepness, was found to display a similar relationship to the beach 
parameters as that shown in Figure 3.   Similar conclusions regarding cut 
and fill as related to wave-power can also be drawn.   The wave-power 
relationship is presented in Figure 5.   Wave-power graphs for other rail 
locations along the profile have not been constructed. 

Relationship Between Wave Steepness and Wave Power 

An empirical relationship between the average values of wave 
steepness and power was obtained for the condition of equilibrium at Rail 
10 by combining data from Figures 3 and 5, and is shown in Figure 6. 

The trend of the beach elevation values (h) on the curve indicates 
that the maximum height to which waves can build the beach at this 
location is limited by a building rate that approaches zero as the wave 
power approaches zero, and also by the length of time over which waves 
of very low steepness can prevail.   Thus, the highest beach levels are 
evidently constructed during long intervals in which only very low 
swell arrive on the beach.   This explains the general observation that 
the longest intervals of low swell on this and other beaches on the 
Pacific Coast of the United States normally occur in the summer and that 
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it is in this season that the beach usually acquires the most sand.   The 
period of prolonged beach building that may be seen in Figure 2 m the 
month of March coincided with an interval of very low swell generally 
under 1/2 foot in height. 

The lowest beach levels, on the other hand, are seen to occur with 
large waves of maximum steepness.   The minimum elevation to which waves 
can be expected to lower the beach is clearly determined by the wave power 
available since exponentially increasing amounts of power are required 
according to Figure 6 to produce the incremental lowerings of the profile 
shown by the beach elevation values on the curve.   The minimum ele- 
vation is also determined by the length of time that waves of exceptional 
height can persist. 

An independent relationship between wave power and wave steep- 
ness can be derived mathematically through multiplication of Equation (1) 

by (L /L )2, where L   = £- T2: 
o    o    ' o    2ir 

2 
_pg ^-_2_N3 

16  K2irJ 

H'  o_ 
L 

•  o 
f5 = 537 £o|     T5(it,lbf 

L     I Vsec 
• o 

S) » 
If  T  is solved for in this equation by inserting the associated 

values ofT and   H '/L   from Figure 6, values of the period are obtained 
which are plotted in the figure.   The values of  H '   shown in the figure 
were obtained by introducing these   T   values and the associated values 
of   P into Equation (1).   The pairs of   H '- T   values presented in the 
figure evidently represent average wave conditions that would maintain 
the beach in equilibrium at Rail 10 for different values of average wave 
steepness and power. 

The form of Equation (2) indicates that the empirically derived 
curve in Figure 6 is not a straight line but obeys the 5th power of   T. 
If the curve is treated as a straight line, however, and is equated with 
Equation (2) a value of   T = 11.8 sec is found.   The reasonableness of 
this value, which is characteristic of the wave periods measured during 
this study, indicates unexpectedly good agreement between the empirical 
and theoretical relationships between Ff '/L     and "P. 

Equilibrium Condition for Limiting Wave Steepness 

The condition of limiting wave steepness at which the dominant 
waves become unstable in the real ocean is assumed here to occur when 
H '/L   =0.10.   For this steepness value the lowest equilibrium elevation 

o    o 
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of the beach that can be expected at Rail 10, and the extreme wave con- 
ditions required to produce this level, are estimated as follows: 

P = 2 .4 x 105 ft-lbf/sec-ft 
T = 8.5 sec 

H'= 37.2 feet 
o 
h = 15 cm above MLLW 

P was derived from Figure 6 by extrapolation to the limiting 
steepness,   T  was obtained from Equation (2) using the limiting values of 

T5  and   H '/L   , and  H' was obtained from Equation (1) using   P  and   T. 
o    o o 

The beach elevation obtained by extrapolation of Figures 3 and 5 to the 
limiting values of power and steepness were 16.7 cm and 13.5 cm, re- 
spectively, giving  an average of 15 cm. 

The value obtained for the deep-water wave height is particularly 
interesting because ltis identical to that hindcasted by Bixby (1962) for 
the most severe storm occurring over a 50-year period off .Monterey.   A 
wind speed of 40 knots or greater blowing for a sufficient length of time 
would be needed to produce waves of this height.   In order to lower the 
beach level approximately to the equilibrium elevation would require that 
these or equivalent wave conditions have a duration on the order of two 
days or more according to considerations presented in the next section, 
which appears to be a possible but exceedingly rare event off Monterey. 

TIME TO REACH EQUILIBRIUM 

The rate at which the beach at Rail 10 would approach equilibrium 
if the wave conditions remained constant with time can be derived from 
Figure 3.   Examination of this figure shows that the beach profile, if 
initially out of adjustment, does not reach the equilibrium state in one 
observation interval but approaches it rapidly during the first interval and 
increasingly more slowly during successive intervals. 

If, for example, the sand level was measured at Rail 10 and found 
to be 210 cm and the wave steepness during the succeeding 24.8 hours 
averaged 0.001, then the beach should cut 60 cm during the interval and 
come to a new level of 150 cm.   If the same wave conditions prevailed 
the beach should cut 12 cm, 3 cm, 1cm, and 1/2 cm during successive 
observation intervals and finally stabilize at an elevation of 133 cm, or 
77 cm below the initial elevation.   Thus, 78% of the total cut would be 
accomplished during the first interval.   By the end of the second, third, 
and fourth intervals the cut would amount to 91%, 97%, and 99% of the 
total,   Of course ocean waves do not remain constant over such lengths 
of time except in limited geographical areas. 
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It may be noted from Figure 3 that the rate of adjustment of the 
sand level for a given value of  Ah   is independent of the wave steepness. 
Thus if  Ah = -60 cm the graph indicates that the sand level should fall 
78% of the total drop expected for equilibrium regardless of the wave 
steepness during the interval. 

The time required for the beach to approach equilibrium under uni- 
form conditions at Rail 10 may be seen in Figure 7.   The figure, constructed 
from the information in Figure 3, shows the rate of change of the sand level 
toward the equilibrium elevation for different initial relative beach eleva- 
tions at Rail 10.   It indicates, for example, that if the beach elevation at 
time zero is 40 cm above the equilibrium level then the elevation expected 
after 10 hours would be 21 cm above the equilibrium elevation.   It also 
shows that the beach should approach equilibrium 50% of the way after 11 
hours, 75% after 25 hours, and 90% after 42 hours.   The percentage rates 
of cutting may be seen to be significantly more rapid than the rates of 
upbuilding.   It is interesting to note here that in wave tank studies Watts 
(1954) found an essentially stable profile to be formed after 40 hours of 
test time. 

These high response rates, when coupled with the observation 
that individual swell trains arriving during this study had durations of 
commonly 2 to 4 days, indicate that every train of swell should induce a 
beach-change sequence of the same duration.   Whether or not this was the 
case is difficult to tell because of the coarseness of the sampling interval 
used. 

The rate at which the beach approaches equilibrium at other points 
along the profile has not been determined. 

BEACH PROFILE HINDCAST 

Figure 3 can be used as a profile forecasting graph by virture of 
the fact that if the sand elevation at Rail 10 is measured and the wave 
conditions during the following 24.8-hour interval are forecasted or ob- 
served, the expected change in sand level is obtained. 

Accordingly, a test was performed in which the sand elevation 
was hindcasted daily from this graph using the beach and wave data col- 
lected during the 60-day study.   In this test each day's forecast was based 
on the observed sand level of the day before.   The hindcasted beach heights 
are shown in Figure 8 along with the observed heights.   It may be seen that 
the hindcast is best when significant cut occurs and poorest when the pro- 
file is near equilibrium or the beach is building.   The agreement between the 
hindcasted and the observed beach elevation, of course, gives a measure of 
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the closeness of fit of the curves in Figure 3 to the basic data.   The agree- 
ment is in general reasonably good. 

A second test was also performed in which, beginning with an 
initial beach elevation on a given day, each day's sand level was hmd- 
casted from the previous day's hindcasted sand level.   This running hmd- 
cast, the results of which are not shown, proved somewhat less satis- 
factory than the first forecast.   It was found that if a fictitious sand level 
falling within the working area of the graph is used as an initial value and 
each successive hindcast is based on the previous day's hindcast, the 
sand level immediately begins to approach the hindcast produced by the 
second test and after several days becomes identical with it. 

It is evident that the accuracy of a beach forecast depends 
critically upon the accuracy of the wave information used.   Fortunately, 
because of the rapid response of the beach profile to changing wave condi- 
tions, a poor forecast of the sand level caused by an error in the wave data 
would not be propagated long and would largely die out after one day. 

DISCUSSION 

The wave records were analyzed at intervals of 1/2 to 3 hours and 
therefore provided essentially continuous information on height and period 
with time.   These data reveal a series of wave trains which arrived one 
after another and sometimes simultaneously.   In view of the short-term 
variations exhibited, the use of wave steepness values at a one day inter- 
val gave unexpectedly good results.   Inspection of the wave data shows, 
however, that a once daily sample represents the trend of the wave pro- 
perties reasonably well most of the time.   It appears that the sampling 
interval for both wave and beach data should not be much longer than one 
day, otherwise resolution of the information becomes poor rapidly. 

The equilibrium profiles shown in Figure 4 were developed for swell 
having heights of mainly one foot or less.   Consideration of the shape of 
the profiles leads to the conclusion that waves of the same steepness but 
different height must produce equilibrium profiles of different absolute con- 
figuration.   In this regard Saville (1957) concluded from laboratory experi- 
ments that the deformation of a beach under wave attack is as much a 
function of absolute wave size as of wave steepness . 

The present study is also limited to swell having a moderate to 
narrow frequency range, and the response of the beach to waves having 
wide frequency spectra has not been examined.   It should be remarked, in 
this regard, that wave tank experiments described by Watts (1954) revealed 
no significant difference in the equilibrium profiles produced by waves of 
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variable period compared with constant period, except for a certain sand 
size used in the tests. 

The equilibrium profiles of Figure 4 integrate the effects of the 
wave conditions that prevailed during the 60-day field study and are 
therefore composite profiles.   The profiles are also presented in the figure 
as being rigidly fixed in space relative to the rails.   It is probable, however 
that they migrate landward and seaward with the seasons and through the 
years due to net changes in the volume of sand on the beach with time. 
Additional field measurements will be required to determine how the shape 
and position of equilibrium profiles vary over a winder range of wave and 
beach conditions than was encountered in this short field study. 

The daily range of the tide was several times larger than the wave 
height and runup during most of the study.   Accordingly, it appears that 
the general shape of the profiles m Figure 4 significantly reflects the local 
tidal characteristics.   On the other hand, the day-to-day changes observed 
in the profile, as stated earlier, are presumed to show little tidal influence 
because the profile measurements were made in phase with the tides.   For 
a pertinent laboratory study dealing with the effect of tide on the formation 
of equilibrium profiles the reader is referred to Watts and Dearduff (1954) 

No attention has been directed here to possible effects on the 
profile of variations in the textural parameters of the sand, but it appears 
from the obvious reaction of the profile to the incident waves that grain- 
size variations have a very minor influence by comparison. 
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CHAPTER 24 

COLLECTIVE MOVEMENT OF SEDIMENT IN LITTORAL ENVIRONMENT 

By Choule J. Sonu 
Coastal Studies Institute 

Louisiana State University 
Baton Rouge, Louisiana 

ABSTRACT 

Collective movements of sediment occur in the form of sand waves m 
the nearshore zone and affect beach topography to a significant extent. 
Bar-type sand waves move only in the onshore direction and account for 
various accretive profiles on the subaerial beach. When the beach is 
eroded, these sand waves are simply disintegrated on the subaerial beach, 
instead of migrating back in the form of sand waves.  These characteris- 
tics of bar-type sand waves help explain dynamic behavior of beach pro- 
files with respect to profile configuration, sediment storage, and beach 
width.  Cusp-type sand waves are considered to be a product of interaction 
between longshore currents and an erodible bed.  Their presence causes 
variability in beach profiles along the shore between those containing 
a prominent bar and those without a bar.  Migration of these sand waves 
may well produce pulsational transfer of material along the shore. 

INTRODUCTION 

In spite of a large number of studies in the past, the mechanism 
governing dynamic changes in beach topography has not been generally 
explained.  The basic difficulty may be attributed to the fact that the 
contribution of the behavior of individual sediment particles to modi- 
fication of the bottom boundary is not sufficiently understood. 

Investigations by the writer indicate that the interaction between 
sediments and topography m the nearshore zone may involve the role of 
sand wave activity.  Although the detailed mechanism of the formation of 
sand waves in the presence of both wave and current actions is not yet 
known, the effects of these sand waves on beach topography are signifi- 
cant enough to warrant attention. 

Sand waves of nearshore origin display characteristics which are 
essentially similar to those of the so-called "dunes" which occur in a 
sand bed acted upon by wind (Bagnold, 1941) or by unidirectional current 
(Simons and Richardson, 1960).  It appears that m the nearshore zone, 
particularly inshore of the breaker line, where sediments are moved m 
large quantities, dynamics of beach topography are better explained in 
terms of collective behavior of sediments associated with sand waves, 
rather than of discrete movements of individual particles such as sug- 
gested by the null-point concept (see, for instance, Eagleson e_t al. , 
1963). 
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Sand waves occurring xn the nearshore bed are distinguished into two 
groups-  those attributed mainly to wave orbital motion and those to long- 
shore currents.  In the absence of accepted terminology, they are called, 
respectively, "bar-type" and "cusp-type" sand waves. 

BAR-TYPE SAND WAVES 

Formation of Bar-type Sand Waves 

Bagnold (1947) was probably the first to describe in detail the proper- 
ties of bar-type sand waves.  In a wave-tank experiment using sand of low 
density, he observed a series of "bars" forming on the bed and migrating in 
the onshore direction.  They were clearly distinguished from the so-called 
"plunge-line bars" which are formed by and remain stationary near breaking 
waves.  He stated: 

..as the bars developed, the sand on their down-wave sides was 
first seen to halt, and then to begin to drift backwards towards 
the bars.  The sand on their up-wave sides continued to drift 
forward onto them, so that the bars were fed from both sides at 
the expense of the sand in the hollows.  There was also a general 
forward drift up and over the bars which made them advance.... 
Regarded from a viewpoint moving with the slowly advancing bar, 
the sand composing it must move over and backwards through it in 
just the same way as that of a wind-blown barchan dune which was 
described by the Author in 1941. 

A field investigation conducted by the Coastal Studies Institute on a 
beach at Nags Head, North Carolina, disclosed evidence of bar-type sand waves. 
This beach is situated on a long, gently curved coast of the Outer Banks and 
is exposed to the Atlantic Ocean on the east.  Details of field technique 
were published previously (Sonu and Russell, 1965). 

It was generally observed that the bar-type sand waves were formed 
during a period of wave decay immediately following storm activity.  Fig- 
ure 1A shows an actual example of the formation of a bar-type sand wave 
observed on the Nags Head beach. Between February 27 through 29, wind 
waves with relatively large steepness persisted (Fig. IB), and the beach 
was generally eroded on both its subaerial and subaqueous beds (profiles 
1 through 3). As soon as the wind waves began to decay, a sand wave emerged 
on the foreshore bed (profile 4), then migrated steadily onshore (profile 5) 
and seemed to climb onto the subaerial slope (profile 6).  Eventually it 
moved upward as far as the run-up limit of existing swashes, then remained 
stabilized there until it was destroyed by the next storm. 

As seen m Figure 1, the bar-type sand wave had the appearance of a 
dune, its cross section consisting of a steep front slope and a gentle rear 
slope.  The depth/height ratio varied considerably, between 1 and a maximum 
of 2.85, which is far less than the maximum of 5.0 reported in a fluvial 
bed (Simons and Richardson, 1960).  There was a tendency for the depth/ 
height ratio to decrease as the sand-wave crest approached the shoreline. 
Although the reason for this phenomenon is not evident, it seems to corrobo- 
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Figure  1.     Formation of bar-type sand wave during decay of storm waves,  Nags Head, 
North Carolina 
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rate the observation in a fluvial model that "the dune will only grow until 
its crest is within a certain distance from the water surface, unless 
three-dimensional flow exists" (Simons and Richardson, 1960). 

The length/height ratio of the bar-type sand wave was not determined, 
since this type of sand wave usually occurred as a single pair of trough 
and crest, the former preceding the latter.  The speed of migration was 
less variable than other parameters, usually remaining on the order of 
4 ft/hour. 

Generally, the greater the storm waves, the more prominent were the 
subsequent activities of sand waves.  However, available data are not suf- 
ficient to determine quantitative relationship between characteristics of 
sand waves and those of incident waves. 

Effects of Bar-type Sand Waves on Beach Profile 

Figures 2 and 3 show two distinct behaviors of sand waves observed on 
the Nags Head beach.  The one shown m Figure 2 consisted of a prominent 
trough and a dune-shaped crest following it  As this wave approached the 
shore, the trough first landed on the subaerial beach.  As a result, the 
subaerial beach was eroded, while the ensuing crest caused a steady accre- 
tion on the foreshore bed.  Bagnold (1947) reported a similar phenomenon 
in the experiment already quoted.  He stated: 

Whenever the sand of foremost approaching bar reached the beach, 
or, in other words, whenever the nearest distinguishable bar was 
one bar pitch from the beach, the beach suddenly began to build 
up and the waterlme advanced quickly up-wave.  But, thereafter, 
it began to erode, the sand moving outward down the slope towards 
the next oncoming bar.  The maximum recession of the waterlme 
occurred when the oncoming bar was half a bar-pitch from the 
beach, so that the beach behaved as if it were an imaginary 
fixed cross-section of the bed through which the bars are ad- 
vancing.  As a result, the beach profile was never mature, but 
was constantly changing in a periodic manner. 

According to Bagnold, observations by Zenkovich off the Crimea corrob- 
orated his observation on the model"that the movement of the sand coastline 
is closely linked with that of the bar series out at sea, and that beach 
erosion or beach building depends on the position of the bar series relative 
to the beach." On the Nags Head beach, a wave crest preceded by a prominent 
trough such as seen m Figure 2 disappeared completely upon arrival at the 
shoreline, therefore failing to produce alternate erosion and accretion of 
the beach. 

The sand wave shown in Figure 3 had a relatively obscure trough and 
a prominent crest, therefore bore resemblence to a solitary wave.  Although 
there was a slight tendency for the crest to attenuate as it approached 
the shore (profiles 2 and 3), it eventually forced its way onto the sub- 
aerial slope.  Thereafter, it continued the movement upward while steadily 
growing in size (profiles 4 through 6).  This wave had a characteristic 
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Figure  2.     Bar-type sand wave with a prominent  trough,  Nags Head, 
North Carolina. 
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Figure 3.     Bar-type sand wave with a prominent  crest, 
Nags Head,  North Carolina. 
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similar to the translatory property of a solitary wave in that it trans- 
ported in its crest a large amount of material, which produced a "berm" 
on the subaerial slope 

Analysis of beach profiles observed at Nags Head indicated that the 
translatory sand waves such as are shown in Figure 3 were most typical and 
were most important with respect to their effects on beach profiles.  The 
major activities of the translatory sand waves which were of particular 
importance were (1) migration upward on the subaerial slope, (2) fluctuation 
m the size of crest, and (3) disintegration. Migration placed the wave 
crest—or a berm—at various elevations on the beach.  It was found that, 
depending on the location of a berm on the lower, intermediate, and upper 
elevations, beach configurations of concave, linear, and convex appearances 
were produced, respectively.  Fluctuation of the wave crest affected the 
prominence of these curvatures.  Disintegration of the wave crest resulted 
in the formation of a smooth, concave profile.  Consequently, as shown in 
Figure 4, six major categories of profile configuration were distinguished. 
Alphabetical notations A, B, and C represent, correspondingly, concave, 
linear, and convex profiles, and those letters with prime, the prominence 
of a berm in these profiles.  Practically all the 291 observed beach profiles 
could be classified into these categories of distinctive configuration. 

The beach profiles displayed characteristic patterns of transition 
which were associated with the described behaviors of bar-type sand waves. 
The direction m which the transitions of a beach profile occurred are 
shown by arrows in Figure 4, the solid arrows denoting accretive transition 
and the broken arrows, erosional transition. 

The changes initiating from A', B', and C occurred either as accre- 
tive changes directed from A' to B' or from B' to C', or as erosional changes 
from A' to A, from B' to B, or from C' to C.  Transitions from C' to B' or from 
B' to A', which might imply backward migration of a wave crest, failed to take 
place.  In other words, as the profiles A', B', and C' were eroded, the ma- 
terial composing their berms was simply dispersed seaward, without taking the 
form of a receding sand wave.  Consequently, erosion initiating at profiles 
A', B', and C' led to attenuation of a berm at each respective elevation and 
eventually to the formation of profiles A, B, and C, respectively. 

On the other hand, the changes initiating at A, B, and C occurred either 
as accretive changes directed to A', B', and C', respectively, or as erosional 
changes directed from B to A or from C to B.  Transitions such as from A to 
B or from B to C failed to occur. 

In general, erosion of the subaerial beach occurred during a period of 
growth of incident waves, and accretion, during a period of wave decay  This 
is shown in Figure 5, which compares changes in the subaerial topography with 
those in incident wave heights. The beach topography is represented in terms 
of the volume of sediment existing between the shoreline and the limit of 
swash run-up above datum level.  Wave heights were recorded with a step- 
resistance gage of the Coastal Engineering Research Center, installed approx- 
imately 150 m from the shoreline.  The curves in Figure 5 suggest a negative 
correlation between the subaerial sediment and wave heights. 
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Figure 4.  Sketch of six major types of profile. 
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However, when this correlation was measured statistically, it proved 
to be too low to be of significant value.  It was found that the response 
of a beach profile to wave action depended not only upon wave heights but 
also upon the characteristics of an existing profile, particularly the pro- 
file configuration.  This relationship is shown m Figure 6.  The ordinate 
represents the sediment storage in the subaerial profile (as already defined), 
denoted by Q.  The abscissa represents the beach width, a horizontal distance 
measured between the datum-level shoreline and the limit of swash run-up, 
denoted X. When plotted in the Q - X plane, the profile data at Nags Head 
were found to fall into groups which were identified with the six major con- 
figurations previously classified (see also Fig. 4).  The numerals in Figures 
5 and 6 denote transitions of profile configuration in the order of occurrence. 

Short-period fluctuations of beach topography seen in Figure 5, which 
were repeated at an average interval of 14 days, are found in Figure 6 as 
consisting of cyclic transitions in terms of profile configuration.  Especially, 
the beach changes associated with severe storms tended to produce closed cycles. 
For instance, a series of beach responses which occurred during a storm from 
January 10 through 20 (Fig. 5) is traced in the Q - X plane along transitions 
4 through 8, which formed a closed cycle B'-HHA+A'+B1, followed by upward mi- 
gration of a berm, which finally led to C'.  The storm of February 10 through 
20 also produced transitions 11 through 14, which formed a cycle C' +C+B-+B'-*C'. 

According to Figure 5, long-term beach changes also displayed a cyclic 
feature.  For instance, a cycle with a period of approximately 90 days oc- 
curred between the end of December, 1963, and the end of March, 1964 (see 
Fig. 5).  There is an indication that this cycle was probably repeated, since 
it is seen that following a trend of erosion between the end of January and 
the end of March there occurred a trend of accretion until the end of the 
field investigation in April and May.  This feature is attributed to the 
characteristics of transition vectors in Figure 6, in which those involving 
pairs of A', B', and C' are directed upward only and those involving pairs 
of A, B, and C, downward only.  Given a series of wave excitations causing 
alternate erosion and accretion over a sufficient length of time, long-term 
beach changes to be traced in the Q - X plane are bound to produce a counter- 
clockwise cycle through A+A'-^B'-^C'-KMHA.  The period of this long-term cycle 
is thought to depend upon wave heights and intervals between successive storms. 

Sediment Properties Related to Bar-type Sand Waves 

The size characteristics of sediments sampled on the beach surface dem- 
onstrated close relationships with the bar-type sand waves thus far described. 
Figure 7 compares the grain size histograms of these sediments with profile 
configurations.  The numerals represent sampling positions.  In descending 
order, the profiles indicate a sequence of upward migration of a wave crest 
(profiles I through III), followed by its disintegration (profile IV) and 
final disappearance from the profile (profile V).  Corresponding to this 
sequence, the grain size histograms changed from a unimodal shape with coarse 
diameters, through a bimodal shape with intermediate diameters, and finally 
to a unimodal shape with fine diameters.  The shaded areas in the profiles 
indicate a zone where deposition of coarse material took place.  It is seen 
that this area initially expanded onshore, accompanying the sand wave migra- 
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Figure 5.     Time  series  of  subaerial sediment storage  and wave heights,  Nags Head, 
North Carolina   (see  also Figures  4 and 6). 
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Figure 7.  Comparison between grain-size histograms and their correspond- 
ing profiles, Nags Head, North Carolina. 
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tion, and later withdrew seaward as the sand wave was obliterated. Finally, 
in the concave profile (profile V), deposition of coarse sediment was essen- 
tially missing on the subaerial beach. 

There is no doubt that the coarse material was of subaqueous origin 
and arrived on the subaerial beach with a sand wave.  These coarse materials 
do not seem to have mixed with fine materials to produce a homogeneous mix- 
ture.  The bimodality of sediment samples which contained both coarse and 
fine materials suggests that these materials may have existed .as separate 
layers m the subaerial bed. 

It seems unlikely that the presence of coarse materials is essential 
for the initial formation of the bar-type sand wave.  However, it may well 
be that it is a factor which favors growth and movement of a wave crest 
once it has arrived on the subaerial beach.  Since the water carried by 
swash over a layer of coarse sediments in part will seep through it in its 
return seaward, the drag exerted by swash oscillation will produce a net 
onshore transport of material on the subaerial slope.  Consequently, growth 
and onshore propagation of the wave crest may be facilitated.  This in- 
ference is supported by the result of a field experiment conducted by 
Longuet-Higgins and Parkin (1962), m which permeability of the subaerial 
surface was varied artificially by means of a tar-coated sheet inserted in 
the sand layers.  They found that the waves quickly eroded the material 
overlying this sheet while disturbing the material on either side to a 
lesser extent. 

CUSP-TYPE SAND WAVES 

Formation of Cusp-type Sand Waves 

In contrast to the bar-type sand waves, which are attributed to wave 
orbital motion, there exist sand waves which are believed to be associated 
with longshore currents.  These sand waves develop periodic crests and 
troughs in a series along the shore and tend to migrate in the direction 
of existing longshore currents.  Unlike bar-type sand waves, the crests 
of cusp-type sand waves are oriented obliquely to the shoreline, and often 
extend across the entire width of the surf zone between the shore and the 
longshore bar. 

Because of its interference with an existing beach topography, the 
presence of cusp-type sand waves is manifest in the form of sinuous shore- 
lines and crescentic bars. An example is shown in Figure 8.  A cuspate 
projection of the shore and a shoal in front of it, both representing an 
accretive feature, correspond to the wave crest, and an embayment and a 
depression on the foreshore bed, representing an erosional feature, cor- 
respond to the wave trough.  These features were studied previously by 
Hom-ma and Sonu (1962) and were designated "rhythmic beach topography." 

Evans (1939) was probably the first to describe the formation of 
cusp-type sand waves m detail.  His observations on the east shore of 
Lake Michigan indicated that the formation was "particularly noticeable 
when the wind blows at an angle to the shore." At such times, unequal 
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Figure 8.  An example of cusp-type sand wave, Akita, Japan 
(courtesy of Japan Geographical Institute). 
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erosxon on the shore first formed separate indentations and the material 
taken out of them was "carried and deposited in ridges along the course of 
currents which leave the shore, forming cusps and ridges." Eventually, 
topography such as shown in Figure 9 was formed, in which the spacmgs 
between successive projections ranged between 100 and 400 feet.  Evans 
stated: 

At first, deposition off the points C±  and C2 is not very great, 
but as erosion continues the irregularity of shoreline thereby pro- 
duced causes a more rapid growth.  As the process goes on subaqueous 
deposition of sand continues at the ends of the cuspate forms.  They 
are thus lengthened, and submerged ridges are formed which increase 
m length to the northwest.  As soon as the formation of a ridge 
starts, the incoming waves begin driving it toward the shore.  As 
a result it becomes dune-shaped with the steeper face at B where 
the sand lies at the angle of repose....The water brought over the 
ridge by the incoming waves caused a current at A, which was in 
some cases strong enough to superimpose current ripples in the 
troughs of the oscillating ripples.  This water in finding its way 
out again to deeper water produced an undertow at D....It is evi- 
dent that some of the sediment carried by this current enters into 
the building of the next subaqueous ridge extending out from C2. 

A general picture of material movement to be inferred from the Evans 
observation is illustrated in Figure 10.  The material leaving an embayment 
and being carried to a submerged shoal is further moved across the crest 
of the shoal and deposited on the leeward slope.  Thus, a zonation of al- 
ternate erosion and accretion may occur along the sand wave train, erosion 
characterizing the up-current slope of the shoal, and accretion, the leeward 
slope.  The result will be a migration of this system in the direction of 
longshore currents, similar to the propagation of a sand wave tram which 
takes place in a fluvial bed. 

Alongshore displacement of sinuous shorelines and crescentic bars 
has been reported by various investigators, although it has not necessarily 
been recognized as a sand wave mechanism.  Rates of migration (U) derived 
from various published sources are plotted in Figure 11 against intervals 
between successive projections, i.e., wave lengths (L).  The distribution 
of these data suggests a relationship: 

u - iT4/5 (l) 

or, approximately 

U « L X (2) 

Thus, the rate of migration is found to be inversely proportional to the 
wave length, i.e., the larger a sand wave, the slower its movement.  Es- 
sentially the same finding is recognized with respect to the dunes asso- 
ciated with a unidirectional flow (for instance, see Simons and Richardson, 
1960). 
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Figure 9.  Formation of cusp-type sand wave on Lake Michigan shore (after Evans, 
1939). 
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Figure 10.  Alongshore migration of cusp-type sand wave. 
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It is recalled that sand waves forming m a fluvial bed are repre- 
sented uniquely as a function of Froude number Fr, i.e., 

Fr = V/ /gh"" (3) 

in which V is the mean flow velocity, g the acceleration caused by gravity, 
and h the mean water depth.  Simons and Richardson (1960) determined in a 
flume experiment various ranges of Froude numbers associated with a variety 
of bed forms for a median grain diameter of 0.45 mm.  Following their result, 
Figure 12 shows current velocities and water depths necessary to create dif- 
ferent bed forms in a unidirectional flow. 

It appears that an analogy may be drawn between the cusp-type sand 
waves and the dunes associated with unidirectional flow.  According to 
Figure 12, the deeper the water depth, the greater the velocity required 
for the formation of dunes.  It then follows that for a given velocity, 
the gentler the foreshore slope, the longer the wave crest and the more 
prominent the formation of sand waves.  In the experience of the writer, 
a gentle foreshore slope is an essential condition for the formation of 
cusp-type sand waves, along with sustained activity of longshore currents. 

According to Figure 12, the current velocity required for dune forma- 
tion in the nearshore zone—say, up to a depth of 5 feet—ranges up to 
approximately 4 ft/sec.  This velocity may appear too high for ordinary 
longshore currents to attain, therefore incompatible with the common ob- 
servation of cusp-type sand waves.  A partial explanation is that whereas 
the longshore current of high velocity may take place only briefly, the 
sand waves thus produced would remain for some time.  Furthermore, it 
appears that high velocities in longshore currents could occur more fre- 
quently than generally thought possible.  Statistics based on actual meas- 
urements of currents at Nags Head are shown in Figure 12.  A total of 350 
individual measurements were made under various wave conditions for 6 months 
between December, 1963, through May, 1964 (see Sonu et al., 1965).  It is 
found that a velocity equal to or m excess of 4 ft/sec could occur at a 
frequency of 8 per cent, i.e., 28 times during a 6-month period.  Similarly, 
frequencies of occurrence of current velocities required for the formation 
of sand waves down to depths of 4 feet, 3 feet, and 2 feet are estimated 
at 12, 18, and 26 per cent, respectively. A study by Sonu and Russell (1965) 
disclosed indications of cusp-type sand waves on the Nags Head beach. 

The foregoing discussion may apply mainly to sand waves having asym- 
metrical crests.  These sand waves have relatively short wave lengths—say, 
up to several hundred meters.  The wave lengths and amplitudes are presum- 
ably functions of size and movement of bed material, and perturbations and 
intensity, of turbulence in the flow. However, no quantitative criteria 
of general validity are known. 

Sand waves with wave lengths of several kilometers have been reported 
to occur in depths between 3 and 10 meters (Hom-ma and Sonu, 1962). Whereas 
sand waves of shorter lengths would move rather rapidly and change readily 
m response to waves and currents, these large sand waves are relatively 
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Figure 12.  Water velocities, depths, and Froude numbers required for develop- 
ment of bed forms (after Simons and Richardson, 1960). 
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stable both in position and form.  They also feature symmetrical crests. 

When both long and short sand waves take place in the nearshore bed, 
they may produce dual rhythms in the shoreline.  Figure 13 shows an example 
from the Tokai beach, Japan (Mogi, 1960), where two separate rhythms were 
found to be superimposed on one another. One was approximately 250 meters 
long and the other, approximately 2.5 km long.  Usually, the crescentic 
pattern of the outer bar reflects the effect of long waves, and that of the 
inner bar, the effect of short waves. 

Stride (1963) reported that the long sand waves of symmetrical crests 
occur in depths to about 200 m, where the corresponding Froude number is 
much below that required in flumes.  Cartwright (1959) suggested that these 
sand waves may be formed in response to internal waves which develop in the 
presence of vertical density stratification in the water layer.  The possi- 
bility was mentioned that a sufficient stratification may occur because of 
sediment suspension by wave action.  According to Cartwright, this mechanism 
requires the following criterion: 

h2 (2 qu/ U^)1'2 > f w 

in which h„ is the thickness of the upper layer, g the acceleration caused 
by gravity, u the vertical density gradient defined as 

y = - |p'(y)/p(y) (5) 

in which p(y) is the specific gravity of the fluid at elevation y, p'(y) is 
the vertical density gradient, and U-^ is the fluid velocity.  According to 
Hom-ma (1960), measurements of suspended sediment at an average depth of 
3 meters off the coast of Niigata, Japan, yielded an average concentration 
of 176 ppm in the 1-meter layer above the bed and 108 ppm beyond this layer. 
Assuming a linear density gradient between the center of the 1-meter layer 
below and that of the 2-meter layer above, the density gradient u is cal- 
culated from equation (5) 

u = 2.3 x 10-2 (m-1). 

From equation (4) we get: 

u >  (~r ——5- (6) 
2 g h 

2 

Substituting h_2 = 2 m, g = 9.82 m/sec , and U^ = 0.3 m/sec, the right hand 
side yields 

2.8 x 10~3  (m_1) 

Thus, it is possible, at least theoretically, that conditions favorable for 
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Figure 13.  Dual rhythms in shoreline at Tokai, Japan (after Mogi, 1960). 
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the formation of symmetrical sand waves arise in the nearshore zone.  Be- 
cause of the need for internal stratification, such sand waves may develop 
initially away from the shore and extend their influence shoreward.  How- 
ever, verification of this mechanism will require further studies. 

Effects of Cusp-type Sand Waves on Beach Topography 

Beach topography is affected by cusp-type sand waves in a variety of 
ways.  Figure 14 shows typical examples. 

One of the most remarkable effects occurs on the bar.  The wave crest 
which extends out from a cuspate projection reaches the bar, and at the same 
time the bar is breached by a rip current immediately upstream of this junc- 
tion.  As a result, the bar is deformed into separate crescentic units such 
as shown in Figure 14 A.  Usually, this type of topography indicates the 
existence of sustained activities of longshore currents in a single direc- 
tion.  The acute curve of the shoreline indentation faces downstream.  The 
wave lengths are relatively small, ranging between approximately 40 meters 
(Black Sea, Egorov, 1951; Lake Michigan, Evans, 1939) and 600 meters (Tobasco, 
Mexico, Thorn, 1966). 

Mode B in Figure 14 features a series of crescentic bars linked with 
each other along the shore.  The points of the bar usually form a broad 
shoal which may connect with a cuspate projection or remain away from the 
shore.  The shape of the cross section across a shoal is symmetrical.  Wave 
lengths may range up to approximately 3 km (Niigata and Tokai, Japan, Hom-ma 
and Sonu, 1962). 

Mode C m Figure 14, reported by McKenzie (1958) on the New South Wales 
coast, Australia, may well be a slight modification of mode A, probably 
caused by additional activities of swells which arrived normal to the shore. 
A rip flowing in the breach across the bar is known to be so strong as to 
induce a sliding action of the sides of the channel. Mode D, reported by 
Riviere et al. (1961) on the French Mediterranean coast, again may be a 
modification of mode A or C, probably associated with a weak rip activity 
which caused deposition on the bar crest. 

In general, the basic structure of a beach topography affected by 
cusp-type sand waves may be summarized as shown in Figure 15 (see also 
Hom-ma and Sonu, 1962).  A major characteristic of such topography is that 
a remarkable distinction exists between profiles across a cuspate pro- 
jection and those across an embayment.  The former (profiles A-A') dis- 
plays a well developed berm on the subaerial beach and a shallow shoal on 
the foreshore bed, where a bar may be absent.  The latter (profile C-C') 
displays a narrow berm, a concave subaerial profile, and a relatively deep 
subaqueous bed.  Occasionally, in this profile, a berm may be completely 
absent and, instead, an escarpment may be found. A step is usually more 
prominent in this profile than near a cuspate projection.  Consequently, 
the profile across a cuspate projection bears accretive features similar 
to those of the so-called summer profile, and that across an embayment, 
erosional features similar to those of the so-called winter or storm 
profiles. 
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BACKSHORE 

Figure 15.     Structure of beach  topography affected by  cusp-type sand wave. 
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Of further interest is the distinction in the properties of bar m 
these profiles.  The bar displays most prominent relief in the profile 
across embayment.  With distance away from this profile, the prominence 
of bar relief decreases steadily, so that the depths over the crest (d^) 
and the trough (d2), as well as the depth difference between them (d2 - d±), 
show the following relationship (see Fig. 15): 

dl" > dl    > dl 

d2" > d2' > d2 

(d2" - d1") > (d2' - d^) > (d2 - dx) 

Finally, m front of a cuspate projection, the relief disappears, i.e., 

(d2 - d1)* 0. 

Consequently, in the presence of cusp-type sand waves, the beach topography 
will contain both profiles having a bar and those without a bar. 

There exist relatively few studies regarding the effects of sand wave 
migration on beach changes.  In a study dealing with behaviors of subaqueous 
beach profiles at Nags Head, North Carolina, Sonu and Russell (1965) sug- 
gested that abrupt changes in profile configuration observed m a stationary 
traverse could be attributed to migration of sand waves across this traverse 
during wind waves of oblique incidence.  They reported that when this effect 
was suspected the beach change observed m the traverse was many times more 
pronounced than the changes associated with higher waves arriving normal to 
the shore. 

Figure 16 shows a remarkable example of sand wave migration reported 
by van Bendegom (1949) on the Vlieland coast, the Netherlands.  Continuous 
beach surveys since 1865 revealed the presence of two gigantic shoreline 
projections which steadily migrated toward the east.  The amplitude of the 
curved shoreline was as great as 200 meters, and the rate of migration 
averaged 200 meters per year. As this wave moved along the shore, the 
beach was steadily eroded for about 40 years, then was accreted for more 
than 10 years. 

DISCUSSION 

It is not known how bar-type and cusp-type sand waves may interfere 
with each other.  According to Evans (1939), subaqueous ridges originally 
formed by oblique storm waves could approach the shore and finally reach 
it, filling the embayments between cuspate projections. When observed in 
a single traverse normal to the shoreline, this movement of subaqueous 
ridges may appear to be similar to the onshore migration of bar-type sand 
waves already described.  However, it is also evident, as shown in the 
Bagnold experiment, that m a purely two-dimensional situation a bar-type 
sand wave could be formed.  According to Evans, as the wind direction is 
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Figure 16.  Migration of a gigantic sand wave along the Vlieland coast, the 
Netherlands (after van Bendegom, 1949). 
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reversed, "the new system of waves and currents guided by the trough between 
the subaqueous dune and the shore may succeed in cutting off the ridge at 
the tip of the cusp, thus forming an isolated shallows some distance out 
from shore." It is possible that these independent shoals generate activi- 
ties of bar-type sand waves and, in the event of their progress up the sub- 
aerial beach, create convex profiles periodically along the shore. 

One of the major implications of littoral sand waves is that the beach 
processes affected by them are non-uniform and often periodic.  Suppose that 
the cusp-type sand waves migrate along the shore continuously.  Since the 
wave crest contains a large mass of sediment, the littoral drifts may be 
pulsational when observed across a stationary cross section.  A pulsational 
transport of sediment along the shore was reported by Taney (1962) m a 
laboratory experiment using radioisotopic tracer on a movable bed.  Hom-ma 
and Sonu (1962) reported that the gram size of sediments sampled along the 
step exhibited periodic fluctuations consisting of coarse diameters near 
cuspate projections and fine diameters near embayments.  A study by Trask 
and Johnson (1955) on the Point Reyes beach and that by Miller and Zeigler 
(1964) on the Cape Cod beach also indicated grain size fluctuations of the 
subaerial and nearshore sediments along the shore, in which coarse sediments 
were found near embayments and fine sediments, near projections.  The along- 
shore distribution of longshore current velocities can also be non-uniform 
in the presence of cusp-type sand waves.  This problem was previously dealt 
with by Sonu et al. (1965).  A phenomenon of particular interest is the 
periodic occurrence of a series of rip currents along the beach.  A field 
investigation currently underway at the Coastal Studies Institute disclosed 
close relationships between cusp-type sand waves and rip currents.  One in- 
teresting result was that the rips originate at embayments formed by cusp- 
type sand waves.  They discharge seaward the water which has been brought 
in predominantly through the crests of these sand waves.  A similar model 
of longshore current system has been previously proposed by Inman and 
Bagnold (1962), although the role of periodic bottom topography is not 
emphasized. 

It may be argued that the cusp-type sand wave is not found in many 
beaches, therefore is a special feature.  King (1959) and Shepard (1963) 
suggest that it is typical of a tideless coast.  However, it has been 
shown to occur where the tidal range is as much as 1 meter (namely, Tokai, 
Japan, Hom-ma and Sonu, 1962; Nags Head, North Carolina, Sonu and Russell, 
1965).  The periodicity caused by cusp-type sand waves is not always ob- 
vious to casual observers.  On coasts exposed to an outer ocean, it tends 
to be obscured by swells which arrive normal to shore. Also, a large tidal 
range is thought to affect adversely its prominence.  The literature reveals 
indications of cusp-type sand waves in many areas of the world.  To the 
knowledge of the writer, these areas include the following:  the Mediter- 
ranean coast (King and Williams, 1940; Vernhet, 1953; Riviere et aL, 1961), 
the Dutch coast (van Bendegom, 1949), the Danish North Sea coast (Bruun, 
1954), the Black Sea, Caspian Sea, and Azov Sea coasts (Egorov, 1951; 
Zenkovich, 1967; Shadrin, 1961), the Baltic Sea coast (Seibold, 1963; 
Aibulatov et al., 1966), the Japan Sea coasts (Hom-ma and Sonu, 1962), 
the New South Wales coast, Australia (McKenzie, 1958; Thorn, 1966), the 
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Guiana coast (Diephuis, 1966), the Tobasco coast, Mexico (Thorn, 1966), and 
various regions of the United States (namely, Point Reyes Beach, Califor- 
nia, Trask, 1956; Cape Cod beaches, Zelgler et al., 1959; Virginia Beach, 
Harrison and Wagner, 1964; Nags Head, North Carolina, Sonu and Russell, 
1965; Lake Michigan, Evans, 1939). Aerial photography is particularly use- 
ful in detecting the presence of rhythmic features on the coast.  Inspection 
of U.S. Coast and Geodetic Survey aerial photographs indicates signs of 
rhythmic beach topography m numerous localities along U.S. coastlines, 
including a stretch on the Atlantic seaboard from Long Island, New York, 
to Cape Hatteras, along the Gulf of Mexico coasts of Florida (especially 

between Panama City and Pensacola), Alabama, Mississippi, Louisiana, and 
Texas, and along the Pacific coast from Portland, Oregon, to San Francisco, 
California. 

ACKNOWLEDGMENTS 

This study was conducted under contract Nonr 1575(03), NR 388 002, 

with the Office of Naval Research, Geography Branch.  Field data relating 
to Nags Head, North Carolina, were collected by the personnel of the Coastal 
Studies Institute, Louisiana State University, particularly Dr. Robert Dolan, 
presently with the University of Virginia.  Mr. J. L. van Beek cooperated 
ably in the analysis of subaerial beach profiles associated with bar-type 
sand waves, and should be given partial credit for that part of the paper. 
A grateful acknowledgment is due these people. 



398 COASTAL   ENGINEERING 

REFERENCES 

Aibulatov, N., Y. Dolotov, G. Orlova, and M. Yurkevxtch, 1966, Some features 
of shore dynamics.  In Development of sea shores in the environments 
of transient earth surfaces.  Tallin, U.S.S.R. (In Russian), 66-74. 

Bagnold, B. R. A., 1941, Physics of wind-blown sand and desert dunes.  London 
(Methuen). 

Bagnold, B. R. A., 1947, Sand movement by waves: some small-scale experiments 
with sand of very low density.  Journ. of Inst. of Civil Engineers, 
Paper 5554:447-469. 

Bruun, P. M., 1954, Migrating sand waves and sand humps, with special refer- 
ence to investigations carried out on the Danish North Sea coast. 
Proc., Vth Conf. on Coastal Engineering, Council on Wave Research, 
Grenoble, 269-295. 

Cartwright, D. E., 1959, On submarine sand waves and tidal leewaves.  Proc, 
Royal Society of London, A, 253:218-241. 

Diephuis, J. G. H. R., April 1966, The Guiana coast.  Tijdschrift van het 
Koninklijk Nederlandsch Aurdrijkskundig Genootschap, Tweede Reeks, 
Deel LXXXIII:145-152. 

Eagleson, P. S., B. Glenne, and J. A. Dracup, 1963, Equilibrium character- 
istics of sand beaches. Journ. Hydraulics Div., Proc. A.S.C.E., HY1, 
35-57. 

Egorov, E. M., 1951, On some forms of accretive beach related to continuous 
sediment movement.  Doklady Akademn Nauk, Tom LXXX(5) (in Russian). 

Evans, 0. F., 1939, Mass transport of sediments on subaqueous terraces. 
Journal of Geology, 47:324-334. 

Harrison, W., and K. A. Wagner, 1964, Beach changes at Virginia Beach.  U. S. 
Army Coastal Engineering Research Center, Misc. Paper No. 6-64. 

Hom-ma, M. (ed.), 1960, Beach erosion studies in Nugata, Japan. Nugata 
Prefecture Public Works Department (in Japanese). 

Hom-ma, M., and C. J. Sonu, 1962, Rhythmic pattern of longshore bars related 
with sediment characteristics.  Proc, Vlllth Conf. on Coastal Engi- 
neering, Council on Wave Research, Mexico City, 248-278. 

Inman, D. L., and R. A. Bagnold, 1962, Beach and nearshore processes: littoral 
processes.  In The Sea, New York (John Wiley and Sons, Ltd.), 2:540-553. 



LITTORAL ENVIRONMENT 399 

King, C. A. M., and W. W. Williams, 1949, The formation and movement of 
sand bars by wave action.  Geographical Journal, CXII:70-84. 

King, C. A. M., 1959, Beaches and coasts.  London (Edward Arnold, Ltd.). 

Longuet-Higgms, M. S. , and D. W. Parkin, 1962, Sea waves and beach cusps. 
Geog. Journ., 128.194-201. 

McKenzie, P., 1958, Rip-current systems.  Journal of Geology, 66(2):103-113. 

Miller, R. L., and J. M. Zeigler, 1964, A study of sediment distribution in 
the zone of shoaling waves over complicated bottom topography.  In 
(R. L. Miller, ed.) Papers in marine geology, Shepard Commemorative 
Volume, New York (MacMlllan Co.), 133-153. 

Mogi, A., 1960, On the topographical change of the beach of Tokai, Japan. 
Japan Geographical Review (in Japanese with English abstract), 398-411. 

Riviere, A., F. Arbey, and S. Vernhet, Jan. 1961, Remarque sur l'evolution 
et l'origme des structures de plage a caractere periodique.  Comptes 
rendus des seances de l'Academie des Sciences, No. 252. 

Selbold, E., 1963, Geological investigation of nearshore sand-transport— 
examples of methods and problems from the Baltic and North seas. 
In (M. Sears, ed.) Progress in oceanography, New York (MacMlllan Co.), 
1:3-70. 

Shadnn, I. F. , 1961, Longshore currents and compensating currents on the 
shallow accretive beach.  Trudy, Oceanographic Committee, Akademn 
Nauk, U.S.S.R. (m Russian) , 158-169. 

Shepard, F. P., 1963, Submarine geology.  New York (Harper and Row), second 
edition. 

Simons, D. B., and F. V. Richardson, 1960, Resistance to flow in alluvial 
channels.  Proc., A.S.C.E., 87, No. HY5. 

Sonu, C. J., J. M. McCloy, and D. S. McArthur, 1965, Longshore currents 
and nearshore topographies.  Proc, Xth Conf. on Coastal Engineering, 
Council on Wave Research, Tokyo, 525-549. 

Sonu, C. J., and R. J. Russell, 1965, Topographic changes m the surf zone 
profile.  Proc., Xth Conf. on Coastal Engineering, Council on Wave 
Research, Tokyo, 502-524. 

Stride, A. H., 1963, Current-swept sea floors near the southern half of 
Great Britain.  Geol. Soc. of London, Quarterly Journal, 119:175-199. 

Taney, N. E., 1962, Laboratory applications of radioisotopic tracers to 
follow beach sediments.  Proc, VHIth Conf. on Coastal Engineering, 
Council on Wave Research, 278-303. 



400 COASTAL   ENGINEERING 

Thorn, B., 1966, Personal communication. 

Trask, P. D., and C. A. Johnson, 1955, Sand variation at Point Reyes beach, 
California.  Beach Erosion Board lech. Memo. No. 65, Corps of Engineers, 
U. S. Army. 

Trask, P. D., 1956, Changes in configuration of Point Reyes beach, California, 
1955-1956. Beach Erosion Board, Tech. Memo. No. 91, Corps of Engineers, 
U. S. Army. 

van Bendegom, L., 1949, Consideration of the fundamentals of coastal protec- 
tion. Mimeographed thesis, the Netherlands (in Dutch). 

Vernhet, S., Nov. 1953, Sur un mode de cheminement littoral par migration 
lente de rides obliques ou perpendiculaires.  Comptes rendus de 
l'Academie des Sciences, No. 237. 

Zeigler, J. M., C. R. Hayes, and S. D. Tuttle, 1959, Beach changes during 
storms on outer Cape Cod, Massachusetts.  Journ. Geology, 67(3):318-336. 

Zenkovich, V. P., 1967, Submarine sand bars and related formations.  In 
(J. A. Steers, ed.) Processes of coastal development, New York (John 
Wiley and Sons, Inc.), pp. 219-236. 



CHAPTER 25 

WAV! PER TOD AND THE SWASH ZONE ENEPfiV BALANCE 

Graham S, Giese 
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Mayaguez 

ABSTRACT 

The shape sorting of pebbles in the swash zone was studied in an 
effort to determine the effect of the amount of foreshore infiltration 
per wave on the swash zone energy balance. Measurements were made of 
pebbles collected from the swash limit and from the step of selected 
sandy beaches. The pebbles were sampled on occasions when, and at locations 
where, the conditions of breaker height, breaker approach angle and fore- 
shore slope fell within predetermined limits. The wave period and the fore- 
shore infiltration rate varied among the beaches and were measured. The 
results of these measurements indicate that the mean shape of swash limit 
pebbles, and presumably, therefore, the swash zone energy balance depends 
upon the amount of foreshore infiltration per wave. This finding leads to 
the conclusion that in the study of the dynamics of the swash zone the 
effect of wave period and the effect of foreshore permeability must be 
considered together. 

INTRODUCTION 

The response of a beach to a particular set of sea conditions depends 
upon both its composition and its configuration. However, at the present 
time, the mechanics of beach processes are not sufficiently well understood 
to permit a quantitative prediction of the response of a given beach to a 
given set of conditions, despite the rapidly increasing need for such 
predictions. The following discussion is intended to contribute toward the 
eventual development of this predictive capacity. 

Bagnold has discussed the ratio of backwash energy to swash energy 
as an important parameter in the study of the dynamics of the swash zone 
of beaches (Ref. 1), Backwash energy Is less than swash energy by the 
amount of energy lost above a given potential level due to friction and 
Infiltration into the foreshore. In the upper swash zone where velocities 
and turbulence are relatively low, the energy lost Is mostly in the form of 
potential energy and depends primarily upon the amount of water which 
infiltrates the foreshore during the swash-backwash cycle. Thus Bagnold 
was able to demonstrate that foreshore slope, as a function of the energy 
ratio depends upon the permeability of the foreshore. 

More recently, Kemp has reported on intensive studies of swash zone 
processes in which he emphasizes the role played by foreshore permeability 
in the control of wave energy absorption, beach slope, and the phase 
difference between swash duration and wave period (Ref. 2,3), 

The purpose of the present paper is to report the results of field 
experiments which indicate that the amount of energy lost due to infiltra- 
tion into the foreshore, and therefore the swash zone energy ratio, depends 
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upon both the foreshore permeability and the incident wave period. The 
experimental techniques make use of the readily observed movements and 
shape sorting of beach pebbles as external indices of the physically 
complicated swash zone mechanics. All of the studies and observations 
herein reported were made on the predominantly sandy beaches of Cape Cod, 
Massachusetts, which contain pebbles as a minor constituent (Fig. 1). 
The tides in the study area are semi-diurnal with mean annual ranges 
varying from 6.7 to 9.5 feet, depending on location. 

BACKGROUND 

It has often been reported that beach pebbles are sorted according 
to shape such that those deposited at the swash limit are flatter than 
those deposited at the step (Ref. 4). (As used in this paper, "swash limit" 
refers to the zone of deposition at the uppermost part of the swash zone, 
while "step" refers to the coarse deposit located at the final breaking 
point of the waves.) It has also been reported that swash limit pebbles are 
flatter on beaches of low permeability than on beaches of high permeability 
(Ref. 5). In addition, however, I have noticed over a number of years of 
field studies on Cape Cod beaches, that swash limit pebbles deposited 
under the action of short period storm waves are flatter than the swash 
limit pebbles deposited on the same beach when the wave oeriod is longer. 
It occurred to me that the two effects may be due to the same cause. 
Both a decrease in permeability and a decrease in wave period act to 
increase the saturation of the foreshore and therefore decrease the amount 
of water which is lost from the swash due to infiltration into the fore- 
shore. This suggested that the degree of flatness of swash limit pebbles 
is controlled by the ratio of the force exerted on the pebbles by the swash 
to the force exerted on the same pebbles by the backwash. 

Preliminary field experiments designed to reveal the movements of 
beach pebbles provided information critical to the problem of pebble shape 
sorting (Ref. 6). In these experiments, painted pebbles were embedded in 
a chiefly sandy beach at 5-foot intervals and in a line normal to the 
shoreline between high tide and low tide lines. The pebbles were placed 
such that their top surfaces were visible, and the movements of each pebble 
were observed and recorded for 6-hour, half-tidal periods. The full results 
of these experiments will be published separately and this paper will 
include only those results immediately applicable to its subject. 

The movements of the painted pebbles in the swash zone confirmed the 
existence of the continuous processes of erosion in the mid-swash zone 
and deposition in the upper swash zone and at the step as first described 
by Strahler (Ref. 7). Once exposed to wave action as a result of mid- 
swash zone erosion, the pebbles were moved by successive flows of the 
swash and the backwash until they were carried either to the step or the 
swash limit. Any pebble deposited at the swash limit had its immediate 
origin in the mid-swash erosion zone. No pebbles were carried directly 
from the step to the swash limit. If carried to the swash limit on the 
falling tide, the pebble was simply deposited there with no further move- 
ment. Although pebble shape was not considered during these experiments, 
later trials with matched pairs of similarly shaped pebbles clearly 
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demonstrated that the flatter the pebble, the more likelv It was to be 
carried to the swa-sh limit. 

Another set of observations which bears upon the present discussion 
concerns the effect of pebble weight upon the shape sorting of beach pebbles. 
It was observed that when waves were large and steep, the sandy foreshore 
at low tide was commonly left "clean" with very few pebbles. Those which 
remained varied greatly in size, but all were extremely flat. On one such 
occasion, at Nauset Coast Guard Beach, an attempt was made to collect all 
foreshore pebbles large enough to be easily visible when walking for a 
distance of 350 feet. Eighteen pebbles were collected ranging in weight 
from 0.15 g. to 611.30 g. Despite the wide range of weight, the pebbles 
were all quite flat. Pebble shape was determined according to the coefficient 
c/^ab, where a, b, and c represent the lengths of the major, intermediate, 
and minor axes respectively. The values of the coefficient for the eighteen 
pebbles ranged from 0.09 to 0,37, even the largest of which describes a 
quite "flat" pebble. 

PEBBLE SHAPE AS AN ENERGY RATIO INDEX 

The observations of the movements of marked pebbles over half-tidal 
cycles indicated that the pebbles active in the swash zone on the falling 
tide have their immediate origin In the mid-swash erosion zone of the fore- 
shore. These pebbles are in a condition of unstable equilibrium because 
the ratio of the force exerted by the backwash to the force exerted by the 
swash decreases going up the foreshore. Once exposed to the alternate action 
of the swash and backwash, they are eventually deposited either at the step 
or at the swash limit. If a pebble, such as a very flat pebble, is moved by 
the swash but not the backwash, it is deposited at the swash limit. If 
another, say a nearly spherical pebble, is easily moved by both the swash 
and the backwash, it is deposited at the step due to the downslope component 
of gravity. If, however, there were no backwash, that is to say, the ratio 
of the force exerted by the backwash to the force exerted by the swash 
equaled zero, even a sphere would be deposited at the swash limit; and if 
the ratio equaled one, even the flattest pebble would be taken to the step. 
Since the forces exerted on pebbles are proportional to the kinetic energies 
of the flows, and since the sorting action is considered to take place at 
a single potential level, the mean shapes of the pebbles which are left 
scattered on the foreshore by the falling tide were taken as an index of 
the ratios of the backwash energy to the swash energy which existed in the 
mid-swash zone at the time of their deposition. 

DESIGN OF FIELD EXPERIMENTS 

In the field experiments to be described, the Intermediate axes of 
the pebbles sampled ranged from 0.5 inches to 2.0 inches. Pebbles of this 
size were found to be readily movable by the swash of the beaches selected. 
It was assumed that the pebbles would be sorted according to their shape 
independent of their weight. This assumption was confirmed by the analysis 
of the data. 

The experiments were performed at mid-tide on the falling tige on 
beaches which were selected such that the foreshore slopes were 7 ^30', 
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the breaker heights were 1.5 feet + 0.5 feet, and the breaker approach 
angles were 0° ± 10°. This permitted the assumption that the value of 
the swash energy was constant in all experiments, and therefore that the 
value of the energy ratio in the mid-swash zone depended only upon the 
energy lost, in the form of potential energy, due to infiltration into 
the foreshore in the upper swash zone. It was further assumed that the 
volume of water which infiltrated the upper foreshore per wave was a 
function of the foreshore infiltration rate, Q , (cm-*/ cm2/ sec), and 
the incident wave period, T , (sec). The product, QT , will be referred 
to as the "infiltration-per-wave" index. QT has the dimensions of length, 
and it may be thought of either as an index of the volume of water which 
infiltrates a unit area of foreshore per wave or as an index of the vertical 
displacement of the foreshore water table between successive swashes. 

In brief, the field experiments to be described were designed to test 
the hypothesis that on beaches of a given slope, acted upon by breakers of 
a given height and approach angle, the energy balance of the swash zone, 
as indicated by the mean shape of the pebbles deposited at the swash limit 
on the falling tide, is a function of both the foreshore infiltration rate 
and the incident wave period, as indicated by the infiltratlon-per-wave 
index. 

EXPERIMENTAL PROCEDURE 

On a given day a site was sought within the study area where breaker 
height, breaker approach angle and foreshore slope all fell within the 
given limits. Breaker height and approach angle were estimated visually. 
Foreshore slope was determined by means of an inclinometer (Brunton compass) 
resting on a timber. The 7°—  30' limits were chosen because foreshore 
slopes in the study area were frequently within that range and because 
experience indicated that th?«s was sufficiently steep to produce backwash 
accelerations such that pebbles were moved before the commencement of 
scour which, as has been reported by Johnson (Ref. 8) and Smith (Ref. 9), 
can lead to burial. It was also required that the wave form be simple, 
that is, that practically speaking, only a single wave train be running. 
Finally, it was required that variations along the shore at the site be 
minimal. If these basic requirements were satisfied, and pebbles were in 
evidence, an experiment was conducted. Each experiment was designed so 
that the foreshore pebbles sampled were those which had been deposited 
at approximately mid-tide on the falling tide in order to minimize the 
variations in the relative position of the beach water table due to the 
propagation of the tidal wave through the beach (Ref.10). 

Each experiment began shortly before mid-tide. First, general wave 
and beach characteristics were noted, and then a determination of wave 
period was made by measuring with a stop watch the time Interval between 
breakers. This done, iron rods were placed along shore at the swash limit 
marking the top of the foreshore area to be sampled. The length of the 
sample area varied with the pebble concentration from a minimum of 27 feet 
to a maximum of 300 feet. After placing the top foreshore sample area 
boundary rods, the step pebbles were sampled with a fine mesh dip net 
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from a position seaward of the step and along the entire length of the step 
seaward of the foreshore sample area. Brought back to the dry beach, the 
step pebbles were size-sorted using an aluminum template with hole 0.5 
inches and 2 inches in diameter. Only those pebbles were retained which 
would pass through the larger hole but not the smaller one. The others, 
with an intermediate (b) axis less than 0,5 inches or greater than 2 inches 
were discarded. This method of size-sorting, which was used for both the 
step and foreshore pebble collections, was the source of a sampling error 
which was later detected and corrected, as is later discussed in this 
section. The step pebble collection was completed when 100 pebbles had 
been gathered. 

Sampling Foreshore Pebbles 

When the tide had dropped far enough, the iron rods marking the 
bottom of the foreshore sample area were placed at the swash limit In 
a line along shore, downsiope from the top rods. On the foreshore sample 
area, between the two rows of rods lay the pebbles which had been deposited 
at the swash limit while the step pebbles were being sampled. The fore- 
shore sample area was always narrow (9 to 15 feet in width) as compared 
to its length, because foreshore variations are generally more extreme 
up and downshore than along shore. After the setting of the bottom fore- 
shore sample area rods, the wave characteristics were determined again 
in the same manner as before, thus giving a reading at both the beginning 
and the end of the period during which the sample pebbles were deposited. 
All of the collections and measurements which then remained to be made 
concerned the rectangular foreshore sample area. In most of the experiments 
this area measured 9 feet by 27 feet, and a method was devised to take 
a random sample of approximately 100 pebbles from within the area. If, 
however, the foreshore pebble concentration was such that there were 
fewer than 100 pebbles within the standard 9- by 27-foot area, the sample 
area was increased so that it contained approximately 100 pebbles, and 
in such cases all pebbles (0.5 Inches < b < 2 inches) within the area 
were taken for the foreshore sample. A maximum permissable size for the 
foreshore sample area was set at 15 feet by 300 feet. If It so happened, 
as it did once, that there were fewer than 100 pebbles in an area of this 
size, the foreshore pebble sample consisted of the total number of proper 
sized pebbles found within the area, regardless of how few they might be. 
This limit was set because it was felt that the variations Inherent 
within an area larger than this would necessarily be too great to justify 
the assumption that the mean value of the variables measured within the 
sample area were characteristic of the entire area. 

The following describes the methods of sampling within the 9- by 
27-foot areas. Adaptations of the sampling techniques necessary for the 
larger areas will be self-evident. The 9- by 27-foot rectangle was 
divided into three 9-foot squares, the corner of each square being marked 
by an iron rod. The center of each square was marked by an upside-down 
sample bucket. These would later be the locations for the three samples 
to be taken for the determination of the foreshore infiltration rate. 
At two locations halfway between buckets, the foreshore slope was 
determined by the methods previously described. Next, the foreshore 
pebbles were collected. For this purpose each square was visually divided 
into quadrants. If there were less than about 14 pebbles of the proper 
size per quadrant, all pebbles in the 12 quadrants were collected after 
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being checked for size, using the template previously described. If there 
were more than about 14 pebbles per quadrant, use was made of one of four 
aluminum hoops which had diameters of 3, 2, 1.5 feet and 1 foot. The hoop 
was chosen which would encircle approximately 5 to 10 pebbles of the proper 
size. This hoop was then tossed successively in each of the 12 quadrants, 
and all pebbles encircled, after being checked for size, were kept. 

Infiltration Rate Determination 

The infiltration rate of the foreshore sand was determined by a 
system basically similar to one described by Emery and Foster (Ref. 10). 
The core tube made of lucite plastic was 6.58 cm. in diameter and 50 cm. 
in length. The cores were taken by inserting the tube vertically into the 
sand at the three locations previously described within the foreshore 
sample area. The length of each core was kept constant at 15 cm. Disturb- 
ance to the core in sampling was minimized by digging a moat of depth 
equal to the core length around the region to be sampled, leaving a sand 
column with a diameter only slightly larger than that of the core tube. 
After the core tube had been inserted to a depth of 15 cm., a thin alumi- 
num plate was slid across the bottom of the tube,thus preventing core 
disturbance in removal. Once removed, the plate and upright core tube 
were placed upon a square of cloth resting on a board. The aluminum plate 
was then carefully slid out and the cloth pulled up and around the tube 
and secured in place with a stainless steel hose clamp. The core was then 
slowly immersed in a tall bucket of sea water taken only a short while 
previously in order to minimize temperature change and thus to take into 
account the local temperature effect on viscosity. It was found that if 
a pressure head of about 3 cm. was maintained during the saturation of 
the core, there was virtually no disturbance to the sample. The water 
level was allowed to continue rising in the core tube until it stood 
somewhat above a mark 30 cm. from the bottom (and 15 cm. above the top 
of the sample). The tube was then capped at the bottom and taken to 
a nearby stand to which it was attached in a position below a reservoir 
containing one liter of sea water. The cap was then removed and when 
the water level within the tube fell to the 30 cm. mark, water was 
allowed to flow into the core tube from the reservoir. At this instant 
a stop watch was started. During the entire test the water was kept at 
the 30 cm. mark. When the reservoir was exhausted, the stop watch was 
stopped. In this manner, a measurement was made of the time required 
for one liter of sea water with a head of 30 cm. to flow through a 15 cm. 
length of relatively undisturbed beach sand with a known surface area. 
This test was made three times during the experiment and the results 
averaged to give a measurement of the infiltration rate per unit area 
of local sea water through the sand of the foreshore sample area. 

Laboratory Analyses 

Ten such experiments were performed, not including two preliminary 
experiments which were performed prior to the initiation of the standard- 
ized procedure. The pebble samples were analyzed in the laboratory. 
First, each pebble was weighed; to the nearest gram for five samples 
and to the nearest 0.1 gram for the others. Next, a determination was 
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made of the lengths of the major axis, "a", the Intermediate axis, "b", 
and the minor axis, "c". Specifically, "c" was taken as the vertical 
extent of the pebble above a horizontal plane when the pebble lay in 
its preferred stable position. Axis "a" was assumed to be the greatest 
dimension of the pebble in a plane perpendicular to "c", while axis "b" 
was the maximum distance covered by the pebble in a direction perpendic- 
ular to both "a" and "c". The axial lengths were each measured to the 
nearest millimeter: the "a" and "b" axes by laying the pebble in the 
corner of a specially designed box having orthogonal graph paper graduated 
in millimeters affixed to the surface of the bottom. The "c" axis was 
measured by means of vernier calipers. 

Following the axial measurements, the shape of each pebble was 
determined by calculating the value of the coefficient c/Vab . It was 
then noted that there was a certain correlation between pebble weight 
and pebble shape in the respect that for each sample the pebbles which 
weighed less than 3 grams had a mean cljab  value which was lower than 
that of the remainder of the sample. This correlation was discovered to 
be a fallacious one — the result of a bias introduced by the sampling 
method. By rejecting all pebbles with a "b" axis length less than 
0.5 inches, the lightest weight classes were in fact "enriched" with 
flatter pebbles. Similarly, the rejection of all pebbles with a "b" axis 
length greater than 2 inches would tend to decrease the percentage of 
flat pebbles in the highest weight classes. However, as is commonly the 
case of pebbles in all natural environments, the sampled pebbles were 
approximately log normally distributed by number with respect to weight. 
Light pebbles were much more numerous than heavy ones, and therefore the bias 
did not show up in the heavier weight classes. 

An analysis of the distribution of pebble shapes within the samples 
revealed that the heaviest pebble  likely  to pass through the 0.5 inch 
hole would weigh less than 3 grams, while the lightest pebble likely to 
be too large for the 2 inch hole would weigh more than 80 grams. 
Therefore, all pebbles which weighed less than 3 grams or more than 
80 grams were rejected. This left a total of 1,609 pebbles in the twenty 
samples. Plots of pebble shape frequency within randomly selected samples 
on normal probability paper indicated that the pebbles in each sample 
were normally distributed with respect to shape. 

The sample statistics, sample mean and standard deviation, were 
computed by means of a General Electric 225 computer making use of the 
preliminary portion of a factor analysis program written and published 
by Derek W. Spencer (Ref. 11). This program also permitted the computation 
of various transforms of the original variables (a, b, c, and weight) 
for each pebble. Finally, a correlation matrix was provided of the 
original and transformed variables for each sample. 

RESULTS 

The results of the field and laboratory measurements are summarized 
In Table 1. Column 1 gives an abbreviation of the name of the beach 
from which the samples were taken (Fig. 1) and a notation of the zone 
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sampled: foreshore (F) and step (S). Column 2 gives the mean shape, c/^ab , 
of the pebbles In each sample; column 3 the standard deviation, o-, of the 
distribution; and column £ the number of Individuals, n , in each sample. 
Column 5 records the mean value of the infiltration rate, Q , measured at 
each foreshore sample area. Column 6 gives the mean value of the wave 
period, T , measured at the time the samples were taken. Column 7 shows the 
value of the infiltration-per-wave index, QT , calculated for each site. 
It is the product of the values in columns 5 and 6. Column 8 gives (QT)"1 , 
the Inverse of the values in column 7, and column 9 shows the symbol used 
to represent each sample location on Figure 2. 

Foreshore Pebble Samples 

In Figure 2 the x*s and dots represent the values of the mean snipes 
of the foreshore pebble samples, c/^/ab  , plotted against the mean values 
of the corresponding infiltration-per-wave index, QT. The dots represent 
the results of two preliminary experiments as explained in the footnote 
to Table 1. Seeking a transformation which would produce a linear relation- 
ship between c/«/ab and some function of QT, it was found that a suitable 
transformation was (QT)"1, the values of which are given in column 8 of 
Table 1. The least square regression line of c/^/ab  on (QT)  was found 
to bet 

cTTab" s -0.55 (QT)"
1 + 0.66. (1) 

The correlation coefficient between the two sets of variables was found 
to be -0.92. The 95 per cent confidence limits for the correlation 
coefficient are -0.69 and -0.99. The standard error of estimate of c/,/ab 
on (QT)"  is 0.046. The standard error of the regression coefficient was 
found to be 0.08. The 95 per cent confidence limits of the regression 
coefficient are -0.55 £ 0.19, and the 99 per cent confidence limits of 
the regression coefficient are -0.55 ± 0.28, 

Making use of Student's "t" test to test the hypothesis that the 
regression coefficient is equal to 0 at a significance level of 0.01, 
we find that we must reject the hypothesis. That Is to say, at the 0.01 
level of significance, the shape of the foreshore pebbles is a function 
of the inf Iltration-per-wave index.     ^^^ 

The least square regression line of cljaa for foreshore pebbles 
on Q~ alone was found to bet 

c/VaS = -0.052 Q*1 +0.56. (2) 

The correlation coefficient between the variables Is -0.77, while the 
standard error of estimate of c/,/aB on Q*1 is 0.076. A comparison of 
these statistics with the corresponding statistics for the regression 
line of c77ab" on (QT)  indicates the importance of the incident wave 
period, T , in the regression of c/Jab  of the foreshore pebbles. 

The lower solid line in Figure 2 shows the regression equation, 
rewritten in terms of QT, plotted on the scatter diagram of the data 
points. This equation has the form: 

QT(0.66 - cTJab) = 0.55. (3) 
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TABLE 1 

REDUCED DATA FROM FIELD EXPERIMENTS 

1 2 3 4 5 6 7 8 9 

Location c/Vab a- n 
cm/sec 

T 
sec 

QT 
cm cm * 

Symbol 

RP 
F 
S 

0.60 
0.54 

0.12 
0.13 

93 
95 

1.00 5.0 5.0 0.20 X 

+ 

HM 
F 
S 

0.49 
0.58 

0.13 
0.12 

73 
88 0.69 7.0 4.8 0.21 

X 

+ 

GH 
F 
S 

0.46 
0.65 

0.15 
0.12 

70 
97 

0.86 4.5 3.9 0.26 X 

+ 

FB 
F 
S 

0.46 
0.59 

0.13 
0.14 

76 
93 

0.81 4.3 3.5 0.29 
X 

+ 

HH 
F 
S 

0.56 
0.58 

0.13 
0.14 

86 
93 

0.85 3.8 3.2 0.31 X 

P3 
F 
S 

0.45 
0.58 

0.13 
0.12 

61 
89 0.32 9.2 2.9 0.34 

X 

+ 

HC 
F 
S 

0.48 
0.59 

0.14 
0.13 

84 
89 

0.82 3.3 2.7 0.37 X 

+ 

BP 
F 
S 

0.45 
0.52 

0.13 
0.17 

71 
89 

1.14 2.3 2.6 0.38 
X 

+ 

P2 
F 
S 

0.40 
0.51 

0.14 
0.12 

79 
88 0.20 10.6 2.1 0.48 X 

+ 
N3 

F 
S 

0.18 
0.54 

0.03 
0.15 

2 
93 

0.20 6.0 1.2 0.83 
X 

+ 

N2' 
F 
S 

0.27 
0.67 

0.11 
0.12 

13 
14 0.17 10.0 1.7 0.59 • 

Nl* F 
S 

0.22 
0.55 

0.08 
0.14 

18 
14 

0.16 6.0 1.0 1.00 
• 

'The beaches Nl and N2 were sampled prior to the Initiation of a standardized 
procedure. Beach slope varied considerably from the experimental 7° 1 30'and the 
values for the wave period were obtained from another source. The data from Nl and N2 
are not included in the following calculations and are presented only for the sake of 
completeness. 
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Fig. 1. Location of field experiment 
sites on Cape Cod, Massachusetts. 

Y-M 

or (cc/cm'/Wme) 

Fig. 2. Distributions of mean shapes of foreshore 
and step pebble samples with respect to mean values 
of infiltratlon-per-wave index of foreshore at time 
of sampling. Upper solid line and two dashed lines 
represent the mean of means and 95% confidence Inter- 
val of means of step pebble samples. Lower solid line 
Is least square regression line of best fit for fore- 
shore pebble samples. Symbols explained in Table 1. 
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Step Pebble Samples 

In Figure 2 the crosses and diamonds represent the values of the 
mean shapes of the step pebble samples, c/^aD, plotted against the mean 
values of the corresponding lnfUtratlon-per-wave Index, QT . The least 
square regression line of c/Jax>  on QT was found to be: 

c/Jab  = 0.014 QT + 0.52. (4) 

The correlation coefficient between the two sets of variables Is 
0.46, while the 95 per cent confidence limits for the correlation 
coefficient are -0.23 and 0.82. The standard error of the regression 
coefficient was found to be 0.011. The 95 per cent confidence limits 
of the regression coefficient are 0.014 -  0.024, and the 99 per cent 
confidence limits of the regression coefficient are 0.014 —  0.036. 
An application of Student's "t" test Indicates that we cannot reject 
the hypothesis that the regression coefficient Is equal to 0 at the 
0,01 significance level. 

Due to the lack of a significant correlation between the mean shapes 
of the step pebble samples and the values of the lnfiltratlon-per-wave 
index, the upper solid line of Figure 2 represents the mean shape of the 
total step pebble population, which is given by the mean of the means of 
the individual step pebble samples! 

0.57. (5) 

The dashed lines indicate the 95 per cent confidence Interval of 
the step pebble means. Since the lower solid line represents the best 
estimate of the variation of the mean shape of the foreshore pebbles 
with respect to the beach infiltration-per-wave index, the figure 
indicates that the degree of shape sorting of pebbles on the foreshore 
of the sampled sandy, tidal beaches Is dependent upon the period of the 
waves and the infiltration rate of the foreshore as expressed by the 
infiltratlon-per-wave index. 

DISCUSSION 

Table 2 gives the values of the correlation coefficients (r) 
calculated between pebble weight and pebble shape icljah)  for each of 
the twenty samples used in the foregoing analysis. The size of each sample 
(n) is also indicated. The low values of the correlation coefficients 
indicate that there is no relationship between the shape and the weight 
of the step pebbles. This is to be expected since the step pebbles represent 
the total, non-sorted pebble population. The correlation coefficients for 
the foreshore pebbles are also low (except for N3 which, since it consists 
of only two individuals, must give a value of 1.000), An application of 
Student's "t" test indicates that at the 5 per cent significance level the 
hypothesis that the population correlation coefficient is equal to zero, 
for any of the populations from which these samples were selected, cannot 
be rejected. On the other hand, the fact that the correlation is negative 
in every case suggests that in fact there Is a slight decrease in the value 
of the shape factor with an increase in weight. However, since even In the 
case of the highest correlation, FB foreshore, the variation of the weight 
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explains less than 5 percent of total variation in shape, the relationship 
between the inflltration-per-wave index and the mean shape of the foreshore 
pebbles would not be appreciably affected by any variation in the proportion 
of pebble weights which might have occurred between the samples. 

TABLE 2 
COEFFICIENTS OF CORRELATION BETWEEN PEBBLE WEIGHT AND PEBBLE SHAPE 

Sample r n 
BP  F -0.080 71 

S 0.232 89 
HH  F -0.001 86 

S -0.051 93 
HC  F -0.162 84 

S -0.032 89 
P2  F -0.164 79 

S 0.019 88 
N3  F -1.000 2 

S -0.012 93 

Sam| ale r n 
GH F -0.202 70 

S 0.282 97 
HM F -0.186 73 

S -0.001 88 
RP F -0.075 93 

S 0.213 95 
FB F -0.223 76 

S 0.117 93 
P3 F -0.152 61 

S -0,089 89 

The shape of foreshore pebbles and therefore the ratio of backwash 
energy to swash energy, both dimensionless quantities, have been related 
to the inverse of the infiltration-per-wave index which has the dimension 
(L_1) with the result that the constant, 0.55, of equations (1) and (3) 
must have the dimension (L). Recalling that the experiments were performed 
on beaches chosen with constant values for breaker height, breaker approach 
angle,and foreshore slope, let us now generalize this concept and consider 
the dynamics of the swash zone to depend upon the ratio of infiltration 
rate of water into the foreshore to the rate of supply of water by breakers. 
Consider: the Infiltration rate to be proportional to the infiltration rate 
per unit area, Q , times the foreshore swash area; the foreshore swash area 
per unit length of shoreline to be given by the distance of the swash run-upj 
the swash run-up to be proportional to H/sln e, where H is the breaker height 
and © is forshore slope; and the breaker angle to reduce the expression by 
the amount, cos <t> , where (> is the angle between the breaker crest and the 
shoreline. Thus: 

infiltration rate~Q(H/sin 6) cos <i>. (6) 

Assuming that the breaker volume per unit distance of shoreline is propor- 
tional to H2 and again multiplying by cos <(> to account for breaker angles 

supply rate'~Hz cos <f/T. (7) 

Dividing (6) by (7) and simplifying yields: 

infiltration rate  _       QT 
supply rate H sin © 

It is interesting to note that the breaker angle, $ , does not appear in 
the final expression. 

Such a ratio may be thought of as a coefficient of similarity for 
the swash zone, and variations in its value could possibly be related to 

(8) 
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variations in beach stability. By maintaining constant values of H and ©, 
and by making an estimate of Q from infiltrameter measurements, the results 
of the study of shape sorting of foreshore pebbles yield partial support for 
the validity of this coefficient. This is not to underestimate the gross 
simplifications implied by the above formulation, in particular, the 
difficulties of obtaining an accurate measure of Q and the unlikelihood 
in nature of constant values for T, H, and 6; rather it Is to suggest a 
possible relationship between some of the more important factors Involved 
in the dynamics of the swash zone of beaches. 

SUMMARY 

Field experiments performed on predominantly sandy, tidal beaches 
indicate that the mean shape of the pebbles deposited on the foreshore 
during the falling tide depends upon both the foreshore infiltration rate 
and the incident wave period. If the mean shape of the foreshore pebbles 
is taken as an index of the ratio of the backwash energy to the swash 
energy, the results suggest that In the study of swash zone mechanics 
the amount of foreshore Infiltration per wave be considered rather than 
the rate of foreshore infiltration alone. 
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CHAPTER 26 

LITTORAL DRIFT AS FUNCTION OF WAVES AND CURRENT 

E.W. BIJKER 

Delft Hydraulic Laboratory, Delft, Netherlands 

1. SYNOPSIS 

For the computation of littoral drift due to waves hitting a coast 

obliquely, most formulae are based upon the assumption that this long- 

shore transport is some function of the energy flux of the waves towards 

the coast. For the actual computation the component of this flux parallel 

to the coast is introduced. Most of the available prototype data are 

incorporated m the formula of the U.S. Army Coastal Engineering Research 

Center (ref. 4 and 1). In this formula no reference is made to the gram 

size and the slopes of beach and foreshore. The explanation for the fact 

that nevertheless reasonable results are obtained is probably owing to 

the fact that variation of gram size and beach slope for sandy beaches 

is not so very great. A more serious disadvantage is, however, that it 

is not possible to take into account the influence of a possible long- 

shore current which is not generated by the wave motion, such as for 

instance tidal currents. 

In this paper an attempt is made to compute the littoral drift, 

starting from the longshore current velocity as it is generated by the 

waves or as it may originate from other causes (ref. 4). For the actual 

computation of the bed load transport a normal bed load transport formula 

is used, in which, however, according to the method developed by the 

author in earlier studies, the bed shear is increased as a result of the 

wave motion (ref. 2).  From the tests briefly described in the present 

paper it becomes clear that the transport may be treated indeed as a 

function of the longshore current, even when this current has a direction 

opposite to that of the component of the wave propagation parallel to 

the coast. 

Finally, a computation procedure for littoral drift is presented 

in which also the transport of suspended load is taken into account, 

and an example is given of the computation of the littoral drift along 

Ivory Coast near Abidjan. The result of this computation corresponds 

rather well to the data known from the prototype. 

415 
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2. DERIVATION OF BED LOAD TRANSPORTATION FORMULAE AMI DESCRIPTION OF TESTS 

Most bed load formulae may be written in the form 

•*&) (D 
f(D3/y/2A) 

= >hi 

where A = relative apparent density, D = gram size, h = waterdepth, 

I = energy gradient, \x  = ripple coefficient and g = acceleration of 

gravity, 

Frijlmk (ref. 6) suggested, starting from the formula of Kalmske, 

to write formula (1) in the following way: 

a AD£S 
[it 

B((it/p) 
T/2 = b e (2) 

2  2 
where C = resistance coefficient, and t = bed shear = pghl = pg v /C 

(ref. 6). 

In an earlier paper the present author called the first term the 

transport parameter and the exponent of e m the second term the stirr- 

ing parameter (ref. 2). For the bed shear in the stirring parameter, 

the mean resultant bed shear of the combination of waves and current will 

be introduced. This shear is denoted by t in figure 1. This resultant 

bed shear is hold responsible for the stirring up of the material. Once 

the material is stirred up it will be transported by the normal current. 

Hence, in the transport parameter, the value of the bed shear t , 

resulting from the current only, is introduced. As demonstrated by the 

present author in ref. 2, 

m which u = amplitude of orbital velocity near the bed, v = mean 

current velocity, and 5 is a coefficient which has been determined 
/l/2 

theoretically and emperically and which has a value Z,  = 0.45KQr   = 

0.0575 C. 
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In figure 2 all data are represented, viz.: data for current only, 

for current and waves combined with wave crests parallel to the current, 

and for current and ditto, with wave crests making an angle of 15 with 

the current. 

The regression line for all data with regression of 
1 /p 

log S/D(tc/p) '     on ADpg/nlr is 

-0.19^ 

S = 0.22 D(to/p)
1//2 e (4) 

and the regression line for all data with regression of ADpg/|it on 

log S/D(t /p)1/2 is: 

.1/2 

-0.33 „ 
r r 

S = 1.95 D(tc/p)
V  e (5) 

In the original formula of Fnjlmk the coefficient in the exponent of 

e was O.27 (ref. 6). With this exponent the formula becomes 

-0.27 ^££ 
^r 

S = 0.74 D(tc/p)
l/2 e (6) 

The fact that the coefficient 0.74 is much lower that the coefficient 

m Frijlmk's formula, which was 5» has most likely to be attributed to 

the fact that Fnjlmk discussed prototype data, whilst the data used 

in the present paper are obtained from a relatively narrow sand trap, 

which does not catch the whole transport (ref. 2). 

After the completion of these tests, further tests were performed, 

viz. with waves the crests of which make in still water an angle of 25 

with the direction of the current, having a component in the direction 

of the current and having a component against the direction of the current 

(ref. 2). Due to streamrefraction, the angle becomes in these two cases 

respectively 27° to 28° and 22° to 23°. 
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Using the coefficient 0.27 in the exponent of e, the value of b has 

been calculated for the various cases. The sand has been captured m a 

sand trap which has been divided in several compartlments. The sand trap 

had a total length of '0.93 m measured in the direction of the current. 

The computations have been carried out for the material captured in the 

complete trap (wide trap) and in the foremost 0.15 m (narrow trap). The 

results are represented in table I. 

Table I Values of b 

current current current current 

and waves 

= 28° 

and waves 

L 
Harrow trap 

Wide  trap 

0.4 + 0.2 

1.3 ± 1.0 

0.4 ± 0.2 

1.1 ± 0.8 

0.2 ± 0.1 

1.0 + 0.6 

0.2 ± 0.1 

0.6 + 0.2 

The following test results were obtained. 

(I)  The scatter in the results with the wide trap is very great. The 

reason is most likely that, in the lower layers of the flow, part 

of the material is moved in suspension (saltation). It is quite to 

be expected that a great variation will occur in the quantities of 

this portion of the material caught m the trap. This is supported 

by the fact that the values of b, computed with the quantities 

measured in the wide trap with waves and current combined, are 

slightly smaller than for current only. This may be explained by 

the fact that the turbulence for the combination of waves and current 

is greater than for current only, so that a smaller part of the total 

quantity of material transported will be trapped. 

(n) The quantities transported in the two different directions for 

current only, differ significantly, assuming that the values of b, 

as calculated by this procedure, are distributed like stochastic 

variables around their mean values. The reason may attributed to the 
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fact that, although sand of the same diameter was applied, the 

packing of the sand at "both sides of the sand trap was different. 

A different explanation may he that, although the mean velocity 

was equal, the upstream conditions for the two current directions 

were unequal. This results m a different vertical velocity distri- 

bution and hence, in a different "bed shear. Although from visual 

judgement, the ripple patterns and heights for both situations were 

equal, a slight change in ripple coefficient might also cause this 

difference in the values of b. Since it was not possible to predict 

the difference in the ripple coefficient beforehand, it has not been 

introduced in the calculations, 

(m) For both wide and narrow sand traps the values of b for current only 

and for the combination of current and waves, are not significantly 

different. Since b is computed with formula (6) which takes into 

account the increased bed shear by the wave motion, the conclusion 

may be drawn, that the transport of material is increased by the 

waves, independently of the fact whether the waves are propagating 

obliquely with the current, or against the current. 

The main conclusions, drawn from the tests described above and discuss- 

ed m full in the author's paper "Some considerations about scales of 

coastal models with movable bed" (ref. 2) are the following: 

(l)  The transport of a combination of waves and current may be written 

as: 

0.27  ^  
r. * U   2 

v 1/2     nA^iil^)) 
C 

where B,  = 0.45 X  c/g1'2 = 0.0575 C, or: 

(7) 

.1/2 

-0.27  _ 
r r 

S=.b.L(<o/p)
,'': e (8) 
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(II) The principal difference of this equation with the original one of 

Kalmske-Prijlmk is, that the ripple factor is operative only in 

the stirring parameter, and not in the transport parameter. Keeping 

in mind the definition of the ripple factor, as defining that part 

of the bed shear which is not used to overcome bedform resistance, 

it is physically more justified to introduce this factor only in 

the stirring parameter. Once the material is stirred up, it is 

moved with the current velocity. Hence, a ripple factor seems here 

to have less sense. 

(III) A rather important variation may occur in the factor b. For the 

time being, the value of 5 seems the most appropriate. 

(IV) Another source of uncertainties is the value of the resistance 

coefficient C. The advantage of the described procedure is, how- 

ever, that the origin of the uncertainties becomes visible. 
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3.   COMPUTATION OF LITTORAL DRIFT 

Using the formula derived in paragraph 2 m combination with a 

formula for the longshore current,   it  should be possible to compute the 

littoral drift generated by a wave motion approaching the coast obliquely. 

For the longshore current the equation as given by Eagleson is 

applied: 

2       3  /fibJV   sin a Bin <Pb sin 2^ 
VL   = 3 (—E^—}  f (9) 

where v.  = the value of the longshore current velocity,  H,   = the breaker 

height,  h,   = the breaker depth,  m,   = ratio of group velocity c 

to wave celerity = ^     [l + S1n n(4 „ h/L)]'   a = heach slope,   <pb = angle 

between breaker crests and coast line and f = Darcy Weisbach resistance 

coefficient = 8g/C2  (ref.   4). 

The study of Eagleson does not  give values for the distance from the 

coast over which this current  occurs,  particularly not outside the 

breakerzone. For a first approximation the current will be assumed 

invariable with the distance from the coast.  Due to the increasing depth, 

the transport will presumably drop at  some distance from the coast to a 

negligible value. 

Since the bed load transport  should be calculated with formula (7) 

and (8),  using the ratio between orbital velocity and main current 

velocity,   the values of the orbital velocity in the breaker region have 

to be  evaluated. From tests by Iversen,  which are summarized m table II, 

it becomes evident that orbital velocities computed with the first-order 

theory from waves breaking according to the solitary wave theory,   are 

m reasonable agreement with actual measured orbital velocities at the 

point of breaking (ref.  7)« According to the solitary wave theory 
2/3 

h,   = 0.45 (H    T) '   ,   and with these values and the tables of Tech. Rep. 

4 of C.E.R.C.  the data of table II have been obtained (ref.   1). 
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Table II 

breaker depth 
calculated normal 

test 

| 

from solitairy 
wave theory 

theory 

Beach slope 
T 
0 

sec 

L 
0 

m 

H 
0 

m 

H T 
0 

m s 
\ 
m L 

0 
m 

u 
0 

m/s 

U 
0 

m/s 

1/10 1.51 3.56 .073 .11 .103 .0290 .082 .38 .30 

1/10 1.98 6.10 .043 .085 .087 .0142 .057 .29 .39 

1/50 1.74 4.72 .061 .106 .101 .0214 .074 .35 .33 

1/50 2.65 10.95 .071 .188 .148 .0135 • 095 .38 .32 

The above figures show a mean deviation between calculated and 

observed values of 20$ to both sides. In view of the inevitable inaccu- 

racy of the tests of Iversen, the author accepted to use the calculated 

values of the orbital velocity for the computation of u /v, for the 

calculation of 5. 

Since expecially in the breaker zone the transport of suspended load 

will be considerable, this transport will also be calculated. For this 

calculation the procedure of Einstein will be applied (ref. 5). One of 

the difficult points in this computation procedure is the determination 

of the concentration of suspended load immediately above the bed. The 

best procedure seems to be to take this concentration equal to that of 

the bed load transport, assuming an even distribution of this transport 

over half the ripple height. According to unpublished work of van Breugel, 

the fictitious bed may be assumed to be at half the ripple height (ref. 3). 

Since the fictitious roughness is equal to half the ripple height, the 

suspended load concentration is derived from the bed load by assuming that 

this bed load will be transported in a layer immediately above the bed with 

a thickness equal to that of the fictitious bed roughness. 
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The mean velocity in this layer is, with the well-known assumption 

that v(y) = (VS/K) In 33 y/r j 

0/er/^ VW^ + 1/2 v / , er/33   2.54 v 
v   =   er'33 21/33  =     ^ = 6>35     (10) * 

The expression for the suspended load transport is, 

o(y) v(y) dy (11) 

The concentration c(y) may be written as: 

sill = (2L^ . ^L_f (12) c      y    h - a' v  ' 

in which /. /_,-,•, z = w/Kv (. 13} 

m which w = fall velocity of the grains. In the case of a combination of 

current with waves for v the increased v ' due to the wave motion should 

be introduced, which has the value v ' = | 1 + TT(£ —) 1 v . 

In this equation c is the concentration of suspended load immediately 

above the bed and this may be written according to the reasoning given 

above as 

Ca = V6'35 v* r ' (14) 

under the assumption that the suspended load is transported with the 

velocity of the fluid. 

The formula for the total transport of suspended load according to 

Einstein may be written now as follows: 

Sg = 1.83 Sb f I1 In 33 h/r + ij (15) 
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with: I. = 0.216 iS^if -/       (1^)Z    dz (16) 
1       (1 - a/h)z'  •   y 

a, ,/h 

and I? = 0.216-^^if -/   C1^)* by *      (17) 

In his paper, Einstein suggests that S, = 11.6 v c a, where "a" is 

a layer of 2 grain diameters. Since, according to the author's opinion, 

this set up is not in complete agreement with the physical phenomenon of 

bed load transport over a "bed with ripples or dunes and moreover, the factor 

11.6 is based upon one limited series of measurements only, he suggests the 

approach discussed on page 9 leading to formula (14). 
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4. COMPUTATION OF LITTORAL DRIFT ALONG THE COAST OF IVORY COAST 

According to the available estimates, the littoral drift along Ivory- 

Coast is 10 m /year = 0.032 m /s. If the wave period is assumed to be 12s 

and, the wave height in deep water H is assumed to be 1.6 m, with the 

angle 9 between wave crests in deep water and the coastline equal to 13 , 

the littoral drift as calculated by the formula of the C.E.R.C. is just 

about 0.032 m /s (ref. 1). For this computation the version of this 

formula as presented by the author is used, viz.: 

S = 1.4 10~2 H~o CQ K
2 sin cpb cos c^ (18) 

in which c = wave velocity in deep water, K = refraction coefficient = 

square root of ratio of distances between wave orthogonals in deep water 

and at the breaker region (ref. 2). 

The longshore current velocity according to Eagleson has an equilibnam 

value as given by equation (9) (ref. 4). 

For the coast of Ivory Coast the following data hold: 

a = 1/14 = 4°,  cpb = 4° U0 = 13°). 

D  = 0.5 mm,  D  = 0.9 mm AD = 1.65 5 10 4 = 8.25 10 4 m 

w = 0.08 m. ,/s, vj =v \/i+ 4(5 V 

1/2/ The resistance coefficient of Chezy C = 42 m ' /s, which corresponds to 

a fictitious apparent bottom roughness of 0.17 m at the breaker depth of 

3.2 m. This results m f = 8g/c2 = 0.045. 

1    4itbL/L 

% = 2(1 + BlnS4V
Lb)=0,97 09) 

From this follows: 
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2      3/K 2.52 0.97s  0.07    0-078    0»1?6    _  13 2  10~2 m
2/s

2 

j    - ^        3<2        ; 0.045 " ' 

vL = 0.36 m/s. 

With these data the following computations will be performed in the 

tables III through VII. 

Table III v = 0.36 m/s 

h c I 
d90 

V- C2 1U =   V * 5Dvs 

5D*   \R 

1 42 2.42 74 0.43 1760 2.7 10-2 67      10~6 

3 42 2.42 83 0.36 1760 2.7 10-2 67      10~6 

5 46 2.65 87 0.38 2110 2.45 10-2 61       10-6 

7 49 2.82 90 0.40 2400 2.3 10-2 

-2 
57.5   10-6 

„ -6 
9 51 2.94 92 0.41 2600 2.2 10 

A  -2 
55      10 

, -6 
11 52 3.00 93 0.42 2700 2.15 10 54     10 

13 54 3.11 95 0.43 2910 2.1 10-2 52     10"6 

15 55 3.17 96 0.43 3020 2.05 10-2 51     10~6 

17 56 3.22 97 0.44 3120 2.0 10-2 50      10~6 

For different values of the depth, h, the resistance coefficient C, 

the coefficient S, the ripple coefficient and the parameter 

5 Dv =51 fgv/c are computed. 

For the above mentioned depths, the ratios of wave heights at this 

depth to deep water wave height, if not influence by refraction, H'/H 

are computed and, via the refraction coefficient, the actually occurring 

wave height H. From this value the amplitude of the orbital velocity at 

the bottom u and the ratio u /v is computed. 
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Table IV 

h h 
L 
0 

H' 
H 
0 

K 
0 

H , 2-nh smh -7— u 
0 

u 
0 

V 

1 .0045 1.74 99 1.72 O.78 .170 1.20 3.33 

3 .0134 1.34 99 1.33 2.13 .30 1.86 5.15 

5 .0222 1.20 99 1.19 1.90 .395 1.26 3.5 

7 .0312 1.12 99 1.11 1.77 .473 O.98 2.72 

9 .040 1.06 99 1.05 1.68 .55 0.80 2.22 

11 .049 1.02 99 1.01 1.62 .62 0.68 1.89 

13 .058 1.00 99 0.99 1.58 .69 0.60 1.67 

15 .O67 O.98 99 0.97 1.55 .76 0.54 1.50 

17 .076 O.96 99 0.95 1.52 .82 0.49 1.36 

Tabl e ? 

h 
u 2 

1 65 

3 156 

5 86 

7 74 

9 49 

11 36 

13 27 

15 22 

17 19 

33 

79 

44 

38 

26 

19 

14 

12 

11 

1 + ki r2) 

3.69 

2.17 

1.97 

1.38 

1.03 

0.78 

0.61 

0.63 

0.27 ADC 
2 HWl 
0.21 

0.11 

0.22 

0.27 

0.42 

0.58 

0.83 

1.10 

1.10 

0.81 

0.90 

0.80 

O.76 

0.66 

O.56 

0.44 

0.33 

0.33 

10~6 m2/> 

54 

60 

49 

44 

36 

30 

23 

17 

16 

1      ? 
Prom the results of tables III and I? the factor 1 + -r(? u /v) , by 

which the bed shear of the current is increased due to the wave motion,'is 

computed and with these results the stirring factor, and finally the total 

bed load transport S . These transports are computed for belts, parallel 

to the coast, ranging in width from 0-2, 2-4, 4-6 m etc, the mean depths 

of these belts, viz.: 1, 3, 5 m, etc. respectively. 
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The values of the transports, as given in this table, are the transports 

per unit of width. The total transport m each "belt can be obtained by 

multiplung the transport per unit of width with the width of the belt, 

that is 2 . 14 = 28 m, since the beach slope is 1:14. 

Table YI 

1 
V * 

h    v 
s 

r -i u„ 3 
) 

w 
v0.17= 8'75 v* 

c     = 
a    g 

b 

vo-o. 
2.54 

K 

17 - 

v    = 6. 
s 

0.4 v1 0.17 v0-0.17 

1           ( 3.155 1.30 0.235 1.9 10-3 0.17 

3          C 3.24 0.84 0.235 2.1 10~3 0.17 

5          C 3.16 1.25 0.215 1.9 10-3 
0.155 

7          ( 3.14 1.43 0.20 1.8 10~3 
0.145 

9         c 3.11 1.82 0.19 1.5 10~3 
0.14 

11         ( 3.095 2.10 0.19 1.3 10-3 
0.135 

13         ( 3.08 2.5 0.185 1.0 10-3 0.13 

15        c 3.07 2.86 0.18 0.8 10""3 0.13 

17       c 3.065 3.07 0.175 0.8 10-3 0.125 

The necessary values for the computation of the suspended load 

transport are calculated. 
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^a^lenia vL
2  • fr 2^2°-97)(0.07    O.O78    0.1^.31t2     10-2m2/s2 

/c   = 0.019 v.   = O.56 m/s 

90 
v    =   (v/c) /7       5  D V 10 

1 64 3.68 74 0.81 4100 2.7 10-" 

3 64 3.68 83 0.68 4100 2.7 10-2 

5 68 3.91 87 O.69 4630 2.6 10-2 

7 71 4.08 90 0.70 5020 2.5 10-2 

9 73 4.20 92 0.71 5310 2.4 ID"2 

11 74 4.25 93 0.71 5490 2.35 10-2 

13 76 4.36 95 0.72 5790 2.3 10-2 

15 77 4.43 96 0.72 5920 2.3 10-2 

17 78 4.49 97 0.72 6080 2.25 10-2 

Table IVa 

h h 
L 
0 

H' 
H 
0 

K 4" 
0 

H 
27th 

sinh ~"~ 
0 

u 
0 

V 

1 .0045 1.74 99 1.72 0 .78 .170 1.20 2.15 
3 .0134 1.34 • 99 1.33 2 .13 .30 1.86 3.31 

5 .0222 1.20 .99 1.19 1 • 90 .395 1.26 2.25 

7 .0312 1.12 99 1.11 1 • 77 .473 O.98 1.75 

9 .040 1.06 99 1.05 1 .68 • 55 0.80 1.43 

11 .049 1.02 99 1.01 1 .62 .62 0.68 1.22 

13 .058 1.00 99 0.99 1 .58 .69 0.60 1.06 

15 .067 0.98 99 0.97 1 .55 .76 0.54 0.96 

17 .076 0.96 99 0.95 1 .52 .82 0.49 0.87 

63 
60 

59 
58 

57 
56 
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Table Va 

(5 -2)      1^(5 -*) 

32 

75 

39 

26 

19 

14 

11 

10 

9 

3 149 

5 77 

7 51 

9 36 

11 27 

13 21 

15 18 

17 15 

"2h<^>1 
8.15 

16.00 

8.49 

5.73 

4.25 

3.13 

2.49 

2.26 

2.04 

0.27  ADC' .-f Sb    • 

•2A 
l^v2 [ 1+1(5 

V >2] 
0.11 0.90 60 

0.06 0.94 63 

0.12 0.89 58 

0.20 0.82 52 

0.28 O.76 46 

0.39 0.68 40 

0.52 0.59 34 

0.58 O.56 32 

0.66 O.52 29 

10 
-6 

Table Via 

0.4 v 
v0.17 = 8'75 V* °a=V0'17 V-0.17 0-0.17 

1 0.15 1.33 0.235 2.1 

3 0.23 0.87 0.235 2.2 

5 0.16 1.25 0.230 2.1 

7 0.13 1.54 0.22 1.9 

9 0.105 1.90 0.24 1.8 

11 0.09 2.22 0.205 1.6 

13 0.076 2.64 0.20 1.4 

15 0.073 2.74 0.20 1.3 

17 0.0675 2.95 0.195 1.2 

10 

10' 

10" 

10' 

10" 

10' 

10" 

10" 

10" 

,-3 

-3 

-3 

,-3 

6.35 v 

17 

17 

165 

16 

15 

15 

145 

145 

.14 
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Following the procedure described m ref. 5 the total transport, being 

the sum of suspended load and bed load transport, is computed, using the 

slightly modified formula (15)> viz.: 

Sb+s 
Sb(l + 1-83 [i-jln 33h/r + ij) (20) 

These transports are computed for the various belts. Finally, also the 

integrated total transport for belts from 0-2, 0-4, 0-6, etc. indicated 

by S, ,, are given. From these data it is clear indeed that the total 
tot 

littoral drift does not increase very much when the depth to be taken 

into consideration is greater than some 11 m. If it is assumed that the 

longshore current velocity outside the breaker zone decreases rapidly, the 

total transport could be obtained by taking into account only the values 

upto the 6 m depth contour. The total transport is in this case 0,019m /s. 

In order to study the influence of the assumed bed roughness on the 

results, the same computations have also been executed for a roughness 

of 0.1 m. The resistance coefficient C at the breaker depth of 3 m is in 
1 /? 

this case 64 m ' /s. From this follows for the longshore velocity, 

according to Eagleson, the value v. = 0.56 m/s. The results are given in 

tables Ilia through Vila. The total littoral drift is in this case 0.044 

m /s which does not differ very much from the value of 0.032 obtained with 

a bed roughness of 0.17 m. The total transport within the 6 m depth 

contour is m this case 0.027 m /s. 

From this result the conclusion may be drawn that, although the total 

transport is of course influenced by the assumed bed roughness, uncertain- 

ties in this value do not invoke too great complications. 
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DISCUSSION 

The method of computation of littoral drift discussed in this paper 

is "based upon two basic assumptions, viz.: 

(,ij  The longshore current velocity, resulting from the waves approaching 

coast obliquely, should be calculated. For the time being the 

formula of Eagleson is used. In this formula no velocity gradient 

perpendicular on the coast line is given, nor a width of the belt 

over which this current does occur. Prom the results it appears that 

this is perhaps not a very serious drawback since the transport of 

material decreases rather quickly with increasing depth, hence with 

the distance from the shore. It may be expected, however, that for 

these reasons the values of the transports are too high. The 

approach of Svasek, who relates the littoral drift to the energy 

loss of the waves approaching the coast, may be useful also for 

determining the longshore current. 

(,11) Starting from the longshore current, and taking into account the 

effect of the wave motion on the bed shear due to this current, the 

littoral drift is calculated. For this calculation it is necessary 

to take also the suspended load into account, since this will be 

normally rather high under these conditions. This introduces another 

point of inaccuracy into the results as the relationship between 

suspended load and bed load is still rather vague. 

The possible advantage of the present procedure over the existing 

littoral drift formulae is, however, that this approach shows more 

clearly the origins of possible inaccuracies in the results. Further 

study may, moreover, solve the unknown points. 

A second advantage is the fact that with this procedure it is also 

possible to take into account a longshore current that is not generated 

by the waves. 
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CHAPTER 27 

MEASUREMENT OF COASTAL CURRENTS 

J. M. Zeigler 
Department of Marine Sciences 
University of Puerto Rico 

Mayagtlez, Puerto Rico 

and 

H.  J.  Tasha 
Provmcetown, Massacnusetts 

Abstract 

Getting a drift buoy into and over the surf zone in 
rough weather has always been a problem. A cheap, cold- 
propellant rocket launcher using either compressed air 
from aqua-lung bottles or liquid carbon dioxide is admir- 
ably suited for hurling drift bottles to ranges of over 
1,000 feet. This launcher weighs less than one hundred 
pounds and can be easily transported to places of diffi- 
cult access such as cliffed or reefy coasts. The float 
package can be modified to include mid-depth drogues if 
that is desired. An example of work done by a single 
field operator illustrates the versatility of this tech- 
nique . 

Naval Mark II flares are useful for current tracing 
because they are easily obtained and can be set in arrays 
from aircraft. As they burn, however, they change their 
freeboard and are therefore more subject to wind drift 
than when they are lower in the water. Mark II flares 
were calibrated for wind drift with results given. 

A wind velocity profile between 5/8 inches and 5 in- 
ches above the water surface was obtained from floating 
arrays of flares with the results given. 

In their search for better ways to measure currents 
in or near the surf zone, the writers have developed im- 
provements in some old methods, namely, methods which 
measure the rate of drift of floating objects. 

The present work reports on a new technique which was 
developed wherein drift bottles were fired into the sea 
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from a cold-propellant rocket launcher. The bottles, 
properly trimmed to float with less than an inch of 
neck exposed, were then tracked for a known time by 
theodolite. By this means one could measure the velo- 
city of surface currents over a spectrum of sea states 
which otherwise would be too rough to work in. 

Furthermore, the technique can be used especially 
well on rugged, cliffed or remote coasts which are awk- 
ward to reach. The writers consider this technique es- 
pecially well-suited for reconnaissance. 

The launcher 

The rocket launcher is manufactured by Texaco Re- 
search Corp.; the system is named the Cricket. The laun- 
cher consists of an aluminum barrel 8 feet long that fits 
into a console in which a series of valves controls the 
pressure of carbon dioxide to be released into the base 
of the tube. This blast of carbon dioxide, up to 400 p.s.i., 
is in reality a booster charge used to hurl the rocket 
clear of the tube. The writers used compressed air from 
aqua-lung bottles instead of carbon dioxide because it was 
cheaper and more readily available at our field site. In 
this work we did not use the rockets but only the launcher 
and its booster much like a mortar or muzzle-loading can- 
non. A newspaper stuffed down the muzzle acted as wadding; 
the drift bottle rammed on top of it completed the charge. 
After some practice an operator could drop his bottle quite 
accurately at ranges up to 1300 or 1400 feet, which probably 
could be increased.  The process of loading and firing took 
only two or three minutes. 

There is no reason why the package fired cannot be mod- 
ified to hold a mid-depth drogue as well as a surface drif- 
ter, thereby making it possible to take measurements of the 
current profile. 

The launcher is portable, weighing only 90 pounds, eas- 
ily set up, safe to use, store and transport, and cheap to 
operate. We have on one occasion had three drifters opera- 
tional simultaneously. The number can be whatever the field 
party can handle without confusion. Weak points in the op- 
eration are loss of visibility in fog and rain, loss of 
range in strong winds, increasing loss of drifters as sea 
state becomes more frothy, and the requirement that the theo- 
dolite be of sufficient elevation above the sea that vertical 
angles can be measured easily. 

The writers used this system as part of a program de- 
signed to separate wind-driven, wave-driven and tidal- 
driven components of the nearshore currents. Figure 1 
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Figure 3. Drift of a flare 
with 5/8 inch freeboard for 
various wind velocities. 
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shows data taken on a single day by this technique; they 
are representative of all the rest. Considering that it 
is the work of a single observer who operated both laun- 
cher and theodolite, the cost per day is low. Yet, the 
observations obtained are not easy to get using a crew, 
and they are literally impossible when the sea is up. 

Measurements 

Measurements were taken at Highland Light beach, Cape 
Cod, Massachusetts, a location used by us for a variety 
of studies. The beach is about 200 feet wide separated 
from the nearshore bar by a low approximately 150 feet 
wide. The offshore bar lies 900 to 1300 feet from the 
low tide line. 

Figure l shows the velocity and direction of currents 
inside and outside the bar as the tide changed. No at- 
tempt will be made in this paper to draw conclusions from 
these data because they represent part of another study. 
Our objective is simply to illustrate a use for this tech- 
nique as an efficient tool in hard-to-reach waters. 

Use of flares as drogues 

Navy Mark II aerial flares are generally available to 
holders of naval contracts. These flares burn for approx- 
imately 53 minutes with a plume of white smoke. Because 
of their availability and ease in setting, the writers 
have used them in arrays to measure currents. We discov- 
ered that as the flare burns it rises higher into the air 
and wind drag on it becomes greater. Therefore, we cali- 
brated these flares for wind drag. Figure 2 shows the 
change of freeboard as the flare burns. One can see that 
the flares initially have a freeboard between 3 and 4 in- 
ches and that they change their freeboard linearly as 
they burn. In practice we pre-trim our flares to an ini- 
tial freeboard of 5/8 inch before using them. 

Flares were calibrated in a coastal lagoon four feet 
deep with essentially no tidal currents. A post driven 
into the bottom marked the origin; floats pre-trimmed to 
have almost no scope were dropped to mark terminal points. 
Distance was measured by surveyor's chain, time with a 
stop watch, angle by an azimuth circle mounted on top of 
the pipe, and wind velocity by a Weston hand-held anemo- 
meter at two and five feet above the water surface. Groups 
of flares carefully trimmed to float with freeboards of 
5/8, 1, 2, 3» 4, and 5 inches were started at the origin 
and allowed to drift. A mid-depth drogue was used to de- 
termine the direction and velocity of the current. The 
ratio of the surface area of the drogue to its float was 
approximately 1:100. These measurements were continued 
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over a period of weeks until a sampling of drift caused 
by wind velocities between 2 and 20 knots was measured. 
Figures 3 and 4 show the drift due to wind blowing on 
naval aerial flares with freeboards of 5/8 and 3 inches 
respectively. 

The flares followed paths which for the most part 
indicated movement to the right of the observed wind 
rather than directly downwind. It was noted that this 
angle between wind and flare path was lowest when wind 
velocities were greater than nine miles per hour, and 
that the angle between flare path and wind direction was 
high when wind velocities were low. For example, the 
angle between flare drift path and wind direction was 
between zero and fourteen degrees (average 6 degrees) 
for winds greater than nine miles per hour, and the angle 
was between twenty-two and forty-eight degrees (average 
36 degrees) for winds whose velocities were less than 
nine miles per hour. Out of fifty trials, the flares 
moved to the left of the wind direction only six times, 
and all of these were at times of very light winds. The 
results of our measurements coincided with the visual 
observations that wind direction and velocity were most 
difficult to obtain when winds were light. Observation 
of cat'e-paws on the water showed much variation in wind 
direction when winds were light. 

We concluded, in spite of the scatter in the data 
and the uncertainty of wind direction, that by using the 
results given in figures four and five and the angles 
stated we can make meaningful corrections to the flare 
paths and velocities when we use them in the field. 

Wind velocity profile calculated from flare drifting 

As stated, the wind was measured at an elevation of 
five feet and two feet above the water with no observed 
reduction in velocity. Since several flares of different 
freeboards were drifted simultaneously in the same wind 
field, the wind velocity required to push a given flare 
of known area through the water at a measured velocity 
can be computed from the relationship of balanced forces 
of wind being opposed by water, assuming no acceleration 
is taking place after a short interval of time. 

F 
=       water 

(wind)    C
DQ AV AA = CD^WVW AW    (water) 

F wind 

<h& V2A Av AA 
2 

V2 wind !w3 ,2A 

AA 
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V  Velocity of wind acting at a point 0.793 of the 
freeboard measured upward from the water 

V„ Wind drift component of the flare through the 
water 

CD Drag coefficient for flare of given dimensions 

A. Cross-sectional area of flare exposed to wind 

Aw Cross-sectional area of the part of flare exposed 
to water 

/j A Density of air 

ow Density of water 

The factor 0.793 is calculated as the point on the 
flare, measured upward from the water, at which the moments 
of force due to wind are balanced. These calculations were 
made for experiments done under the same wind velocity, 
thirteen miles per hour, where several flares were drifted 
at the same time. Figure 5 gives the wind velocity pro- 
files calculated from these measurements. 

It is difficult to assess the exact meaning of the 
profile obtained because too many unknowns are involved. 
For example, we have no idea what forces were exerted by 
the orbital motions of waves, nor do we know the vertical 
motions of the flares and their upward and downward pene- 
trations into the wind field. Gustiness was clearly ob- 
served at the water surface. On the other hand, the data 
were taken carefully and repeated runs plotted with remark- 
ably little scatter. In spite of the unsteady conditions, 
one gets a uniform result. 

AcknowledgementB The writers wish to thank their 
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CHAPTER 28 

SIMULATION OF HORIZONTAL TURBULENT DIFFUSION OF PARTICLES UNDER WAVES 

By Stephen P. Murray 
Coastal Studies Institute 
Louisiana State University 
Baton Rouge, Louisiana 

ABSTRACT 

By oscillation of an array of turbulence-generating grids in still water, 
the turbulent fluid velocity field m shoaling waves near the bottom is simu- 
lated in a laboratory channel.  Solid particles with fall velocities varying 
between 1 and 40 mm/sec are introduced into the test volume from above. Mul- 
tiple-image photography using ultraviolet lighting techniques and a suitably 
placed mirror allow recording of the gram trajectories as functions of time 
and three space dimensions simultaneously.  The Lagrangian intensities of 
turbulence and diffusion coefficients are then directly measured from the 
photographic data.  The scale times, scale lengths, and the frequencies of 
the power spectra modes can then be calculated.  Properties of the fluid tur- 
bulence are inferred from the quasi-neutral particles. The analysis, which 
is restricted to the component of diffusion in the hori2ontal direction normal 
to the grid motion, shows that the turbulent velocity distributions of both 
fluid and heavy particles are Gaussian, and that their standard deviations 
(intensities of turbulence) increase regularly with increasing grid Reynolds 
numbers (grid speeds).  Diffusion coefficients likewise generally increase 
with increasing grid Reynolds numbers.  Diffusivities of the heavy particles 
relative to the fluid are a function of both particle fall velocity and the 
structure of the fluid turbulence itself. 

I. INTRODUCTION 

With the advent of fluorescent sand tracers in the marine environment, 
much attention has recently been focused on the dispersion of solid particles 
by waves.  In this regard, studies by Bowen and Inman (1966) and Murray (1967) 
suggest that the role of turbulent diffusion must be investigated. The basic 
aims of this study, therefore, are (1) to determine the effect of increasing 
terminal fall velocity on the turbulent diffusion of solid particles inside 
shallow-water waves, (2) to investigate the applicability of the statistical 
theory of turbulence to heavy particles, and (3) to compare the internal 
properties of the fluid and particle turbulence. 

In unidirectional flow the mean velocity m any direction k is generally 
defined by 

t +1/2 T 
o. 

"k-f f\dt' CD 
t -1/2T 
o 
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where u^ is the velocity at any instant and T xs taken sufficiently long to 
yield a stable average.  The difference between u, and u. 

"k = "k" "k 
(2) 

is referred to as the turbulent velocity.  In the case of the periodically 
varying velocities within waves it is less evident how to define mathemati- 
cally the average and turbulent terms. Knowledge of turbulence in waves is 
scant.  Stewart and Grant (1962) measured the turbulent energy spectra in the 
presence of surface waves and illustrated a low-frequency peak attributed to 
orbital motions.  Perhaps turbulence in waves can be defined m terms of such 
deviations in the energy spectra.  In any case, the flow in nature is clearly 
not laminar, and a turbulence term must exist which in turn gives rise to the 
diffusion effects which are the basic aim of this study. 

The complexities of the problem demand an experimental approach, and, 
since the available wave tank was not of sufficient size to generate fully 
turbulent waves, a simulation technique was devised. This technique consists 
essentially of oscillating an array of grids through still water in a sinus- 
oidal manner. Variation of the grid oscillation speed allows the generation 
of several turbulent-flow fields.  Fluorescent lighting techniques, combined 
with multiple-image photography, provide records of the coordinates of individ- 
ual particles in time and three-dimensional space for further analysis. The 
experimental work, which was conducted in the Fluid Mechanics Laboratory of 
the Delft Technological University, the Netherlands, has direct implications 
on the dynamics of suspended sediment in the surf zone. 

II.  THEORETICAL CONSIDERATIONS 

Of the several theories describing and predicting the turbulent spread- 
ing of a collection of particles, the "single particle" theory of G. I. 
Taylor (1921, 1935) offers the best framework for the present study.  Taylor 
expressed particle displacement caused by turbulence :x£ as a time-integrated 
effect of the turbulent velocity u£ 

- f^  CO dt. (3) 

Considering a collection of many particles and taking the mean square of all 
such net displacements as the appropriate statistical measure of the particle 
dispersion yields the Taylor diffusion equation 

02(T) = 2 u£2 j j^  (g) d? dt. (4) 

o 

Here eg is_the variance of the displacements of the particles from their initial 
position,(u£2J is the square of the turbulence intensity—alternatively known 
as the root mean square turbulent velocity—which should be approximately con- 
stant in a given flow field, Rk is the Lagrangian autocorrelation function of 
the velocity, and 5 is the autocorrelation lag time.  The subscript k refers 
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to any direction and (4) applxes equally to the x, y, or z direction when 
only turbulent motions are present with the corresponding velocities u', v', 
and w'. For a detailed derivation of (4) see Haltiner and Martin (1957, p. 276). 

For large values of the lag time 5 the velocity autocorrelation R^CS) 
approaches zero and the area c under the autocorrelation function versus time 
curve—that is, the inner integral of (4)—becomes constant 

Ac 
5) d5 = c, . (5) 

Henceforth all equations will be written in the y direction.  Performing the 
second integration of (4) leads to 

o- 2(T) = 2 v'2 c T. 06) 
y        y 

Taking the first derivative of (6) 

2 

= 2 v'2 c , (7) 
da 

dT 

which shows that, for long elapsed diffusion times, the slope of the o* - 1 
curve is a constant, a result we shall use later. For very short diffusion 
times the autocorrelation is unity and (4) reduces to 

a2 = v'2 T2. C8) 
y 

This equation applies only up to about .04 seconds, as deduced from Frenzen's 
results (1963) under conditions similar to ours. The resolution of our data 
is insufficient for (8) to be of any use. The area under the Lagrangian 
autocorrelation coefficient is generally referred to as the scale time of the 
turbulence, denoted by t„ (9), 

t* =  c , C9) 
y  y 

** = (v^)1/2 t*, CIO) 
y \     /y      y 

2 

K 
y -(%)=(nv-H1,2v 

The scale time t can be considered to measure the lifetime of the largest 
turbulent cell (Inoue, 1960).  The Lagrangian scale length I*  (10) is usually 
interpreted as a measure of the average turbulent eddy size. It is analogous 
to the "mixing length" of Prandtl's earlier theory.  The Lagrangian diffusion 
coefficient K? is equal to one half the ultimate rate of particle spread (11), 
and using (7) and (10) it can be expressed in terms of the turbulence inten- 
sity, the scale time, and the scale length.  In addition, t„ can be inter- 
preted in terms of the distribution of energy in the Lagrangian power spectrum 
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through a Fourier cosine transform (Taylor, 1938). Frenzen (1963, p. 67) 
shows that the mode of the power spectrum n in cycles per second can be 
closely approximated by 

n  = 1/2 (TTt*)"1. (12) 

The complete integral solution of (4) requires knowledge of the form 
of the autocorrelation function Rv(£). Inoue's theoretical analysis (1951) 
predicts the autocorrelation function to approximate the form 

Ry(?) = exp (-5/cy) , (13) 

which was verified experimentally by Kalinske and Pien (1944) and Frenzen 
(1963) for unstratified flows.  Substituting (13) into (4) and integrating 
yields a general diffusion equation 

a2 = 2 v'2 c T - 2 v'2 c2 + 2 v'2 c2 exp (-T/c ),        0-4) 
y      y        y      y      y 

showing that in a fluid velocity field composed only of turbulent motions the 
dispersion of a collection of particles is a function of the turbulence in- 
tensity, the elapsed diffusion time, and the scale time of the turbulence. 

III.  EXPERIMENTAL PROCEDURES 

The use of turbulence-generating grids has yielded great advances m 
the knowledge of turbulence in air streams, but they have been used only 
rarely in hydrodynamics.  The disturbances generated in the lee of a grid 
(with either the fluid or the grid in motion) has been shown by Taylor (1935) 
to transform rapidly into a quasi-isotropic turbulent field.  For an excel- 
lent photograph of this phenomenon showing the initial vortices degenerating 
into a homogeneous turbulent field, see Prandtl (1939). Although it is well 
recognized that quasi-isotropic grid—produced turbulence only crudely resem- 
bles the turbulent shear flows of nature, its study has precipitated great 
progress in the understanding of the mechanics of turbulence itself. Frenzen 
(1963) describes detailed experiments in which a single grid is towed through 
a water channel so that the turbulent trajectories of particles may be studied 
without the disadvantage of a mean flow moving the particles rapidly out of the 
field of view. As a variation of Frenzen's technique, in this study a series 
of grids is oscillated in simple harmonic motion in still water. 

To rationalize the analogy between turbulence in shallow-'water waves 
and grid-produced turbulence, consider Figure 1. Diagram A of thib figure 
shows the well known result that in idealized water waves to the first 
approximation the orbital velocity varies smusoidally in time.  If the 
wave flow were turbulent, the velocity trace would presumably resemble Fig- 
ure 1 B, since the "turbulent fluctuations are approximately proportional 
to the mean velocity" (Sutton, 1953, p. 251).  The elimination of the sinus- 
oid from Figure 1 B represents a turbulence field (Fig. 1 C) without the 
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Fig. 1.  Sketch to Illustrate 
similarity of oscillating grid- 
produced turbulence to turbulent 
wave flow. 

disturbance of orbital motions.  The 
present experiments attempt to simulate 
Figure 1 C by sinusoidally oscillating 
a grid in still water.  In Eulerian 
coordinates the turbulent velocity so 
produced (see Figure 1 D) will abruptly 
peak as the grid passes; this will be 
followed by a gradual decay until the 
next grid passage, and a crude approxi- 
mation to the turbulence shown in dia- 
gram C will ensue. However, as will be 
shown later, the observed frequency 
distributions of the turbulent velocity 
are Gaussian in nature, so perhaps the 
results concerning the particle diffu- 
sion apply equally as well to turbulent 
fields in general.  The laboratory flow 
is a simulation or model of turbulent 
wave flow in nature only in the sense 
of this paragraph. 

The grids which fill the 50 cm 
wide channel are composed of steel rods 
1 cm in diameter and 5 cm apart.  The 

array, consisting of three grids, each- 30 cm apart, has a stroke length kept 
constant at 40 cm. For the experiments average grid velocities of 16, 30, 
and 45 cm/sec are determined by variation of the oscillation period. The 
grid Reynolds number Re is defined by the mean fluid velocity U, the grid 
mesh length M, and the Kinematic viscosity of the fluid v 

Re 
g 

U M 
v C15) 

With U considered as the average grid speed, (15) defines three grid Reynolds 
numbers: 0.66 x 10*, 1.2 x 10*, and 1.9 x 10*. Water depth is kept constant 
at 40 cm.  The elimination of data taken (a) within 5 cm of the walls be- 
cause of boundary effects and (b) within the 10 cm section at each end of 
the grid stroke leaves an experimental volume inside the tank 80 cm long, 
30 cm high, and 40 cm across. 

In conventional studies of grid-produced turbulence a correction for 
the time decay of the turbulence is generally made.  In this study a new 
burst of turbulence, associated with the oscillating grids, reinforces the 
velocity field every few seconds (cf. Fig. 1 D). The particle trajectories 
from which the data are taken encompass the entire volume and time duration 
of an experiment. Thus the trajectories are a direct result of several 
turbulent bursts, and their sampling (at 1-second intervals) is considered 
to produce an average which represents an effective turbulence field, no 
decay corrections being required. 

As a means of observing particle diffusion, solid, wax-like particles 
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2 mm xn diameter d are impregnated with a fluorescent powder and injected 
into the test volume from above. The density of such particles (diameter 
remains constant) can be varied to evaluate changes in the diffusion brought 
on by the terminal fall velocities.  Repeated timing of the duration of fall 
through a column of water determines terminal fall velocities w of 0.2, 1.0, 
2.0, 3.0, and 4.0 cm/sec.  Table 1 lists the corresponding particle Reynolds 
numbers (Rep = w„ d/v) and sedimentation diameters ds—that is, the size of 
spherical quartz grains having the same fall velocities as our test particles 
(Brown, 1950).  The 0.2 cm/sec particle is referred to as the fluid or quasi- 
neutral particle and is used to infer the statistics of the fluid turbulence. 

Table 1 
Properties of the Test Particles 

w cm/sec 
P 

0.2 1.0 2.0 3.0 4.0 

Re 
P 

2.4 16.6 33.3 50.0 66.6 

d (mm) 
s 

0.03 0.12 0.18 0.24 0.38 

Two 500-watt mercury vapor lamps are directed diagonally down into the 
test volume to provide illumination of the fluorescent particles and several 
centimeter scales.  The camera is situated 3 m  in front of the water channel 
and aimed at the center of the front glass experimental area. A red filter 
on the lens insures that the only light to strike the 10 cm x 12 cm negative 
comes from the red-emitting objects treated with the fluorescent powder—that 
is, the particles and the centimeter scales. To achieve the multiple-image 
effect, a metal disc pierced with six holes along its periphery rotates in 
front of the camera lens.  The holes act as a rapidly repeating camera shut- 
ter.  In order to see both a front and a top view of the experimental volume 
simultaneously in the same photograph—that is, all three dimensions at 
once—a high-quality glass mirror is rigidly suspended over the channel. 
One essential feature of this photographic technique is that the grids are 
invisible to the camera. 

Rouse (1939) describes a device used in a study of vertical particle 
diffusion which is mechanically similar to the one discussed above. Rouse 
calculated diffusion coefficients from the concentration statistics of a 
collection of particles. 

IV. ANALYSIS AND RKSULTS 

Fifteen photographs (2 grain trajectories per photograph) were taken 
of each fall velocity at each grid Reynolds number. After development of 
the film 50 cm x 60 cm enlargements were made in the photographic labora- 
tories of both the Delft Technological University and the Coastal Studies 
Institute.  Figure 2 is an example of one data—bearing photograph.  The 
lower half is the front view, giving the x and z coordinates, z being the 
vertical direction; the upper half is the image in the mirror, giving the 
x and y coordinates, the y direction being across the channel width.  In 
this photograph there are eighteen particle images per second, a fall 
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Fig. 2.  Example of a data-bearing photograph; 
grid speed of 30 cm/sec, 18 images per second. 

velocity of 0.2 cm/sec, 
and an average grid speed 
of 30 cm/sec. Four fall 
velocities are examined 
at the lowest value of 
Re and five, at the two 
higher.  Thus there are 
fourteen data sets, each 
composed of thirty grain 
trajectories.  The grains 
are followed in the x, y, 
and z directions for about 
10 seconds. 

Scale overlays are 
constructed to facilitate 
the reading of the particle 
coordinates from the photo- 
graphs, and by counting the 
number of images we can 
tell the duration of elapsed 
time from the start of the 
trajectory. As a means of 
distinguishing the end of 
the trajectory from the be- 
ginning, the last few sec- 
onds of the photograph are 
made with the disc stopped 
and a hole directly in front 
of the lens so that the par- 
ticle makes an easily dis- 
tinguished continuous streak 
on the negative. 

The x coordinate is common to both halves of the photograph, which helps 
in correlating the front and top views. With practice the paths of the parti- 
cles can be followed in all three dimensions and time quite well.  The particle 
coordinate is read each second up to 10 seconds for the data analysis.  This 
sampling procedure controls the frequency band within which we are viewing 
the particle movements.  For N observations taken AT seconds apart the spectral 
band we are viewing is given approximately by 

2NAT 
< f < 

1 
2AT (16) 

where f is the frequency in cycles per second.  In the present experiments 
AT = 1 second and N = 10, so our observations are restricted to the range he- 
tween 0.Q5 and 0.5 cps. 

Because of the proximity of the camera to the experimental tank there 
is a significant parallax error. A centered difference correction technique 
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is employed which reduces this error to at most 4 percent. 

In the remainder of the paper discussion will be restricted to the com- 
ponent of diffusion in the y direction; that is, horizontal diffusion later- 
ally across the channel, normal to the grid motion.  The component of particle 
motion in the y direction is obtained simply by projecting the particle onto 
the y axis.  In a sense we are then observing the particle moving back and 
forth along a single line—the y axis. 

The particle motion along the x axis is difficult to interpret because 
of dragging effects of the grids.  This is not a serious drawback, however, 
as the turbulence characteristics m any horizontal direction should be ap- 
proximately the same m our simplified flow field; i.e., the x-direction 
data should approximate that of the y direction.  The data on diffusion in 
the vertical (z) direction, including the interaction of turbulence and fall 
velocities, will be presented elsewhere.  The three-dimensional value of any 
of the turbulence parameters can be obtained, if desired, by calculation of 
the resultant vector. 

Particle Spread 

We now have the particle coordinates as a function of time.  In order to 
utilize equation (6), we calculate the variance (crs)of particle displacements 
from the initial position for each 1-second time increment using 

2     n  (y    - y ) 

\  (T> = T n     • C17) 

' 1 

where n refers to the number of particles, y0 to the initial and y^ to the 
subsequent coordinates. Unlike the more conventional mean, y0 will vary with 
each particle, but in a field of homogeneous turbulence this is inconsequen- 
tial. A plot of Oy against time T should then, from (7), become linear after 
a few seconds, with the slope equal to twice the product of the turbulence 
intensity (squared) and the scale time; or, alternatively, the diffusion 
coefficient is equal to one half of this slope (see equation 11).  In prac- 
tice we calculate the slope of the least squares regression line passing 
through the points for t * 2 sec. These slopes, together with the corres- 
ponding correlation coefficients r, are presented in Table 2. 

The uniformly high values of the correlation coefficients indicate the 
linear spread law holds valid after 2 seconds in our experiments for both the 
fluid and the heavy particles at all values of Re . 

Turbulent Velocities 

The data on the time change of the particle coordinates also allow 
measurement of the turbulent velocities v' from 

v. . yCt) - yCAt) _ (18) 

At 
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Table 2 
Ultimate Slope of Dispersion Curves 

Re 
g 

0.66 3 104 

w (cm/sec) 0.2 1.0 2.0 3.0 

da2 

dT 2K* (cm2/sec) 8.8 4.8 5.0 4.4 

r .98 .96 .99 .98 

Re 
g 

1.2 x 104 

w (cm/sec) .2 1.0 2.Q 3.0 4.Q 

da2 

dT 
*   2 

2K (cm /sec) 7.6 18 16 7.4 9.5 

r • 89 .99 .98 .93 .94 

Re 
g 

1.9 x 104 

w (cm/sec) .2 1.0 2.0 3.0 4.Q 

A     2 
da 
dT ~ 2K (cm /sec) 25 22 18 14 22 

r .96 .98 .99 .97 .97 

Since At = 1 second the difference in successive particle coordinates is a 
direct measurement of the turbulent velocity.  In a given data set there are 
thirty particles followed for 5 to 10 seconds, resulting in about 200 meas- 
urements of the turbulent velocity per data set. Percent distribution 
(histograms) of turbulent velocities and corresponding Gaussian curves of 
best fit are plotted in Figure 3, where N is the number of observations. 
At this point there are three notation changes: 

1. We shall use the notation y' for the intensity of turbulence; 
that is, y' H (v'2)l/2; 

2. The subscript o, e.g., yj,, refers to a property of the fluid, 
the subscript p refers to a property of a heavy particle, e.g., 
yl, lack of a subscript refers to both phases; 
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Reg = 0 66xl04 Reg = 12xl04 

W--0 2  cm/sec 

Re„ = 19xl04 

-6 0 t-8 

wn
=2.0_,cm/sec 

6  -8 

TURBULENT   VELOCITIES   cm/sec 

Fig. 3. Distributions of turbulent velocities v' as func- 
tions of grid Reynolds number Re , and particle fall ve- 
locity w . S 

3.  The subscript y will hereafter be omitted and understood unless 
otherwise noted. 

Much previous work, suggests that the dis.trihution of the fluid turbulence 
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should be Gaussian, and our data (w =0.2 cm/sec) agree quite well.  Liu 
(1956) states that the heavy particle turbulent velocities should also be 
Gaussian m distribution, which our present data likewise corroborate.  Since 
the observations that make up any single velocity frequency distribution are 
scattered m time and space from many flow realizations, they lend strong 
support to the assumptions of long-term stationarity and homogeneity of the 
flow. 

From elementary statistics we know the variance a-' of a quantity v' 

a2(v') =(v'2) - (v1)2, (19) 

or, transposing and taking roots, 

= [o2(v') + (v')2] 1/2. (20) 

Thus the intensity of turbulence v' may be evaluated directly from the vari- 
ance and mean of our velocity frequency distributions. For a zero jnean the 
intensity of turbulence is by definition equal to the standard deviation. 
Values of the mean {v'),   the standard deviation Co)> and intensity of turbu- 
lence (y1) are given in Figure 3. Velocity means as anticipated are close 
to zero and show no preferential direction, supporting the absence of a mean 
flow. 

Values of y' are presented 
For all values of w , higher grid 
sities of turbulence.  If Wp » 0 

Fig. 4. The effect of the parti- 
cle fall velocity wp on the turbu- 
lence intensity y' for the three 
grid Reynolds numbers Reg. 

in Figure 4 as a function of Re„ and wp. 
Reynolds numbers produce higher inten- 
then v' •+ 0, since a particle with suffi- 

cient mass will not respond to even 
the highest fluid velocity fluctua- 
tions. At Re = 0.66 x lO^, y' ap- 
parently decreases monotomcally with 
increasing values of w , but at higher 
grid Reynolds numbers a tendency is 
evident for an initial increase in y' 
before the descent to zero begins. 
These enhanced velocities are per- 
haps the result of centripetal accel- 
erations; that is, the heavy particles 
are unable to maintain the rate of 
curvature of the fluid eddy and so 
are thrown from the eddy.  This ten- 
dency decreases as the relative inertia 
increases, as postulated by Smgamsetti 
(1966). 

The ratio Wp/w0 was suggested by 
Rouse (1939) as a possible control on 
the mixing coefficient. Figure 5 is 
a nondimensional plot of y'/Wp against 
Wp/w'Q where w'0 is the fluid intensity 
or turbulence in the direction of fall. 
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2.0 
wp/wo 

Fig. 5. Nondimensional representation 
of the effect of the particle fall 
velocity on the turbulence intensity. 

The points of Figure 4 now fall on 
a single smooth curve.  This curve 
can predict the horizontal turbu- 
lence intensity of the particle 
phase from that of the vertical fluid 
phase for a given particle fall 
velocity.  This curve suggests 
that the initial increase in vl 
with increasing wp is now present 
to some degree for all values of 
v^.  The critical value of Wp/w^,, 
computed from Figure 5, where vl 
begins to decrease (that is, where 
gravitational forces become domi- 
nant over mertial forces), varies 
.7 < Wp/w^, <  .9 as a function of 
w^.  The onset of dominant particle 
gravitational effects is therefore 
not controlled by a critical par- 
ticle Reynolds number as suggested 
for investigation by Rouse (1939). 

In our quasi-isotropic flow 
field there is, of course, an inti- 
mate relation between w^, and vl. 
Substitution of v^ for w^ in the 
abscissa variable of Figure 5 gives 

a very similar curve but with a little more scatter.  Future work in a non- 
lsotropic fluid must decide which of the two turbulence intensity components 
is the real controlling factor. 

Other Fluid Turbulence Characteristics 

Using our measured values of the time change of variance dajj/dt (Table 2) 
and fluid turbulence intensity vl (Table 3) we can calculate other fluid prop- 
erties such as scale time (c ^ tg)from (6), scale length H*  from (9), diffusion 
coefficient K* from (10), and the location of the mode of the Lagrangian power 
spectrum n0 from (11).  These four quantities, together with the fluid turbu- 
lence intensity and energy per unit volume, are presented as a function of 
grid Reynolds number Re„ in Figure 6. As shown in (12), the scale time t* can 
be interpreted in terms of the location of the mode of the Lagrangian power 
spectrum.  In this regard it is generally found (see, e.g., Taylor, 1939) that 
the turbulence generated by grids at low values of Re„ is deficient in small- 
scale eddies; that is, the energy is concentrated at low frequencies.  Increase 
of the grid Reynolds number should result in the production of relatively more 
high-frequency energy, producing a corresponding shift of the spectral mode 
toward high frequencies.  This effect is seen both in the present study (Fig- 
ure 6 C, D) and in that of Frenzen (1963) for the initial increase in grid 
Reynolds number.  Our increase in the frequency of the spectral mode is evi- 
dently so severe as to force a slight increase in the diffusion coefficient 
K^ since, combining (10) and (11), 
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Fig. 6.  Properties of the fluid turbulence produced by moving grids. 

K* = (v')2/2Tm (21) 

Taylor (1935) showed the energy of turbulence E0 per unit volume of 
fluid to be 

.2x E0=f (3v^). (22) 

Figure 6 B demonstrates that there Is considerably more energy produced by 
the oscillating grids (this study) than by the single pass of a solitary grid 
(Frenzen).  If the first increase in Re„ has excited considerable high-frequency 
energy, a further increase in the grid Reynolds number could conceivably be un- 
able to shift the spectral mode any higher.  In fact, owing to the overall 
increase in energy over the entire spectrum, the peak could shift back again 
toward lower frequencies, as suggested by Frenzen (1963) in a slightly differ- 
ent context. This did not, as a rule, occur in Frenzen's experiments but, as 
seen in Figure 6 B, at the highest grid Reynolds number we have considerably 
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Table 3 
Characterxstics of Fluid and Particle Turbulence 

Re 
g 

0.66 x 1Q4 

w cm/sec 
P 

0.2 1.0 2.Q 3.0 

v' cm/sec 2.3 2.2 1.8 1.3 

* 
t sec .83 .49 0.77 1.3 

* 
I    cm 1.91 1.1 1.4 1.7 

*  2, 
K cm /sec 4.4 2.4 2.5 2.2 

n cps .19 .32 .21 .12 

Re 
g 

1.2 x 104 

w cm/sec 
P 

0.2 1.0 2.0 3.0 4.0 

v' cm/sec 2.8 2.8 3.2 2.5 2.5 

* 
t  sec 0.48 1.1 .78 0.59 .77 

* 
I    cm 1.4 3.2 2.5 1.5 1.9 

*  2 
K cm /sec 3.8 9.0 8.0 3.7 4.8 

n cps .33 .14 .20 .27 .21 

Re 
g 

1.9 x 104 

w cm/sec 
P 

0.2 1.0 2.0 3.0 4.0 

v' cm/sec 3.4 3.4 3.7 3.3 3.8 

* 
t sec 1.0 .95 .66 .64 .76 

* 
I    cm 3.5 3.2 2.4 2.1 2.9 

*      2, 
K cm /sec 12 11 9.0 7.0 11 

n cps .16 .17 .24 .25 .21 

more energy than he did—17 ergs/cm-* as against 3.4 ergs/cm^.  This is likely 
the cause of the decrease in the frequency of the spectral mode nQ, the in- 
crease in the scale time t*, and the corresponding sharp increase in the 
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diffusion coefficient K* at the high value of Reg. 
lows the same trend as the scale time t„. 

The scale length l*  fol- 

The relative particle diffuslvlty—that is, the ratio of the particle 
diffusion coefficient to that of the fluid K?/K^—is presented m Figure 7 as 
a function of particle fall velocity and grid Reynolds number.  For the lowest 
and highest values of Re„ the relative diffusivity decreases fairly regularly 
with increasing particle fall velocity.  For the middle value of Re„ there is 
a sharp increase in the relative diffusion, three out of four heavy particles 
diffusing at a higher rate than the fluid (quasi-neutral) particles. As can 
be seen in Table 3, this relative diffusion peak is entirely the result of 
the unexpectedly low value of the fluid diffusion coefficient (w_ = 0.2 cm/sec) 
at the intermediate grid Reynolds number Reg = 1.2 x 10^.  To add to our sus- 
picion of this value, the heavy particle diffusion coefficients at this grid 
Reynolds number have values which are fairly consistent with the two other 
data sets. 

Nonetheless, a detailed recheck of the raw data revealed no errors in 
the analysis.  In its support it should be noted that the diffusion coefficient 
is directly measured (not computed) from the time change of particle displace- 
ment; as such it is based on approximately 150 points. Furthermore, the tur- 
bulent velocity frequency distribution of wp = Q.2 cm/sec at Reg = 1.2 x lO

1*, 
which is based on the same raw data as the diffusion coefficient in question, 
is very well behaved.  This distribution (cf. Fig. 3) fits a Gaussian curve 
extremely well and has a standard deviation (intensity of turbulence) falling 
midway between those of neighboring Reynolds numbers.  Thus the relative dif- 
fusion anomaly is apparently quite real and must be related to shifts in the 
power spectra along the frequency axis, as discussed earlier (cf. equation 21). 
The unresolved question is why at the intermediate Re„ there is a lack of 
coupling between the fluid and the heavy particles With respect to diffusion, 
but coupling with respect to particle velocity. 

 1 1 
It is generally 

believed that the more 
turbulent the flow the 
higher the degree of 
mixing (diffusion) of 
such properties as 
heat, momentum, sedi- 
ment, aerosols, etc. 
Despite the relative 
diffusion anomaly in 
our data, this, ten- 
dency is still clearly 
shown for our experi- 
ments in Figure 8, even 
allowing for scatter 
caused by varying par- 
ticle fall velocity. 
There is also some 
evidence for a corre- 
lation (see Figure 9) 
between relative 

Fig. 7 
of the 

.  The relative diffusivity K_/K* as a function 
particle fall velocity w_. 
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Pig. 9.  The relative diffusion coeffi- 
cient as a function of relative particle 
velocity. 

particle velocity Vp/v^ and relative particle diffusivity Kp/KQ.  The rate of 
increase of the relative particle diffusivity accelerates greatly after the 
ratio vL/vL  exceeds approximately unity. 

The particle turbulence intensity vl is equal to the ratio of the scale 
length l*  and the scale time tJ 

v' = I    t   . 
~P   P P 

(23) 

It is of interest to investigate the interrelation of these three quantities. 
Figure 10 shows that the particle scale length (average eddy size) increases 
with increasing particle turbulence intensity, but with appreciable scatter 
because of fall velocities and frequency shifts in the power spectra. With 
this constraint as particle turbulence intensity increases, the scale time 
may then either be a constant or increase at various rates. A plot of our 
data is inconclusive as to the behavior of t„ withv_, except that tp is not 
a constant. Apparently, fall velocity effects, power spectra shifts, and 
other unknown interactions control the particle scale time.  This conclusion 
applies also to the frequency of the peak of the particle power spectrum np. 

The frequency of the power spectral modes, both fluid and particle 
phases, do, however, fall in the range predicted by (16) as available to our 
observation. 
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Fig. 10. The Lagrangian heavy par- 
ticle length scale ip as a function 
of the turbulence Intensity. 

Further Discussion 

All of the resulta up to this 
point have been independent of any 
assumption concerning the nature of 
the Lagrangian autocorrelation func- 
tion.  If we assume the often observed 
negative exponential shape for this 
function the general diffusion equa- 
tion (14) results.  Through (11) this 
equation could be written directly in 
terms of our measured quantities v' 
and K*. Figure 11 shows a selection 
of the theoretical relations predicted 
by (14)—using our measured values of 
v1 and K*—compared to the experimen- 
tally observed values of particle vari- 
ance a~  at a given time t.  In general, 
the agreement is good.  Part of the 
agreement is forced, of course, since 
the linear slope of the solid lines is 
computed from the observed points, but 
the line itself is free to wander in 
the cr^-t plane.  Certain systematic 

deviations of the observed values from the theoretical predictions (such aa 
Re„ = 1.2 x 10*, wp = 2.0 cm/sec in Figure 11) are perhaps caused by the fact 
that the heavy particle autocorrelation functions do not follow the exponential 
decay rule.  This general agreement, however, supports the application of the 
Taylor diffusion theory to heavy particles. 

A further check on the suitability of the Taylor theory can be made 
starting from (13).  The exponential term is negligible after 2 seconds.  By 
rearranging the remaining terms on the right hand side into the slope- 
abscissa intercept form of the linear equation, it is seen that the abscissa 
intercept of the linear portion of the cp-t curve is equal to the scale time 
t*. Using (11) and the measured values of K*, it is now possible to calcu- 
late values of the turbulence intensity. These are compared to the experi- 
mentally observed values in Table 4. 

Table 4 
Value of Turbulence Intensity cm/sec 

Re    x 10 4 

8 
0.66 1.2 1.9 

w    * 
P 

.2 1 2 3 .2 1.0 2.0 3.0 4.0 .2 1 2 3 4 

v'   Obs.   * 2.3 2.2 1.8 1.3 2.8 2.8 3.2 2.5 2.5 3.4 3.4 3.7 3.3 3.8 

y'   Calcu.* 2.5 2.8 3.6 1.5 3.4 2.6 2.7 1.8 3.2 2.9 2.8 6.1 11 4.0 

* cm/sec 
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Pig. 11. A selection of experimental data on the time change of the 
variance of particle displacements a^ compared to a form of the Taylor 
diffusion equation. 

The average error for the fourteen observations is i23 percent, which 
is not unreasonable considering the large error in t and v' produced by a 
relatively small error in the linear slope of the cr2-t curve.  Orlob Q.959) 
describes yet another method of calculating diffusion parameters from par- 
ticle spread. 

V. SUMMARY AND CONCLUSIONS 

The turbulent diffusion of quasi-neutral and heavy particles is studied 
in a turbulence field generated by an array of oscillating grids. Particle 
displacements caused by turbulence are measured by means of multiple—image 
photography.  Diffusion coefficients and intensities of turbulence are di- 
rectly measured from the photographic data.  Other turbulence parameters can 
then be calculated. 

The principal conclusions concerning the horizontal component of the 
turbulence are as follows: 

(1) The simple experimental technique of oscillating an array of 
grids at various speeds produces turbulent fields with suffi- 
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cient homogeneity and stationarity to permit accurate study 
of heavy particle diffusion. 

(2) The turbulent velocity distributions of both the fluid (quasi- 
neutral particles) and the heavy particles are Gaussian, with 
no evidence of a mean flow. 

(3) The turbulent intensity of the heavy particle phase is closely 

controlled by the particle fall velocity and the fluid turbu- 
lent intensity in the vertical direction.  Gravitational ef- 

fects begin to dominate the heavy particle turbulence intensity 

after Wp/w^ exceeds approximately 0.8. 

(4) Taylor's statistical theory of turbulence effectively describes 
the horizontal diffusion of heavy particles suspended in a fluid. 

(5) In general, the heavy particle diffusion coefficients and the 
scale length of the particle eddies increase with increasing 
fluid turbulent intensity. 

(6) Relative diffusion (ratio of heavy particle diffusivity to fluid 
diffusivity) is a function of particle fall velocity and inter- 
nal characteristics of the turbulence such as frequency shifts 
in the power spectra. This suggests that the turbulence spectrum 
as well as the orbital velocities may exert control on grain dif- 
fusion by waves. 
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NOTATION 

c the area under the autocorrelation curve 

d the dxameter of the test particles (2mm) 

d the sedimentation diameter 
s 

E the energy of the turbulence 

K the diffusion coefficient 

I the scale length of the turbulence 

M the grid mesh length 

n the frequency of the power spectrum mode or the number of 
observations 

N the number of observations 

Re the grid Reynolds number 

Re the particle Reynolds number 

t, T time 

t the scale time of the turbulence 

U the mean horizontal velocity, or its experimental equivalent 
the average speed of the sinusoidal grid motion 

u', v', w' turbulent velocity in the x, y, or z direction 

2~~l/2 
(v' )   , v' the turbulence intensity in the y direction 

w the terminal fall velocity of a particle in still water 

w' the fluid turbulence intensity m the vertical direction 

x, y, z the direction, respectively, of the grid motion, horizontal 
across the grid motion, in the vertical 

v the kinematic viscosity 

£ the autocorrelation lag time 

p the fluid density 

2 
a the statistical variance of a quantity 

( ) the subscript refers to fluid or quasi-neutral particle or to 
initial particle position 

( ) the subscript refers to a heavy particle 
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ABSTRACT 

The characteristics of oscillatory boundary layer flow have 
been treated with keen interest during the last decade from the 
various aspects.  Among the previous results the theoretical 
treatment by K. Kajiura must be the most important and fruitful 
one to advance in our knowledge on the present phenomena.  On the 
other hand the senior author has had a real interest in the 
behaviour of sediment particles due to oscillatory fluid motion, 
and has conducted his systematic investigations on the sediment 
movement in nearshore area. 

The aim of this paper is to introduce some results of the 
recent investigations conducted at the Coastal Engineering 
Laboratory, University of Tokyo, with the intention of investi- 
gating the applicability of Kajiura's theory to the oscillatory 
flow in the vicinity of bottom with sand ripples. 

In order to accomplish the above purpose, the authors appli- 
ed the hydrogen bubble technique to measure accurately as much 
as possible the time history of velocity distribution especially 
m the very thin layer above the bottom boundary associated with 
the progressive waves.  The above measuring technique was verifi- 
ed to be enormously powerful even in the case of unsteady flow. 
The bottom conditions tested in the present investigation were 
of 1) hydrodynamically smooth bottom, and 2) rough bottom 
with artificial ripples.  The pictures of hydrogen bubble lines 
released successively from a fine platinum wire were taken by 
using a 16mm cinecamera specially equiped, and were analyzed 
flame by flame to take the digitalized data of horizontal velocity 
of fluid.  The data were analyzed in Fourier series and the 
first mode of the series was only taken to compare with the 
numerical curves obtained through the Kajiura's theory.  The 
horizontal velocity amplitude and its phase, the eddy viscosity 
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and the shear stress at each elevation above bottom were calcu- 
lated by using not only the experimental data of present investi- 
gation, but also the laboratory data obtained by I. G. Jonsson. 

The agreement between the analysed data and the theoretical 
curves is basically consistant; this fact verifies the usefulness 
of the Kajiura's theory.  Even though, there are some questions 
in the theoretical treatment which are arising out of the 
present investigations.  The accumulation of more accurate data 
is basically requested to clarify these problems.  Lastly the 
comparative study on eddy viscosity averaged over wave cycles in 
the neighbourhood of sand ripples was established by using the 
laboratory data of suspended sediment concentration. 

INTRODUCTION 

The characteristics of oscillatory boundary layer flow 
induced by surface waves seem to take a primarily important role 
on the generation, growth and decay of shallow water waves and 
on the behaviour of coastal sediment in nearshore area.  Up to 
now some prominent treatments on this subject have been made 
mainly from the theoretical point of view by M. S. Longuet- 
Higgins,l)K. Kajiura2)and others, while from the experimental 
point of view by I. G.   Jonsson,3)getting a great deal of advanced 
insight into the characteristics of oscillatory boundary layer 
flow.  But still numerous questions have been remained unsolved 
due to mainly the profound difficulty in observation and measure- 
ment of actual state as well as to the complexity of questioned 
phenomena. 

The aim of this paper is to introduce the main results of 
the laboratory studies on the above subject carried out at the 
Coastal Engineering Laboratory, University of Tokyo, during the 
last few years.  The authors have been applying the hydrogen 
bubble techniques to measure the time history of vertical dis- 
tribution of horizontal velocity component, especially in the 
vicinity of bottom, associated with the propagation of surface 
waves.  The laboratory measurements have been repeated under the 
various conditions of wave and bottom surface.  After the 
laborious improvement of measuring procedures, it was finally 
successful to visualize the instantaneous velocity distribution 
and/or~ the intensity of turbulent fluctuation and to measure 
the velocity within a really thin boundary layer developed along 
the flume bottom.  In this paper will be presented the data of 
horizontal velocity distribution in the oscillatory boundary 
layer which were measured under the conditions of 1) hydrodynami- 
cally smooth bottom and 2) roughened bottom with artificial 
ripples.  In the following the comparison of the Kajiura's theory 
for the bottom boundary layer in water waves with the laboratory 
data will be conducted by use of the present data mentioned 
above and the one reported by I. G. Jonsson in 1963.  Finally 
the values of eddy viscosity evaluated by using the measuring 
data of vertical distribution of suspended sediment concentration 
will be given and compared with the calculated ones on the basis 
of the Kajiura's assumption. 
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BASIC THEORIES ON OSCILLATORY 
BOUNDARY LAYER FLOW 

Equation (1) was introduced by M. S. Longuet-Higginsllas an 
expression for the horizontal velocity component u in a laminar 
boundary layer induced by progressive waves: 

« =U{cos(ot-kx)-e~z/Si.cos(ot-kx-z/8L)) (l) 

where U ="H/(T  sinh kh),     k = 2*/L,      «  = 2*/T,     dL = {2v/o)*t    v 
kinematic viscosity of fluid, //:wave height, T:wave period, 
L:wave length, A:water depth, Ctime, *:horizontal axis, and 
zsvertical axis taking upward positive from channel bottom. 

On the other hand, K. Kajiura^'presented a model of the 
bottom boundary layer in water waves and obtained quite important 
results.  He introduced and/or defined such relationships as 
shown in the following: 

r 

7=8   r "      - 
8'=Amp\(U-u)dz/U (3) Jo 

where rsfnction stress, />:density of fluid, u  :friction velocity, 
u^friction velocity at bottom, u:horizontal velocity component 
in a boundary layer, [/:honzontal velocity component at the 
outeredge of frictional layer, Kz:vertical eddy viscosity, 
S' '• wave displacement thickness, and -* denotes the amplitude of 
physical property. 

Following the hypothetical concept of the wall and the defect 
layers established for the case of a steady turbulent boundary 
layer, K. Kajiura assumed the frictional layer of the oscillatory 
flow to consist of three layers:  the inner layer, the overlap 
layer, and the outer layer.  He also introduced three numbers 
such asJV(=12), x(=0.k)   and #(=0.02) corresponding to the above 
three layers, and defined the value of K:   as follows: 

For the case of hydrodynamically smooth bottom: 

' 32 
(2) 

K,= 
v 

*«B 2 

0^2^DL    (inner layer) (ka.) 
DL<z^*d (overlap layer)       (^b) 

(Kz (outer layer) C*c) 

where DL, the thickness of laminar sublayer (or inner layer), is 
determined by uBDL/v=N> while d , the upper limit height of the 
overlap layer above bottom, is by xu'd=KUd' • 

For the case of hydrodynamically rough bottom: 

K,=    xii'Bz DR<z£,d 
*uld d<2 

(inner layer) (5a) 
(overlap layer)       (5b) 
(outer layer) (5c) 
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where *o:roughness length, D:Nikuradse's equivalent roughness, 
and D/,'- thickness of inner layer.  The following relations are 
also assumed: 

O=30 z0 

D={\/2)D=\5zc 

<*= ln(Z)„/2„)=2 708 

(6) 

If the total thickness of the bottom frictional layer is 
assumed to be very small compared with the wave length, and the 
nonlinear effect is also assumed to be negligible (except tur- 
bulence), the equation of oscillatory motion in the boundary 
layer is given by 

-$<*-">-£# (7) 
Combination of Eqs. (2) and (7) gives the following basic equation: 

0-^«*=O (8) 
where r/p    is replaced by u  with the aid of Eq. (2).  Substi- 
tuting the hypothetical expression of K,,   Eq. (It)   or Eq, (5) 
corresponding to the bottom condition, into Eq. (8), K. Kajiura 
solved the basic equation to obtain the generalized equations 
for u   and a*.  He also defined the friction coefficient C   by 
rB//>=Ct/l/and found that the amplitude C  and phase $   of friction 
coefficient were expressed as functions of R=U&L/i>    (where S^= (v/o)* 
= <Jt /J2    ) f°r smooth bottom or U/(<rz0)     for rough bottom. 

He took tentatively the following criterions to classify 
the bottom conditions in the hydraulic sense and the flow regimes. 

For the transitional region from smooth to rough: 

0.4<D/DL<5 (9) 

For the transitional region from laminar to turbulent: 

0.4<^/Ot^5 (10) 

Rewriting Eqs. (9) and (10), the transitional region from laminar 
to turbulent for smooth bottom is expressed by 

25^«^650 (11) 

while that rough bottom is given by 

10'^.M^W (12) 

where M=UD/v . 

The description mentioned above is the outline of Kajiura's 
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theory, in which thereare several questions to be clarified. 
These are: 

(1) Whether the assumption for Kt   is appropriate to the 
present problem or not' 

(2) Whether the basic equation (7) Is adequate to express 
the flow characteristics in the vicinity of bottom with ripples 
or not?  The question of this kind arises from the fact that a 
relatively large vortex exists behind a ripple. 

(3) How should we determine the origin of z   axis when the 
bottom is rough? 

(k)     Is the assumption for the estimate of De  and z0   as shown 
in Eq. (6) reasonable? 
In order to clarify the above questions the systematic and care- 
ful measurements of the flow characteristics in a boundary layer 
are basically required. 

In addition to the above discussion we will consider the 
critical condition for the disappearance of overlap layer.  For 
the smooth bottom the criterion is given byD >d.  According to 
K, Kajiura, the height of the outeredge of overlap layer is 
expressed by 

d=0 05C*U/ff (13) 

Considering  the   relations   of D="N/i'B  and   Ri={USL/vy=Ui/(av)   f 
we  will   obtain   the   following  inequality  as   the   critical   condition 
for   the  disappearance   of  overlap  layer: 

C<240/R (Ik) 

Taking into consideration the given relationship between C and 
R  , the criterion of Eq. (1^) is rewritten as 

ft<217 (15) 

Comparing Eq. (15) with Eq. (11), we may conclude that the over- 
lap layer for the smooth bottom exists always in the range of 
turbulent flow, but not in the range of laminar flow. 

On the other hand, the criterion for rough bottom is expressed 
by/)«>{/, which is equivalent to Eq. (16) or Eq. (17). 

C<9 0X104tf//«.)2 (16) 
#/(«„) <3 5X103 (17) 

The above criterion is again rewritten as follows by using the 
total excursion distance of horizontal particle motion just out- 
side of boundary layer do • 

d0/D<230 (18) 

As a result of the above discussion it is known that when the 
roughness elements with relatively large size exist along the 
bottom, the overlap layer may always disappear. 
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LABORATORY APPARATUS AND MEASURING TECHNIQUES 

The present authors have recognized that the hydrogen bubble 
technique is quite powerful to visualize the stream line and 
velocity distribution in a laboratory flume even in the case of 
oscillatory flow.'+jThe principle of this instrument is to take 
moving pictures of hydrogen bubble line which is generated from 
a cathode of a fine platinum wire (50A m diameter).  The schematic 
diagram of the instrumentation system is shown in Fig. 1.  The 
voltage charged between the cathode and anode is as high as about 
1 KV, and the input pulse is discharged at intervals of about 
50 cps.  An iodine lamp (200 V and 1 Ktf) is used as a light source 
for illuminating the hydrogen bubble lines, and a 16mm camera 
(Canon Scoopic-l6) is used for taking clear and accurate pictures 
with negligible aberration of camera lens. 

The wave flume used for the present investigation is 50• 
long, 60cm wide and 90cm high.  The bottom conditions tested 
are two; one is smooth bottom made of hard vinyl plate and the 
other is rough bottom made of plastic wavy board as shown in 
Fig. 2,  The rise and pitch of the artificial ripple are 0.8cm 
and 3.2cm respectively.  The test waves for the rough bottom 
are adjusted as much as possible to have the combination of wave 
height and period which suits to the size of the ripple.  In 
order to adjust the wave conditions the generalized diagrams 
among wave characteristics, water depth, ripple size and grain 
diameter are applied under the assumption ofMj-ZOO/t,   where Md 

is the medium grain diameter of sediment. 

The test waves are generated by a flap type wave generator 
which is installed at the end of wave flume.  The 5th to 7th 
waves are selected for the measurement of velocity by the reason 
that these waves are almost in a steady state and that the waves 
reflected from the other end of flume have not arrived at the 
measuring section yet.  The hydraulic conditions of the present 
investigations are given in Table 1 together with that of Jonsson's 
experiment. 

In order to compare the laboratory data with the theory, 
the time histories of surface profile and of velocity at each 
elevation are analyzed in Fourier series and the first mode of 
corresponding data is only, in general, taken into consideration. 
Therefore in Table 1, // is the wave height corresponding to the 
fundamental period T , and \j  is calculated by the relation of 
U=*H/(T  sinh kh)   •     The Reynolds number R=USL/V  or M=(/J)/i' is also 
given in Table 1 as an index of flow regions such as laminar, 
transitional and turbulent.  The computation of M  is based on the 
assumption ofD=4V, where 7 is the rise of ripple. 

The close-up of hydrogen bubble rows is taken by the l6mm 
cine camera with the speed of 48 flames per second.  Analysis of 
each flame of film gives the time history of horizontal velocity 
component at each elevation.  In the case of rough bottom with 
artificial ripples, the measuring section is fixed at the trough 
of a certain ripple. 
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Light Source (IKW) 

Voltage Source 

Copper Sheet 

V 
Hydrogen 

Bubbles 

Probe Supporter 

Flume Bottom 

Fig. 1. Instrumentation system. 

Fig. 2. Artificial ripple. 

Table 1. Experimental conditions. 

Investigators 
Experimental 

Method 

Bottom 

Condition 
No 

T 
(sec) 

h 
(c m ) 

H 
(cm) 

V 
(crr^sec) 

0 
(cm sec) 

R 
= 0D/K 

Aut hoc; 
Progressive 

Waves 

Smooth - 1   SO 4 1   0 3 71 9 23-103 6 82 3 5 — 
Artificially 

Roughened 
with 
Ripples 

1 1    07 3 9   4 8  1 6 1 00 "102 10  9 — 3 5*103 

2 1    60 34    6 1 1   8 1 3 7«102 
25   6 — 6 0 * 103 

Jonsson Oscillatory 
Tank 

Artificially 
Roughened - 8    39 — — 9 3 3»103 213   1 — 3 4 x104 
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ANALYSIS OF DATA AND DISCUSSION 

SMOOTH BOTTOM 

1)  Velocxty Distribution 

The horizontal velocity at each elevation read from film 
as well as the surface profile recorded by a parallel wire resis- 
tance gauge is, as mentioned in the previous chapter, analyzed in 
Fourier series, and the data corresponding to the fundamental 
period T  are plotted as shown in Fig. 3.  Figure 3(a) is for the 
amplitude ratio between u   and Ut u/U  > an<* *"ig. 3(b) ls f°r *ne 

phase difference € between u   and {/.  The reader should notice 
that the velocity at the elevation of 2=0,018cm is measurable. 
In the same figures the theoretical curves calculated through the 
Kajiura's theory are also shown by solid line for the comparison 
between the theory and the experimental results.  In this par- 
ticular case the Reynolds number R   is equal to 35; this fact 
indicates that the flow is in the transition between laminar and 
turbulent (see Eq. (11)).  Under such condition the rate of 
discrepancy in &/U  and e between Eq. (l) for laminar flow and the 
Kajiura's theory is at the most 1% respectively. 

The comparison of the experimental data with the theoretical 
curves indicates that: 

(1) The rate of discrepancy in velocity amplitude between 
them is in the order of 1 to 5%> but increases up to about 10% 
in the very vicinity of bottom (2=0.018cm). 

(2) The agreement of velocity phase difference is very good 
in the region of z.J?0.09cm, but is not satisfactory at the 
elevation of *=0.0l8cm.  The phase of experimental data at the 
latter elevation is about 12° smaller than the theoretical one. 
It is still uncertain whether such systematic differences men- 
tioned above are caused by the nonlinear effect of higher harmonics 
or by the inaccuracy of the measuring techniques and of the data 
analysis. 

2)  Eddy Viscosity 

Combining Eqs. (2) and (7)> we obtain the following ex- 
pression for the vertical eddy viscosity Kt• 

K>=-^-Tt(»-Wd*/Tz (19) 

where 8   is the thickness of frictional layer. 

By using the analyzed data of velocity distribution, the 
value of K,   at each elevation for each phase is calculated 
numerically on the basis of Eq. (19) and plotted in Fig. k.      In 
the same figure the vertical distribution of K,   assumed by 
K. Kajiura is also shown by solid lines.  The reader should be 
mentioned that the overlap layer disappears in this case because 
of R=35  (see Eq. (15)).  The data of Kz   estimated from the ex- 
perimental values are distributed in the vicinity of solid lines 
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T = 1  50   (sec) 

H - 3 71   < cmJ 

h - 41 0 I cm> 

• Experiment 

    Theory 

Fig. 3(a). Amplitude ratio 
of u to U. 
(Smooth bottom) 

Fig. 3(b). Phase difference 
between u and U. 
(Smooth bottom) 
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with great scattering especially at the level of «^0.05cm.  As an 
example the variation of Kt   at z=0.091cm with the wave phase 9 
is shown in Fig. 5>  The origin of abscissa 9   in this figure is 
taken at the moment when the corresponding crest of surface wave 
arrives at the measuring station.  According to the assumption 
taken in the Kajiura's theory,K,=" in the inner layer (Z^-DL) , 
and K, = Kuld  in the outer layer (z>DL), therefore there is a dis- 
continuity of Kz   at the boundary between the inner and outer 
layers in the present case.  On the other hand, the estimated 
values of Kt   at each elevation indicate a periodic fluctuation 
and also the mean of Kz   averaged over one wave cycle seems to be 
expressed quite naturally by a certain continuous function of 2. 

3)  Shear Stress 

Figure 6 gives the value of T/p    estimated through Eq. (7) by 
using the analyzed data of velocity distribution.  Figure 6(a) is 
for the amplitude of T/p   and Fig. 6(b) is for the phase difference 
7  between t/p   and U.      In these figures the solid circle indicates 
the data calculated from the fundamental mode of velocity Ui, 
while the open circle indicates the first mode data of t/p 
calculated from the combined velocity «i-6 .  Where ui~e is the 
combined velocity which includes 1st to 6th modes.  The mode 
higher than 6th is practically negligible.  The good agreement 
between the open circle and closed circle suggests us the 
applicability of superposition of shear stresses as a simple 
approximation.  In Fig. 6 the theoretical curves of t/p   and 7  are 
also shown for the comparison.  The agreement between the esti- 
mated values and the theory is satisfactory. 

ROUGH BOTTOM 

1)  Velocity Distribution 

Figures 7 and 8 give the amplitude u/U   and phase e of u/U 
corresponding to the fundamental mode of different waves.  As 
stated in the previous chapter the velocity was measured at the 
section of ripple trough.  The flow characteristics in both cases 
are in a fully turbulent region judging from the values of M 
given in Table 1 (see Eq. (12)).  The overlap layer is also dis- 
appeared in both cases.  In order to compare the above data with 
the Kajiura's theory, we have to consider the following two 
questions:  One is how to determine the origin of z   axis (apparent 
bottom level) and the other is how to assume the thickness of 
inner layer Df(=l5z0)-    H. Motzfeld^'conducted his laboratory experi- 
ments by using a ripple model, which had the shape of crest 
angle being 120° and of the trough with circular arc, under the 
condition of steady turbulent flow, and determined the Nikuradse's 
equivalent roughness D  as Ur  times the rise of ripple V.  Suppos- 
ing that the Motzfeld's result is applicable to the present 
unsteady flow also, we determined the thickness D    as follows: 

fl*=D/2=2?=l 6cm 
In Figs. 7 and 8 are shown the theoretical curves calculated on 
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Fig. k.   Vertical distribution 
of eddy viscosity. 
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Fig. 5,   Variation of eddy viscosity 
with wave phase. 
(Smooth bottom, z = 0.191cm) 
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the basxs of the above assumption and also by takxng the zero 
level of z   at the trough of artificial ripple.  The agreement 
between the laboratory data of £/£/ and the theoretical curve is 
fairly good in general.  But the data at the elevation a little 
higher than the ripple crest (2=0.8cm) have a consistent tenden- 
cy of taking smaller values compared with the theoretical ones. 
This tendency may be caused by the influence of vortex appeared 
behind a ripple.  On the other hand the laboratory data of € are 
about 10° to 20° smaller than the theoretical ones. 

It is well known that I. G. Jonsson conducted his valuable 
experiment on oscillatory flow by using the ingenious apparatus 
of oscillatory tank.  He installed artificial roughness elements 
as shown in Fig. 9 on the bottom of oscillatory tank and measure- 
ed the velocity distribution by means of a miniature current 
meter of propeller type.  Figures 10(a) and 10(b) were taken 
from the figures appeared in the Kajiura's paper.  In this case 
K. Kajiura took z=0 at the height of 0.35cm above the trough 
of roughness elements and also assumed as *0=0.05cm , which was 
equivalent to the condition of D=30z0=2 5V ,1   being the height 
of artificial roughness.  In this experiment the total excursion 
length d0   was fairly large compared with the scale of roughness 
elements, hence the value of d0/D=380 was large enough to main- 
tain the overlap layer.  The agreement between the theoretical 
curves and the experimental data for the first mode is quite 
satisfactory. 

The agreement in the authors' cases (7"=1.07sec and 1.60sec) 
is not so good as in Jonsson's case (T=8.39sec).  The above fact 
may be explained by the following reason:  The artificial 
roughness elements of the authors' experiment are relatively 
large compared with the scale of oscillatory motion, hence the 
turbulence induced by vortex is predominate.  As a result of 
this situation Eq. (17), m which the vertical component of 
velocity is neglected, is incomplete to represent the flow 
characteristics of the present case. 

3)  Eddy Viscosity 

Figure 11 gives the distribution of Kt  determined through 
Eq. (19) as for the case of smooth bottom by using the velocity 
distribution of the first mode oscillation.  The scattering of data 
indicates the time variation of K,   as in the case of smooth bottom. 
There happens a curious result such as negative value of Kz. 
This may be caused partly by the error of numerical computation 
for K,, but mainly by the following fundamental reason.  That is, 
Eq. (7) is inadequate to express the present phenomena due to the 
existance of vortex with relatively large scale.  The vortex 
induces the vertical velocity component which is comparative to 
the horizontal one. 

Figure 12 shows the vertical distribution of Kz  estimated 
from the Jonsson's data.  The fluctuation of Kt   in the vicinity 
of bottom is small compared with that in Fig. 11, but it seems 
relatively large in the range of *<S2cm, The agreement between 
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Fig. 9. Artificial roughness in 
Jonsson's experiment. 
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the theoretical assumption (Eq. (5)) and ^he estimated value is 
fairly well, but the expression of K,= xutz  f or DR <z<d and 0^.z^DR 
too seems better than that of Eq. (5) at least in the questioned 
case. 

k)      Roughness Length 

The horizontal velocity distribution in the overlap layer 
is well approximated by the logarithmic distribution curve. 
From this point of view in Fig. 13 the analyzed data of Jonsson 
are plotted in each phase.  The roughness length z0   is determined 
as an intersection between the axis of «=0 and the extended 
straight line of velocity distribution curve in the overlap layer 
on a semilog paper.  The value of z<> thus determined fluctuates 
with the phase of surface wave motion as shown in Fig. 1^.  But 
it can not be determined at the phases near 75° and 255°> where 
shear stress becomes zero. 

5)  Shear Stress 

Similar to the case of smooth bottom, the vertical dis- 
tribution of shear stress r/p  is calculated numerically by using 
the Jonsson*s data and is shown in Fig, 15.  Figure 15(a) is for 
r/p   and Fig. 15(b) is for the phase difference f  between r/p  and 
U.    The definition of open and closed circles is the same as in 
the smooth bottom case.  The agreement between the two results 
is fairly well for ?/p  , but is not well for 7.  The discrepancy 
of 7  is about5~6°between the two cases.  At any rate the 
superposition of shear stress seems to be a good approximation 
in the rough bottom case as well as in the smooth bottom case. 

SUSPENDED SEDIMENT CONCENTRATION 

During the last decade the senior author has devoted his 
continuous efforts to study the suspended sediment concentration 
and reported a part elsewhere.6)In the following a further study 
will be described briefly. 

The suspended particle is actually heavier than the fluid, 
hence the following will be given as the fundamental equation 
of the suspended sediment concentration.7' 

-£<•*.£>+ <*->f-° <2o) 

where ?: sediment concentration averaged over one wave cycle, 
M>,,:fall velocity of sediment particle, and /}:a coefficient 
usually taken as unity. 

The senior author has analyzed the suspended sediment 
phenomena due to surface waves and proposed a method to determine 
the vertical distribution of suspended sediment concentration. ' 
The basic assumption of the above treatment was that the diffusion 
process was governed by the turbulence associated with the 
orbital motion of water particle, and that the potential theory 
of surface waves was applicable as a first approximation to 
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estimate the eddy viscosity K,  .  Therefore the above treatment 
may be applicable only to the suspended sediment phenomena in the 
upper layer of water beyond the outer layer. 

8) While Kishi et al. 'applied the expression of eddy viscosity 
such as Kl=a' Kul (z-{-z0)  to the suspended sediment problem, where 
or' is a coefficient.  The above expression of eddy viscosity was 
originally proposed by K. Kajiura°'in his early paper.  Consider- 
ing the assumption of K,,   we may recognize that their result on 
the vertical distribution of suspended sediment concentration is 
applicable to a certain limited layer near the bottom.  Here the 
authors will concentrate their attention on the effect of ripples 
on the sediment motion. 

According to Eq, (5a) the eddy viscosity for the inner 
layer is expressed by K1=<"cu„ DR, hence the integration of Eq. (20) 
gives the following solution: 

c=c0exp((/3w0/Kz)z) (21) 

where c„ is the concentration at the level of z=0.     Under the 
assumption of /?=1.0 the value of K,   for each run of experiment 
reported previously was estimated,*0'while the theoretical one 
was calculated under the assumption of Dg=2V , V   being the rise of 
sand ripple.  Figure 16 shows the comparison between Kz   (estimat- 
ed) and Kz (calculated), where the laboratory data are grouped 
into two; one is the data measured above ripple crest and the 
other above ripple trough.  Even a large scattering of data, 
the majority of them falls near the k$°  straight line.  From the 
above fact, the dimensionless number /9, which was introduced to 
express the influence of relative scale between grain size and 
the scale of turbulence, may be taken as unity at least in the 
very vicinity of sand bottom. 

CONCLUSIONS 

The characteristics of oscillatory boundary layer flow 
have been investigated from many aspects on the basis of labo- 
ratory data of velocity distribution in a boundary layer.  The 
hydrogen bubble technique is surprisingly powerful to measure the 
velocity in the very vicinity of bottom or in the space behind 
ripple.  In order to increase the accuracy of measurement and of 
data processing, it is still required to improve more the present 
instrumentation system. 

The Kajiura's theory is a very important treatment to clari- 
fy the characteristics of oscillatory boundary layer flow, but 
involves some questionaries to be solved in future.  These are 
as follows: 

1) According to the present investigation, the eddy viscosi- 
ty seems to be a time dependent function with the same period as 
the surface wave, and also a continuous function of z.      Based on 
the above fact, the Kajiura's assumption is not always satis- 
factory to the present phenomena. 

2) There is no rule how to determine the zero level of z  axis 
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in the case of rough bottom. 
3)  It xs still uncertain whether the estimation of D,, D 

and z„   introduced into the Kajiura's theory is appropriate to the 
present phenomena. 

More accurate data are required to make the above problems 
clear.  Besides, it is necessary to introduce another basic 
equation which is applicable to the phenomena in the very 
vicinity of sand ripple.  The flow is very complicative owing to 
the existence of a large vortex.  Further studies are truely 
needed to advance our knowledge on the oscillatory flow phenomena. 
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CHAPTER 30 

THE THRESHOLD OP MOVEMENT OP COARSE MATERIAL IN OSCILLATORY PLOW 

P. J. Ranee, Principal Scientific Officer 

N. P. Warren, Assistant Experimental Officer 

Hydraulics Research Station, Wallingford, Great Britain 

ABSTRACT 

Experimental results are presented from which it is now 
possible to predict the threshold of movement of shingle. 

Introduction 
The experiments were conducted in an Oscillating Water 

Tunnel, (Ref. 1), on the threshold of movement of shingle size 
material.  The Tunnel simulates the oscillatory water motion at 
the sea bed due to wave action with a semi-orbit range of 0-4.5 
metres and a period range of 5-15 seconds.  Additionally, a 
uni-directional current of up to 0.6 m/sec can also be superposed 
upon the oscillatory motion. 

Although limestone chips of between 0.32 cm and 2.5 cm 
diameters were the basic material tested, other materials such as 
coal and sand were examined in order to observe the effects of 
the various parameters over a wider range. 

The Experiments 
The various materials were placed in a bed 2.44 m. long and 

45 cm, wide, with smooth wooden ramps at each end and in all 
cases was made at least 3 or 4 particles deep with a minimum 
depth of 5 cm.  In some cases, for reasons of economy, a smaller 
bed 30 cm. long by 45 cm, wide was used:  for example when glass 
spheres and concrete cubes were studied.  To generate the 
appropriate boundary layer conditions within such a short bed, 
limestone chips of appropriate sizes were set into bitumen, on 
boards either side of the test material. 

At the beginning of the study, it was thought to be 
desirable to define the initiation of movement in some precise 
way rather than rely upon a purely visual assessment.  A method, 
analagous to the zero transport approach, was carried out for a 
number of test runs by initially marking a band across the bed 
and subsequently noting the number and position of particles 
which had moved out of the marked area.  This type of test was 
carried out for various amplitudes, at set periods for a common 
number of oscillations. 

Prom the distribution curves, the probability of a particle 
moving from its initial position to a position within the range 
x to (x + 6x) was determined.  The standard deviations of the 
probability curves thus found were plotted against amplitude and 
the intercept of the curve, passing through these points, with 
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the axis taken to be the threshold condition.  Simply plotting 
the number of particles moved against amplitude yields an 
ill-conditioned curve for the determination of the point of 
intersection. 

Obviously a great deal of work was entailed in the determin- 
ation of a single value of threshold.  However, observation 
showed three distinct phases in bed movement.  Firstly, a broad 
band of conditions existed in which particles rocked to and fro 
without actually moving position.  Secondly, one or two particles 
would be dislodged and move a few places downstream and finally, 
with a small increase in velocity and acceleration many particles 
moved.  It was the second condition that was found to equate 
with the deduced limit of threshold.  After a few tests the 
observer was able to decide upon the limiting conditions which 
were consistently in agreement with the calculated values.  Thus 
having 'calibrated' the observer, all subsequent determinations 
were carried out visually:  only at the extremes with relatively 
small and relatively large particles was it considered difficult 
to assess the limiting conditions with reasonable accuracy. 

Since the period of oscillation may be varied while the 
machinery is running it was found expedient for visual determin- 
ations, to fix the amplitude and gradually decrease the cycle 
period until the threshold was reached. 

The Results 
The independent variables describing the purely oscillatory 

motion are 

a, the semi-orbit length, 

T, the period 

p, the density of the fluid (water) 

Vi, the viscosity of the fluid (water) 

p , the density of the grains, 

d, the equivalent sphere diameter of the grains 

and g. 
Apart from the sands, all materials were classified by their 
average equivalent sphere diameters, i.e. the diameter of the 
sphere of equivalent volume.  This was considered to avoid the 
introduction of spurious shape factors and give a more direct 
representation of gravitational force when combined with the 
specific weights. 

An acceptable grouping of the variables into dimensionless 
parameters is 

a2   ad  a     Ps 
g'T2d> Tv' d and p ' 

P  - P u where g' = ? —.g and v= g- the Kinematic viscosity.  The first 
and second parameters are the grain Proude number and the grain 
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Reynolds number respectively and one is tempted to plot one of 
these parameters against the other;  analagous to the work in 
uni-directional flow.  The remaining two parameters would then 
be expected to give rise to families of curves at constant 
values of i* and £s. .  However, such a plot unnecessarily 
exaggerates the experimental error and the influence of the 
other parameters becomes indiscernible. 

An alternative is to replace the Fr. No. by an acceleration 
number a/T2g':  this represents the ratio of the acceleration 
forces to the gravity forces.  A plot of this parameter against 
a/d is shown in Pig. 1.  The influence of viscosity appears as 
an increase in the scatter on the right hand side of the plot in 
the region where drag forces predominate.  So far, insufficient 
data has been collected to enable lines of constant Re. No. to 
be drawn in with any degree of certainty.  It is only in the 
other extreme of high acceleration numbers and low a/d numbers 
that one might expect the fourth parameter, p / p to exert any 
influence.  Again no conclusive evidence on this effect has 
been observed so far. 

The particular plot given in Pig. 1 does not illustrate the 
relative importance of drag forces and acceleration forces 
although the parameter a/d may be considered to be the ratio of 
the two.  The comparison is best made by plotting the Pr. No. 
against the acceleration number as shown in Fig. 2.  This plot 
shows clearly, despite the scatter, that neither drag force not 
acceleration force can be considered insignificant in any part 
of the range:  even with sand where Manohar (Ref. 2) considered 
it safe to account for drag forces only. 

The foregoing discussion has assumed that the effects of 
acceleration are the result of an acceleration force.  This is 
not necessarily so since the rate at which work is done on the 
grain is possibly more important.  If insufficient work is done 
in each cycle the grain will fall back into its original 
position.  Thus the significance of the acceleration number is 
possibly an expression of the time variation of velocity rather 
than an expression of acceleration force. 

Although it would appear that drag forces cannot be 
completely ignored within the range of conditions tested, it 
was surprising that the superposition of uni-directional flow 
did not markedly change the oscillatory conditions necessary 
for the initiation of movement.  Unfortunately the introduction of 
yet another variable makes the analysis of results extremely 
difficult and impossible to present in a simple plot as in 
Pig. 1. 

A few experiments with graded materials showed that the 
threshold value was appropriate to the dr0 size. 
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THE DYNAMICS OP A COAST WITH A GROYNE SYSTEM 
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ABSTRACT 

A mathematical theory will be given about the phenomena, which occur 
if on a coastal area groynes are constructed. 

In former similar theories ( [1] , [2], [3] , [4], [5] ) the coast was 
schematised by one coastline. In the following theory it is presented by 
two lines, one line representing the beach and the other one the inshore. 

The theory is based upon the following assumptions- 

1° the littoral drift along beach and inshore is linear dependent of the 
angle of wave incidence and therefore of the direction of the line of 
beach and inshore respectively; 

2 the transport perpendicular to the coast depends on the steepness of 
the profile. 
If the distance between the line of the beach and the line of the 
inshore is less than a certain equilibrium distance, the profile is 
too steep and there is an offshore transport. In the opposite case 
there is an onshore transport. The relation between offshore transport 
and distance between the mentioned lines is linearised. 

Some results are shown in fig. 8, 9 and 13. 

It is found, dat the influence of a groyne system is threefold: they 
reflect short-period beach processes on the adjacent areas, they retard 
erosion and they give a lee-side scour. 

But the theory only gives one aspect: influence of diffraction and of 
currents is not yet taken into account. 

INTRODUCTION 

In order to know what will happen with a coast after the building of 
coastal structures, one can make use of several approaches. 

If one should know the wave spectra during a long time at the site, if 
a reliable sand transport formula was available, if one would know the 
interaction between waves and currents on the sand transport and if the 
rules for the onshore- and offshore transport were known, one would probably 
be able to predict the changements. Unfortunately, the state of knowledge 
is not so far just now. 

Another approach, which we will use here is more or less morphological. 
With the aid of the continuity equation and a simplified dynamical equation 
with some unknown constants one can find formulae for the coastline in 
course of time. With the aid of curve fitting one can find the unknown 
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constants, which are only valid for the considered area. Furthermore one 
can find the constants from theories, following the first-mentioned 
approach, which gives a quick check of these theories. 

The first one, who published a paper about the second approach was 
PELNARD-CONSIDERE fl] . The original idea was of BOSSEN. 

PELNARD-CONSIDERE assumes, that the profile of the coast always 
remains the equilibrium profile, so that he only needs to consider one 
coastline, being one of the contourlmes. He assumes no currents, constant 
wave direction, small angle 
of wave incidence and a 
linear relation between 
angle of waves incidence 
and littoral drift. As the 
angle of wave incidence at 
A is larger than at B, the 
littoral drift at A is lar- 
ger than at Bj this means 
that there is accretion 

WAVE  INCIDENCE 

between.   A  convex  coast Flg 1      Accretion   on   a   concave    coast * 
erodes, a concave coast 
accretes. 

He finds (cf "Appendix"), that the accretion is linear dependent of 
the curvature of the coast and inverse proportional with the depth D, up 
to where accretion takes place: 

Li - 3L   !_£ 
at  D , 2 

dx 
(1) 

in which the x-direction is the mam coastal direction, the y-axis points 
in seaward direction and in which 

dQ q = IS.    < 

the derivative of the littoral drift Q to the angle of wave incidence a.. 

Prom this differential equation the coastline y as a function of x 
and t can be found for many boundary conditions. PELNARD-CONSIDERE finds 
solutions for the coastline of river deltas, the coastline m the vicinity 
of harbour moles and so on. His experiments confirm the theory. 

GRIJM [2] , [3] extends the theory by using a better formula for the 
littoral drift: 

Q = Q sin 2°t , 

in which ex. is the wave direction. He computes the shape of river deltas 
and finds fundamentally two possible solutions for these deltas: one in 
which the angle of wave incidence is everywhere less than 45° (fig. 2a) 
and the other one, m which this angle is everywhere more than 45°(fig. 2b). 
Also combinations are possible (fig. 2c). 
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In figure 2c the angle of wave incidence is less than 45 at the parts 
A, B, F and more than 45 at the parts C. D, E. As one never knows which 
combination one has to choose, the problem seems to be indefinite. 
BARKER and EDELMAN [4] treat the same problem with the linear Pelnard- 
Considere approach. They investigate also the case of negative q(= i*S. ), 
which occurs if the angle of wave incidence is large. Their solutions are 
more or less similar to GRIJM, but opposite to GRIJM, they also find a 
periodical solution: 

e    D cos Kx (2) 
t . 0- 

Rg 3 Decay    of   smussoidat      shaped    coastline 

This is a sinusoidal shaped 
coastline of which the 
amplitude decreases in course' 
of time if q is positive 
(small angle of wave inciden- 
ce), but increases if q is 
negative (large angle of wave 
incidence). Therefore, solu- 
tions of the shape of fig. 2b are unstable and will be destroyed, because 
slight deviations trigger large deviations according to (2). 

This solves the problem of the indefimteness: nature will prefer 
solutions of category I. GRIJM did not find this solutions, because he 
confined himself to solutions growing with \/Tin all directions. 

PELNARD-CONSIDERE [1] considered river deltas and coastal structures, 
GRIJM [2] , [3] and BARKER and EDELMAN [4] merely treat river deltas. 
BARKER [5J investigates the periodical solutions of eq.(1). Besides the 
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"standing" and attenuating wave of fig. 3, also propagating and attenuating 
waves are possible. The propagating sandwave found in the prototype on 
Vlieland could be explained with theory. BARKER also examines the influence 
of coastal structures on these sandwaves. The sandwave appears to be 
reflected by the structure: the amplitude at the site of the structure is 
enlarged. One can sense this, because there is an analogy between these 
moving sandwaves and tidal waves. The coastline is analogous to the vertical 
tide and the littoral drift to the horizontal tide. If one stops the littoral 
drift (current) by a dam, one increases the variations of the coastline 
(vertical tide). 

One of the beauty failures of the solutions of PELNARD-CONSIDERE CO 
and BARKER [5] is the assumption of parallel depth contours. Near coastal 
structures the deviations of the 
prototype can be considerable. 
For instance, the solution near a ,A 
breakwater is sketched in fig. 4a. 
PELNARD-CONSIDERE finds, that the 
coast on the left-hand side builds 
up to the head of the breakwater 
and that the coastline on the 
right-hand side erodes the same 
amount. This might be true for 
constructions, extending to large 
depths. But in the case of groynes 
only the littoral drift on the 
beach is prevented: at the beach 
there will be sedimentation of 
material on one side of the 
groyne and erosion on the other 
side. But m deeper regions this 
disturbance does not take place, 
so on the left-hand side the 
profile becomes steeper than the 
equilibrium profile and the sand 
drops down, and on the right-hand 
side the profile is flatter than 
the equilibrium profile and the 
sand is pushed by the waves in 
upward direction. 

In order to reproduce this feature in a mathematical model it is 
necessary to schematise the coast by two lines instead of one. This will be 
done in this article. The difference with former theories is, that thus 
off- and onshore transport are taken into account. 

parallel     contour - lines 

F.J    A" More   reasonable 

The   arrows    give 
of    the    sanddrift 

approximation 

the    direction 

Definitions and assumptions. 

r Q 
Dl 

Groyne 
7T7T77777777? 

Pig. 5a denotes a schematized 
profile. The profile is under- 
d vided into two parts, one 
part consisting of the profile 
between 0 and D. below sea 
level (beach), the second one 

F,g5a 

between D, and D, + D_ (inshore). 

Schematised     profile 

1   °" 1 
Between beach and inshore i 
horizontal shelf at depth D. 
the total depth D being D. IV 
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The depth D is assumed to be so 
large, that no littoral drift 
takes place here. 

In reality one can imagine, 
that a breaker ridge occurs at 
depth Di and that a trough links 
the two parts of the coast 
(dotted line), fig. 5a. 

It is assumed, that a groyne 
reaches up to the horizontal 
shelf at depth D-] and prevents 
all littoral drift along the 
beach, but of course not along 
the inshore. 

In the theory the profile is 
still more schematized, accor- 
ding to fig. 5b. A stepwise 
profile remains. The areas 
PQSR and RTUV in fig. 5a are 
equal to the corresponding 
areas in fig. 5b. 

In top view one sees two lines 
at a distance y-j and y2' from 

the x-axis, which will be called "the line of the beach" and "the line of 
the inshore" respectively. 

The "equilibrium distance" W is the distance y2» - y. between beach 
and inshore, when the profile is an equilibrium profile. 

The following dynamic equations are assumed. 
If the distance yg• - y1 is equal to the equilibrium distance W, no inter- 
action is assumed. If the distance y ' - y. is less than W, the profile is 
too steep and an offshore transport will be the result. An onshore trans- 
port will occur m the opposite case. 

We linearize this relation and take for the 
offshore transport Q per unit length: 

F.g5c One--line   theory 

the  area    PQSTUV 

is always   the same 

Qy«qy   {yi - (y2'-w)f (3a) 

in which q    is a proportionality constant. 
The dimension of q    is [l/t] .  For a simpler 
notation,  we denote: 

and   offshore    transport -   W (4) 

Then  (3a)  becomes 
'1 (3) 

With respect to the littoral drift, the assumption of PELNARD- 
CONSIDfcRE [1] is applied, bothfor beach and inshore: the transport in 
linearized: 
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ay-i 
Q1 " Qoi " qi S7" 

*o2 - q. 
?y2 

2 ?x 

(5) 

Fig 7   Littoral  drift  along 
beach   and   inshore 

in which Q . and Q _ are respectively the 

"stationary transport" (littoral drift where 

U, 3 y2 
-— = 0, resp. —— = 0 , fig. 7) on beach and 

inshore and in which q-| and q2 are proportionality constants. The dimension 
of q1 and q2 is[l3/t]. 

RESULTS 

By making use of the continuity equation and the above-mentioned 
dynamical equations one can compute many stationary and mstationary cases 
(cf. "Appendix"). 
Of importance appears to be a reference length: 

L = 
o 

1 

y q-i  q2 

(6) 

•M 

Pig. 8 shows the result in the case of accretion and erosion near one groyne 
when q. = q? and D,. = D„. (cf Appendix, 3). 

In the initial situation the lines of beach and inshore are parallel. 
Pig. 8a shows the situation immediately after the construction of the groyne. 
Only the beach shows some build-up on the right-hand side and erosion on 
the left-hand side. It must be stressed, that the influence of diffraction 
is not taken into account. 

In fig. 8b and 8c the profile on the left-hand side becomes too steep 
and sand drops down to the inshore. Here the littoral drift was originally 
everywhere the same. The supply of sand from the beach overcharges the 
transport capacibility of the inshore and therefore sand sedimentates here. 

Now the littoral drift Q along the groyne at the inshore becomes 
«y2 

larger ( -— becomes negative, cf (5) ). In the final stage (fig. 8d) beach dx 
and inshore on the left-hand side and on the right-hand side are shifted 
with respect to each other. This is in correspondence with the results of 
PELNARD-CONSIDERE [1], but he finds, that the coast builds up to the top of 
the groyne, and here it is found, that it builds up to a distance, only . 
dependent of q- q and the angle <*. of wave incidence, where tanot= _°1 

y q-i 
Pig. 9 shows several stationary cases. 

Pig. 9d gives again the final state of fig. 8d. The transport is the same 
as without a groyne, because the transport at a long distance of the groyne 
does not change. If more groynes are constructed, the littoral drift along 
the beach is stopped more and more, because the beach turns in the direction 
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of the wave crest (fig. 9c,b,a). 

We now consider the case, that the groynes are so near to each other, 
that they prevent all the transport along the beach (fig. 9a). 
In this case the total littoral drift is the drift along the inshore: 

Q " Q2 " %2  ~  *2    XT 

Before the construction of the groynes this transport was: 

ay-i     ;>y2 
Q - Q1 • Q2 - Qol + Qo2 - q, ST   - q2 — 

Following the conception of PELNARD-CONSIDERS (cf Appendix, 1), and 
assuming that the sedimentation takes place equable on beach and inshore 
(q sufficiently large), the coastal equation for a protected area would be: 

ix  h. ix 
at ° D x 2 dx 

The coastal constant q/D is changed in q„/D. The assumption, that the 
sedimentation takes place equable on beach ana inshore, is about correct 
for long-term coastal processes (long with respect to T0, of Appendix 2,(19),7. 

We considered the case, that the groynes were so near to each other, 
that they prevent all the transport along the beach. If the distance 
between the groynes is larger, the coastal constant will not dimmish with 
a factor q?/q, but less: 

a-        •    -2 

at = D~ "H> • in which   i2< q' < ^1 + q2   • • (7) 

dx 
1 

This factor can be computed (cf Appendix, 4 ) and will be called —j 
  P 

1      a" \ I 'M * q2 
2 

P 
(8) 

We now have returned to the one-line theory of PE1NARD-C0NSIDERE 
a protected area can be considered as an area with another coastal constant 

(•*—) than the neighbouring unprotected area, and this constant can be 

computed with the two-line theory. 

In the following section we shall give first some rough statements, 
making use of the one-line theory, considering a protected area as an area 
with another coastal constant, and afterwards we shall illustrate it with 
more accurate computations with the two-line theory. The advantage of the 
one-line theory is, that it gives a quick insight in the essence of the 
matter. 

LAWS OP SCAIE 

One can make the coastal equation (1) dimensionless by substituting: 
x = ^x .X , y - ny . 7J , t - nt . -C , q/D = ncc . C, in which X ,  T£ .< 
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and C are dxmensionless and n , n , n , n  give the scale factor of x, y, 
x  y  t  cc 

t and the coastal constant q/D. 

One finds the following relation: 

n. 
constant (9) 

The scale n of y can be chosen arbitrary, because y occurs on both 
sides of eq. (1). We shall give some examples: 

Consider two half-mf mite coastal areas with different coastal 
constants, which are in rest at infinity. Suppose that the ends of both 
areas carry out the same movements m course of time. The shape of the 
coastline will be the same in both cases, but the x-scale will be equal to 
the square root of the coastal constants (fig. 10a). 

Consider now two areas with different coastal constants, which are 
identical at time t = 0 and of which the ends of the areas are in rest. 
Now the x-scale is the same and therefore the timescale of the changements 
will be inverse proportional to the coastal constants (fig. 10b). 

yf ^ ^ 
COASTAL   CONSTANT     1/D 

same   curve 

COASTAL    CONSTANT 

Fig 10 Fig 10" 

INFLUENCE OP A ROW OP GROYNES 

We consider a coast, where over a long stretch groynes are constructed 
at time t » 0. 

What is the influence of the groynes on the coast' 

We will consider three influences, which can be superponed, because all 
equations are linear- 

1° the influence of external causes (boundary conditions); 

2° the influence of the oblique incidence of the waves (stationary 
transport); 

3 the influence of the shape of the coast. 

1  Influence of external causes. 

Assume a wave direction, perpendicular to the coast and a straight 
coastline at time t = 0. 
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NO STATIONARY 
TRANSPORT 

MOVING 

BOUNDARY 

SAME 
BOUNDARY <| 
CONDITION 

L = ce> 

Y 
t 

1,1,  I 

NO STATIONARY 
TRANSPORT 

III.   !    Ill 

FIG 11    coastline  at time t = 0 
/ / V V / / />/ REST 

— X 

FIG 11b   coastline   at  time  t  — X 

FIG 11 c   coastline at time t, if no groynes would  have been  constructed 

Assume, that by one or another external cause (for instance, a river 
or tidal canal, which embouches left of the left boundary, fig. 11) the 
coastline at time t, would have been according to fig. 11c, if no groynes 
would have been constructed. 

What is the coastline if groynes are constructed at time t » 0 ' 

This coastline can be constructed with the following method. 

The coastline y^ of the protected area can be found by reducing the 
x-scale of y by a factor 1/p (p defined by (8) ) and by multiplying the 
y-scale with a factor 1 + r, in which: 

P - 1 
P + 1 

so 1 + r 2P 
P + 1 

In formula: y* (x) - (1 + r) y (px) 

(10) 

(11a) 

The coastline of the unprotected part y_can be found as the sum of the 
original y plus a "reflected y"; the latter one being the reflection of the 
original y (for x > 0) with respect to the y-axis and multiplied with the 
reflection .factor r, given m eq. (10): 
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**-*•*«§#    '-^«s^tr^ PROTECTED  BEACH 

FIG 13 PROPAGATING    SANDWAVE    ACCORDING     TO    TWO-LINE   SYSTEM 
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if x < 0,  then y  (x) » y (x) + r. y(-x)  . . 

In fig. 12 the method of construction is visualised. 

(11b) 

V.Y, 

FIG 12 

One can proof easily, that: 

a. the new coastline of the unprotected part y suffices the coastal 
equation (1) for an unprotected area: it consists of the sum of two 
functions, both obeying this linear equation. 

b. the new coastline of the protected part y suffices the coastal 
equation (7) for a protected area. For the timescale of the changements 
at A is the same in fig. 11b and 11c and the x-scale is proportional 
to the square root of the coastal constants (fig. 10a). 

11b is equal to c. the transport a little bit on the left of A in fig. 
the transport a little bit on the right of A. 

d. the y-coordinates at A of the protected and unprotected area are the 
same. 

As an example of the influence of external causes in the case of the 
two-line system, fig. 13 shows the influence of groynes on a harmonical, 
propagating sandwave. These sandwaves occur, if the left-hand boundary 
erodes and accretes harmonically (by an external cause), if the right-hand 
boundary (protected coast) is in rest, and if the profile at the boundaries 
is an equilibrium profile [4] , [5] . In the case of fig. 13, it is assumed, 
that the distance between the groynes is so small, that no littoral drift 
takes place on the beach. The protected beach just reacts as a store. 
The formulae are given in the Appendix, 7. 

As fig. 13 shows, for short-period processes  , the motion of the 

TT defined in the appendix 
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xnshore is practically the same either if groynes are constructed, either 
if they are not. Then the motion of the protected beach is small, but there 
is a large edge effect on the unprotected beach, near the beginning of the 
groyne system. 

For long-period processes  the results of the one-line theory are 
confirmed: the wave-length along the protected beach and inshore is a 
factor 1/p times the wave-length along the unprotected beach and the 
amplitude is enlarged by a factor 1 + r, according to (10). 

2 Influence of oblique incidence of waves 

According to the one-line system, the transport along an unprotected 
coast y and along a protected coast y' are respectively: 

Q,= v -«* If 
In this formula Q ' and q' are smaller than Q and q. If the transport along 
the beach is prevented totally, Q ' and q' ar§ respectively Q - and q„ , 

O 0*- £ 
the constants of the inshore. 

Consider an area, partly protected with groynes, which is at t « 0 
parallel to the x-axis (fig. 15a). On the unprotected beach the transport 
will be Q and on the protected beach Q ' and therefore the sedimentation 
per unit time will be Q - Q '. With the same considerations as in the 

o   o 
chapter "influence of external causes" it can be shown, that a kind of 
delta will be formed, which will increase with a velocity proportional to 
\/t (fig. 15b). This delta is not symmetrical: the same y-coordinate at the 

point (-x) of the unprotected coast occurs in the point x/p of the protected 
coast (fig. H). The inverse will occur on the lee-side of the groyne system. 
Here a similar shape scour-hole 
will be formed. Pig. 15 shows the 
shape and the transport, the 
formulae are given in appendix, 8. 

F.jH 

The corresponding two-line 
system is rather intricate and 
still in study. 

3° The influence of shape 

Even if the coastline would not change because of external causes and 
even if the influence of stationary transport is not taken into account, a 
convex coast would erode and a concave coast accrete according to eq. (1): 

at  D , 2 

In the one-line system the difference between a protected coast and an 
unprotected coast is a difference in the constant q/D, which differs a 
factor p , according to (8). This means, that a protected coast accretes 

defined in the appendix 
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'•EROSION   OF 
INSHORE 

SCALES:   TIME 1 3 T.=   -51-22. 
1vD 

EROSION    IS   -?S92.J>!°* 

 1— 
ZERO   LINE    OF   INSHORE li   TIME 

-5-JL 
TIME 

LIMIT   OF   BEACH    EROSION 

v^      "-VLIMIT   OF INSHORE   EROSION 

D,   = D2 

Profile     A - B 

OJ-l-U-^-1 II III 
r BEACH   y, 

Groynes   constructed   at  t =0 

At  t = 0   is  coasthne   y, = y2 = ax2 

Fig   16    EROSION   OF BEACH   AND   INSHORE    ACCORDING    TO   THE   TWO - LINE   SYSTEM 
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(erodes) slower than an unprotected coast with the same curvature. The 
txmescale is p2 txmes as large, according to (9) and fig. 10b. 

At the boundary between a protected part and an unprotected part edge 
effects arise, which can be computed graphically with the method of 
Schmidt [5] . 

Pig. 16 shows the erosion of a convex coast, according to the two-line 
system. The formulae are given m appendix, 9. 

It is assumed, that before t » 0 beach and inshore have the same 
parabolic shape and an equilibrium profile. They erode with the same 
velocity. At time t • 0 groynes are constructed at the beach, so near to 
each other, that they prevent all transport along the beach. The erosion 
along the inshore is not stopped, however, the profile becomes too steep 
and sand moves from beach to inshore. 

The erosion of the inshore diminishes and the erosion of the beach 
begins again. Finally, beach and inshore erode together again, but the 
profile remains steeper than the equilibrium profile, and the total rate 
of erosion is less than before, according to the one-line theory. 

DISCUSSION 

The theory only deals with one aspect. 

Other aspects are: 

1 the influence of rip-currents near the groynes. 
This influence is two-fold: rip-currents transport material from beach 
to inshore and they cause stream-refraction. These two influences work 
against each other. The transport of material from the beach causes a 
scour-hole on the beach and the stream-refraction causes a spit on the 
beach. 
At the moment experiments with dyed water in the prototype are carried 
out to get an impression of the order of magnitude of these rip-currents. 
Rip-currents flatten the profile and lower the rate of effect of a 
groyne-system. Therefore it is very important, that they give the 
correct transport in models, because otherwise one can find the inverse 
effect of groynes as in practice. 

2 the influence of diffraction on the lee-side of groynes. 
The author has the feeling that diffraction does not really change the 
effect of a groyne system, but only has minor effects in the immediate 
vicinity. 

3 variable wave direction 
This causes changing boundary conditions near the groynes. 
Most influence will be found near the first groyne of a groyne system, 
where this will generate short-period moving sandwaves on the beach. 
These sandwaves have a short wavelength and will decay at a short 
distance of the groyne. At a long distance of the groynes one only finds 
the effect of mean wave conditions and no influence of variations. 
Therefore, also with varying wave conditions, most of what has been 
said, especially about long-period processes, remains its validity with 
changing wave conditions. 

4° non-linearity in the transport equation. 
According to the author, this is mostly of minor importance, except if 
anywhere the angle of wave incidence along beach or inshore becomes 
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about 45° or more. In this case the matter of instability, mentioned in 
the introduction becomes important. A point where this can occur is in 
fig. 8 on the inshore, right in front of the groyne. 

Of course everyone will be interested in the values of the coastal 
constants. 

The following is not more than a reasonable quess, because serious 
investigations have not yet been done. 

6  T 
For some parts of the Dutch coast, q/D « 0,4 x 10 m /m depth/year/ 

radian and q might be 1 to 10 m/year at a depth D. of 3 m. 
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APPENDIX 

1 . THE DERIVATION OF PELNARD-CONSIDERE 

If x is the mam coastal 
direction and y is in seaward 
direction, the angle of wave 
incidence is nearly (taking 

arctg 2i ^ 11. 
ax ax ):< ax 

The littoral drift Q is a 
function of the angle of wave 
incidence  and can be put into 
a Taylor series: 

Q = Q  + -j& («•- «-) +  ••• o  dot      0 

FIG 17 

in which Q denotes the transport Q if the angle of wave incidence is «. 
This gives in linear approximation: 
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dQ in which q « -r2-   for ^  doc 

The equation of continuity says that the sedimentation is equal to the 
decrease of littoral drift: 

Is- + »   &- o. dx     dt 

Substituting Q gives the equation of Pelnard-Considere: 

at D > 2 ' 3x 

It will be seen, that this derivation remains its validity when Q denotes 
the mean yearly transport along a coast. 

In practice, the transport is zero 
if the angle of wave incidence is zero. 
In order to get this correct m the 
mathematical model, it has sense to choose 
Q less than the transport when the angle 
of wave incidence is oc (fig. 18) 

Q 
REAL    TRANSPORT 

/   ./APPROXIMATION 

/      / 
/   ^ /   / / / a« 

(!<arctg q « 
ne 18 

DKRIVATION OP THE FORMULAE FOR THE TWO LINE SYSTEM 

The equations of continuity are: 

d^ 

dx 

dQ2 

dx" 

a*1 

ay, 
u2  at 

(12) 

Substituting the dynamical equations (3) and (5) for Q. , Q. and Q gives: 

o y1 

dx 

a y2 
?2 ~~2~ ox 

(*1 ' *z> m D1 FT 

(y. 
ay2 

(13) 

Adding both equations gives: 

b (q^y-i + q2y2)  ^(»1y1 + D2y2) 

at 

which can be written as: 



GROYNE SYSTEM 511 

D 5x2   D2  D1   V     Sx2     &t (    ' 

a  q1 + q2 1 m which i -   + ^   and  y - yj (D^ + D^). 

y is the "coastline" of Pelnard-Considere. We will confine ourselves to 
11   <J2 

to cases where 7?— « -rr- , which means, that if beach and inshore have the 

same curvature, they fill up equable and the profile does not change. 
In this case the second left-hand term of (14) is zero and we have back 
eq. (1) of Pelnard-Considere. 

By dividing the equations (13) by D. and D„ respectively and subtrac- 
ting one finds: 

2.   1-2=. . 22__ y = tS^  (15) 
D h2   D1D2      at 

in which y- » y., - y2        (16) 

Eq. (15) is the equation for the offshore transport, which equals q y. . 
By using the auxiliary variable y  , equal to: 

q D 
y 

ye - y_ e  D^g *      (17) 

this can be written as: 

 (18) <L   111        Jl 
B  ax2     "   M 

(1) and (18) both represent the diffusion-, warmth-, or conductivity 
equation, for which many numerical or graphical integration processes are 
available, for instance the method of Schmidt |>]. 
By substituting the appropriate boundary conditions for y and y , one can 
find y and y at every time and place, from which y1 and y?. 

Some problems can be solved analytically, of which some examples will 
be given. 

Prom (17) it will be seen, that the time scale of this kind of 
processes is highly dependent of a reference time T : 

D1D2 To=FIT      W 
y 

3. THE PROBLEM OP PIG. 8. D., - I>2, q., - q.,. 

Boundary conditions:  ji y. « y„ - 0 for x =<x=  and 0 < t <. ew 
_b y2 » 0      for x « 0  and 0 < t <. oa 
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Jy1 Qo1 o   r—- = tan oc = —ii-   for x = 0    and    0 < t < oo 
-  *>x q1 

A    y-i   • y2  " ° f or 0 < x < oo   and t - 0 

First the equations (1) and (15) are made dimensionless by substituting 

x' » x/L  , t' - t/T  and y.  ' = y. „ cot <*, in which L and T are 

defined m (6) and (19) respectively. In the following the accents will be 
omitted. Denoting the Laplace transform of y' with y, the Laplace transforms 
of the new equations are for the given boundary conditions: 

6Z- 

*   2 " ^ 3X  (20) 

i2" 
-- y = s y 

3x" 

Solving eq. (20) and substituting the boundary conditions give: 

-x\Ts 

-2e 
y =  

s(/s + Vs+1) 
    . (21) 

-x \Ts+1 

s(\fs   + VS+T) 

The functions of (21) can be splitted up into fractions. Then terms arise 

-x fs+1 
as   , which can be developed into series of the kind 

fa 
-n+4    -xVi" s       z  e , 

of which the  inverse are  integrals of the  error function.  From this,   one 
finds the final  solution.  In the  following,   the  coordinates are given for 
x>0  (the eroded part).  For x<0,   there  is  antisymmetry.  The  solution is: 

1      f    (-pn~1      tfv       /x,-£2    ?tfy 
'1'2 * 2l/Tt    n=1 n_i '  n:      7 2n-1   ^TTV  +\pTt      ^    n'     i 2n-1 

(jfe)    ± * e_X erf0   ("vt + £*=)  + i ex erfc  (Vt + ^=) (22) 

(22)  is in abridged notation:  x » x/L     (cf  (6)),   t »  t/T     (cf  (19))  and  k£  Q Q 

y1,2 " ^1,2 COtOC' 
The upper sign gives y., the lower sign y„. 

In (22), the meaning of Y is:  Y  (x) = 2n F (# + 1) in erfc x. 
n      *  n ^ 
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i erfo x has nothing to do with complex numbers, but denotes the n 
integral of the complementary error function. 

2 
Thus~y 1 (x) = e    . The functions Y are shown 

in fig. 19. We refer to EG, also for tabels 
and recurrence formulae (page 300 till 318). 

The erosion of the coast at x = 0 is: 

T 1 - e_t/To 
["y.l   - 2 tan<*(—,  , •... erf L 1J x=0 \JTt7T 

) .   (23) 

00      p 
x _• 

e 
»- o 

dx and erfc x • 

= 1 - erf x. Fig. 19   FUp.attd   Ini.grals  of th«  Error  Function 

4.   STATIONARY  CASE  WITH GROYNES:   PIG.   9. 

^y ay. 
In the stationary case —— and —— 

This gives the general solution: 

-x/l( 

in (13) are zero. 

'1 Aex/l° + 

y2 - — (Aex/Lo + Be 

0 + Cx + E 

-x/I, 0) + Cx + E 

Boundary conditions for fig. 9- 

a_   antisymmetry A = -B 

— y1 = y2 = ° for x = 0: E " ° 

c Q, -0 for x-L- (gl)x_L.-|i 

i y5 

oi 
tana. 

0 for x 

Result• 

tan oC - 

q„   sinh x/L \ 

q.   sinh 1/1 
1 0 

L/L 
1 + 

y„ = tan 06 
1 + 

q1  tgh L/LQ 

sinh x/L 
L   o 

smh L/l 

q2    
L/Lo° 

qi  tgh L/L0 

V (25) 

.7 

(24) 

FIG 20 
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5. STATIONARY CASE WITH ONE GROYNE: FIG. 8d AND PIG. 9. 

This case can be found from the former by taking L =oo and x'   = L + x. 
The coordinates of the eroded part are: 

y.,   » - L    tan oc  (— + e 
i o Qn 

-x/L, 
o) 

11 -TC/T 
y9  = - I    tanoC ~r (1  - e X/L°) 
CO 4o 

(26) 

6. LITTORAL DRIFT ON A PROTECTED AREA. 

In order to return from the two-line system to the one-line system, 
we look for a transport formula for a protected area of the kind: 

J,yt 
3 ' - q* ,, o       2>x (27) 

in which y' gives the overall coastal direction 
of a protected area (fig. 21) and Q * denotes 
the transport if the overall coastal direction 
is parallel to the x-axis, as in fig. 9. 
By applying the transport formula (5) to (25) 

Q„ 
we find (tan oi » °1 

h 
): 

tgh L/L 
1 - "L7L~ 

3o2 + 9o1    q..  tgh L/L 
+ q, ^171 

(28) 

FIG 21 

If the overall coastal direction has a certain value, the transport 
changes because Q - and Q „ in (287 have to be replaced by 

oi     oc 

*1 3x 
and QQ2 - q, 

ay' 
*2 bx   ' 

From this one can find q' and p 

"1 + q2 
q' 

1 + 
q1  tgh L/L 

L/L . (29) 

7. THE SANDWAVES OF FIG. 13. 

Differential equations: for the unprotected part (1) and (15), for 
the protected part (13) with q = 0. Assumed is no littoral drift along 
the protected beach. 
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In this harmonioal case, the derivates to t like rf can be replaced 
by iwy, by example 

Boundary conditions: 

a  y1 » yg • 0 at x = °° 

£  y « y = e 
+   cos (w t - K 'x) at x = - °° , in which 

ay 
0  r—- » 0 for X « -0 —  Sx 

_d  y„ continuous and differentiable at x = 0 

Solution: 

See adjacent page. The "offshore transport wave" is the solution of 
the equation (15) for y , the incoming and reflected wave are solutions 
of (1). The solution is'highly dependent of the value of to T . This value 
defines the short-period waves (u>T <<1) and large-period waves (t*)T >>1). 

8. INFLUENCE OP OBLIQUE WAVES INCIDENCE (PIG. 15). FORMULAE. 

Accretion at unprotected coast (branch yT in fig. 15b): 

*I " W V" ^ {V¥'-XW *W* • *V* erf (x^)[ 
Littoral drift Q at unprotected coast (branchy..) 

Q . Q - JL^J. . q 2al  | 1 + erf (x\/^ )| o    P       qn  t V 4qt ) 

Accretion at protected  coast   (branch yIT  in fig.   15b): 

yII  = yI  ("  px) 

Littoral drift Q at protected coast  (branch y'     in fig.   15b) 

Q . Q    - JLil q .Ssl   (,   + I    erf  (Px\ffi )} 
o p       H       q1     ( p V 4qt   'J 

2   ?  -t2 m which:  erf x » -7=  / e   dt. 
v  o 

For the scour hole (branch y'jjj and y ), the formulae are similar. 
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UNPROTECTED   COAST 

Incoming wave 
(equilibrium  profile) 

Reflected wave • Offshore transport  wave 
(equilibrium  profile) (no  equilibrium  profile) 

V, - Re [(e-k- £2- »k.l      Do     C3 k_x 
D       C] 

Y2 - Re [(e_k*: x       C2 *k,x      D,      C3        k.x 
C, DC, 

PROTECTED  COAST 

y «] 

M.2 

/phase  difference 
inshore  y2 

-  beach  y, 

y, =Re 
»-kx + rCOt 

y2 =Re|J_e-|"'•'w, 

IN   WHICH 

"0 o 

k «\/,M.B-/1*,MT»I7,j-\/E^ 
2 

WD 

c   --!*—  k   1 °2   k 
1   " 2 * 2D     k. *   2D      k„ 

C     .1,2    L     _1   JL 
2 s 2 * 2D     k. " 2D     kt 

C3=t 
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9. EROSION OP BEACH AND INSHORE ACCORDING TO TWO-LINE SYSTEM (fxg. 16). 
FORMULAE. 

Differential equations for t > 0: (13) wxth q. » 0. 

Results• 

t < 0  (groynes not yet constructed)' 

D,D0 

^.^^  +  S  '  D2  -B2-To 

t >  0  (groynes constructed): 

2  2acl2  D1D2   ,  -t/T0   ,   t  , 

y2 = ax2 +f!*L . ^  je-^o . , + i_ + £_ (1 . .-t/T0) 
qy    D    ^ o   2 



CHAPTER 32 

THE EFFECT OF GROYNES ON STABLE BEACHES 

W. A. Price, Senior Principal Scientific Officer 

K. W. Tomlinson, Senior Scientific Officer 

Hydraulics Research Station, Wallingford, Great Britain 

ABSTRACT 

The paper describes tests carried out in a wave basin to 
study the effect of groynes on a beach that was stable for a 
particular wave climate and a given supply of littoral material. 
The main conclusion was that on the part of the beach between 
H.W. and L.W. level the groynes produced no build up.  The only 
build-up that occurred took place seaward of the impermeable 
groynes.  Permeable groynes had little effect either inshore 
or offshore. 

Introduction 
The Hydraulics Research Station is undertaking a research 

programme to study the effect of groynes on beaches.  The work 
is carried out in a wave basin 190 ft long and 75 ft wide fitted 
with a serpent type wave maker and equipped with tide and tidal 
current generators. (Plate 1). 

Plate 1.  Wave Basin 

Description of Tests 
In the absence of groynes, waves and tides were generated 

until the beach was in equilibrium.  A check was kept on stability 
by surveying the beach from time to time and measuring the 
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littoral transport in traps placed at right angles to the beach 
at the down drift end of the wave tank.  A stable beach was 
normally achieved after 25 tides which amounted to approximately 
31 hours continuous operation - a surprisingly long time 
considering the mobility of the bed material.  The particular 
groyne installation under study was then placed on the foreshore. 
Again, the same waves and tides were generated and the littoral 
drift was measured tide by tide.  During the tests with groynes 
the quantity of material fed to the updrift beach was the average 
quantity of littoral transport measured on the stable beach 
without groynes.  This will be referred to as the "open beach 
drift".  Surveys were carried out after 5, 10, 20, 30, 40 and  50 
tides. They were used to compute the volume of coal (a) in 
each groyne compartment and (b) in the seaward continuation of 
each groyne compartment between the ends of the groynes and a 
level 11 in below H.W. mark.  (See Pig. 1).  The slope of the 
beach without groynes was 1:17, at mean tide level. 

(a) (b) 

1^ Volume  of coat   within _^L«- Volume   of coal    seaward of groynes _^i 
1   groynes ' r 

Fig. 1.  Beach zones referred to in computations 

In all tests the waves had a height of 2.5 in at mean tide 
level, a period of 1.15 sees and an angle of approach in deep 
water of 5 degrees.  The tides had a range of 4.5 in and a 
period of 75 minutes. The bed material was a granulated coal 
which had a mean grain size of 0.8 m'm and a specific gravity 
of 1.35- 

The following groyne installations were tested (See Pig. 2): 

(i)  Permeable groynes (Plate 2).  These were of the Mobbs 
type used extensively in Norfolk - they were modelled 
from I  in diameter rod at \   in centres.  Arranged 
zig-zag in plan, and at right angles to the beach, 
their length and spacing = 6 ft 6 in - the horizontal 
distance from H.W. to L.W. on the stable model beach 
without groynes. This dimension will be referred to 
as L. 

(ii) Impermeable groynes (Plate 3).  1 in high and of length 
L they were placed at right angles to the beach and 
tested at 3 spacings L, l^L and 2L. 
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IMPERMEABLE & PERMEABLE 
SPACING   L 

IMPERMEABLE-SPACING  1 5L. 

IMPERMEABLE -SPACING 2L 

Fig.   2.     Groyne  installations  tested 
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Plate 2.  Permeable Groynes 

Plate 3.  Impermeable Groynes 
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Summary and Interpretation of Results 
On the part of the beach within the groynes and between H.W. 

and L.W. marks none of the groynes produced a significant increase 
in beach levels.  The only build-up that occurred took place 
seaward of the impermeable groynes.  This increase not only took 
place in front of the groynes, but was also apparent, and even 
more marked in some cases, along the stretch without groynes. 
(See Pig. 3). 

VOLUME WITHIN  GROYNES 

85 

75 

VOLUME SEAWARDS OF GROYNES 

50 

10 20 30 <0 50 

DISTANCE ALONG    BEACH - FEET 

b) Volume of cool 
seaward of groynes 

a) Volume of coal 
twithm groynes 

 Just  before groynes installed 
    SO tides later 

Fig. 3.  Volume changes after installation of groynes. 
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The permeable groynes had little effect either inshore or 
offshore.  The total drift varied considerably during the 
experiments.  Pig. 4 demonstrates the variation that took place 
after the installation of groynes.  Permeable and impermeable 
groynes at the smallest spacing L affected the total drift the 
least.  However, up to 20 tides after installation the drift 
increased, indicating that erosion was taking place during this 
period.  Subsequently the total drift dropped below the "open 
beach" value. 

NUMBER OF TIDES AFTER INSTALLATION OF GROYNES 

Pig. 4.  Changes in littoral drift. 

Impermeable groynes at a spacing of 1JL and 2L considerably 
reduced the total drift;  the "open beach" drift was never 
re-established even after continuing the run for 50 tides. 
The area seawards of the groynes was still building up at the 
end of these runs. 

In Pig. 3 the graph shows a reduction in the volume and 
cross sectional area with distance along the beach, the effect is 
particularly marked seaward of the groynes.  This would have 
the effect of changing the angle of wave approach to the beach 
and therefore the rate of littoral drift with distance along the 
beach. 
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The intensity of littoral drift was measured at various 
points on the beach without groynes is shown on Fig. 5.  The major 
part of the drift took place between mean water level and just 
seawards of low water. This distribution is very similar to the 
one put forward for sandy beaches by Knaps in 1952 (Ref. 1). 
In the vicinity of a groyne intensity of drift has increased in 
the area seawards of the end of the groyne although the total drift 
has been reduced. 

OPEN   BEACH   DRIFT 

HIGH 
WATER 

25 

20 

15 

10 

05 

bi 

LOW 
WATER 

TOTAL  DRIFT PER TIDE  -   10 95cult 

0    2 8     10     12     14 

DRIFT   SEAWARDS  OF THE   END   OF A    GROYNE 
(I 5L) 

HIGH 
WATER 

LOW 
WATER 

1 30 - GROYNE A 

25 i TC TAl 

20 i 
15 i 
10 i 
05 i 1, 

I ML. 

TOTAL DRIFT PER TIDE 7 76 cu It 

2      4      6      8     10    12 
Distance   offshon   in   feet 

14 

Pig. 5.  Drift with and without groynes 
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In interpreting the results of these tests two comments are 
relevant.  Firstly, they show the effects of groynes on a stable 
beach - a situation not normally met with in practice.  Coastal 
engineers mainly use groynes on beaches that for one reason or 
another are eroding, though they may once have been satisfactory; 
a satisfactory beach, in this context, meaning one that is stable 
and in equilibrium with the prevailing wave climate and littoral 
drift.  The main cause of erosion is usually that the beach has 
been starved of its supply of material and the groynes are used 
in an attempt to catch what drift there is.  This is not the 
case under discussion;  the updrift beach in the present series 
of tests was fed with the "open beach" drift. 

A further series of tests were carried out with a deep water 
angle of wave approach equal to 20°, and a groyne spacing of 
1|L.  The effect of the groynes on the beach was similar to that 
with waves from 5°, i.e. no build-up of the beach between groyne 
compartments was observed but the offshore sea bed levels 
increased significantly.  The total rate of littoral drift 
decreased, which corresponded with the accretion on the offshore 
sea bed. 

It might be concluded from the results of the present 
series of tests that when a beach is in equilibrium with the wave 
climate and the littoral drift, groynes are unlikely to increase 
beach levels.  There is of course the possibility that groynes 
are more successful in building up or at least preventing further 
erosion of eroding beaches. 

The build-up in the area seaward of the groynes is perhaps 
the most significant fact that has emerged from the present 
series of tests.  If some time after the installation of groynes 
a stable topography is ever achieved the same littoral drift 
must pass every section as it did previously.  Assuming then 
that the groynes inhibit the drift along the upper beach, the 
drift along the lower beach must be correspondingly increased. 
The shallower depths offshore permit the increased littoral 
drift along these contours. 

Future research will be directed to establishing the best 
type of groyne installation to improve an eroding beach.  There 
is the possibility that in this context groynes will increase 
foreshore levels. 
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CHAPTER 33 

EXPERIMENTAL STUDY OF THE HYDRAULIC BEHAVIOUR 
OF GROYNE SYSTEMS 

-Julio Fatriarca Barcelo 
Research Officer. Department of Hydraulics 

Laboratorio Nacional de Engenharia Civil. Lisboa. Portugal 

SYNOPSIS 

Results of an experimental study of the hydraulic behaviour 
f groyne systems, a very widespread coast erosion protection 

structure,are described. The characteristics of the evolution of 
beach stretches between groynes under the action of waves with 
different obliquity,heights and periods are defined. The results 
obtained are intended for design of systems of functional groynes 
which secure an adequate partition of the beach in satisfactory 
hydraulic conditions, and also meeting use requirements, notably 
from the architectural and recreation standpoints. Additionally 
the author briefly discusses longsh-ore drift and presents some 
experimental conclusions on the relations between longshore drift 
and the characteristics of the waves. 

1 - INTRODUCTION 
Coast erosion and the creation of artificial beaches are two 

of the main problems which arise concerning the development of coast 
al areas. Both the problems can, in many instances,be solved using 
groyne systems, (see fig.l). This type of protection is also cur- 
rently used to solve accretion problems in certain coastal zones or 
control shoal progression. Generally ,hidraulic and architectural stand 
points make the design of this type of works difficult, especially 
the determination of the length, spacing and crown elevation of the 
groynes, taking into account that the groyne structure itself is rul 
ed by hydraulic characteristics and by its required utilization which, 
often, involves landscaping problems. The importance of designing 
efficient groyne which can be applied to a large number of exten- 
sive coastal areas (see fig.2) led to the present study,the purpose 
of which is to contribute towards the solution of the problems pre 
sented by  such  systems. 

Systematical tests of fixed,high and impermeable groynes was 
carried out, (see figs.3 and k) . The groyne slopes had different 
structures and they were put perpendicularly to the shoreline,cor- 
responding to rockfill prototypes with the purpose of studying the 
most usual type of groynes. The pattern beaches selected for study 
were those which can be classified as independent physiographical 
units, i.e stretches of beach located between groynes long enough 
to prevent the transposition of mobile material at their edge. The 
main purpose  was the determination of the evolution characteristics 
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L_ 
Fig.l - Groyne. Cov» do Vapor belch. 

Fig.2 - Coin erosion. Caparica   Fig.3 - Laboratory test.  Wave 
beech. February 1964. action, let •erica of teats. 

eaaBSeeBaee^^M^_. 

rig.4 - Laboratory test.Final sit_ 
uation(vave vith maximum height). rig.5 - Tank. 
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of the beach stretches under the action of cycles of waves with 
different characteristics, setting the spacing and the length of the 
groynes in order to obtain stable beaches. Secondarily,taking advan 
tage of the groynes as a way of measuring the littoral drift,it was 
tried to establish a relation of dependence between the littoral drift 
and the  characteristics  of the acting waves. 

As fundamental parameters of the hydraulic behaviour of the 
groynes it was considered: the slope of the beach, the specific 
weight and the granulometrical characteristics of the mobile mate- 
rial; the height, period and obliquity of the acting waves ;the length, 
spacing, crown elevation and slope structure of the groynes and also 
the  orientation of groyne directrix. 

The basis of this work were established as a contribute to 
the study of long groynes use at parcelling coastal areas, as it was 
referred in  {1} . 

2  -   EXPERIMENTAL  TECHNOLOGY 
This study was carried out almost in its whole in a 20 m x 10m 

tank (see figs. 5 and 6) equipped with a snake type wave generator 
and a tide reproducing system. This generator allowed the reproduc 
tion of single sinusoidal waves, the only ones which were taken into 
account m this study, although a generator able of reproducing wave 
trains is already available but not yet operative; tests under the 
action of wave trains will be soon carried out. The characteristics 
and limitations of the wave generator can be evaluated from figs. 
7, 8 and 9. The graph in fig.7 shows,as ordinates,the wave heights 
and, as abscissas, the eccentricities to be introduced into the gen 
erator. The wave range to be reproduced covers heights between 
1.0 and 7.0 cm, periods of 1.0 to 1.8 sec and three obliquities: 20, 
10° and 5° (although the generator allows for obliquities in the 60° 
range). The thick lines in fig. 7 refer to situations where regular 
sinusoidal waves are generated while the interrupted lines correspond 
to irregular waves reproduced under deficient conditions. The his- 
togram in fig.8, plotted on the basis of 232 readings, shows the 
occurrences of certain deviations regarding a mean value of wave 
heights recorded by 12 resistance probes; the distribution of these 
deviations follows rather closely Gauss's normal law; it must be 
said that deviations from the mean values ranging from 15 to 18$ have 
a rate of occurrence of k%. Wave period was determined by chro- 
nometry with errors of 1%. The obliquities of the generated waves, 
obtained through calculated de-phasing of the paddles,were checked 
against photographic plans. The tidal records were made through 
limnographs. 

Beach cross sections were considered and readings taken of 
the distances between the water line and a reference line; the er- 
ror in the determination of such distances was of ± 0.5 cm. A com- 
plete survey of the bottoms was made at the end of each test 
through direct measurement of successive water lines obtained by 
lowering the level inside the tank. An automatic probe for direct 
recording of the bottom profiles  was  studied by   LNECs   Instru- 
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ment Design and Construction Division. This probe was studied and 
mounted at its experimental stage with excellent results (see figs. 
10, 11 and 12); the need to make a few corrections and the dif- 
ficulties of constructing the equipment in its final design made im- 
possible the use of this recording method,which would have allowed 
a much more detailed study of the cross section evolution charac- 
teristics. 

The technological  characteristics of  another tank where a few 
tests  were  made are identical to those described above. 

The mobile materials used were pumice-stone, bakelite, sand 
and saw-dust. The specific weight of the satured grains and the 
granulometrical characteristics can be seen in figs. 13 to 17 (figs. 
13, 14, 15  and  16 are photographs  of   microscope  observations). 

Fresh water was used for all the tests.The Reynolds' num- 
ber  has values  over 3000,   calculated  according to Miche's  formula, 
R=i _JL      with   v=l. 01xl0"6m2s_1 thus justifying   the    classification     of 

T   2v 
the  movement  as turbulent.   As the testing    set-up   does   not  cor- 
respont to  any  specific   case,   but  is  only a  schematic  situation for 
systematic testing,  there is no  scale. 

3   -   EXPERIMENTAL  RESULTS 
A first series of tests was made by using the set-up des- 

cribed in fig. 18. It was taken as a pattern a pumice-stone beach 
with an 8% slope m cross section and a depth of U-0 cm at the base 
of the slope, (see fig.6). Groyne El was studied in different po- 
sitions, in order to change the distances between groynes. El and 
E3 groynes were formed by loose rockfill with a 2/1 absorvent slope; 
E2 groyne, this non-absorvent, had a 1/5 slope. This set-up made 
possible the investigation of the differences of behaviour m groynes 
with different structures m the two stretches of beach. The ini- 
tial  water  line is defined in fig.18   (t  =  0). 

The action of oblique waves on the stretches of the beach 
arises generally a longitudinal drift characterized by zigzag move- 
ments of the grains, which result from the combination of the ob- 
lique jet from the run-up of the wave after breaking, with the re 
turn flow following the highest slanting line of the beach (see fig. 
3). A zone of erosion is thus created seaward while lee ward, under 
the action of the groyne, there will be a zone of retention. The 
typical evolution can be observed in fig. 18 and, after a period of 
time referred to as stabilization time, there will be a situation of 
equilibrium (see fig. 19) with an adjustment between the water line 
and the acting wave, the incidence of which will become frontal along 
the whole stretch of beach. Littoral drift will consequently disap- 
pear . This situation is due to the evolution of the beach as well as 
to the refraction of the acting wave resulting from the alterations 
on the bottoms which happen during evolution. The wave action on 
stretch 1 is conditioned by the influence of the absorvent slopes of 
El groyne which, being a long groyne, originates, besides the wave 
difraction, an energy dissipation on the side slopes; thus, the final 
configuration of  equilibrium   (see fig. 19)   shows the point  of highest 
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Fig.IS - Typical plan of evoln- 
tioa. lat aarlaa of tests. 

Fig.19 - Typical plan of final 
equilibria* situation. 1st se- 
ries of tests. 
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erosion far away from the groyne El, contrary to what happens in 
stretch 2 where that point is nearer to the groyne on account of 
the latter being non-absorvent. 

In view of the importance of wave refraction on groyne be- 
haviour it might be assumed that beach evolution would only be de- 
pendent on the wave obliquity and period and that the wave height 
would be a less important parameter. Actually,the influence of height 
is very much important, seeing that it restrains the location of the 
breaking line and the run-up. Thus, two waves with the same obliq- 
uity a the same period but different heights will present different 
incidences on breaking for the highest wave will break at greater 
depths and its slope base obliquity will thus suffer a minor varia- 
tion through refraction. One can actually obtain bigger accretion 
with higher waves provided the material will not go into suspension. 
It   was found that  for the  same obliquity at the  slope base and the 

same period, the value of the w 
angle for lower waves was about 
a0/2 while for higher waves the 
(o angle increased until it reached 
values around aQ • The accretion 
zone located next to the groyne 
generally presents certain smgulari 
ties due to the action of the jet 
formed under the action of the 
oblique wave on the groyne slope 

(see fig.22). As significant data on beach evolution it was present 
ed the graph on fig.20 referring to P9 and P5 profiles defined in 
fig.18. A rather accentuated beach evolution was recorded during 
the first few hours of tests. This evolution decreases progressive 
ly until it reaches, for each wave, a final situation of equilibrium. 
Advances on profile P9 increase, for the same obliquity and period, 
whenever wave height increases but after a certain value is reach- 
ed, which for pumice-stone may be set at 6.0 cm, mobile material 
goes openly into suspension and beach behaviour acquires different 
characteristics as in the case of the 7.0 cm high wave;the diagram 
in fig.20 shows a backward movement of the beach at the starting 
near the centre groyne and final values lower than those obtained 
with waves 5.0 cm high. As the other hand when the material is car 
ried in suspension it goes through the end of the groynes and there 
is a recovery of the initially eroded beach in profile P5. Beach evo 
lution is very regular for major obliquities; for 5° obliquity its be- 
haviour is more irregular and there are some cases where transver 
sal movements predominate over the longitudinal ones.It can be seen 
from profile P5 that for 5° obliquity waves with greater wave-stee£ 
ness led to erosions while those with lesser wave-steepness origi- 
nated accretion. 

The pumice-stone used for testing is a heterogeneous mate- 
rial. As it can be seen from fig.it- there are two distinctive zones 
in the final situation of equilibrium: one of dark coloured material 
and the other  of light   coloured one  which correspond,   respectively, 
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to higher specific weights and a larger percentage of fine compo- 
nents, and lower specific weights with larger diameters. The mate 
rial initially found on the beach is a mixture of both (see fig. 21). 
The zone of retention is formed by the lighter material, while the 
heavier material remained on the eroded zone. However, the tests 
carried out with sand, a more homogeneous material, showed that 
behaviour characteristics were identical to those obtained with pum 
ice-stone. It should be noted that although the darker pumice-stone, 
with higher specific weight, has a large percentage of fine compo- 
nents, its mean diameter is the same as that of the lighter pum- 
ice-stone. 

To define the evolution characteristics of the beach stretches 
it was considered values expressing quantitatively the forward and 
backward movements, accretion areas, stabilization times, length 
of groynes and the distances defining the area of erosion. These 
values, whenever no indication on the contrary is to be given,refer 
to the final situation of equilibrium. Thus, designating as D the dis- 
tance between the groynes which limit a stretch of beach, it is to 
be  consider the following dimensionaless  parameters: 

1 /D - defining the maximum advance, la, of the water line 
near the groyne (on a cross section close to the groyne not affect 
ed by the  singularities described). 

lr/D  -  defining the  maximum  erosion,   lr,   found on the beach 
stretch. 

/Q  /D     -  defining the  emersed area of   accretion, fi   ,near the a a groyne. 
c/D   - defining the effective length, c, of the groyne. 
t /g/D - defining the stabilization time, tg , for the beach 

stretch. 
d^/D - defining the distance, d^, measured from the reten 

tion groyne, to the point where evolution is null, (intersection of 
the final  situation of  equilibrium  with the initial  situation) . 

dr/D - defining the distance, dr, measured from the reten- 
tion groyne to the point of highest erosion. 

Values la, lr and fia were measured between the water lines 
corresponding to the initial and final situations. Value na was con- 
sidered to be representative of the groyne capacity of retention in 
stead of the volume of the material retained, owing to the diffi- 
culty of measuring accurately the volumes retained (these calcula- 
tions were only made in connection with the volumes retained during 
the 1st hour of the tests with a view to the determination of lit- 
toral drift). Value c was measured between the line corresponding 
to the initial situation and the limit of the underwater deposits at 
the final situation, next to the retention groyne. The c value de- 
fined in this way takes only into account the beach evolution sea- 
ward, since the consideration of possible erosions leeward close to 
the groyne, would make necessary to determine, for each case,the 
length of the rooting portion which will be added to c value. te re 
presents the number of test hours until the stretch of beach reaches 
the  equilibrium. 
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The value H C was considered as typical parameter of the 
acting wave, proportional to the power transmitted by the wave, 
conjugated with a function of a angle, obliquity at the base of the 
beach slope. Values HQ and CQ are, respectively, the deep water 
wave height and celerity. The results now presented refer to the 
evolution of beaches where bed-load transport is predominant. The 
extrapolation to HQC0 values higher or lower than these tested is 
not valid, as the conditions of evolution where transport by suspen 
sion is predominant and the critical conditions at the starting of 
transport   will  have to  be the  object  of  detailed  studies. 

The results obtained in stretch 1 of the set-up for the 1st 
series of tests are represented on the diagrams m fig.26, It was 
found that the dependence of the parameters characterizing the evo 
lution of the beach stretch as related to the power transmitted by 
the wave is represented, for each obliquity and within the limit val 
ues tested, by straight lines in logarithmic graphs. There is a mini 
mum dispersion of the experimental points as it can be seen from 
the typical diagram, in linear scale, m fig. 23. The values of la/

D, 
lr/D, |/fla/Dand c/D increase, for the same obliquity, whenever the 

H2C     value increases  and present   maximum values resulting from the 
O     O r i~r— 

mobile  material  going into   suspension.   The value of t   /g/D  decreases 
as   H*C      increases for the  same obliquity.   d^/D   and   dr/D   values 
remain  constant  for the  same obliquity  when   H2C     increases.    For 

QO . . 
the  same  amount  of power transmitted,   the values of  la/D,   \r/D, 
•JQ, I'D, c/D and te/g/D increase whenever the wave obliquity in- 
creases , while the values of d^/D and dr/D increase with decreased 
obliquity, i.e. the accretion area covers a larger part of the beach 
for lower obliquities, although the accretion surf ace is smaller, while 
the erosion area gets closer to the seaward groyne (El) . As an 
example, and in order of importance to the values of these para- 
meters, admitting an extrapolation into nature, there will be, for 
a distance between groynes D = 200 m and an obliquity of 20°, the 
following maximum values. la = 20 m, lr = 18 m, fi = 730 rtfi, d/± = 
= 68 m, dr = 131+m, c = 52 m and te = 250 h.One should take notice 
that an actual length of the groyne including the rooting portion, 
which depends upon the characteristics and possible erosions of 
stretch 2, must correspond to c value. On the other hand, c length 
was determined from the initial water line, corresponding to the 
mean level at rest which was constant during testing; however as 
due to tides there are actually variations of the level at rest.it be 
comes necessary, for practical purposes, to set a level wherefrom 
to measure the c length which presents, for each case, particular 
conditions either due to the dimensions nze of tides, or to wave 
breaking conditions and intensity of littoral drift. As regards te 

value, it must be put in evidence that it corresponds to a period 
of constant action of a certain wave which, m the case under con 
sideration, would correspond to a wave of minimum power from a 
transport capacity standpoint, and would equal, in an extrapolation 
into reality, to a continuous action over a period of approximately 
10  days.   However,   in the  case of  te the  minimum  value, correspond 
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ing to the more powerful wave, might be of interest from a point 
of view of the movement into suspension of the material which would 
result, for 20° obliquity and D = 200 m, a value te = 50 h, approxi 
mately 2 days  of  continuous  wave  action. 

In stretch 2 of the set-up for the 1st series of tests iden 
tical results were obtained, with the exception of the erosion areas 
characteristics, defined by lr and dr values. The area of greatest 
erosion is located nearer to the seaward groyne (E2) , due to the 
structural characteristics of its slopes (lesser degree of wave power 
dissipation). It can be said, m practical terms, that the ratio dr/D 
becomes equal to 1.00. Relatively to the lr/D value it can be seen 
from the diagram in fig.24 that with a 20° obliquity a practically 
constant value m the order of O.Oi+4 can be obtained when H^c var 
ies. For this obliquity and for D = 200 m there would be a back- 
ward movement of about 9.0 m near the seaward groyne.It is found 
that for lesser obliquities erosion is smaller and that for a 5° ob- 
liquity there is a reduced erosion for greater wave steepness and 
accretion along the  whole  stretch for  smaller   wave  steepness. 

The tests made with sand on stretch 1 of the set-up for the 
1st series of tests produced results identical to those obtained with 
pumice-stone. The diagrams m fig,26 remain unaltered to the ex- 
ception of the one corresponding to te/g/t> ,as these values are lower 
to those obtained with pumice-stone (see fig.25). As this material 
goes easily into suspension due to the low diameter values of the 
particles, the straight lines in fig.26 are limited as it regards the 
value of H2C = 1000 cm3/s.The only few significant differences were 
obtained with 5° obliquities where the prevailing influence of the trans 
versal movements is reinforced by the facility with which the mate 
rial goes into  suspension. 

With bakelite and a similar set-up, identical results were also 
obtained. Bakelite, with low mean diameter value and a specif IC weight 
lower than the former, goes into suspension even more easily and 
the limit value of HoC

0 is approximately equal to 600 cm3/s. There 
was consequently a tendency to higher accretion as compared to pun 
ice-stone. However, although the parameters defining the accretion 
areas, advancement and effective length of the groyne are higher 
the maximum values remain the same taking into account that the 
limit HQC0 is lower than for pumice-stone (see fig,27) .The te/g/D 
values  are  even lower than those obtained  with sand   (see fig,25). 

When using sawdust with the same set-up of the previous tests 
no satisfactory results were obtained regarding the extreme facility 
which made sawdust go into suspension together with the very high 
heterogeneousness of the particles (see fig. 16) which present an 
exceedingly irregular shape. This causes the material look Eke a paste 
when  submerged. 

All the previous tests were carried out with an 8% slope for 
the initial cross section of the beach. The tests made with 5% and 
11$ slopes did not show any significant changes in comparison with 
the previous tests. Actually the cross section of the beach varies 
according to the  acting  wave,   and for the range of  slopes tested, 
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the initial  slope of the beach lead to  no  alterations in the    charac- 
teristics of the  equilibrium  situation. 

As a variant of the set-up used for the 1st series of tests 
a central and curved groyne was adopted and its positioning oriented 
in order to avoid the erosions which take place leeward of the groyne. 
(see fig.28). For the range of values tested there was an advance 
ment  near the  groyne  slope leeward,   the value of  which increases, 
for the  same  obliquity,   as the    H2C     values increases.For the same 

2 i °   ° HQCQ   value the rate of  advancement  is higher   when the  wave obliqui 
ty decreases  as the diffraction originated by   the   groyne   forms  a 
shadowed  area  where the decrease m power is greater   for    waves 
of  higher  obliquity.   For the range of values tested,reduced advance 
ment  values  are  obtained   (maximum  12 m for  D  =  200 m),    but   the 
roots  are no  longer  subject to  erosions.   The hydraulic behaviour of 
the  curved groyne tested presents  on  stretch 1 characteristics iden 
tical to those of  straight  groynes.   There is only a slight   increase 
in the  c length of the  groyne for the higher  obliquities tested. 

Tests with tide reproduction were also made using the 1st 
series set-up and pumice-stone. The water level was made to alter 
gradually, without the reproduction of tidal currents.This isavery 
interesting aspect in certain cases (see {2}). Tests of tides with 
amplitudes equalling 4.30 to 6.14-Ocm and cycle periods equivalent to 
20 and 30 minutes were made. In all the cases the mean level cor- 
responded to a depth of k0 cm and the maximum level variations were 
calculated not to introduce significant changes in the generated waves. 
It is found that the characteristics of groyne behaviour are main- 
tained without significant differences; there was only a slight in- 
crease - maximum 30$ - in the values for the accretion area, due 
to the retention effects which are originated by the underwater 
deposit. This is higher along its whole length owing to the deposi- 
tions occuring in the low tide. There were, however, for the values 
tested, no alterations concerning the values of the c length of the 
groynes. 

A 2nd series of tests was made using the set-up shown in 
figs.29 and 31 with pumice-stone and an 8% slope for the initial beach 
cross section. The pumice-stone used for this series had a specific 
weight of 1.46gf/cm3 (lower than that of the pumice-stone of the 
1st series) and mean diameter approximately equal to that of the 
pumice-stone weighing 1.6?gf/cm3. The groynes, shorter than those 
previously used, are of the non-absorvent type. The results obtain 
ed can be seen in fig.30. Regarding the 1st series results, there 
were the following  changes: 

- In a general way, there was an accretion along the whole 
stretch of beach between groynes due to the influence of the trans 
versal movements which became easier by the granulometncal charac_ 
tenstics of the mobile material as well as by the wave action which, 
in this case, have not the retarding and dissipation action of the 
absorvent slopes of the groynes. Bigger areas of accretion were 
achieved on the beach stretch due to the combined effects of the 
transversal and longitudinal movements,  the latter being also   more 
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intensive as the wave action took place with higher obliquities in the 
seaward area. As it can be seen on fig.24 there was one erosion 
near the leeward slope of the groyne only for the lowest value of 
transmitted power, this erosion being of the same importance as 
the one which occurred in stretch 2 of the 1st series set-up. In 
all the other cases it was found that the higher the transmitted 
power was, the higher were the accretion values for the 10° and 
5° obliquities leeward of the groyne. For the same H2C value, the 
accretion value increases when obliquity diminishes due to transver- 
sal  movement influence. 

- An increase of /iT /D , la/D and c/D values was observed 
due to the reasons set forth in the previous paragraph. The d^/D 
value is close or equal to the unit. The tg/g/D values are near those 
obtained with bakelite m stretch 1 of the 1st series set-up. The 
operating conditions of this set-up are the most unfavourable from 
the point of view of establishing the c length. For this reason the 
c/D values of this series will be the ones proposed for the design 
of  groyne  systems. 

At last a 3rd series of tests was made with wave cycles 
acting on the groyne system defined in fig.33. Pumice-stone,similar 
to the one used for the 1st series, and an 8% slope for the initial 
beach cross section were adopted. Obliquities of + 20°+10 ,0°,-10 
and -20°, a period of 1.0 sec, a mean height of 2.5 cm and amaa 
mum height of 5.0 cm were tested. Results are shown in fig. 34. 
The evolution is not perfectly symmetrical as the underwater de- 
posits formed for the +20° obliquity are kept during the action of 
the wave with a - 20° obliquity. It was however observed the re- 
versibility of the equilibrium situation for the extreme symmetrical 
obliquities of the acting wave. With the frontal attack, a = 0°,the 
stretch of beach goes forward in a practically uniform way owing 
to the transversal movements, the cross section being dependent 
upon the characteristics of the acting wave.Beach oscillations were 
noticed around the line corresponding to the frontal wave action. 
The action of very high waves, after an equilibrium situation cor- 
responding to a wave of average height had been reached, led to a 
new evolution, by increasing the accretion area. With short groynes, 
allowing for transposition, final equilibrium situations are also ob- 
tained for each obliquity. After the action of waves with great ob 
liquity a shoal is formed around the transposed groyne. This shoal 
facilitates the reversibility of movements for the extreme symmet 
rical obliquity. On the stretch of beach lying next to the transposed 
groyne it was formed during the frontal attack an accretion bigger 
that the one found in stretches where no transposition was observ 
ed. With short groynes it was found that for the highest wave there 
was an erosion concerning the average wave equilibrium situation due 
to the greater intensity of movements'. That erosion was only com 
pensated after the average wave had acted again with the same 
obliquity. 

k  -   CONSIDERATIONS  ON   LITTORAL  DRIFT 
The movement of  mobile materials on sandy beaches is    fun- 
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damentally characterized by longitudinal transport due to the oblique 
action of the waves.Quantitatively it may be considered as an amount 
of sands carried through one section in one period of time. This 
value is known as littoral drift. Groynes being elements of reten- 
tion of mobile materials, make possible to establish the accumulated 
volume in a certain section and for a certain period of time, and 
consequently  estimate the littoral drift. 

It is considered in this study that, owing to transport by bed 
load, the littoral drift is directly related to the power transmitted 
by the wave. Assuming that (ys-y) is the specific weight of the sub 
merged solid matter, g the friction coefficient of movement by 
dragging of the grains, and da) an element of volume, with a v ve- 
locity, the power needed to carry such a volume at such a velocity 
will be B. Gys-y) . du.v. Assuming further that the power used for 
the transport of the grains is a n fraction of the power transmit 
ted by the wave, P , it will be found that / g. (ys-y) .dim. v=nPtr , 
where V is the volume of material crossing a given section for the 
time unit. If dfl were the cross section of the grains,perpendicular 
to the course, and dl the dimension in the movement direction,there 
will be then,   for  a Ci  cross  section: 

/   8.Cys-y).d(D.v=/{g(ys-y).dl.v}dfl=g.(ys-y).dl./v.dfi= 

= e.(ys-Y).dl.Qlit. 
The   Q   cross  section  will be directly related to the  wave and beach 
characteristics,   namely the location  of the  wave breaking line, wave 

run-up  and beach slope.   It could then be said that   g . (ys-y) .dl .0, .   » 
1 jL        . ' lit 

=n .Ptr=n .-g-. pg .Ui-^.b   in  which b is the  wave  crest  width   occurring 
to the  zigzag  movement   seen on the diagram  and  which,since  a beg 

will depend both upon   the    wave   characteristics,    especially 
and the beach   characteristics.   It    will   then   be 

gmmg 
upon its  obliquity, 

n.^-.Y.H2C.b 
Qlit=g.(ys-y).dl' 

Qlit   =  klTC,    in    which   k   is related to the 

characteristics of the mobile material and to wave obliquities. So 
it can be seen that, at a first approach, the littoral drift for a 
certain obliquity and a certain beach is proportional to the power 
transmitted by the wave and that the coefficient k depends on the 
characteristics of the mobile material, as far as its specific weight, 
dimensions and friction coefficient are concerned,as well as to the 
fraction of transmitted power that originates transport .This frac 
tion will depend fundamentally upon the obliquity of the wave action. 
On the other  hand,   the application of dimensional  analysis, consider 
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Ing the littoral drift which is depending on the wave height and its 
celerity, makes possible the conclusion that the ratio of dependence, 
for a certain beach and a certain obliquity, will be of the type 
Qi-t" kHiC,i.e. the littoral drift will be proportional to the power 
transmitted by the  wave. 

The determination of littoral drift values, for the various 
waves tested, was made by measuring the areas of accretion near 
E2 groyne in the 1st series set-up, during the 1st hour of each 
test. This value, multiplied by the mean height of accretion in cross 
section, allowed to the calculation of an hour mean volume of accre 
tion. In the tested set-up, the Q value decreases during testing 
until it becomes null   (see fig.32) . The readings   taken   at    test 
starting may thus be considered approximately equal to the wave 
carrying capacity, which value has to be determined. It was found 
that it is possible to establish a ratio of dependence of the type 
theoretically deduced, in which O^t is proportional to the power 
transmitted by the wave as well as to a trigonometrical function 
of a obliquity. The tests with 20°, 10° and 5° obliquities, the re- 
sults of which are shown on the diagram in fig.35, allows the de- 
duction of the following ratio: 

QT.   =0.03.H2C   .sin22a       cm3/s ^lit oo o 
These results are represented on the diagrams in fig.36and37. In 
reference to the first one it must be said that although the straight 
lines concur to the origin, which means that littoral drift is annul- 
led whenever the power transmitted by the wave is annuled too, 
actually the conditions of annulment of littoral drift will be a func 
tion of the critical conditions under which the material is dragged 
which were not included in this study. The diagram in fig.38 shows 
the experimental results obtained, as they were compared to the 
results obtained through other studies (see {3}). It was found 
that the values referring to readings taken with the pumice-stone 
model fit in pretty well with those obtained in other studies with 
different materials and that the extrapolation of results from actual 
cases leads to acceptable values. The diagram shows a point refer 
ring to readings taken at an experimental groyne built at Cova do 
Vapor, a beach situated near the mouth of Lisbon harbour (see figs. 
39 and k-0) ; the value which was given,200 000 m3/year for the pe- 
riod which goes from April till September 1959, in which T = 9 sec, 
a0 = 10° and H0 = 1.0 m may be considered, is very low but its de- 
termination offers several difficulties. On the one hand,the groyne 
is too short (see fig.J+0) and its efficiency very much reduced. A 
correction had to be made to the values obtained through previous 
calculations due to the fact that, for low tidal levels, there was 
no retention of sand by the groyne. On the other hand, there was 
no accurate data available on the wave regimen which could make 
possible calculation with accuracy the mean value of the transmitted 
power susceptible of association with the value considered as littoral 
drift. A sand spit formed by the sands which passed over the above 
mentioned groyne,   can be  seen in fig.i^O. 
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5  -   CONCLUSIONS 
- The hydraulic behaviour of groynes in the case of phisio- 

graphically independent units, subject to the obligue action of si- 
nusoidal waves of constant characteristics, is marked by an evolu- 
tion of the beach stretches which are in process until they reach 
a final equilibrium situation conditioned by the obliquity and the power 
transmitted by the acting wave. That evolution is fundamentally due 
to the littoral drift originated by the longitudinal currents which are 
caused by the oblique breaking of waves. In the case of reduced ob 
liquities there is also a significative influence from the transversal 
movements. The groyne accretion areas increase,for the same ob- 
liquity, whenever there is an increase of the power transmitted by 
the wave, but they present a maximum which is determined by the 
suspension transport of the mobile material.The stabilization times 
become smaller, for the same obliquity, as the value of transmitted 
power grows higher, which leads to very swift evolution during the 
storms acting upon the beach. There is, generally, a possibility of 
erosions in the seaward area of the beach stretch near the groyne 
slopes but its characteristics are mainly governed by the transversal 
movements on the beach. The design of the groyne infrastructure 
is also depending upon the erosion characteristics which occur m the 
leeward of the groyne. For the same value of power transmitted 
by the wave, the accretion areas and the stabilization times in- 
crease  as  much as the  wave obliquity increases. 

- Groyne efficiency is conditioned by the suspension transport. 
Even for wave regimes with very variable directions,a groyne sys- 
tems can be efficient provided that it has been dimensioned taking 
into account the above principles, since there is no intensive trans, 
port in suspension. This conclusion is of particular interest in the 
case of groyne systems where the artificial accretion of sands has 
to be done. When applying the results of this study to real cases, 
the maximum values of the dimensionaless parameters present, for 
the 1st series of tests, the same values for pumice-stone and for 
bakelite, although corresponding to different amounts of transmit- 
ted power; it is assumed that the maximum values taken into con- 
sideration will be kept in the prototype, corresponding to extreme 
power values conditioned by the prevalent transport in suspension. 
The results of the tests using sand (see fig. 2?) show that there 
will be no correct reproduction of the phenomena,from a similarity 
standpoint, as the final maximum values obtained with this material 
would be lower than the former. It is evident that only a thorough 
knowledge of similarity ratios, allied to the observation take into 
account the behaviour of a prototype with an identical set-up to 
the one used for tests, would make correctly possible to estimate 
the  extrapolation which had been  considered. 

- The evolution characteristics of the beach stretches de- 
pend on the structure, implantation and length of the groynes. It 
might be interesting, in certain cases, to adopte an asymmetrical 
structure for the cross section of the groynes with softer absorv 
ent  slopes in the leeward.   In the  case   of   non-absorvent  groynes 
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the use of  curved  groynes, creating  a dif raction area in the leeward, 
is  recommended. 

- The D/c ratio (the reverse of the dimensionaless parameter 
previously considered), the relation of the distance between groynes 
and their effective length presents, for the obliquities tested, maxi 
mum values conditioned by the entering into suspension of mobile ma- 
terial, which are, for the most unfavourable case: 2.5 for aQ = 20° 
3.5 for a0 = lo° and k.O for a0 = 5°.To apply these values it must 
be taken into account the tide level in each case, depending on the 
characteristics of the tide itself, the intensity of transport during 
the several tidal stages, and the transversal limits of the beach 
stretch under consideration. The total length of the groyne will have 
to include its rooting portion, conditioned by wave run-up and by 
eventual  erosions near the  leeward  slope. 

- The reversibility of equilibrium situations for extreme sym 
metrical obliquities is found in groyne systems acted upon wave cycles 
with variable directions. 

- Short groynes, adopted in emergency works of temporary 
nature due to the very high costs of maritime works and the lack 
of knowledge of the coastal physiographic regimes, have been found 
to be of extremely reduced efficiency. Nowadays techniques,taking 
advantage of an increasingly through knowledge of coastal phenomena, 
especially as it regards wave regimes, allow for the designing of 
efficient groyne systems. Amongst these, long groynes - for the 
design of which this study will have contributed - occupy an out- 
standing position concerning the interest they offer in solving many 
coastal engineering problems. 

- The consideration of a dependence ratio between littoral 
drift and wave characteristics,based on the proportionality between 
the littoral drift and the transmitted power, was accepted in view 
of the experimental results of several studies and the readings taken 
from  actual  cases. 
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CHAPTER 34 

THE  TERMINAL PROBLEM  IN COAST  PROTECTION 

by 

N. Pallett, C.Eng., M.I.C.E. 
Senior Engineer, C.H. Dobbie and Partners 

ABSTRACT 

This paper introduces the terminal erosion problem 
which usually occurs down drift of coast protection works, 
an important aspect of coast protection which is often over- 
looked. 

To provide the background to this problem, the formation, 
replenishment and function of a natural shingle beach is 
discussed m relation to coast protection.  The value of 
groynes in stabilising the foreshore, the use of artificial 
beach replenishment, and the effect on the long shore regime 
following the introduction of a sea wall, are discussed m 
outline with typical examples. 

Terminal erosion is described in more detail, with 
reference to its cause, and illustrated by examples taken 
around the coast of the British Isles.  Suggestions are made 
for the investigation of the terminal problem, design consid- 
erations are discussed, and terminal groynes and various types 
of terminal works described.  Particular reference is made to 
the permeable type of terminal section. 

Finally the paper is illustrated by examples of terminal 
works which have been constructed at two sites m this country. 
The foreshore conditions and exposure are described, together 
with the details of the sea wall and groynes, and the details 
of the terminal works at each site. 

NATURAL COAST PROTECTION 

Along many hundreds of miles of the coastline of the 
British Isles the adjoining low ground is protected entirely 
by natural ridges of sand and shingle. The formation and 
replenishment of these natural ridges depends on the supply 
of material available, the tidal levels, and the characteris- 
tics of the waves reaching the foreshore. 
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During calm weather the swash from the long, low, 
constructive waves breaking on the foreshore carries the 
beach material up the slope, and then, depending on the 
permeabioity of the slope, the backwash returns seaward 
beneath the surface leaving the suspended material higher 
on the slope.  The profile of the foreshore and the height 
of the ridges or fulls varies from tide to tide, as the 
beach material is redistributed both across and along the 
foreshore.  During storms the beach material absorbs the 
greater energy of the higher, steeper, storm waves, and 
becomes redistributed across the foreshore.  Some is thrown 
into ridges well above the normal level by the destructive 
waves, but much is raked down the foreshore and deposited 
further seaward to await the next calm period.  The beach 
material thus provides a continuous natural mantle of 
protection as it moves along the coast. A good example of 
this on the South Coast of England is the Chesil Bank, a 
shingle bank which extends for a distance of 30 kilometres 
and rises to a height of 15 metres above the mean sea level 
at the Eastern end. 

However, where a natural headland or an artificial 
obstruction retains part of the drift material, there is a 
reduction m the volume of littoral drift passing that point, 
and the coast beyond is starved of beach material. 

GROYNES TO ASSIST A NATURAL BEACH 

If there is still a sufficient supply of littoral drift 
along the foreshore, groynes can be constructed to reduce the 
rate and retain an adequate beach along the frontage concerned. 
The formation and retention of an adequate, stable foreshore 
in front of the works is an essential part of any coast 
protection scheme. We have used groynes in many places around 
the coast and have successfully stabilised the foreshore. 

Some authors have doubted the effectiveness of groynes, 
based upon tests carried out with models in the laboratory. 
This is most likely due to the difficulties arising from the 
scale effects, and also in attempting to reproduce the varia- 
tions in wave height and direction in combination with changes 
in level due to tides. At the Coast Protection Conference 
held in Santa Barbara in 1965 it was stated that "Competence 
in appraisal may be the key to successful groyne installation" 
(ref. 1).  This proves to be very true in practice. After 
installation long-term maintenance and adjustment to level is 
most essential. 

A very good example of the effects of groyning a foreshore 
can be seen at West Wittering in Sussex (Fig.l).  Prior to 
1902 erosion was taking place at the rate of 5 metres per 
annum, but following the construction of groynes, the foreshore 
has been more or less stabilised. 
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WEST       WITTERING 

Fig.l: Movements of High Water Mark 

In another case at Aberdeen on the North East coast of 
Scotland, the face of the sand dunes had been eroding at the 
rate of 2 metres per annum from 1868 up to 1962, and the 
foreshore was becoming steeper. Since a system of groynes 
was constructed in 1962, accretion has taken place between 
high and low water marks, and a considerable volume of sand 
has accumulated below low water. 

There are many other examples where groynes have been 
used to provide an effective and economic form of coast 
protection and in some without the need for a sea wall. 
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ARTIFICIAL REPLENISHMENT 

A system of groynes can only be successful where there 
is a sufficient supply of beach material available.  In some 
cases where the volume of littoral drift passing along the 
foreshore is inadequate, it is economic to replenish 
artificially the foreshore from other sources. 

Artificial replenishment was used on the Pett foreshore 
of Rye Bay on the South Coast in the nineteen thirties, and 
m recent years has been carried out on this and other front- 
ages by the Kent River Authority. At Pett 30,000 cubic 
metres of shingle is taken annually from the natural deposits 
at Rye Harbour, and redistributed back along the foreshore to 
the west from whence it came (fig.2). 

BEACH REPLENISHMENT 
PETT — SUSSEX 

Fig. 2 
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A recent scheme, which includes new groynes and 
artificial replenishment at Clacton on the East Coast, is 
described m a paper presented to this Conference by 
W.T. Fryde (ref.2). 

Replenishment can only be carried out economically 
where there is a nearby source of suitable material, good 
access to the foreshore, and where the rate of longshore 
drift is not high.  In the future it could well become 
economic to replenish the foreshore m many places with 
material taken from offshore deposits of sand and shingle. 

SEA WALLS 

In many places along the coast it becomes necessary to 
construct a sea wall to resist further erosion, and these can 
be divided into two basic types: 

The first of these is the vertical, mass or reinforced 
concrete walls, which rely on their mass to resist the violent 
impact caused by waves breaking against them. However, the 
vertical face causes considerable disturbance and the reflected 
waves scour the foreshore in front of the wall. 

The second type is the sloping revetment, which is usually 
surfaced with concrete blockwork, light reinforced concrete 
or stone pitching, and with sheet piling to protect the toe, 
and a wave coping to reduce over-topping by waves.  A sloping 
revetment enables the waves to dissipate much of their energy 
m running up the slope, and thus causes much less disturbance 
to the foreshore. 

TERMINAL WORKS 

Where an impermeable sea wall is introduced into a fore- 
shore, it interferes with the natural regime, and under 
certain wave conditions tends to increase the erosion of the 
foreshore m front of the wall.  To retain the natural protec- 
tion which an adequate beach affords, a system of groynes can 
be provided to slow down the littoral drift, and retain the 
beach material in front of the wall. The sea wall itself in 
many cases, causes erosion of the unprotected coastline 
immediately adjoining the down drift end of the wall, while 
the groynes further aggravate the erosion by retaining the 
drift material and starving the adjoining coastline of its 
natural protection. 

A good example of terminal erosion can be seen at Hastings, 
Sussex, where three miles of sea wall and groynes and a massive 
terminal groyne provided by the abandoned harbour arm, is 
causing erosion of the cliffs beyond.  Over 1,000,000 cubic 
metres of shingle has been accumulated by the harbour arm over 
the last 60 years, while the rate of erosion down drift is 
limited by the material supplied from the 100 metre cliffs. 
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The terminal works should be considered indetail when 
the design of the main sea wall is undertaken, not adde'd 
piecemeal later as the problem develops and erosion becomes 
serious. As with the mam wall, the geophysical features of 
the coastline should be examined for a distance beyond both 
ends of the frontage being protected, especially at the end 
down drift from the proposed works. An adequate transitional 
length is essential between the section of the main sea wall 
and the terminal works, as an abrupt change in profile produces 
scour which aggravates the problem. 

It is the permeability of the shingle which encourages 
ridges to form and build up. We can aim at producing a 
similar condition by providing a permeable slope which will 
allow the material on the foreshore to build up over the 
slope, but which will also retain its profile during storms. 
It is impracticable to give the permeable slope the freedom 
of movement which a natural shingle beach enjoys, so a perm- 
eable toe is provided to stabilise the bottom of the slope. 
The permeable slope can be constructed from many materials, 
but flexibility to take up movement without damage is desir- 
able. 

Gabions with suitable rock filling are highly permeable 
and are also flexible enough to take up settlement without 
damage. Where suitable fill is available locally a gabion 
mattress provides an effective and economic slope protection. 

A steel mesh bearing onto a steel grillage, supported on 
light piles has also been used successfully, a layer of hard- 
core being placed beneath the mesh to trap the beach material. 

Various types of precast concrete interlocking units have 
been used to protect the slope but their cost is high.  These 
units, which can be placed in various patterns, become inter- 
locked, and can take up settlement.  The units have a high 
voids ratio when placed but due to their large mass, tend to 
create local scour which does not assist the build up of the 
finer beach material.  At a holiday resort they can also 
present a danger to children who climb amongst them. 

In many parts of this country wartime anti-tank blocks 
weighing up to six tons each are still awaiting disposal, 
and seem at first sight to be ideal for coast protection works 
of this type.  Experience has shown however, that they are 
most unsuitable as they do not lock together, and despite 
their weight tend to roll in rough seas. 

Special care is needed in determining the length and top 
levels of the terminal groynes, and provision should be made 
to allow the height of the groynes to be adjusted.  Permeable 
groynes of timber, steel or concrete have been used, but not 
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extensively in the British Isles.  Gabion groynes can settle 
to take up the beach profile but can become expensive to 
maintain over a long period.  Timber groynes have proved 
most effective and economic, allowing flexibility in design 
and enabling the height of the planks to be neadily adjusted. 

EXAMPLES OF TERMINAL WORKS 

Pett Level, Sussex. 

This wall was constructed between 1946-50 to protect 
the marshes adjoining Rye Bay, and terminated m a narrow 
shingle ridge at the east end.  The foreshore was pre- 
dominantly shingle with sand towards low water, and with the 
littoral drift towards the east.  The sea wall consisted of 
a sloping revetment of bitumen-jointed concrete blockwork 
with steel sheet toe piling, a berm, and upper blockwork 
with coping. 

STEEL  MESH ON 

20 LB  RAILS      \ 

SELECTED   HARDCORE 

SECTION   THRO   TERMINAL  WORKS 
PETT   SEA   WALL   SUSSEX 

Fig.   3 

When the terminal works were constructed all materials 
were m short supply, especially new mild steel sections. 
Old rails were used to form a permeable toe, and to support 
a steel grillage which was covered by war-surplus steel mesh. 
A layer of broken concrete was used beneath the mesh to trap 
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and retain the beach material (fig.3).  This form of construc- 
tion worked very well but in recent years has been covered by 
beach tipped by the Kent River Authority. 

Aberdeen 

STEEL TOE  PILING 
WITH  CONCRETE 
CAPPING 

SECTION   THRO  TERMINAL  WORKS 
ABERDEEN   SEA   WALL (1962) 

Fig.  4 

This wall was constructed in 1962-63 to protect the 
rapidly eroding face of the sand dunes which protected the 
low ground behind. The foreshore was predominantly sand, 
and the wall terminated at the north end in the sand dunes 
at the River Don. With the introduction of groynes along a 
frontage of 2,500 metres, a terminal erosion problem was 
anticipated at the north end, down drift of the works.  The 
sea wall consisted of a sloping revetment of blockwork, with 
steel sheet toe piling and a coping at the top of the slope. 

This coast is exposed to the prevailing winds and waves 
from the South East, with a fetch of 600 kilometres, and 
waves of up to 5 metres in height have been reported. The 
terminal section comprises a sloping gabion mattress with 
steel sheet toe piling and bulkheads (fig.4). At the extreme 
end the toe piling is replaced by a low gabion apron. 



COAST   PROTECTION 557 

These works allow a very satisfactory accretion of sand 
on the slope under most conditions, but during on-shore gales 
the sand is carried seaward and deposited m banks, m a 
similar manner to the natural foreshore to the north of the 
river. 
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CHAPTER 35 

THE CREATION OF AN ARTIFICIAL BEACH 
IN LARVOTTO BAY - MONTE CARLO 

PRINCIPALITY OF MONACO 

by 

Louis Tourmen 
Sogreah 

Grenoble - France 

1 .     INTRODUCTION 

One of the features of a recent big Monaco Government modernisation 
scheme was an artificial beach in Larvotto Bay at Monte Carlo,  which was 
to offer first-class bathing and amenities matching the very high standard 
of urban development planned for the area.  Most of the Monaco coast is 
rocky and very steep,   and the only places with a gradual slope down to the 
sea were a few very inferior beaches the waves had formed with widely 
varied materials from local builders' rubble dumps. 

2. THE LARVOTTO SHORE BEFORE DEVELOPMENT 

In some of the small bays between rocky headlands such as the Rock of 
Monaco,   Pointe Faucignane and Pointe la Vigie,   sediment deposits co\/er 
the rock to varying degrees.  Most of them are not yet fully stable and have 
either been formed by local erosion or have built up from rubble    The old 
Larvotto beach was one of these (Fig.   1). 

The developed part of the Larvotto shore is between the reclaimed areas 
of the Sporting Club and Le Portier.   It is about 500 metres long.  As 
figure 2 shows,   the slope of the old beach was about 10 per cent out to a 
depth of about 4 metres,   and was fairly even all along this stretch of 
coast.  A kind of shelf with a much flatter slope then followed out to about 
8 metre depth,  varying in width from about 120 metres at the Le Portier 
end to 230 metres at the Sporting Club (these being the distances from the 
datum level water line to the 8 metre depth contour)    Beyond the 8 metre 
line the sea bed slope is about 10 per cent. 

Old Larvotto beach was divided into compartments by short groynes reach- 
ing down to the waterhne.   The beach materials included lumps of rock up 
to several kilogrammes in weight,   shingle and sand.  Beyond the waterhne 
the bed consisted almost uniformly of shingle over a wide size range, 
followed further out mainly by sand of locally varying coarseness and 
patches of seaweed beyond depths of 7 or 8 metres. 

The local sea bed features confirmed the assumption that Larvotto beach 
had formed from materials dumped on the shore year after year over a 
very long period of time,  for very little inshore sediment drift occurs in 
the area,   and certainly not enough to have had any appreciable effect on 
the configuration of the sea shore.  Most of Princess Grace Avenue is 
built on a backfill embankment for example,   and the occasional damage it 
has suffered due to collapsing confirms that this stretch of shore has not 
always been absolutely stable.  Before development,   the Larvotto shore 
had been substantially built up by massive dumping of material,   especially 
at the Portier end,  and this had increased its stability accordingly. 
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3.    SEA  LEVEL   AND   WAVES 

The French Mediterranean coast has a tide range which is so small that it 
is insignificant for practical purposes    Atmospheric conditions sometimes 
cause an abnormal rise or fall  in level (though more seldom the latter).  For 
example,   a strong east wind can cause rises of up to 50 centimetres,   but in 
relatively calm weather the water level can be considered to generally lie 
around 40 centimetres above datum. 

From information supplied by the Principality of Monaco Public Works 
Department,  wave conditions in the vicinity of Monaco harbour (Fig.  3) can 
be described as follows : 

The prevailing wave frequency direction is from the east-south-east sector, 
with comparatively short-period waves (5 to 7 seconds) and maximum 
heights around 3 metres. 

The prevailing wave height direction is from the southerly sector (south- 
south-easterly to south-south-westerly at sea), with longer periods (7 to 
10 seconds) and maximum heights around 4 or 5 metres. 

Propagation diagrams have been plotted for these various prevailing wave 
directions in order to show how the sea bed affects the wave crest direc- 
tions in the immediate vicinity of Larvotto Beach.  These diagrams are 
shown  in figure 3,  from which it is seen that although the effect of the sea 
bed tends to close the angle between the prevailing wave frequency and 
height directions,   this angle is still quite large near the Larvotto Bay 
shore.   In other words,   waves must be reaching this shore from many very 
different directions,   and this assumption is borne out by local beach evo- 
lution near the groynes,   where the sediment is seen to drift to and fro 
depending on the incoming wave direction.   It is considered that wave 
heights and periods off Larvotto Beach do not differ very much from those 
off Monaco harbour,   except perhaps for the south-south-westerly waves. 
The refraction diagram for these in figure 3 shows that their orthogonals 
spread out a little,   denoting some loss of wave height. 

THE  AIMS  OF   THE  PROJECT  -  These were as follows : 

a.   Widening of the shore seawards 

The planning scheme for the Larvotto urban district provided for the 
reclamation of an appreciable area from the sea.  A platform was to be built 
up to 5 metres above datum level on the seaward side of Princess Grace 
Avenue,   ending in a vertical step designed to accommodate a row of shops 
along the beach front.   The beach itself was to be about 30 metres wide to 
the water's edge.   The whole project was based on this feature. 
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b.  Sea Club Landing facilities 

The Public Works Department had asked for a groyne to be built at 
the north-east end of the beach so as to provide a sheltered embarkation 
and landing area for the passengers of small craft. 

c.  Maximum beach extension 

The project was to provide for the maximum possible beach area 
consistent with its general framework. 

DESIGN PRINCIPLES - These were as follows : 

a. The need to build up the sea bed 

As mentioned in paragraph 2 the slope of the sea bed out to a depth 
of about 4 metres off Larvotto Beach was about 10 per cent,   as consistent 
with the submerged beach material consisting of various sizes of shingle. 
The comparatively fine new beach materials provided for in the project 
could only be expected to remain stable under attack by the comparatively 
strong local waves,   if placed so as to form an average slope consistent 
with their grain size and generally flatter than 10 per cent.   In other words, 
it was necessary to correct the slope of the natural bed in order to ensure 
the stability of a new beach of fine material  , this meant building up an 
underwater shelf on the sea bed with backfill,   with a containment structure 
at its seaward end designed to withstand wave attack and sloping steeply 
down to the natural sea bed beyond.  The effect of this structure on the 
incoming waves was expected to be quite considerable,   especially in making 
them break. 
The purposes of the shelf and its containment structure were thus as 
follows : 

(i) To ensure that the beach settled down with a cross-sectional 
shape consistent with the size of its materials. 

(n) To make the biggest waves break and thus to reduce wave energy 
dissipation on the beach. 

b. The need for groynes dividing the beach into compartments 

As we have seen,   the waves reach Larvotto Beach from a wide range 
of directions.  The artificial beach material will tend to drift along the 
shore,   therefore,   and without special precautions this could modify the 
width of the beach to the point of affecting its amenities and possibly also 
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causing a permanent loss of beach material.  Groynes dividing a beach up 
into compartments are an effective way of preventing longshore sediment 
drift by containing the beach materials,   and it was considered that at least 
two such groynes were required for a beach the size of Larvotto.   Thus, 
the new Larvotto Beach consists of three self-contained compartments 
which are considered adequately safe from waves for normal practical pur- 
poses. 

c.   The need for wave-diffracting structures 

It was considered that wave diffraction by separate offshore break- 
waters running roughly parallel to Larvotto Beach would be most effective 
in stabilizing the artificial beach material for the following reasons : 

(i) They would substantially reduce wave energy dissipation on the 
beach by stopping some of the incident wave energy. 

(n) By diffracting the waves,   they would also substantially reduce 
the effects of changes in incident wave direction on the beach con- 
figuration. 

Incidentally,   a point to note in this connection is that the finer a beach 
material the stronger the case for incident wave diffraction. 

A further effect of these breakwaters was that they would enable the length 
of beach at datum level to be increased by an appreciable amount,   which 
was one'of the aims of the project,   and in fact this is precisely what has 
happened in practice for the beach has stabilized with a more or less 
marked curved outline. 

6.    THE  BEACH-BUILDING  MATERIAL 

The problem of finding a suitable material for Larvotto Beach was a very 
stricky one indeed.  A systematic exploration was made for prospective 
borrow areas - some a considerable distance from Monaco - but in the end, 
economic considerations led to the choice of local dolomite chippings rang- 
ing from 3 to 8 millimetres in size.  This rather unusual material for a 
beach had sharp edges,   but tumbling wear tests on a 'Los Angeles' machine 
had shown that they would soon wear smooth and produce a material with an 
attractive appearance and not at all uncomfortable underfoot. Figure 4 
shows the results of these attrition tests for 3 to 8 millimetre and 5 to 15 
millimetre chippings. 

It was hoped that the waves would fairly soon wear the sharp edges of the 
chippings smooth.   It was realized that it would be necessary to periodi- 
cally 'turn the beach over' so as to ensure that all the material went 
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through this process in time,   but this was not expected to be difficult as the 
beach would have to be levelled with earthmoving equipment before each 
summer season anyway,   and this would be a good time to do the job. 

From the wear test results in figure 4,   it can also be hoped that normal 
permanent wear of the beach material - that is to say more than just the 
wearing-down of the sharp edges - will be slow and that it will not be 
necessary to add fresh material to the beach too often. 

7.    INFRASTRUCTURE (Fig.  5) 

The three offshore breakwaters running parallel to the beach vary between 
80 and 100 metres in length with gaps of about 80 metres between them, 
which are filled in under water by a containment structure topping at 
2.5 metres below datum level. 

Behind these works,   which are set in 6 to 10 metres of water,   the sea bed 
has been built up with quarry run levelled off at 2.5 m below datum level, 
and the beach has been subdivided into three compartments by groynes 
built of concrete blocks. 

8.    PLACING   THE  BEACH  MATERIAL 

When the beach compartments were ready the beach material was gradually 
added,   being tipped on the shore and spread roughly by bulldozers.   The 
beach was then left to settle down naturally under wave action. 

80,000 cubic metres of chippings were placed on the beach,   including 
34,000 cubic metres in the middle compartment and 46,000 cubic metres in 
the west compartment. 

Very little material was added to the east compartment as it was mainly 
intended to provide landing facilities for small craft. 

9.   RESULTS   OBTAINED 

Work on the beach started early in 1965.   Part of the beach was opened in 
1966 and the whole job was completed in 1967,   and the beach has since 
proved very popular with bathers.   The improvement clearly shows up in the 
photographs in figure 6 of Larvotto Bay 'before' and 'after'. 
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Now,   two years later,   close inspection has shown that the materials 
washed by the waves are gradually wearing smooth as expected.   The beach 
is turned over once a year to make sure that all  its materials are gradually 
exposed to this natural process of attrition. 

In addition,   the plan outline of the beach has developed into something very 
similar to the theoretical one predicted from the wave diagrams.  At its 
narrowest,   the new beach represents some 50 metres won from the sea.   Its 
slope is about 10 per cent near datum level,   which is still quite steep,   but 
as it is directly due to the angular shape of the chippings it should flatten 
off in time as their edges wear smooth and they move more freely under 
wave action. 

With regard to the lose of material due to permanent wear,   that is to say 
beyond the initial stage of the corners wearing smooth,   it is still too soon 
to say exactly how this will develop.  From observations so far it seems 
unlikely that over-frequent additions of make-up material will be required, 
and beach upkeep costs may therefore be expected to remain low. 

In conclusion,   the Larvotto Beach Project shows how crushed chippings 
can provide an attractive solution to the beach material problem where 
sand of a suitable grain size is not economically available. 



CHAPTER 36 

THE EFFECT OF ARTIFICIAL SEAWEED IN 
PROMOTING THE BUILD-UP OF BEACHES 

W. A. Price,  Senior Principal Scientific Officer 

K. W. Tomlmson, Senior Scientific Officer 

Hydraulics Research Station, Wallmgford, Great Britain 

J. N. Hunt, Professor of Applied Mathematics, 

University of Reading, Great Britain 

ABSTRACT 

The paper describes tests carried out m the laboratory and 
in the field in an attempt to discover whether a field of 
artificial seaweed placed offshore can promote an onshore trans- 
port of bed material and hence a build-up of beach levels.  Tests 
in a wave tank showed that beach levels could be built up in this 
way - the effect of the seaweed being to increase the net drift of 
bed water m the direction of wave propagation i.e. towards the 
shore.  The field trials were not as conclusive as was hoped, but 
nevertheless some build-up of beach levels did take place at a 
time when erosion of the beach due to many storms might have been 
anticipated. 

A simple hydrodynamic model is proposed to represent the 
effect of artificial seaweed on gravity waves.  The model predicts 
increased wave attenuation and increased shoreward mass-transport 
consistent with the experimental results. 

Introduction 
Considerable interest has been shown in recent years m the 

use of artificial sea-weed as a means of building up beaches by 
promoting an on-shore transport of sand.  The Hydraulics Research 
Station at Wallmgford, m co-operation with Imperial Chemical 
Industries (Fibres) Ltd., have been investigating the idea in the 
laboratory and m the field. 

Tests in a Wave Tank 
A model beach was subjected to regular waves until surveys 

showed that stability had been achieved.  A field of polypropy- 
lene "pony tails" were then placed m an off-shore position and 
again the model beach was subjected to the same waves until it 
was established that no changes were taking place.  (See Plate 1, 
Fig. 1) 
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Fig. 1.   Model "beach with and without seaweed. 

Many arrangements and spacing of "pony tails" were tried; 
the results shown m Figs. 1 and 2 were for the following test 
conditions.  The "pony tails" consisted of 0.5 grammes of fibre 
having a specific gravity of 0.9 and a strand diameter of 
0.055 mm.  The strands, which were 3 m long, were spaced on a 
3.6 m grid m the area shown m Fig. 1.  The waves were 3 m 
high and had a period of 1.33 seconds. 

The stable beach cross-sections, with and without the 
presence of sea-weed, are shown m Fig. 1.  The result is typical 
of many experiments that were carried out;  the effect of the sea- 
weed was to transfer material from the off-shore sea bed towards 
the shore causing an increase m beach levels. 

The Effect on Wave Orbital Velocities 
It was necessary to establish why an offshore field of 

artificial sea-weed promotes an onshore transport of sediment.  To 
this end the change in the wave orbital motion at various cross- 
sections in the wave tank was established using a miniature 
propeller current meter having a high rate of response.  The 
pulses from the meter were applied to a high speed pen recorder 
and the distances between pulses were measured by an electronic 
trace reader which automatically transferred the information on to 
punched cards suitable for processing on an IBM 1620 Digital 
Computer.  This calculated the mean velocity between pulses and 
the time at which it was deemed to occur.  One such record, for 
10 consecutive wave periods, is shown in Fig. 2.  (To speed up 
this time consuming process H.R.S. has recently developed a true 
instantaneous rate meter which produces a velocity plot directly 
on a high speed pen recorder.) 
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Fig. 2.  Wave orbital velocities. 

The area under the velocity/time curve is a measure of the 
length of water passing the observation point.  The difference 
"between the lengths of the forward and backward motion is a 
measure of the net drift.  Carrying out such observations at many 
depths and sections it was established that the sea-weed increased 
the net drift near the bed m the direction of wave propagation, 
i.e. towards the shore.  One result for a section situated m the 
centre of the sea-weed array is shown on Pig. 3. 

The Effect on Wave Heights 
The effect of the sea-weed was to reduce the wave height 

shoreward of the installation "by approximately k  per cent. 
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A Theoretical Model 
A simple hydrodynamic model is proposed to represent the 

effect of artificial sea-weed on gravity waves.  The model 
predicts increased wave attenuation and increased shoreward mass- 
transport consistent with the experimental results. The intro- 
duction of regularly spaced tufts of polypropylene fibres at the 
sea "bed creates a layer which possesses unusual Theological 
properties.  This layer of water and fibres, adjacent to the sea 
bed, is to a small extent visco-elastic, but for the purpose of 
assessing its effect on gravity waves, it appears to be an 
adequate approximation to regard the layer as consisting of a 
fluid of somewhat higher viscosity than water.  This simplifica- 
tion is suggested by the manner m which the slightly buoyant 
fibres remain near-vertical close to the bed, and thereby offer 
resistance to the shearing m horizontal planes caused by waves. 
This "stiffening" of the water is not isotropic, but since wave 
attenuation arises principally from viscous shearing stresses in 
a horizontal plane at the bed, suggests the use of an "effective 
viscosity" for the water-seaweed layer. 
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The modulus for wave attenuation with distance m a homogene- 
ous fluid, due to dissipation of energy at the "bed, is given to a 
first approximation by 

2kH + sinh 2kH (D 

where k is the wave number 23iA > °" the wave frequency and H the 
depth.  The wave amplitude is then given "by 

A e o 
-Kx cos(kx -""t). (2) 

Unpublished results  on multi-layer  systems by Dr.   B.   D.   Dore, 
and Mr.  M.   J.   Gross,   show that  m  the  case  of   two  superimposed 
fluids,   the upper of viscosity  v    and depth h.,   and the  lower of 
viscosity v     and depth h? = H. - h, ,the  leading  term  m  the  decay 
modulus is    given by 

2Vr 

K = i.-^y 
k^ 

\ / 2kH +   sinh 2kH (3) 

Thus when we assume the densities of the two layers to be 
virtually the same, then the wave attenuation due to the bed 
depends only on the viscosity of the lower layer. 
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Pig. k.       Wave amplitudes. 

In Pig. k  the observed wave heights are plotted both with 
and without sea-weed in place.  Curve I shows the variation m 
wave height to be expected without friction, that is, due to 
shoaling only.  Curve II shows the theoretically expected varia- 
tion of wave height with distance along the beach taking into 
account (i) the shoaling coefficient, as tabulated by Wiegel 
(1964) and (11) bed dissipation based on equation (1) and surface 
contamination as calculated by Van Dorn (1966).  The scatter of 
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the observations about the theoretical curve could "be almost 
entirely due to rather less than 2 per cent wave energy reflected 
from the beach.  Curve III represents the best theoretical curve 
through the observations made with sea-weed present, and includes 
shoaling, surface contamination and increased viscosity near the 
bed according to equation (3).  Again, a component of reflected 
wave energy may be detected.  The effective viscosity of the 
lower layer suggested by Curve III is v    ss 15 v., which corres- 
ponds to an increase m the laminar boundary layer thickness by 
a factor of i|. 

Earlier theoretical work, Hunt (1961), showed the existence 
of an increased mass-transport near the bed in the presence of a 
layer of high viscosity.  The observations of wave orbital 
velocity reported in the present paper, of which Pig. 3 is an 
example, showed the shoreward mass transport at the outer edge of 
the boundary layer to be increased by a factor of three in the 
presence of artificial sea-weed.  With the viscosity ratio 
v^/v . = 15 given by the wave attenuation data, the results of 
the \s&\^ecg&v  suggests that the more viscous layer is of order 
10(v./fr)2 thick.  This is about twice the laminar boundary layer 
thickness ^{v./<r)z    but is still extremely thin. 

In summary, the wave attenuation and mass transport observa- 
tions are both consistent with a model m which the effect of the 
sea-weed is simulated by a very thin, but highly viscous, layer 
adjacent to the bed.  If the model is applicable over a reasonably 
wide range of conditions, then it could be inferred that thicker, 
shorter fibres would produce similar effects m building up a 
beach, and that an increase in the number of fibres per unit area 
of the bed would further "stiffen" the boundary layer and enhance 
the build up process.  Experiments to confirm or refute these 
suggestions would be very desirable, and would enable the model 
to be used to choose the optimum length and fibre spacing for any 
specified wave conditions. 

Field Trials 
These were carried out at Bournemouth by I.C.I. (Fibres) 

Ltd. m conjunction with H.R.S.  Here the tidal range at springs 
is 8 ft, the beach sand has a mean diameter of 0.2 mm and there 
is an adequate supply of sand off-shore.  Waves produced by local 
storms m the English Channel and those generated m the Atlantic 
produce a net littoral current from West to East.  The beach had 
been eroding over the last few years. 

The installation consisted of 1 lb hanks of fibre, (Specific 
Gravity 0.95) 8 ft long at 3 ft centres, layed over an area of 
sea bed 400 ft long and 150 ft wide.  The landward edge of the 
installation was 480 ft from high water mark. 

A series of beach and offshore cross-sections were surveyed 
prior to installing the sea-weed in October 1965. The intention 
was to re-survey these sections six times a year for a number of 
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years but unfortunately, due to an exceptional number of severe 
storms in the first winter, it was impossible to examine the site 
until March 1966.  However, a comparison of the October 1965 and 
March 1966 surveys was very interesting, because whereas it might 
have been expected that general erosion of the beaches would have 
taken place during the long periods of destructive wave attack, a 
small increase m sand levels was found in. the lee of the instal- 
lation.  Again, unfortunately, the story is not as simple as this 
because an inspection of the sea-weed array showed that it had 
been severely damaged and it was left to conjecture when this 
took place.  A particularly severe storm occurred m February 1966 
and it has been assumed that the installation was working satis- 
factorily up to this time. Seaweed 
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Figure 5 shows the change m cross-sectional area of 17 
cross-sections measured between the level of high water of mean 
spring tides and 5 ft below low water mark for the period October 
1965 to March 1966.  Accretion of the inshore zone was accompanied 
by erosion of the offshore sea bed;  a result which might have 
been anticipated from the wave tank experiments. 

Summary of results and future work 
Enough has been done theoretically, m the laboratory, and 

m the field to suggest that artificial sea-weed can build up 
beaches by promoting an onshore transport of material.  Plans 
are now being made to carry out a larger trial on the East coast 
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of England m the near future. 
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CHAPTER 37 

STUDY ON SCOURING AT THE FOOT OF COASTAL STRUCTURES 

by 

Shoji Sato, Norio Tanaka and Isao Irie 
Hydraulic Division, Port and Harbor Reseatch Institute 

Ministry of Transport 
3-chome, Nagase, Yokosuka, Japan 

ABSTRACT 

This paper presents the results of two-dimensional model experiments 
conducted in order to clarify the basic characteristics and to find out some 
preventive measures against scouring around coastal structures.  The applica- 
bility of these results to the field are discussed on the basis of some results 
of field investigations. 

The results of two-dimensional experiments presented herein show that the 
characteristics of waves just in front of structures and their reflection by 
structures are most important factors of scouring.  The results of field 
investigations, however, indicate that in addition to those two factors, the 
currents caused due to waves around structures play important roles m scouring. 

INTRODUCTION 

Scouring around structures is one of the important factors to be considered 
in the design and construction of coastal structures.  So far as authors know, 
however, there are few reports on scouring, because of the complexity of the 
phenomenon and the difficulty of the field observations under storm condition. 
Some of them are; experiments introduced the variation of the water level due 
to the tide by R, C. Russel & Sir C. Inglis (1953), study on the submerged 
breakwater by M. Homma & K. Horikawa (1961), study on scouring at the foot of 
an inclined sea wall by J. B. Herbich, H. D. Murphy & B. V. Welle (1965), study 
on scouring at the toe of permeable structures by T. Sawaragi (1966) and so on. 

Therefore, authors have conducted several model experiments on the scouring 
around coastal structures.  In this paper, are mentioned the results on the 
following four kinds of experiments conducted m the two-dimensional wave-tanks 
using natural sand. 

a. Scouring at the foot of a vertical sea wall. 
b. Scorning at the foot of an inclined sea wall. 
c. The effectiveness of plastic filters for the prevention of scouring. 
d. Scouring at the foot of a composite breakwater. 

SCOURING AT THE FOOT OF A VERTICAL SEA WALL 

In this experiment, the basic characteristics were investigated on scour- 
ing at the foot of a vertical sea wall installed at several points along 
two types of beach profile; the normal and storm beaches. 

EQUIPMENT AND PROCEDURES 

Equipment 
Experiments were conducted in the two wave-tanks of different size shown 
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m Fig.-l.  The medium size wave-tank shown m the upper side of this figure 
is 40 m long, 0.5 m wide and 0.9 m deep and the large size wave-tank in the 
lower side is 105 m long, 3.0 m wide and 2.5 m deep.  As shown in this figure, 
these both tanks were divided longitudinally into two or three parts with 
partition-walls and the two parts of 17 cm m width for the medium size wave- 
tank and the part of 80 cm in width for the large size wave-tank were used for 
the experiments. 

Procedures 
In these wave-tanks, at first, a model beach with the slope of one to ten 

was exposed to the action of test waves until the model beach reached the 
equilibrium state.  Then, a vertical wall was installed and the same waves were 
acted again.  Through a test-run, the beach profile and the shape of scour were 
measured with a point-gauge at intervals of several minutes near the beginning 
of the test-run and one hour near the end, until the steady state of the scour- 
ing was established after 6 to 10 hours of wave-run.  Wave heights were measured 
with an electric-resistance wave-gauge and recorded on a pen-writing oscillo- 
graph. 

For some cases, radio-active tracers which were made by adhering the radio- 
lsotope of Au-198 on the surface of sand, were used in order to know the move- 
ment of bed materials.  Distributions of radio-active tracers were measured 
with a scintillation-type detector. 

Test cases 
Table-1 shows the cases of the expenments.  For each case m Table-1, 

the vertical wall was installed at various points of the equilibrium beach, 
therefore, the number of test-run was fourty-two.  The test waves could be 
classified into two ranges of wave steepness as shown m the first column of 
this table, one is flat waves which make the normal beach and the other is 
steep waves which make the storm beach. 

Table-1 

Equilibrium 
profile 

Ho/Lo 
Ho 
(cm) 

T 
(sec) 

d 
(mm) 

Ho/d d/Ho 
Ware 
tank 

Normal 
beach 

0.0062 
0.0062 
0.0065 

8.7 
8.7 

26.0 

3.0 
3.0 
5.1 

0.69 
0.38 
0.21 

1.3x102 
2.3xl02 

1.2x103 

0.0079 
0.0044 
0.0008 

Medium 
Medium 
Large 

Storm 
beach 

0.033 
0.033 
0.051 

8.7 
8.7 

42.4 

1.3 
1.3 
2.3 

0.69 
0.38 
0.21 

1.3xl02 

2.3x102 
2.0x103 

0.0079 
0.0044 
0.0005 

Medium 
Medium 
Large 

RESULTS OF THE EXPERIMENTS 

Process of scouring and distributions of the scouring depth 
Variation of the scouring depth with the lapse of time was different with 

the position of the vertical wall and could be classified into following four 
types.  Types of scouring; 

Type-I Scouring progresses rapidly for several minutes m the 
beginning, then the scouring stops, and accretion occurs. 
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Type-II     The stable condition is achieved after the initial rapid 
scouring. 

Type-Ill    The additional slow scouring occurs following the initial 
rapid scouring. 

Type-IV     Slow scouring continues from the beginning of the 
test-run. 

Fig.-2   shows the distributions of the non-dimensional scouring depth 
(Ah/Ho), and the wave run-up height (R/Ho) along the beach profile; the 
left figures are for the normal beach and the right figures are for the 
storm beach.  In these figures, the broken lines show the wave run-up height 
on the vertical wall, the thick lines indicate the maximum scouring depth 
during each test-run and the thin lines represent the final scouring depth. 
Therefore, the difference between the latter two lines corresponds to the 
amount of refilling.  The abscissas of these figures are the distance from 
the shore-line (X) non-dimensionalized with the distance between the shore- 
line and the breaking point of waves (Xb).  These factors such as R, Ah, Xb, 
X and so on are defined in Pig.-3 and Ho indicates the height of deep water 
waves.  The breaking point of wave was defined as the point at which the front 
of wave crest became vertical. 

Fig.-2 shows that; 

I) For the normal beach, the maximum scouring depth appears to be the 
largest at the point a little shoreward of the final wave breaking 
point and the distributions along the beach profile are of V shape. 

n)  For the storm beach, the distributions of the maximum scouring depth 
have two peaks and are of V shape; the one peak near the first breaking 
point and the other near the final breaking point. 

m)  The largest maximum scouring depth for both the normal and storm beaches 
appears in type-Ill of scouring.  For the normal beach, type-IV of scour- 
ing is found in the region seaward of type-Ill of scouring and type-I of 
scouring in the region shoreward of type-Ill.  On the other hand, for the 
storm beach, type-IV of scouring appears m the region seaward of the 
offshore-side peak of the maximum scouring depth, type-II of scouring m 
the region shoreward of the shore-side peak and type-I of scouring m 
the region between the two peaks. 

Mechanism of the four types of scouring. 

Fig.-4 shows variations of the beach profiles for the typical examples of 
the above mentioned four types of scouring.  In this figures, the dash-dot 
lines show the mean elevations of wave crests or troughs.  Variation of the 
scouring depth with lapse of time for these examples are as shown in Fig.-5. 

In the example of type-I of scouring shewn in the top of Fig.-4, the 
vertical wall was installed at the shore-line and radio-active tracers were 
injected at the toe of the wall. 

Since waves after breaking act directly on the vail m the beginning of 
the test-run, the foot of the vertical wall was scoured rapidly m the same 
mechanism as scouring by water jet, and the region just seaward of the step 
was accreted remarkably.  Because the amount of this accretion on the seaward 
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slope of the step is more than the amount of scour at the foot of the vertical 
wall, it is clear that sand was also supplied to this region from the offshore- 
zone due to the shoreward sand transport. 

As illustrated m Fig.-6(a), m the equilibrium beach without the vertical 
wall, waves after breaking rush up on the shore to form the sheet flow, which 
cause return flows concentrated near the bottom.  And this return flows may- 
balance with the onshore currents near the bottom due to waves.  When a vertical 
wall is installed as shown m Fig.-6(b), the water currents after wave breaking 
reflect from the vertical wall to bring out return-flows distributing from the 
water-surface to the bottom, because this water currents m the zone near to 
the breaking-point is similar to the bore.  As the result, the return flows 
near the bottom decrease as compared with the case without the sea-wall; this 
decrease of return flows near the bottom results m the increase of the net 
onshore currents.  Therefore, at the portion seaward of the step in front of 
the vertical wall, bed materials are transported shoreward to accumulate in 
fiont of the step from the beginning of test-run.  This accumulation of sand 
extends toward the toe of the vertical wall gradually and refills the scouring 
hole.  The distribution of radio-active tracers shown m Fig.-4 shows clearly 
the above mentioned process of refilling. 

In the cases where a vertical wall was installed near the shoreward end of 
the foreshore, the decrease of the return flow near the bottom did not occur so 
much, since the sheet flow acted on the vertical wall.  Therefore, the steady 
state was attained without the refilling.  This type of scouring is type-II. 

Since waves break at the two points such as near the longshore-bar and 
the shoreline, the energy of the water flow after breaking may be small in 
the cases of the storm beach.  Therefore, type-II of scouring appears near the 
shoreline  as shown m Fig.-3. 

When a vertical wall is installed m the offshore zone, type-IV of scouring 
appears.  The lowest figure of Fig,-4 shows an example of this type.  In this 
case, the vertical wall was installed at the point of 20 cm m water depth and 
radio-active tracers were injected at the two points; one at the toe of the 
wall and the other at 500 cm seaward from the wall.  As known from the varia- 
tion of beach profiles and the distribution of R. I. tracers, sand seaward and 
shoreward of the loop of the standing wave are transported to seaward and shore- 
ward respectively to accumulate near the node of the standing waves.  Since the 
surface of the vertical wall corresponds to a loop of standing waves, sand at 
the foot of the wall are transported seaward and scouring proceed gradually, 

Type-Ill of scouring occures in the location between type-I and type-IV 
of scouring, and the mechanism of scouring in this type is composed of two 
steps of scouring, that is, m the first step, the foot of the vertical wall 
is scoured rapidly by the waves after breaking in the mechanism similar to 
scouring by water jet and in the second step, the foot of the wall is scoured 
gradually due to the standing waves which are formed due to the increase of 
the water depth m front of the vertical wall by scouring. 

Maximum scouring depth 

Fig.-7 shows the relation between the largest maximum scouring depth 
non-dimensionalized with the height of the deep water waves ( ARM) an(j ^e 

Ho 
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steepness of the deep water waves.  In this figure, it is cleai that the 
values of AhM/H^1 e larger for the flatter wave and for the steepness of 0.02 
to 0,04, AIIM/HO takes the value of nearly 1.0, that is, the largest maximum 
scouring depth is approximately equal to the height of the deep water waves. 

On the other hand, m Fig.-8, the value of A1IM/HO decrea&es with the 
ratio of the relative median diametei of the bed materials (d /Ho). 

Since, wave steepness is the value of 0.02 to 0.04 under ordinary storms 
and the value of d /Ho is smallei than that m piesent experiments, the 
maximum scouring depth under the actual storm condition may be considered 
not to exceed the height of the deep water waves. 

SCOURING AT THE FOOT OF AN INCLINED SEA WALL 

EQUIPMENT AND PROCEDURES 

Equipment and procedures 

Experiments weie conducted m the medium size wave-tank shown in Fig,-1 
and their procedures were the same as the experiments on the vertical wall 
mentioned above. 

Experimental conditions and test cases 

Wave conditions and bed materials of this experiment were the same as the 
matters listed m the fifth line of the Table-1, and the model beach was of 
storm beach.  Inclination of the wall surface was varied at three values of 
90, 60 and 30 degrees from the horizontal line.  The model wall was made of 
wooden plates and was driven into the sea-Led. 

RESULTS OF THE EXPERIMENTS 

Fig.-9 indicates the distribution of the maximum and the final scouring 
depth along the beach profile.  Except a few cases, the process of scouring 
could be classified into the before mentioned foui types of scouring.  For 
example, in the case of X/Xb = 0.96, no scouring appear, but accretion occurs 
from the beginning of test-run.  This new type of scouring was defined as 
type-V of scouring.  Those types of scouring are shown with Greek figures m 
Fig.-9. 

The graphs shown m the upper side of Fig.-9 represent the relation 
between the scouring depth and the angle of inclination of the wall.  The 
thick lines indicate the maximum scouring depth and the thin lines the final 
scouring depth. 

From the lower figure, it is clear that although the distribution of the 
maximum scouring depth for 90° sea wall is of If shape as the above mentioned 
experiments on the vertical wall, the distribution for 30  sea 
wall is of V shape having a peak near the longshore-bar.  And the different 
types of scouring appear at the same point due to the difference of the 
inclination of the wall. 

In the graphs m the upper side of this figure, the scouring depth 
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decreases with the angle of inclination of the vail m the regions around 
the shoreline and seaward of the longshore-bar, although the difference are 
small between the scouring depth of 90° sea wall and 60° sea wall in the 
region seaward of the longshore-bar.  The tendency, however, can not be found 
at the ciest and trough of the longshore-bar. 

As known from this figure, the amount of refilling decreased with the 
angle of the inclination of the wall at the point of X/Xb = 0 and X/Xb = 0.4. 
The reason of this fact may be similar to the matter mentioned about Pig.-6, 
That is, in the case of the inclined wall, the decrease of the return-flow 
near the bottom would be little in comparison with the case of the vertical 
wall, because the water-flow after wave-breaking rushed up on the surface of 
the wall having the characteristics of the sheet flow. 

In the seawaid region of the longshore-bar, the standing waves due to the 
reflection of wave from the surface of the wall was formed.  As seen m 
Fig,-10 showing the distributions of the mean elevations of the wave crest or 
trough m front of the sea wall installed at the point of X/Xb = 0,96, the 
positions of the nodes and loops of the standing waves are shifted remarkably 
m the case of 30° &ea wall.  When the distance of this shifting was close to 
a quarter of the wave length, the foot of the wall was accreted from the 
beginning of test-run without scouring.  This type is type-V, 

By the results of these experiments it may be concluded that the inclined 
sea-wall is effective for the prevention of the scouring except the region 
near the longshore-bar, while the effectiveness of 60° sea wall is small in 
the offshore zone. 

THE EFFECTIVENESS OF PLASTIC FILTERS FOR THE PREVENTION OF SCOURING 

Use of plastic fiber cloths as filters for prevention of scouring at the 
feet of coastal structures was reported by R. J. Barrent and others in the 
10th Conf. on Coastal Engineering in Tokyo.  Authors examined experimentally 
the effect of these plastic filters for the prevention of scour taking the 
two cases of the armor-stone revetment and the wave-absorbing structure. 

EQUIPMENT AND PROCEDURES 

Equipment and procedures 

The experiments were conducted in the medium size wave-tank without par- 
tition-walls shown in Fig.-l.  The cross sections of modeles of the armor- 
stone revetment and the wave-absorbing stiucture are shown m Fig,-11 and 
Fig.-12,  The models shown in these figures conespond to l/20 in scale of 
the structuies in the field. 

In the experiment on the armor-stone revetment, the models were built on 
the flat bed of sand having the median diameter of 0,2 mm and for the wave- 
absorbing structure, models were built on the equilibrium beach which was 
formed by acting test-waves on the initial beach of sand of 0.14 mm in median 
diameter having the slope of l/lO, 

The permeability of plastic filters tested m these experiments is shown 
m Table-2. 
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Table-2.  Permeability of plastic filters 

Experiment 

Mesh of filter 

Permeability (m/sec) 

Armor—stone revetment 

a-14 mesh 

l.lxlO-2 

Wave-absorber 

a-16 mesh 

5.72x10-3 

EXPERIMENTAL CONDITIONS AND TEST CASES 

In the experiments on the armor-stone revetment, the three types of 
sublayers; sand mound only, sand mound covered with rubbles only and sand 
mound covered with rubbles and plastic filters were tested.  The test cases 
and the conditions are shown m Table-3. 

Tabl e-3 

Case No. Scale Wave height Wave period 

a 1/20 5 cm 0.9 sec 

b 1/20 5 0.9 

c 1/20 5 0.9 

A 3/20 15 2.2 

B 3/20 15 2.2 

C 3/20 15 2.2 

Type of sublayer 

Sand mound only 

Sand mound covered with rubbles 

With plastic filters 

Sand mound only 

Sand mound covered with rubbles 

With plastic filters 

In case-A, B and C listed m Table-3 the pait enclosed by dash-dot line in 
Fig,-11 was tested m the scale of 3/20 m order to examine the scale effect 
of experiments. 

RESULTS OF EXPERIMENTS 

On the armor-stone revetment 

Fig.-13 shows the variation of the front surface of the mound of revetment 
for case-A, B and C.  In case-A the foot of the upper structures was scoured 
very remarkably and the upper structure was on the point of falling.  In the 
case-B where sand mound covered with rubbles, the shouldei of the mound was 
scoured and the upper structure was inclined remarkably.  And in the case-C 
with plastic filters the scouring was hardly seen except a slight scouring at 
the shoulder of the mound. 

Fig.-14 shows the variation of the scouring depth, non-dimensionalized by 
the height of the deep water wave, at the foot of the upper structure with the 
lapse of time.  In this figure, it is clear that the case-C with plastic filters 
is very effective for the prevention of the scouring. 

On the wave-absorbing structure 

Fig.-15 shows the variation of the front surface of the wave-absorbing 
structure and the sea bed.  The thin and thick lines represent the initial 
state and the state after 240 minutes of wave-run respectively.  And the 
thickest solid lines indicate the filters. 
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In the case ( oO without filters, the sand base of rubbles was washed away 
and the &tiucture sank remarkably.  In the other case with filters, those 
sinking of structure due to scouring of the base did not occur, but the toe 
of the rubbles was scoured in the case (lj$) and ( J") .  ln *he case (5) which 
produced the best result, filters were protruded seaward long enough until the 
water depth at the edge of filters became deep.  But this device tested in the 
case (§) might have a problem of the difficulty of construction and the dura- 
bility of filters at the part protruded.  Therefore, further studies would be 
performed on the scouring at the toe of the lubble mound. 

SCOURING AT THE FOOT OF A COMPOSITE BREAKWATER 

EQUIPMENT AND PROCEDURES 

Equipment and procedures 

The experiments were conducted m the medium size wave-tank without the 
partition-walls shown m Fig,-1.  The cross section of the model breakwater 
is shown in Fig.-16,  The models were made on the flat bed of sand of 0.2 mm 
in median diameter. 

During the tests, test-waves were acted on the model intermittently every 
30 seconds, that is, the wave generator was operated for 30 seconds and stopped 
for 2 minutes until waves entirely decayed out, m order to prevent reflected- 
waves from attacking the structure. 

Experimental conditions and test cases 

The test cases and conditions are shown in Table-4,  ifhere only the water 
depth was different among case-1 to 3. 

Table-4 

Case No. Wave height Wave period Water depth 

1 11.5 cm 1.98 sec 28.8 cm 

2 11.5 1.98 26.0 

3 11.5 1.98 22.0 

4 7.7 1.41 22.0 

RESULTS OF THE EXPERIMENT 

Fig,-17 shows final bed profiles after three hours of wave action and 
distributions of the wave height.  The vertical dash-dot lines shown in this 
figure indicate the position of loops of standing waves formed by the reflec- 
tion of waves fiom the breakwater.  As known from this figure, the sea beds 
were erroded under the loops of standing waves and were accreted under the 
nods as mentioned concerning to type-IV of scouring m the preceding experi- 
ments on the vertical wall.  As the result, the sea beds formed sinusoidal 
patterns roughly having the wave length of a half length of the incident 
waves. 
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While the distance "between the vertical surface of the breakwater and the 
vertical dash-dot lines nearest to the breakwater is less than the interval 
distance among each loop.  Therefore, the patterns of distribution of the wave 
height and of sea bed profile are seen as if the hypothetical surfaces of re- 
f]ection located at the position of the vertical dash-dot lines nearest to the 
breakwater, 

The hypothetical surface of wave reflection approaches toward the break- 
water with the decrease of the watei depth in case-1 to 3. 

Fig.-18 shows the variation of profiles of scouring holes at the foot of 
the breakwater.  In this figure, the black dots indicate the toe of the rubble 
mound.  And the final profile of sand intruding among rubbles is also repre- 
sented in this figure.  The graphs shown m this figure show the time variation 
of the scouring depth (Ah), the amount of the sliding of rubble due to scouring 
( Ad) and the distance (&) between the deepest point of the scouring hole and 
the vertical surface of the breakwater. 

For case-1 to 3, the maximum values of Ah, /Vl and cL (AhHAx, AdHw and CLMM) 
non-dimensionalized with the height (Ho) and the length (Lo) of the deep water 
wave are represented against the water depth m Pig,-19. 

According to these figures, the maximum scouring depth and the amount of 
the sliding of rubbles increase with the decrease of the water depth.  But, 
on the other hand, the position of the deepest point of the scouring hole 
approaches to the breakwater and the amount of sand accumulated among rubbles 
decreases with the decrease of the water depth. 

These facts may be considered to indicate that the position of the 
hypothetical surface of wave reflection acts the important reoles on scouring 
in addition to the effect of the water depth itself.  That is, when this 
hypothetical surface approaches to the toe of the rubble mound, damage of the 
rubble mound due to scouring would become more mtensitive. 

THE COMPARISON BETWEEN MODEL EXPERIMENTS 
AND THE FIELD INVESTIGATION 

In this section, the preceding lesults of model experiments will be 
compared with some data obtained from    field investigation. 

ON THE MAXIMUM SCOURING DEPTH 

Fig.-20 shows the relation between the scouring depth and the wave height 
obtained m the port of Kashima.  The port of Kashima is a new port being 
under construction on the sandy beach facing to the Pacific Ocean.  The 
general characteristics of sand drift m this coast was reported m the 10th 
Conf. on Coastal Engineering m Tokyo.  The scouring depth was defined as the 
difference between the water depth at the deepest point of the scouring hole 
surveyed at the tips of the rubble mound breakwater stretched perpendicularly 
to the shoreline and the water depth before construction at the same point. 
The wave height is the maximum significant wave height measured at the point 
of -12 m deep for two weeks before the surveying date of each scouring depth. 

In this figure, almost all data distribute below the line of Ah = Ho. 
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Since the scouring depths were surveyed m calm days after a storm, some of 
them plottedin this figure would be one which had been refilled by small waves 
after a storm.  Therefore, the maximum scouring depth under the stormy condi- 
tion may be considered to be nearly equal to the maximum significant wave height 
during the storm.  This result coincides with the characteristics of the I argest 
maximum scouring depth obtained by the experiments on the vertical wall. 

ON THE LOCATION OP INTENSITIVE SCOURING 

Fig.-21 presents the relation between the scouring depth at the both sides 
of the breakwater and the water depth obtained in the port of Kashima.  As 
shown in the small figure, the scouring depth was defined as the veitieal 
distance between the deepest point and the outside of this scouring hole. 
And the abscissa is the water depth at the outside of the scouring hole. 

In this figure, the distribution of the scouring depth has a peak at the 
water depth of -2 to -3 m.  On the other hand, on the Kashima Coast, the 
longshore-bars are found around the water depth of -2.5 to -3.0 m.  Therefore, 
although there are no data around the shoreline, the results presented in this 
figure may be considered to coincide with the distribution of the maximum 
scouring depth for the storm beach shown in preceding Fig.-4. 

Fig.-22 shows examples of the sounding maps of three new ports in Japan, 
the port of Kashima mentioned above, the east port of Nugata and the port 
of Kanazawa.  The latter two ports have been under construction on the coast 
of fine sand of 0.15-0.20 mm in median diameter facing to the Japan Sea and 
are attacked by large waves of 3 to 5 m in height from the north-west direc- 
tion in winter, but it is very calm m summer.  In these both ports, two raws 
of the large longshore-bars are found usually. 

In these maps, some common characteristics are seen from the view point 
of scouring.  That is, the feet of the breakwaters are scoured remarkably in 
the part crossing the longshore-bar and in the vicinity of the projected 
corner and the head of breakwaters. 

Remarkable scour near the longshore-bar was also seen m the above men- 
tioned experiments on the vertical and inclined walls.  But, m the field, 
in addition to the agitation by wave breakers, the scouring would be acceler- 
ated by the seaward return flow along the breakwater. 

Scouring around the projected corner and the tip of breakwaters would be 
considered to be brought by the sudden change of currents and waves in the 
vicinity of them.  That is, sharp gradient of the energy of the turbulence 
may be an important factor causing the mtensitive scouring around the pro- 
jected corner, in addition to the mtensitive turbulence itself. 

From such considerations on the field data, it would be revealed that the 
transport of suspended materials due to the currents along the structures 
plays important roles for the scouring at the feet of structures, in addition 
to the agitation of bed materials by waves.  Therefore, the further studies 
should be conducted about the effect of the currents for scouring. 
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THE   PORT OF   KASHIMA 
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]?ig. 22.  Examples of sounding maps of the port of 
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CONCLUSION 

The results mentioned above may be concluded as follows. 

1) The process of scouring is classified into the following four types. 

Type-I    After rapid scouring, the refilling occurs. 
Type-II   The stable condition is achieved after rapid scouring. 
Type-Ill  The additional slow scouring occurs following the initial 

rapid scouring. 
Type-IV   The slow scouung continues from the beginning of the 

test-run. 

2) Intensitive scouring occurs in type-Ill of scouring when a vertical wall 
installed near the plunging point of the breakei. 

3) The relative largest maximum scouring depth tends to decrease with the 
increase of wave steepness, but it is nearly equal to the deep water wave 
height in case that steepness is 0.02 to 0.04, which is for ordinal storm 
condition. 

4) An inclined wall is effective for the prevention of scouring in the 
region except the vicinity of the longshore-bar, although the effective- 
ness of 60° sea wall is small m the offshore zone. 

5) Plastic filter was very effective for the prevention of scouring, but 
further studies would be necessary on its durability. 

6) The position of the hypothetical surface of wave reflection is an im- 
portant factor of scouring, m addition to the water depth itself. 
Damage of the rubble mound is more mdtensitive when this hypothetical 
surface approaches to the toe of the mound, 

7) The comparison of the experimental results with the data obtained in the 
port of Kashima shows that the matters mentioned in the second and third 
conclusions would be applied to the field. 

8) Around breakwaters, the feet of the breakwaters are scoured remarkably 
m the part crossing the longshore-bar, the vicinity of the projected 
corner and the tip of breakwater. 

9) In the field, m addition to the agitation of sea water due to wave 
itself, currents around the structures play important roles m scouring. 
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CHAPTER 38 

PATTERN OF WAVE-INDUCED EROSION UNDER CAISSON-TYPE BREAKWATER 

P. Donnelly, Head, Marine Structures Section, Department of Public Works, Ottawa, Canada 

and 

Richard Boivin, Senior Hydraulic Engineer, Lasalle Hydraulic Laboratory Limited, Montreal, Canada 

ABSTRACT 

When caisson-type breakwaters or wharves are built in areas exposed to severe 

wave attack, adequate precautions must be taken to ensure that all parts of the 

foundations are protected from erosion The joint between abutting caissons is 

a particularly vulnerable location 

This paper describes patterns of erosion which may be expected at joints 
between caissons resting on sand or gravel foundations for a number of joint 
configurations The results are based on model studies Criteria are given for 

estimating scouring velocities through joints and sizes of particles moved 

Suggestions are made for minimizing the risk of erosion An example of erosion 

under a prototype structure is given 

INTRODUCTION 

One of the advantages of the rubble or similar type of breakwater is its relative immunity against 
suddenly disastrous damage under wave attack For these types of structure, the choice of design 
criteria are not quite so critical as in the case of wave reflecting, gravity structures such as rein- 
forced concrete caissons or cribs which are to be founded on a sea bed which is not resistant to scour 

A foundation failure beneath a gravity type structure can result in either complete collapse or exces- 

sive settlements The causes of foundation failure are usually inadequate bearing capacity of the 

underlying soil strata or scour of foundation material by waves or currents Even if the structure does 

not collapse, the excessive settlements which may occur reduce the effectiveness of the breakwater 

because 

- overtopping is likely to be increased 

- joints in the structure are opened up 
— movements of deck traffic may be adversely affected 

— appearance of the structur e suffers 

Repairs to such a structure tend to be expensive. Hence a relatively conservative approach to the 

design of caisson-type breakwaters is warranted and extra attention should be paid to the foundations 

PROTOTYPE FOUNDATION PROBLEMS 

This investigation was initiated to clarify the mechanism by which extensive foundation damage was 

caused to a recently installed prototype installation. Fig 1 illustrates the settlement of the prototype 
which occurred during the first year after complete construction 
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600 COASTAL   ENGINEERING 

High Wotor-t 

Low WoUry 

*!<•«**<"* J *lff,W^VJHH' >l$ 

is $ a 
o 

As Built 
Elevation 

rwv:wi^tn'iy*'» 

11 11 11 (Settlement 

"1    in feet 

ELEVATION      A-A 

FIG. 1      SETTLEMENT OF PROTOTYPE DURING FIRST YEAR AFTER CONSTRUCTION. 

It was suspected that the problem was caused by erosion by wave action of the foundations which 
began at an inadequately closed joint between abutting caissons and extended progressively under 
the caissons A laboratory study was undertaken to 

(a) Obtain a better insight into the erosion phenomenon, 
(b) Devise the most effective way to prevent this problem in future installations, 
(c) Assist in the design of an appropriate repair method for the damaged structure. 

EXPERIMENTAL STUDY OF EROSION PATTERNS 

Some of the tests were carried out in a 2 ft wide wave flume where erosion patterns were studied at a 
joint between abutting caissons under perpendicular wave attack Additional tests were performed in 
a 16 ft wide wave flume on a partial model of the prototype structure where erosion patterns were 
studied under wave attack inclined at an angle of 60° from the face of the structure, which corresponded 
to the direction of predominant wave attack in the prototype 



WAVE-INDUCED EROSION 601 

For all tests, the wave period was kept constant at 9 0 seconds The depth of water at the structure 

was 30 feet, although a few tests were run in the 16 ft wide flume for water depths of 12 feet (proto- 

type dimensions, based on the Froude law, are used throughout this paper) 

A sample of the test results are shown in Fig  2 

The scour patterns shown in Fig 2(a)were obtained in the 2 ft flume with 4 foot incident waves acting 

2l/i hours, the bed material had the same critical speed of erosion as coarse sand (0 5 mm ) does in the 

prototype Quite similar patterns resulted from tests earned out at a 6lA foot incident wave height and 

with a bed material which behaved the same from the point of view of critical speed of erosion as 

2 inch gravel in the prototype 

Although the period of time of 2l/2 hours Corresponded in no way to an "equilibrium state" in the erosion 
process, widespread damage had resulted even from a relatively light wave action The erosion was 

not confined to the joint itself, but extended several feet away from it, underneath the caissons 

The tests conducted in the 16 ft wide flume, under oblique wave attack, led to similar scour patterns, 

as evidenced in Fig  2 (b) 

The fluid motions in the joints between caissons was observed visually in the 2 ft wave flume A 

complex wave motion prevailed, made up of an incident wave component coming from the seaward face, 

which combined with a reflected component from the harbour side, the phase lag between *he two 
wave components depending on the incident wave period and on the width of the caisson In each of 

the two tests series earned out in the 2 ft flume it was noted that if the incident wave which initiates 

erosion at the node of the clapotis is H, the erosion in the joint commences for an incident wave of 
approximately 0 75H Since the nodal velocity varies linearly with the wave height the velocity through 
an open joint may be estimated at approximately 25% higher than the nodal velocity in the clapotis 

existing in front of the structure. Thus as a first approximation for perpendicular wave attack* 

No success was achieved with tentative methods of sealing the joints, such as a single key placed 
either at the seaward or at the harbour face of the joint, or a double key arrangement (one at each face 
of the caisson). Even when the keys were driven into the foundation soils, piping developed around the 
edge of the keys and led progressively to the erosion patterns shown in Fig. 2. 

However, a double key arrangement with fill placed in the space between the keys, as shown in Fig. 4 
(insert) performed successfully, both in the 2 ft. and 16 ft. wave flumes. When granular material is 
employed as fill a minimum height is needed in order to prevent piping. Piping effects are proportional 
to the effective differential head, AZ, at the bottom of the clapotis. 
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Using 

A/ = H/cosh 2n d/L (2) 

it was found that the height, h, of granular fill required to prevent piping could be estimated with 

sufficient accuracy from the expression 

h = 2H/cosh 2n d/L (3) 

For coarser types of gravel fill with suitable filters, this height could safely be reduced by 30%-40% 

Figures 3 and 4 are graphical representations of equations (1) and (3) respectively Figure 4 also 

shows the critical speed of erosion of various sizes of foundation materials based on a typical equation 

(Ref  1) for critical speed of erosion of particles of diameter, D, larger than the laminar boundary layer 

Vc = 1 75^ (S-l) g~D (4a) 

or Vc = 3 68^/D (4b) 

where   Vc = velocity in feet per second 

D    = diameter in inches of a spherical stone whose unit 
weight is 165 lbs  per cubic foot 

Figure 3 provides a convenient means of making a quick preliminary check to determine if an erosion 

problem can be anticipated 

The investigation did not include study of the effect of variation of the gap width between caissons 

The tests are considered representative of the gaps which might be expected in normal construction 

practice I e in the range of 6 inches to 3 feet For wider gaps between caissons, lower velocities, on 
the average, could be expected 

CONCLUSIONS 

1, For caisson-type structures exposed to wave action, the most vulnerable part, as far as erosion 

of the foundations is concerned, is at joints between abutting caissons For direct wave attack, 

the velocity through an open joint may be estimated approximately by equation (1) Unless the 

material in the joint is coarse enough to resist this scouring velocity,erosion problems will occur 

Fig. 3 can be used to make a quick preliminary check to determine if an erosion problem can be 

anticipated 

2 In practice, joints between abutting caissons should be effectively sealed if erosion problems are 
to be avoided To seal the joint, two keys are necessary one on the seaward side and one on the 

harbour side, with a suitable fill material placed in the space between the keys If a granular fill 

is used, it should be placed to a minimum height given by equation (3) to prevent piping underneath 

and around the sides of the individual keys For coarser types of gravel fill with suitable filters, 

the height given by equation (3) could safely be reduced by 30%-40% 
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APPENDIX - NOTATION 

LIST OF SYMBOLS AS USED IN THIS PAPER 

Symbol Definition Units 

d depth of water below the still water surface ft 

D Diameter of rock particle ft  or ins 

g gravitational acceleration 
(- 32 2 ft/sec 2 ) ft/sec 2 

h height of granular fill in joint between abutting 
caissons ft 

H wave height, amplitude, height of incident wave ft 

L wave length ft 

S Specific gravity of a rock particle 

V wave induced bottom velocity in an open joing 
between abutting caissons ft/sec 

Vc velocity which initiates motion of a particle of 
diameter, D, larger than the laminar boundary layer ft/sec 

A/ differential pressure on the bottom cause by a 

totally reflected incident wave (clapotis) ft 
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ABSTRACT 

The theory for the transmission and reflection of the waves at the closely 
spaced pile breakwater has been developed by the use of shallow water wave 
theory of small amplitude. Experiment on the hydraulic characteristics of the 
breakwater has been performed in a two dimensional wave flume. The agreement 
between the theory and the experiment is pretty good with respect to the coeffi- 
cients of transmission and reflection of waves, and also to the shoreward veloc- 
ity of the jet discharged from a space between any two adjacent piles. 

Experiment was also made on the local scouring at the foot of the clocely 
spaced pile breakwater. The maximrai scouring depth at the foot of the break- 
water relates closely to the ratio of the velocity of the jet to the mean fall 
velocity of bed material. The relation between the maximum scouring depth and 
the power of the jet is discussed. 

INTRODUCTION 

Closely spaced pile breakwater is a type of offshore breakwater which con- 
sists of a row of steel or concrete piles driven into the sea bottom. In a 
previous paper the authors presented the theory on the hydraulic characteristics 
of the breakwater [l]. The present paper deals with the following two subjects: 
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1. Modification of the authors' previous theory of the coefficients of trans- 
mission and reflection of waves on the assumption that the waves near the 
breakwater are shallow water waves of small amplitude. 

2  Experimental study on the local scouring at the foot of the breakwater and 
on the function of the breakwater against beach erosion. 

THE COEFFICIENTS OF TRANSMISSION AND REFLECTION OF WAVES 

Theoretical Consideration 
The problem under consideration is in the two dimensional case when waves 

approach normally to a breakwater. The coordinate system and notations used are 
shown in Fig. 1. Denoting the coefficients of transmission and reflection of 
waves by rrp and r^, respectively, they can be determined as follows (see Appen- 
dix) : 

_, h „   a2kh   \    . , I,. Hiatanhkh]  (1) 

r.= l-r.  (2) 

Here 

D+b 

o=4JVsin2irj sin2;rfd£ = l 1139=11  (4) 

-UsK-UUb^)  (5) 

C is the coefficient of discharge of each space of the breakwater, V is the 
water particle velocity m the x-direction, and V Is the averaged value of V with 
respet to water depth. 

The velocity of the jet discharged from a space between any two adjacent 
piles at the instant of collision of the crest of an incident wave against the 
breakwater can also be determined as follows (see Appendix): 

v-r    /kH(i-r l/ll-pL-V) 
kh     COshiU+z)  (6) 

in which Cv is the coefficient of velocity of the jet. In the special case when 
h/L tends to zero, I. e., in the case of long waves, Eqs. (l) and (6) reduce to 
the following equations: 

^ M-+f^\  (7) 

y-*fi^WG£!}  (8) 

These two equations are the same to those given m the authors' previous paper 

[1]. 
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The coefficients of transmission and reflection computed for various values 
of b/D, h/L and Hj/L are illustrated in Figs. 2 through 10. 

Experiments 
Experiments were made, like in the authors' previous paper, in a two dimen- 

sional wave flume, 30m long, C80m wide and 0.70m deep. The model breakwater 
consisted of 60.5mm diameter steel pipes 

The heights of incident waves and transmitted waves were measured by conven- 
tional resistance-type wave height gauges and were recorded with an oscillograph. 
The coefficient of reflection of waves was calculated by the use of the formula, 
rR=(Hmax"Hmln)/(Hmax

+Hmin), m which Hmax and Hmln are the amplitudes of stand- 
ing waves at the antmode and at the node, respectively. These maximum and 
minimum amplitudes of standing waves were read on the oscillograph records of the 
vertical movement detected by a wave height gauge moving along the flume axis at 
a constant speed. 

The comparison between the theory and the experiment with respect to the 
coefficients of transmission and reflection are shown in Figs. 11 and 12.  It 
is seen from these figures that the agreement between the theory and the experi- 
ment is pretty good. 

Figure 13 illustrates the vertical distribution of velocity of the jet 

discharged from a space of piles, together with the theoretical value calculated 
by Eq. (6). It is seen from this figure that the experimental value for the 
shoreward j et velocity agrees fairly well with the theory. 

The difference between the shoreward and the seaward jet velocities may be 
attributed to the nonlinear effect of the partial clapotis generated on the sea- 
side of the breakwater. This velocity difference plays an important role in 
the transport of suspended sediment. The bed material is suspended by the 
action of the partial clapotis at the breakwater and is carried into the near- 
shore zone through the spaces of piles by the prevailing current caused by this 
velocity difference. This phenomenon gives the closely spaced pile breakwater 
the function of a protection work against beach erosion. 

Russell made a series of experiments on the effect of an offshore permeable 
screen erected on a two dimensional model beach [2]. The screen consisted of 
either single row or double rows of 1/2 m pipes, their space ratio having been 
0.21 and 0.25, respectively. His experiments showed that, although the erection 
of a permeable screen did reduce the rate at which any erosion proceeded, it did not 
cause either a beach that was eroding, or even a beach that was substantially 
stable, to build up. This result, however, may be attributed to the large space 
ratios of the screens in his case, the coefficient of transmission of waves for 
these space ratio being read from Fig. 2-10 to be 0.6-0.8. 

LOCAL SCOURING AT THE FOOT OF THE CLOSELY SPACED PILE BREAKWATER 

The sea bed in the vicinity of offshore structures tends to be scoured by 
the action of waves and wave induced currents. The slumping of offshore struc- 
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tures caused by the effect of local scouring lowers their function as shore 
protection works. An essential question on the closely spaced pile breakwater 
is how to protect the breakwater from the local scouring at its foot and how to 
predict the depth of local scouring. Experimental study was made from this 
point of view on the local scouring at the foot of the closely spaced pile 
breakwater. 

Experimental Equipment 
The wave flume and the model breakwater used for this experiment were the 

same to those described in the previous section. 

The bed material used was either amberlite or expanded shale, a kind of 
artificial light weight fine aggregate. The properties of these two kinds of 
bed material are shown in Table 1. The bed material was placed in a uniform 
thickness of about 22cm above the wave flume bottom, of a range of 2.5m long 
seaward and 1.5m shoreward from the model breakwater. 

The water depth and the period of incident waves, in all runs, were 29.1cm 
and 1.7sec, respectively. The bed configuration in the vicinity of the break- 
water, which configuration was induced by wave action, was observed and measured 
visually through a side wall of the wave flume. 

During a test run, the period of the continuous driving of the wave genera- 
tor was limited within 20 - 30 sec in order to eliminate the effect of the rise 
of the water level in the inshore zone to the breakwater. This operation proce- 
dure of the wave generator was repeated until the variation of the bed configu- 
ration reached a condition of equilibrium. 

Experimental Results and Discussions 
By dimensional consideration the maximum scouring depth at the foot of the 

closely spaced pile breakwater can be expressed by the following equation: 

4m/D=f{H,/L, h/L, b/D, V/V(»-l)jfd)  (9) 

is 
the value averaged with respect to water depth, of the velocity of the jet 
discharged shorewards from a space of piles, and s and d are respectively tne 
specific weight and the mean diameter, of bed material. 

According to the previous researches [3] [4] on the bed scouring by jet 

flows, V/Y(s-l)gd 1S the most important parameter in equation (9). 

Figure 14. illustrates the experimental results of the relation between the 
relative maximum scouring depth and v/V(s-l)gd. ^  ^s seen from this figure that 
the relative Maximum scouring depth can approximately be expressed by a linear 
function of V/V(s-l)gd. Within the range of this experiment, the maximum scour- 
ing depth at the foot of the closely spaced pile breakwater seems to reach 
1.5 - 2.0 times of the diameter of piles. 

Figure 15 illustrates the relation between the relative maximum scouring 
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depth and the wave steepness of incident waves. In this figure, the maximum 
scouring depth for the space ratio of 0.075 is larger than those for 0.041 and 
0.200. 

The power of the jet velocity per unit length of the breakwater is express- 
ed by 

p-wVD+bh{T+T~-2   -wVD+bhH>r« ,     , 
 (10) 

Substituting Eq. (8) into Eq. (10) and taking account of Eq. (3), we obtain the 
following equation: 

P=i»*(l-r,)»A,/2tfg7S .(11) 

From this equation, the value of the space ratio of piles for which the power of 
the jet becomes maximum Is determined as 

£=J_ / tmhkhL Hj_  (12) 
4a v   kh     h L 

Figure 16 illustrates this relation in the case of h/L = 0.109. It is read from 
this figure that, when Hi/L = 0.01~0.035, the range of the space ratio b/D for 
which the power of the jet attains maximum is 0.07~'0.13. This fact gives phys- 
ical interpretation why the relative maximum scouring depth for the space ratio 
of 0.075 is larger than the relative maximum scouring depths in the other two 
cases shown in Fig. 15. 

CONCLUSION 

The theory on the transmission and reflection of waves at the breakwater 
has been developed by the use of shallow water wave theory of small amplitude. 
The coefficients of transmission and reflection of waves have been obtained as 
Eqs. (l) and (2), which are illustrated in Figs. 2 through 10. 

As to the velocity of the jet discharged from a space between any two adja- 
cent piles, experiment shows that shoreward velocity is larger than seaward 
velocity. This phenomenon gives the closely spaced pile breakwater the function 
as a protection work against beach erosion. 

The maximum scouring depth at the foot of the breakwater is closely related 
to the ratio of jet velocity to the mean fall velocity of the bed material, this 
relation being shown in Fig. 14-. The maximum scouring depth seems to attain 
1.5~2.0 times of the diameter of piles. 

The relation between the maximum scouring depth and the wave steepness of 
incident waves is shown in Fig. 15. The spaoe ratio of piles for which the 
maximum scouring is theoretically supposed to occur has been obtained as Eq. (12). 
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APPENDIX.  DERIVATION OF EQS. (l), (2) AND (6) 

The problem under consideration is m a two dimensional case when waves 
approach normaly to a breakwater. The coordinate system and the notations are 
shown in Fig. 1. We assume that the waves near the breakwater are shallow water 
waves of small amplitude. Then, the mean horizontal velocities of water parti- 
cles induced by an incident wave, a reflected wave and a transmitted wave are 
respectively given as follows. 

= -*-»—1. i~-'-.     •    ^  (A-D 

and H- 

-7? -^rtanhkjhsmia, t — k,x 

2 -^itanhkshsmdtgt+kgx)  (A-2) 

»T=-O- -^rtan/ikThsm(aTt~-kTx)  (A-3) 

m which H is the wave height, k = 2n/L is the wave number, o = 2n/T is the wave 
angular frequency, L is the wave length, T is the wave period, g is the acceler- 
ation of gravity, I,R and T are the suffixes referring respectively to an inci- 
dent wave, a reflected wave and a transmitted wave, and an overscore means the 
averaged value with respect to water depth. 

Neglecting the effect of the wave height at the breakwater, the equation of 
continuity becomes 

Vih+vRh=vTh at  x = 0  (A-4) 

The mean velocity of the jet discharged from a space between any two adja- 
cent piles is given by the Bernoulli's theorem as 

v^c.y^^/y^y7  u-s) 
where V is the jet velocity, f] is the vertical displacement of water surface 
from still water level (z = 0), C„ the coefficient of velocity of Jet and a is 
the correction factor to compensate for use of mean velocity, a being given as 

-UiK-UUb^)  (5) 
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On the other hand, the equation of continuity to be satisfied just at the 
back of the breakwater is written as follows: 

CcbhV={D+b)hvT 

m which Cc is the coefficient of contraction of a jet. 

 (A-6) 

From Eqs. (A l) through (A 6) and by the use of the assumption that 
ki = kjj = kf = k and uj = ug = Wj = u    we can obtain the following equations. 

and 

where 

^f^^h+y^ 
H, 

D+b/-J      \D+b) 

Hi atanh kh 1 
~2h   a2kh   \ 

kh     coshH/i+z) 
tanh kh     cosh kh 

a=4J Vsm2n-f sin2n-fd5 = l 1139 = 1 1 

and C is the  coefficient of discharge of a jet. 

•(1) 

• (2) 

• (6) 

• (3) 

.(4) 

Table 1. Properties of bed material. 

Bed material 
specific wt. 
m air 

mean dia. 
of grains 
(mm) 

mean fall 
velocity 
(cm/s) 

angle of repose 
(tan 6) 

In water in air 

Expanded shale 
Amberlite 

2.24 
1 46 

0.76 
0.34 

10.50 
1.89 

0 705 
0 499 

0.772 
0 539 
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Closely spaced 
pile breakwater 

777777777777777777777777777777777777777777777777?. 

Fig. 1.  Notations. 

Fig. 2.  Coefficients of wave transmission and wave reflection 
in the case of C = 1. 
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0.2      03 
b/D 

Fig. 3.  Coefficients of wave transmission and wave reflection 
m the case of C = 1. 

0 2      03 
b/D 

Fig 4..  Coefficients of wave transmission and wave reflection 
in the case of C = 1. 
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Fig. 5.  Coefficients of wave transmission and wave reflection 
in the case of C = 1. 

Fig. 6.  Coefficients of wave transmission and wave reflection 
in the case of C = 1 
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Fig. 7.  Coefficients of wave transmission and wave reflection 

in the case of C = 1. 

Fig 8.  Coefficients of wave transmission and wave reflectior 
m tlK case of C - 1. 
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Fig. 9.  Coefficients of wave transmission and wave reflection 
in the case of C = 1. 
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Fig. 10. Coefficients of wave transmission and wave reflection 
in the case of C - 1. 
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Theory by eq. (1) 
 Long wave theory by eq.(7) 

Fig. 11. Coefficients of wave transmission. 
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Theory by eqs.(l)and(2) 
Long wave theory by eq.(7) 

6 8 10 12 
hlHr 

Fig 12. Coefficients of wave reflection. 
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ABSTRACT 

Many previous studies were confined to problem of beach erosion due 
to waves breaking on the structure.  The investigation reported here 
involved regular non-breaking, shallow water waves progressing toward 
a seawall.  An analytical solution was developed and compared with lab- 
oratory-scale experiments. 

The shallow-water wave theory and boundary layer equations were 
used in theoretical development, which resulted in a mathematical model 
for the ultimate scour depth in front of a seawall. 

The theoretical equation for scour is as follows: 

S = (D-1/2A) [ (1-Cr) u*  (3/4 CD <}  °ot; 9   )1/2 - l] 
d (is j) 

where D = still water depth, A = H + H , H = incident wave 
height, H = reflected wave Height, and C =—— = coeffi- 

R r HT 
cient of reflection 

also u* = horizontal velocity within boundary layer, CD = coeffi- 
cient of drag, J = fluid density, 9 = seawall slope angle, 
d = effective sand diameter, 50% finer,Vs = specific weight 
of sand, and }f = specific weight of water. 

The comparison between theoretically calculated values and experi- 
mental results indicates fairly good agreement.  The model experiments 
also indicate that depth of scour depends to a large extend on wave 
characteristics and that scour length (distance between scour trough or 
crests) is independent of time, but is a function of incident wave length. 

622 
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INTRODUCTION 

Most of the studies in the past were confined to problems of beach 
erosion due to "breaking waves." 

The investigation discussed here involved regular, water waves pro- 
gressing toward a seawall.  In such a case, waves may or may not break 
on the seawall, and the objective of the study was to investigate the 
nature of scour of a flat sand beach in front of a simple seawall. 
(Figure 1)  Earlier part of the study was reported elsewhere (1)*. 

( ^ 

-SCOUR 

FIG. I    DEFINITION    SKETCH 

When a system of oscillatory, incident waves progresses toward the 
seawall and hits the seawall, another system of waves if formed due to 
the reflection from the seawall.  These two wave systems form a third 
wave system as the reflected wave is superimposed on the incident wave. 
The velocity components of the new wave system are given by the summation 
of the velocity component vectors of the incident and reflected waves. 
(Figure 2) 

The theoretical development is based on the continuity equation and 
on boundary layer equations. The development resulted in a mathematical 
model which predicts the "ultimate" scour depth. 

An experimental physical laboratory model was constructed and data 
on the "ultimate" scour depth were obtained. 

* Numbers in parenthesis refer to references on page 20. 
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Reasonably good agreement was obtained between the mathematical and 
physical model. 

THEORETICAL  CONSIDERATIONS 

Equation of Motion and Equation of Continuity - Assume that water 
wave motion is generated from rest by a horizontal force, and that the 
fluid pattern is irrotational and satisfies the velocity potential re- 
quirements.  Under these assumptions two equations must be satisfied, 
namely, Euler's equation of motion and Laplace's equation of continuity. 

Euler's equation of motion may be stated as follows: 

- —=- grad p + F = —- 
P Dt (1) 

and the Laplace Equation may be written as: 

2_  _ 2  _2_2 
V  I|F = tlr   + *  + l|r Tx    Ty    z (2) 

or in two-dimensional cartesian coordinate form: 

2      2 
Ut +   a_i 
» 2    ^ 2 
ox      3y 

(3) 

In addition, the following boundary conditions must be satisfied: 

Y 

-£ (a,y,z ,t)-0 
a 

STILL WATER LEVEL 

^^-SAND BED 

FIG. 3  GEOMETRY  OF WAVE MOTION 
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The free surface of the water in contact with air can be defined by: 

5 (x,y,z,t) = 0 (4) 

Along the surface the pressure must be zero, so that, 

- - V P = 0 (5) 

Along the bottom, where y = -D, the water particles must remain in 
contact with it. 

~ = . _ = 0 at y = - D 

In two-dimensions, Equation (1) can be written as: 

(6) 

du       du du   ,       Ou       „ 1  dp (7) 
dt       dt ox 6y x       p   Ox 

p  dx dx " St 
3u 
ox 

9u 
oy 

&Q      d $ 

ox      dtdx 

.2 

2       Lex ^dx;   J     "  dy 
a2$ 

Sy  dxdy 

3Q      a * I      r^_ CMN + S_ /Bis!    (8) 
dx "  3tdx    "  2      Ldx W dx Khy'l 

where  0 = gy positive  for upward direction.       Integrating  Equation 
(8) ,  we have, 

2 „*  2-, 

p = " 8h - & ' 2    IV    + V   J (9) 

FIG.4  FREE SURFACE OF WAVE MOTION 
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From Figure 4, consider a particle K on the surface.  After an infin- 
itesimal time St,  the particle will move to x + 6x. 

u §t = 6x 

Sf_ = 6x (10) 
ox  6t 

The corresponding pressure change will be, 

6P . IE 6t + |H 8x + |£ 8y dD 
ot     ox    By 

From Equation (10) and (11), we will have the condition of, 

6p  dp  5$ do   ^P 2>Y 
-r1-  = , + ^ T1- + *  >Z = 0, along free surface   no) 6t       0t       Sx ox        oyot 3 l-"' 

From Equation   (9)   and Equation   (12),   neglecting  the  second order of 
small values, we have, 

of  ,   d2§ 
8   gT + —2     =    0,  when y = 0 (13) 

'       dt 

Equation (5), (6), (9), or (13) represent the boundary conditions 
for the wave motion. 

Stokes' Wave With Finite Amplitude 

Shallow water waves were first studies by Stokes (1880), he ob- 
tained the solution by expanding the velocity potential about the still 
water level.  In this theory, it is not necessary to assume that ampli- 
tude and steepness are small.  The final results are presented as non- 
linear equations. 

From Equation (4), the hydrostatic pressure of any water particle is, 

P = Pg (? - y ) (14) 

where p is the density of water, g is the gravitational acceleration. 

The differentiation of Equation (14) is, 
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Prom Equation (15), it is obvious that u, horizontal component of vel- 
ocity, is independent of y. 

The second order differentiation of Equation (15) will yield the 
horizontal component of acceleration which, again, is independent of y. 

Up to this point in using the theoretical hydrodynamic concepts, 
no approximations have been made.  It is obvious, that the important 
question is how to define the stream function $ and free surface § . 

Fourier's theorem, Jacobian elliptical function and complete el- 
liptic integral have been used by many investigators as approximative 
approaches.  In 1952, Biesel developed a second order approximation of 
potential function as 

T = HL cosh 21T(y + D)/L sin 2„( x _ t )   + 
x   2T Sinh (21T D/L) L   T 

3 H2 cosh  4 (y + D)/L sin 4 IT ( * - £ ) (16) 
16T Sinh4 (1•.) L  T 

L 

By differentiating Equation (16) with respect to x and y, the velocity 
components of any particle are obtained 

2TT(y + D) 
TTH cosh    L - _ .x  t, , 

U = — sinh (2HD/L)    COS 2V (l      i> + 

3/4 (JOL cosh 4 IT (y + D)/L cos 4 TT (-  - -) 
TL   sinh4 (2TID/L) L   T 

and,  v = r— 2»y 

(17) 

TTH sinh 2TT(y + D)/L   .  „ _ ,x  t, 
v = — —7—, "; —— sin 2 J[ (— -  —)   + 

T sinh 2TID/L L  T' 

3/4 (££    sinh44-rT(y + D)/L        x _ | (18) 

^      sinh  (21TD/L) L  T 
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The free surface is 

H    0TT ,x  t. TTH2  ,  TTH2 

2 C0S 2n <L " T> 4L" + 4L" 

H^ ,, ,  3 .    „, 2TTD        x  t. -^5 (1 +  5 )  coth —— cos 4TT (- - -) 
2 sinh  (2TTD/L)       L L  X 

(19) 

Cnoidal Theory 

In 1844, Russell described a different kind of wave called the 
"solitary wave", which represents a single disturbance, propagated es- 
sentially unaltered m form over long distance at a constant velocity. 
A few years later, Boussinesq (1871), (9) and Rayleigh (1876), (9) 
developed mathematical equations for its profile and velocity.  In 
1895, Korteweg and deVries modified Rayleigh's theory m such a way 
as to obtain waves that are periodic in profile and which tend to the 
solitary wave in the limiting case of long wave length.  (The cnoidal 
theory). 

The velocity components of any water particle m the water can 
be determined from 

" = <^>[S-&+ *-&$] (20) 

2  .3, 

2D ox J (2l) 

where 

h = -D + yt + H en
2 [2K(k)  (| - |) , k] 

(22) 

where K(k) is the first kind of complete elliptical integral, defined as 

>TT/2 

-Jf K(k) = /      —41 r    0 < k < 1 
(1 - k - sin  $)"* 
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The free surface profxle is 

f    +  H en2 p 2K(k)  (i '•>] (23) 

A comparison of horizontal velocity components of water particles among 
the Linear Theory/ Stokes Second Order Theory and Cnoidal Theory had been 
made by Wiegel (1960).  (9) 

The Mechanics of Sediment Movement 

If the mean diameter of a sediment particle (50 per cent finer by 
weight) is d, and u* is the local fluid velocity parallel to the bottom, 
then the drag force ]ust sufficient to initiate movement of a particle 
in the bed is 

FD = C
D P-r- 

TTd 
(24) 

where CD is the coefficient of drag, p is the density of the fluid. 

w=JLcT(£-X) 

FIG. 5   INITIAL  MOVEMENT OF A SAND PARTICLE 
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Consider a particle P as shown in Figure 5; 6 is the angle of repose. 
The moment which is ]ust sufficient to initiate movement of the particle 
about M must equal the moment of its own weight about point M. 

2      2 
^D " CDp^|— :njL- = -^d3 %    -Y)tane (25) 

where ^ is the specific weight of the sediment, o is the specific weight 
of the fluid, and C is the coefficient of drag, which is a function of 
Reynolds Number.  (Re) 

Boundary Layer Along a Flat Sand Bed 

The mechanics of sediment movement were discussed in the previous 
section and u* was defined as the local horizontal velocity parallel to 
the bottom.  However, the sand particle is so small that the boundary 
layer effect must be taken into consideration.  Fortunately the boundary 
layer along a flat plate is the simplest case of the application of 
Prandtl's Boundary Layer Theory. 

Based upon the cnoidal wave theory and laboratory observations 
(Figure 4), it is reasonable to assume that the fluid flow pattern be- 
tween the sand bed and water surface (within the scour wave length) is 
uniform and steady, or that -——  = constant.  Following prandtl's 
development the thickness of Mundary layer may be expressed as: 

*«<-A*->'» <26) 

u h or  ^= Y (T~£ (27) 

where  T| = y/j   is defined as a dimensionless term. 

From the definition of stream function, we have 

— •£---if •-H - "<• <v « 
(29) 

The solution of this equation was obtained by Howarth. (10) 

H* = f  ( -yj) 
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A Theoretical Equation For Wave Scour 

Wave reflection from a simple seawall (or a flat plate) is a function 
of its angle of inclination, (i.e. for a vertical wall the reflection is 
100 per cent and for sloping beaches partial reflections will occur) (2) . 
The incident and superimposed waves will form an envelope as shown in 
Figure 6. 

CREST 

FIG. 6  ENVELOPE   OF  WAVE  MOTION 

It was observed that the surface of the sand bed first becomes rip- 
pled under the nodes of the envelope.  (Point N in Figure 6).  A few 
minutes later the rippled surface extends to cover the entire sand bed. 
Soon after the formation of these ripples the actual scour formations 
appear.  The crests and troughs of the sand formations correspond to 
the loops and nodes of the envelope. 

The mechanics of the scouring process may be explained as follows: 
When the experiment is started with a flat sand bed, the horizontal 
velocity component under the node is affected more than the horizontal 
velocity component under the loop, so that the primary scour occurs 
under the nodes of the envelope.  A few hours later (usually 1 to 3 hours) 
the crests of the sand formation move under the nodes of the envelope. 
This relative position will normally last throughout the duration of 
the experiment. 

From equation (25) , for a particular gram size of sand, the most 
important is u*.  In other words, u*,- the local velocity parallel to 
the bottom, is the mam factor determining the depth of scour.  Since 
the wave is generated from rest, the equation of continuity is valid in 
this case.  It is then logical to say, that when scour depth increases, 
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the local velocity must decrease until a certain point when the ul- 
timate scour depth is reached.  This does not imply that scour and sedi- 
ment transfer come to a halt, it is only a limit which is approached 
asymptotically. 

Figure 7 shows a side elevation of sand bed.  Section "a" represents 
the initial condition (before the scour) and section "b" represents the 
condition when the ultimate scour is reached. 

ISECTION a SECTION    b 

FIG. 7   GEOMETRY OF SAND SCOUR 
Continuity equation may be written between section "a" and "b" 

Ua  (D - h&)   =  Ub  (D - >sA + S) (30) 

"b 
D-'sA 
D-^A + S (31) 

This equation must be modified to take account of reflection which is a 
function of the slope of the seawall. When the two wave systems approach 
from opposite directions and are superimposed, the velocity components may 
be added vectorially.  Introducing equation (28), we have 
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f   (V   a - cr) ub = (i-cr) f   (ii) ua (g: •; * + g)   (32) 

where Cr is reflection coefficient, defined as: 

A - B   HR .,,. 
Cr = _ , _ = TT- (33) r   A + B    Hj 

Substituting Equation (32) into Equation (25) and simplifying, the follow- 
ing expression is obtained: 

(D - h  A)  I (1 - Cr)  u* (3/4CD p d (y _y>) ' - 1 
cot 9 _>!2 

') 
(34) 

where   A = H + H 

Dimensional Analysis 

The following dimensionless terms may be obtained from the dimensional 
analysis: 

_S X T_ v2 p 
F-     Cv K,     L,     t,     e,     dOfs- if),     r,  ^r 

where  the  following  functional  equation may be written: 

f   ( I    T    Z    h    -,, .,    t ^,     h      9'   ^ '   cr'   = ° (35) S    X    T     1 V2 P 1 
K,  L,  t,  Re d( ys -Y),   Ff 

or   i    =f   (7   ;   ;     ., y   P y,    I        9,  <* ,  C_) (36) K L'   t,   Rg,d( ys  - If),   Fr, 
r 

For the sake of comparison Equation (34) may be re-written m the 
following form- 

§ = (1 - Cr)  (3/4 CD)h (JLE-—,* («>t 9)h  - 1    (37) 

It is obvious that equations (36) and (37) are very similar. However, it 
must be pointed out that equation (34) should be used only for the "ulti- 
mate" scour depth. 

EXPERIMENTAL STUDY 

Facility 

The wave channel employed was two feet wide, two feet deep, and sixty 
seven feet long, glass walled, with absorbers at both ends. 
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Pendulum-type wave generator was used, its frequency could vary 
from zero to 2.1 cycles per second.  The stroke, period and movement 
of oscillating plate of the generator were all adjustable.  The capaci- 
tance-type probe and wave recorder were used to collect the data. 

Geometric Configuration 

A  false bottom of five inches deep and a bulk-head of plywood were 
placed under the generator and extended toward seawall of a distance of 
about 15 feet.  Sand bed five inches deep extended throughout the re- 
mainder of the tank.  Hie seawalls, also made of plywood, were placed 
m front of the downstream absorber. Wire-mesh filter (about 5 feet 
thick and 2 feet wide) was placed about 5 feet in front of the generator 
m an attempt to reduce the reflected-waves hitting the paddle and caus- 
ing re-reflected waves.  Unfortunately, it was very difficult (if not 
impossible) to eliminate the reflected-waves completely.  Gram size 
distribution curve for the sand is shown in Figure 8. 

Procedure 

The experimental program was as  follows: 

Experiment 
No. 

H/L H/D L/D T 
(sec) 

Remarks 

Al 0.03314 0.38400 10.500 1.265 15 Degree Seawall 

A2 0.04012 0.42125 10.500 1.600 " 

A3 0.03291 0.34556 10.500 1.695 II 

A4 0.02343 0.24600 10.500 1.790 " 

B5 0.03621 0.34625 9.563 1.410 M 

B6 0.02680 0.33500 12.500 2.080 II 

B7 0.02741 0.38375 14.000 2.100 II 

B8 0.01732 0.35959 17.466 1.620 " 

C9 0.02609 0.33552 12.656 2.000 No Seawall 

CIO 0.02609 0.33552 12.656 2.000 45 Degree Seawall 

Cll 0.04057 0.44000 10.844 1.500 II ti      ii 

C12 0.03852 0.49000 10.600 1.500 II ii      II 
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Before each experiment, the sand bed was carefully leveled, wave 
recorder calibrated, water depth checked, and wave period and wave length 
adjusted.  The reflection coefficients and wave heights were taken at a 
location between 10 to 20 feet away from the seawall.  The scour depths 
were taken upstream of the seawall over a distance of 20 feet.  All experi- 
ments were conducted until the scour depths became fairly constant with 
time. 

Results 

All experiments performed indicate that there may be a limit of scour 
depth which is approached asymptotically.  The scour depth increases very 
rapidly during the first few hours and then the erosive process slows 
down and reaches a state of what othe£ investigators called "ultimate" 
scour depth.  Figure 9 is a plot of —— as a function of ——, where S is 

K t 
the average scour depth taken within a range of 15 feet in front of the 
seawall.  The term T/t is actually the number of waves generated. 

Figure 10 is a plot of 
X 

as a function of the coefficient of re- 

IS only a random function of the reflection coefficient.  This is probably 
due to the fact that the reflection coefficient depends on the wave char- 
acteristics, seawall slope and the kinematic behavior upon hitting the 
seawall.  There is a great deal of difference between the reflection 
coefficients of a non-breaking and breaking wave on the seawall for the 
same wave characteristics. 

Fluctuations m values of measured wave height and wave reflection 
were observed throughout the test, these are shown m Figure 11.  It 
should be noted that the average wave height was used in all calculations. 

Herbich and Murphy (1) concluded previously that the scour length 
is not influenced by wave height, water depth, seawall slope or the re- 
flection coefficient.  The same was observed in the current study and 
the scour length was approximately equal half the wave length. 

The following comparison was made between theoretically calculated 
values and experimental results. 

Sxperiment Calculated value 
from Equation  34 

(inches) 

Average Scour Depth 
S 

(inches) 

Maximum Scour Depth 
S max 

(inches) 

Al 

y = hS y =  5d 

0.457 0.50 -1.13 0.585 

A2 1.56 1.664 1.103 1.50 

A3 1.22 1.950 1.170 1.55 

A5 1.35 1.272 1.300 1.80 

A6 1.09 1.170 1.420 1.80 

A7 1.21 2.380 1.373 1.45 
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The calculated values were based on two assumptions (a) that y = h 
and that 6=  1.72 (J£S )**  and t[ =  y (—2—)%   (column 2) and (b) that 
V = 5d (column 3).  U L/2 

The agreement between theoretically predicted values and experimentally 
obtained values is considered good. 

CONCLUSIONS 

1. A mathematical model to describe scour in front of seawalls was develop- 
ed.  In considering the model the most important factors affecting 
ripple formation are water velocity and sand diameter. 

2. The scour length is independent of time and only a function of wave 
length. 

3. The "ultimate" scour limit is approached asymptotically. 
4. agreement between proposed theoretical equation and experimental data 

is reasonably good. 
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DISCUSSION 

Mr. J. A. Zwamborn, of Pretoria, South Africa, asked a question 
regarding the slope of the beach and said that it was not clear to him 
whether the slope was one of the variables investigated. He also 
indicated that Sato, Tanaka and Irie have done some work on scour of 
beaches as reported in paper 116 at this Conference. He also inquired 
whether similar vertical scour patterns may be found in front of 
natural coastal structures, such as sand dunes. 

Mr. A. Paape, of Delft, The Netherlands, stressed the fact that 
the study was conducted in the laboratory and that difficulties may 
arise in predicting the behavior in the prototype due to possible scale 
effect. He also mentioned that nothing was said about the possible scale 
effect. 

Mr. Thorndike Saville of Coastal Engineering Research Center, 
Washington D. C, U.S.A., concurred with Mr. Paape and indicated that 
more field studies are needed. 

In closing the author said the following: 

(A) In answer to Mr. Zwamborn: The first phase of the study was 
conducted with a horizontal beach. The next step in this 
investigation will be to vary the slope of the beach and study 
the effect of the slope on scour patterns and scour depth. 
The author was not aware of the study by Sato and others and 
will be looking forward to reading their complete paper. It 
is assumed that similar scour patterns will occur in front of 
other obsticles such as natural dunes. 

(B) In answer to Mr. Paape and Mr. Saville: The question of scale 
effect between the model and prototype has not yet been solved 
for sediment movement in the rivers and no attempt has been 
made to predict the depth of scour on beaches under prototype 
conditions. 

Two sizes of sand were used in this investigation and the results 
were found to be comparable. It is planned to make measurements in the 
field, some time in the future, along the beaches of the Gulf of Mexico. 

Originally it was thought that scour would occur at the toe of the 
seawall - this however proved not to be the case as the first scour hole 
developed some distance seaward from the structure. 
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CHAPTER 41 

CUFF DRAINAGE AND BEACH DISTRIBUTION 

by 

W.T. Fryde, Dip.Ing., C.Eng., M.I.C.E. 
Senior Engineer, C.H. Dobbie and Partners 

ABSTRACT 

The works described m this paper are part of a large 
Coast Protection scheme recently completed at Clacton-on- 
Sea, Essex, England.  The paper is m two parts, the first 
describing cliff drainage and the second dealing with beach 
distribution. 

The method of drainage departs from the usual one of 
surface rubble drains and comprises a system of auger bored 
vertical and inclined drains.  This method of drainage does 
not depend on the slope of the cliff face, its most important 
feature being that it makes it possible to dram the water 
away from within the cliffs. 

The second section describes the effect of large 
impermeable groynes on beach distribution as experienced at 
Clacton and the remedial works carried out, including tipping 
of imported material to improve the beach levels, and the 
results achieved. 

Both sections of the paper refer to the specific problems 
encountered on the Clacton frontage and the methods adopted to 
deal with them. The solutions found could be applied to other 
frontages but thorough investigations would be necessary 
beforehand due to the very varying nature between one 
frontage and another. 

INTRODUCTION 

At Clacton-on-Sea, a holiday resort on the East Coast 
of England, there have been coastal problems and construction 
works ever since the first organised attempt to stop the 
recession of the cliff line was undertaken in 1881.  At first, 
only a comparatively short length of frontage was protected 
by a sea wall, but gradually with the urban development this 
was extended and today Clacton Urban District Council are 
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responsible for 5.9 kilometres of coastline.  The cliffs, 
which comprise the entire length of the Clacton frontage, 
were always a source of problems which originated from 
small slips usually well above the promenade level.  In 
1963, however, as the result of a large slip 46 metres of 
promenade and sea wall were destroyed and emergency works 
had to be implemented.  It was then that the author's firm 
was called m to make comprehensive recommendations, which 
were subsequently carried out, including among other things 
cliff drainage and works to improve the beach, both of which 
are described in this paper. 

The drainage system comprises vertical and inclined 
auger-bored drains (Fig.l) and the beach nourishment includes 
a groynage system and beach tipping (Fig.3). 

CLIFF DRAINAGE 

Following the slip of 1963 an intensive investigation 
into the stability of the Clacton cliffs was carried out. 
First, two 15.2 m. deep boreholes were sunk from the top of 
the cliffs, one opposite the slip, the other some distance 
away, both at about 6.0 m. from the cliff edge. At each 
borehole core samples were taken throughout for laboratory 
analysis.  These two boreholes established that the cliffs 
are of London clay, known locally as 'Platimore1, capped 
with sand and gravel, and also that there is a ground water 
table about 0.6 m. above the clay and a perched water table 
above a thing layer of clay some 0.9 m. to 1.5 m. below 
ground level at the top of the cliffs.  The clay was found to 
be fissured and containing clay stones. Laboratory tests 
showed among other rhings that the sand is finer at the top 
becoming coarser with depth and ending m a highly permeable 
layer of 38 mm, gravel on top of the clay. 

From the geological map it was clear that the London 
clay extends far beyond the area concerned at Clacton and 
well below the foreshore level.  It remained then to estab- 
lish the top of the clay and for this purpose 30 boreholes 
at 91.4 m. centres were taken on a line more or less parallel 
to, and about 5.0 m. from the edge of the cliffs.  The clay 
was found to be 3 m. to 7.6 m. below cliff top level, sloping 
uniformly from west to east and was capped by sand and gravel 
throughout. The ground water table was uniform at approxi- 
mately 0.6 m. above the clay all along the line of investiga- 
tion.  Two further boreholes taken 61.0 m. from the cliff 
edge indicated that the clay top also slopes gently landwards. 
The level at the top of the cliffs is approximately 14.0 
above Newlyn Datum throughout their length. 

In addition to the boreholes the cliffs were inspected 
thoroughly for slips, wet spots, springs and any revetment 
works which had been carried out previously. 



646 COASTAL   ENGINEERING 

From the information available it was not difficult to 
arrive at the conclusion that the main cause of the cliffs' 
instability was water within, and therefore to stabilise the 
cliffs drainage was of the first importance.  To substantiate 
this conclusion it is worth describing the special physical 
properties of the London Clay. 

London clay (Platimore) is of the overconsolidated type 
of clay, which means that at one time it was subjected to a 
load very much greater than it is today.  It is known that as 
a result of the great reduction in the load upon it this type 
of clay expands and becomes vulnerable to attack by water or 
atmosphere on its surface.  If the clay is fissured, as it is 
at Clacton, the process of expansion and consequential deter- 
ioration takes place also within the fissures, which could 
themselves be the result of the expansion. The process is 
very slow, but it is continuous and progressive and this is 
usually the cause of sudden slips.  If water is m contact 
with the clay the deterioration on the surface or within, the 
fissures is very much accelerated although still comparatively 
slow.  Because of this continuous and progressive deterioration 
taking place m the overconsolidated type of clay, drainage 
is of the utmost importance, or complete disintegration will 
result and the clay turns into a mud slurry.  It should be 
stressed again that although the process of deterioration is 
slow it is the most important factor to be considered m a 
long term stabilisation of the cliffs of the overconsolidated 
type of clay.  Scarping or laying back the cliff face alone 
without drainage would require a slope of not less than 1 in 
6. 

At Clacton the normally accepted method of laying back 
the cliff face to a slope of 1 m 3, and providing surface 
rubble drains was not possible due to the proximity of the 
lain roadway and the urban development.  The method adopted, 
therefore, was a combination of limited scarping of the cliff 
face and a system of auger-bored drains.  The scarping was 
confined mainly to laying back the cliff face m places to 
a slope of 1 m lj and where possible 1 m 2, and general 
tidying up.  The drainage system on the other hand is quite 
extensive and covers nearly 1.6 Kilometres of frontage. 

Generally, the drainage system comprises vertical and 
inclined auger-bored drains, a toe collecting dram and sea 
outfalls (Fig.l). Vertical drains were constructed first m 
order to determine accurately at their locations the top of 
the clay and also to deal with the perched water table by 
perforating any impermeable layers within the sand and gravel. 
Next, from suitably located pits in the promenade, inclined 
holes were augered through the clay to meet the bottom of the 
vertical drains. The method of auger boring was specially 
devised by the sub-contractor using a hydraulic pack.  After 
the auger had been withdrawn perforated pitch fibre pipes 
were inserted into the hole to provide a permanent drain 
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FIG 1    SECTION  THROUGH   THE CLIFF   SHOWING    THE 
DRAINAGE   SYSTEM 

within the clay and also to drain away water from the top 
of the clay.  A perforated, galvanised metal cone was fitted 
to the leading pipe to prevent gravel entering the dram. 

The number of vertical drams was determined from a 
visual survey of the condition of the cliff face, and 
accordingly these are at 7.6 m., 10.1 m. or 12.2 m. centres. 
To reduce the number of pits, which can be quite expensive, 
three inclined drains usually radiate from one pit towards 
three corresponding vertical drains.  In each pit a collecting 
chamber is provided and this is connected with others by a 
collecting toe dram which discharges finally mto the outfall 
chamber and from there the drainage water is carried by a 
P.V.C. pipe to the sea. 

For the construction of the inclined drains a newly- 
developed machine called a "Traveller" was used.  With this 
machine, using a continuous auger, up to two 24.4 m. long 
drains were completed per shift. Mass and reinforced concrete 
and brickwork can be drilled through with reasonable ease 
using a diamond auger bit. Non-cohesive materials on the line 
of the auger, however, constituted a considerable obstruction 
and required steel casing which can increase the cost of 
augermg to as much as four times that of working m sound 
clay. 



648 COASTAL   ENGINEERING 

The augering as such, with or "without casing, is no 
longer a problem, but there is still no reliable method of 
assessing the true line, level or position of the- leading 
end of the drain either in the course of augering or when 
completed.  At Clacton a "U" tube was used to determine the 
level of the drain at any point and the only guide as to the 
line was the comparison of the calculated length with the 
length of the completed drain. 

When the auger entered the gravel strata usually a flush 
of water came down the augered hole bringing with it some of 
the material, which gave a good indication of whether the 
vertical drain had been met, although this is not essential 
since the gravel on top of the clay is quite permeable being 
much coarser than that higher up. 

Fig.2:  Auger-bored inclined drains lined with pitch 
fibre pipes ready for connection to the collecting toe 
drain. 

The discharge from the drains varied.  Some of the 
drains ran for a few days only after completion, which 
indicated that the extent of the water table at that location 
was small.  Others have not ceased running indicating that a 
large catchment area is being drained.  A number of drains 
did not discharge and from this it was deduced that a local 
high spot or ridge on top of the clay had been struck. On 
the whole the drainage can be considered a success since the 
discharge measured weekly for the past year at three of the 
five outfalls was almost constant at a total rate of 181,840 
litres per day. 

In conclusion, there is no doubt that the drainage system 
as described above can be used efficiently in dealing with, 
nany similar problems where normal drainage methods are neither 
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possible nor practical.  Site investigations prior to imple- 
mentation of such a scheme are of great importance and highly 
skilled supervision during construction is necessary. 

BEACH DISTRIBUTION 

The mam supply of material to the Clacton beaches was 
cut off following the construction of a sea wall at the toe 
of the cliffs along the entire frontage. The supply from 
littoral drift is very small and therefore the only hope of 
preserving the beaches lies m a good system of groynes and 
the occasional tipping of imported material. 

The previous groyne system (Fig.3) comprised large mass 
concrete groynes with smaller groynes of reinforced concrete 
or timber construction.  The large groynes (Nos.34 to 43) 
were constructed m the years 1912 to 1927.  These were 125 m. 
long with the top level 1.0 m. above and sloping to 2.4 m. 
below M.H.W.S. (2.3 m. above Newlyn Datum) from the landward 
to the seaward ends.  These groynes were spaced at approximately 
305 m.  At the same time intermediate timber groynes 76 m. long 
at 100 m. centres were constructed.  The frontage with the groynes 
was protected by a concrete gravity wall built at the end of 
the last century.  In 1942-43 reinforced concrete groynes were 
added along the almost unprotected cliffs from groyne 34 to 
the eastern end of the frontage, a distance of 3.4 km.  These 
groynes, 46 m. long and at 100 m. centres comprised reinforced 
concrete king piles and planks.  A number of similar inter- 
mediate groynes, each 30.5 m. long, were added later along part 
of the distance.  The cliffs remained unprotected until 1948 
when works on a major sea defence scheme commenced.  This scheme 
comprised the construction of the last two (Nos. 22 and 10) 
mass concrete groynes, a length of 201 m. of concrete gravity 
sea wall just west of groyne 22, and also a continuous rein- 
forced concrete sheet pile wall east of groyne 10 and m the 
gaps between various lengths of old sea walls to the west. 
The mass concrete groynes were each 94.5 m. long with the top 
level 1.5 m. above M.H.W.S. at the landward end. 

The erosion of the cliffs continued caused by the action 
of the waves breaking over the sheet pile wall.  As a result 
of the damage to the cliffs that occurred during the 1953 
flood an apron (promenade) behind the sheet pile sea wall was 
added, and with this the last gap m the cliff protection was 
sealed, and with it a major source of beach supply cut off. 
From then on gradual denudation of the beach was apparent 
along the greater part of the frontage and by 1963 a section 
of sea wall west of groyne No. 10 had collapsed and other 
sections were in danger.  The lowering of the beach was most 
drastic to the leeward of the mass groynes, Nos. 10 and 22. 
These high groynes, completely impermeable and without any 
provision for adjustment, formed a barrier to the meagre 
littoral drift and consequently a situation similar to the 
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terminal groyne problem developed (Fig. 4 and 5).  This also 
applied to the other large groynes (nos. 34-39) near the Pier, 
but to a lesser degree.  The problem did not arise to the 
west of the Pier, the conditions there being somewhat 
different. 

To safeguard the sea wall Emergency works were carried 
out m 1964.  These comprised shortening of groynes Nos. 22 
and 10 by 30.5 m. and reducing the height by as much as 2.0 m., 
adjusting planks and making good as necessary the intermediate 
groynes. This was followed by tipping on to the beach 35,000 
cubic metres of imported material. 

The imported material was tipped along a distance of 
approximately 350 m. on the leeward side of each of the two 
large groynes at an average rate of 40 to 50 cubic metres per 
metre of frontage. At first the material was spread on the 
beach by a bulldozer but this was soon abandoned and the job 
of spreading was left to the tides with good results.  Usually 
it took four to six tides, depending on the rate of tipping, 
to spread and consolidate the material over the beach 
sufficiently to be walked on.  It is important that the beach 
is inspected after tipping for any soft areas, but these dis- 
appear usually after a few days but m the meantime can be 
a nuisance or even dangerous. 
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Fig. 4:  Part of the frontage with large groyne 
No. 10 (Distance between numbered groyn.es 100 m.) 

Fig. 5:  Part of the frontage with groyne No. 22 

The improvement in the beach after the completion of 
the Emergency Works could be seen far beyond the area of 
tipping and was better than had been anticipated. 
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The imported material matched that on the existing beach 
very well since it came from the cliffs that had been the mam 
source of beach supply before the sea wall was constructed. 

In 1966 a further 19,600 cubic metres of suitable material 
became available from cliff scarping and this was one of the 
works included under the Mam Coast Protection Scheme along 
the frontage started m that year.  This time there was an 
access problem and the material was tipped at one point only 
cffcra length of approximately 100 m. halfway between groynes 
Hos. 22 and 10 (Fig.3).  This did not, however, affect its 
distribution and further improvement in beach levels were 
apparent almost everywhere. 

Under the same scheme the groyne system was reshaped by 
removing old ineffective timber and some of the reinforced 
concrete groynes, the latter having been severely damaged by 
abrasion, and constructing 29 new timber groynes, each 30.5 m. 
long.  The reinforced concrete groynes which were retained 
were made good and their planks adjusted to suit the beach 
levels.  Of the large groynes only No. 34, which was already 
m a dilapidated condition, was replaced by a timber groyne 
and the others were left for the present since the cost of 
replacement would be considerable. 

The scheme also included 1.4 kilometres of new sea wall 
and drainage of 3.2 km. of cliffs. 

Today, four years after the first imported material was 
tipped there is no doubt that there is a considerable improve- 
ment m the beach levels and there is every reason to expect 
that the beach can be maintained m the future with occasional 
tipping of imported material. 

For long-term action the recommendation was that a beach 
nourishment be implemented m conjunction with the neighbouring 
authorities, that is Frmton and Walton Urban District Council 
and the Essex River Authority.  The River Authority have 
started investigations into possible sources of supply but 
nearly all the inland deposits have been purchased by commercial 
interests. There are extensive deposits on the sea bed but 
at present there appears to be no reasonable method of moving 
them on to the shore. 
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ABSTRACT 

The concept "wave base" (or "surf base"), i.e. the maximum depth below 
mean sea level at which shoaling waves will effectively erode the ocean 
bottom leading to the recession of a shoreline, is discussed.  Also, past 
and present opinions as to the magnitude of wave base in general and specifi- 
cally in the area near Santa Cruz, California, and the variables controlling 
this phenomenon are presented. 

Then, an account of the author's successful and unsuccessful attempts 
to determine average rates of cliff retreat in the study area is presented 
along with the specific cliff recession rates obtained.  These compare 
favorably with the recession rates measured by the U. S. Army Corps of 
Engineers for nearby areas of similar geology and topography and with rates 
determined for similar coastal areas in various parts of the world. A brief 
discussion of the spectrum of cliff recession rates found m areas of varying 
geology and wave climate is also presented. 

The accepted history of sea level since the last glacial maximum,par- 
ticularly during the last 7,000 years, is reviewed as well as pertinent 
information on the geology, topography and wave climate of the study area. 

It is then shown that average recession rates estimated by relating 
extrapolated bedrock profiles of the lowest marine terraces with the accepted 
history of the latest sea level rise compare favorably with the recently 
measured recession rates.  However, a conflict exists between the present 
wave-cut terrace profiles, the accepted history of sea level and the accepted 
value of wave base. 

INTRODUCTION 

The objective of this study was to measure, wherever possible, the 
average rate of marine terrace cliff recession at points along the pacific 
Coast around and north of Santa Cruz, California.  The seaward slopes of the 
coastal range m the study area are occupied at many locations by one or 
several elevated marine terraces and the sea floor at many of these locations 
is a modern wave-cut platform being extended shoreward by wave erosion. 

Recession rates were to be determined by comparing cliff locations shown 
on old dated maps, photographs, etc., with the present location of the cliffs 
in the same areas.  If any recession rates could be determined, they were to 
be compared to average historic recession rates roughly estimated by a com- 
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panson of the seaward extrapolation of the lowest marine terrace and the 
generally known late Quaternary (20,000 years Before Present/ to date) 
history of sea level. 

Average historic recession rates generally agree with rates of cliff 
recession now taking place.  However, a comparison of the modern wave-cut 
platform profiles with the profiles to be expected considering the accepted 
sea level history of the last 7,000 years, the recent rates of cliff retreat 
and the concept of wave or surf base indicates that the existing and expected 
profiles are in disagreement. 

THE STUDY AREA 

The specific areas of interest in this study are located along the 
California coast at 36°55'N to 3T40'}H  and 122S00,W to 122°30*W; that is, 
from south of San Francisco to Santa Cruz (see Figure 1). Of special concern 
are the areas around Rockaway Beach, Montara, Halfmoon Bay, Davenport and ]ust 
to the west of Santa Cruz. 

Topography 

The sea coast along the entire study area borders on the steep seaward 
slopes of a section of the tectomcally active California coastal range that 
is historically uplifting and tilting seaward. At many locations the sea- 
ward slopes are interrupted by steep cliffs over 100 feet high, while in other 
areas there is a single marine terrace or many step-like marine terraces 
mantled by deposits that are marine and nonmarme in origin. 

The lowest marine terraces at Montara and Santa Cruz vary in elevation 
between 100 feet or less at the base of the old sea cliff and 40 to 50 feet 
at the top of the modern sea cliff. These elevations include a mantle of 
marine sands deposited on the old wave-cut platform as the ancient beach 
that covered these terraces prograded seaward during a period of relative 
emergence as sea level lowered (Bradley, 1957). The terrace mantle deposits 
are generally 5 to 15 feet thick but at some places they exceed 20 feet in 
thickness.  Figure 2 is a photograph of the interface between the old wave-cut 
platform (lowest marine terrace) and the prograded beach sediments at Montara. 
Boulders deposited on the old wave-cut platform can be seen at the interface. 
Figure 3 is a photograph of the lowest marine terrace with its beach deposits, 
taken near Santa Cruz.  Carbon 14 dating of mollusk shells found in bore holes 
in the old wave-cut platform near the area shown in Figure 3 (Bradley, 1956) 
show dates of around 39,000 years.  This indicates that the terrace was carved 
prior to 39,000 B.P. (Before Present), beach sands were then deposited, and 
sea level has been lower than the elevation of this terrace since that time. 
At Santa Cruz there are five distinct raised terraces between sea level and an 
elevation of 850 feet (see Alexander, 1953 for example). 

The continental shelf varies in width from approximately 25 miles at San 
Francisco to 7 miles at Santa Cruz.  The nearshore sea floor over most of this 
area is a modern wave-cut platform of varying width. 
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FIGURE 2 - INTERFACE BETWEEN OLD WAVE-CUT PLATFORM 
AND PROGRADED BEACH SEDIMENT, AT MONTARA 

FIGURE 3 - LORBST MARINE TERRACE AT SANTA CRUZ 
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Figure 4 shows a schematic profile of the wave-cut platform and lowest 
marine terrace at the City of Santa Cruz.  Small undulations in the profile 
have been "smoothed out".  Profiles in the areas near Davenport and Montara 
are somewhat similar in nature but the wave-cut platform reaches to a slight- 
ly greater depth at the same distances offshore.  The wave-cut platform is con- 
tinuous for at least the inner half mile (Hyde and Howe, 1925-26) and is 
thought to be so for at least the first 1.5 miles or to a depth of 75 feet 
(Bradley, 1957).  Over this distance the platform is covered by a layer of 
sand generally 2 to 4 feet thick but reaching 10 feet in thickness at some 
locations as the natural relief of the platform varies by as much as 7 feet. 
Sand gram sizes on the platform are typically smaller than those found on 
the beach and decrease seaward. 

The platform slope is in the order of 1° near the shore becoming uni- 
form seaward at about 0.5* as the inshore upward concavity evens out in 
the seaward direction.  Except for a slight tectonic warping the lower ma- 
rine terrace is similar in slope and profile to the modern wave-cut platform. 

Along the coast, north of Santa Cruz to Davenport, the shoreline re- 
mains irregular with the 30 foot depth contour being located about 0.25 
miles seaward and the 75 foot depth contour lying about 0.8 miles seaward 
of the cliffs.  At Montara, these contours are approximately 0.2 miles 
and one mile from the cliffs, respectively. 

Geology 

Near Santa Cruz and Davenport the marine terraces and the modern wave- 
cut platform are carved into the southwest tilting seaward slopes of Ben 
Lomond Mountain. Willis (1925) believed the mountain to be a block that 
has been faulted along the northeast resulting in tilting toward the south- 
west while Rode (1930) stated that faulting is of minor significance and 
that the mountain is an asymmetric elongated dome.  In either case, active 
lifting and tilting have occurred in the geologic past. 

The core of Ben Lomond Mountain consists of Mesozoic granitic rocks 
exposed at higher elevations (California Division of Mines, 1961).  The 
core is flanked by outward dipping Miocene marine sedimentary rocks that 
dip at angles of 3° to 15°.  In the area of interest near the northwest 
city limit of Santa Cruz the Miocene sedimentary rock is from the Monterey 
formation (see Bramlelte, 1946 for a thorough description) and consists 
principally of mudstone with some closely jointed, thin bedded, shales 
which are dark gray or brown if fresh and white if weathered. When the 
mudstone is eroded it breaks into particles that are too fine to make a 
significant contribution to local beaches. 

In the Montara area Mesozoic granitic rocks that are a continuation 
of Ben Lomond Mountain, known as Montara Mountain, predominate. However, 
at the exact study site at Montara the wave-cut platfiorm and terraces are 
carved into sedimentary rock that is essentially a marine conglomerate 
with a fine-grained base. 
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Marine terrace deposits near Santa Cruz and Montara are generally a 
fine sand with a small gravel fraction.  They offer little resistance to 
erosion as they can generally be scraped away by hand.  Thus, the terrace 
deposits will retreat with the sedimentary bedrock as it yields to the 
erosive action of waves. 

Wave Climate 

An indication of the deep water wave climate offshore of the study 
area is available from wave recordings taken at Point Sur, California 
(45 miles to the south of Santa Cruz) from April, 1947 to April, 1950 
(U. S. Corps of Engineers, 1956) and from sea and swell hind casts for 
a ten year period at a point off the California coast at 37.6° N and 123.5° 
(National Marine Consultants, 1960a, 1960b). 

Waves will approach the study area over a sector between due south 
and north-northwest with periods ranging from 5 to 20 seconds.  A large 
majority of the waves come from the west to northwest and have signifi- 
cant heights of 5 to 7 feet or less.  However, local and distant storm 
waves with significant wave heights of 15 to 20 feet and higher do occur 
a small percentage of the time mostly from the west and southwest.  Es- 
timates (U. S. Corps of Engineers, 1956) indicate that waves with deep 
water heights of 15 feet may be expected on the average of 5 times a year 
while 20 foot waves may be expected every 8 to 10 years. 

Refraction diagrams indicate that northwesterly swell are strongly 
refracted and suffer a large decrease in height before breaking on the 
shore in the study area.  However, waves from the southwest are generally 
unaffected by refraction. 

As waves from the west to northwest greatly predominate, net littoral 
drift is to the south and southeast.  However, recent studies (Sayles, 1965; 
Moore, 1965; and Johnson, 1965) have indicated that little beach-size 
sediment is contributed to the coast between San Francisco and Santa Cruz 
so that quantities of littoral drift in this area are small and beaches 
are not well developed. 

WAVE BASE CONCEPT 

Definition 

The term "wave base" has occurred m the literature since the early 
part of this century.  Certain writers (Dietz and Menard, 1951; Rich, 1951; 
Dietz, 1963) define wave base as the depth above which sediment particles 
will not come to rest because of being stirred by wave action,  others 
(Fairbridge, 1952; Bradley, 1958) including the author define wave base 
as the maximum depth below sea level at which significant erosion (plat- 
form cutting) due to wave action will occur.  Dietz (1963) uses the term 
"surf base" or "surge base" for this depth of erosion as significant 
erosion is believed to be limited to the surf zone. 
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Johnson (1919), Davis (1909) and others believed that, given a static 
sea level, significant erosion extends to depths m the order of 600 feet 
as fine sediment could be moved by waves at this depth and would act as an 
abrasive causing marine planation.  At present, however, most authors 
(Dietz and Menard, 1951; Fairbridge, 1952; Longwell and Flint, 1955; Bradley, 
1958) feel that, except in rare situations, vigorous wave agitation and 
erosion are limited to the surf zone or a maximum water depth ranging from 
25 to 35 feet. 

Local Wave Base 

Bradley (1957, 1958) studied platform and terrace deposits between 
Davenport and Santa Cruz and concluded that wave base near Santa Cruz is 
limited to a distinct depth of about 30 feet.  Twenhofel (1945) reported 
that sand must be of a certain size (0.5 mm for quartz grains) before it 
can act as an abrasive.  At Santa Cruz, Bradley (1958) found that sand 
grains larger than 0.5 mm are found only at depths of 30 feet or less 
while beyond this depth deposits tend to be finer grained than 0.2 mm. 
Also, he found that a large percentage of pyroxene grains were finely 
etched at depths greater than 30 feet but at water depths of 30 feet or 
less nearly all the pyroxene grains sampled were blunted, and indication 
of vigorous abrasion. 

the  well known study of breaking waves conducted by Iverson (1952) 
demonstrated that on a beach slope of 1:50 (or 1.15* ) the ratio of water 
depth to wave height at breaking varies between 1.1 and 1.3 for a deep 
water wave steepness between .005 and 0.04 (this includes all storm waves 
to be expected at Santa Cruz).  Shoaling waves will increase in height as 
they move shoreward.  As an example (see Wiegel, 1964, p. 17) we can expect 
unrefracted shoaling storm waves to increase in height by 15 to 30 percent 
depending upon their period.  So, storm waves 20 feet high which occur at 
Santa Cruz and undergo little refraction when arriving from the southwest 
would break in water 26 to 34 feet deep,  ihus, as nearly all shoreline 
recession occurs during storms (see discussion in next section) and within 
the surf zone we would expect a wave base of about 30 feet at Santa Cruz. 

Platform Cutting and Cliff Retreat 

The general mechanism of cliff retreat involves a relatively long 
period between major storms in which preparation of the cliff takes place, 
followed by spectacular retreat during a storm m which the beach in front 
of the cliff is often removed and waves strike directly upon the cliff,  flie 
amount of retreat during a particular storm depends upon the cliff geometry; 
bedrock material; tide and surge levels during the storm; height, period and 
duration of storm waves; and, to some extent, the time interval since the 
last major storm during which weathering, biological action, jointing, etc.; 
prepared the cliffs for further erosion. Williams (1960) reports a case 
history of the easily eroded cliffs (30 feet high) at Clovehithe, England, 
m which little erosion occurred over a 17 month period and then, in one 
evening during a two-hour period, 35 feet of cliff retreat occurred due 
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to wave attack superimposed upon a storm surge. Photographs taken in 1860 
and 1960, and reported by Johnson (1961), showed that along the north coast 
of California where highly resistant rock outcrops total retreat was small 
but often retreat again involved slow preparation followed by total removal 
of a large block of material. 

Bradley (1958) studied profiles of the wave-cut platform and five 
marine terraces (corrected for subsequent deformation) at Santa Cruz and 
found that the 30 foot depth contour consistently occured at a distance 
of 0.30 to 0.33 miles seaward of the cliff line. He concluded that for 
the rocks and wave conditions at Santa Cruz, a platform up to one-third 
of a mile wide can be carved by the sea at a static sea level and wider 
platforms, therefore, necessitate submergence, i.e. a rise in sea level 
and/or tectonic lowering of the land. 

CLIFF RECESSION RATES 

Study Area Recession Rates 

As mentioned in the introduction to this paper, an objective of this 
study was to measure average cliff recession rates around, and north of 
Santa Cruz.  Due to the sporadic nature of cliff retreat average recession 
rates can be estimated only by comparing the location of the cliff at 
various times over an interval of many years or decades. 

The usual procedure involves the study of old maps, photographs, 
book descriptions, etc., that are dated and give a reasonably accurate 
location of the cliff. This cliff location must cover a good distance 
along the cliff (several hundred feet, if possible) as recession is 
variable with location as well as with time. 

A search was conducted in the Bancroft Library of the University of 
California which is devoted to the history of California.  Some old photo- 
graphs taken in the study area were found but they were not very clear 
and no satisfactory reference points or scale could be determined. 

During the period between 1851 and 1860 the U. S. Coast and Geodetic 
Survey mapped the coastline from a point 30 miles northwest of Santa Cruz 
to a point 10 miles to the east.  They resurveyed this area m 1932 and 1933 
and the U. S. Army Corps of Engineers conducted surveys in this area m 
1948.  In a beach erosion control report for the Santa Cruz area the Corps 
of Engineers (1956) reported the following erosion rates, based upon the 
surveys mentioned, local maps and comments from local authorities. 

1.  Over a 2400 foot stretch of cliffs that face to the southwest 
and lie along the eastern portion of the City of Santa Cruz 
(see Figure 1) a total average recession of 103 feet occurred 
m 80 years for an average rate of 1.3 feet per year.  These 
cliffs have a general profile as shown in Figure 4 and are 
carved in the Monterey formation. 
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2.  Critical areas along the western edge of the city of Santa 
Cruz have been receding at an average rate of one foot per 
year while the overall average recession rate for a section 
about two miles long is one-half foot per year. 

The report concluded that rip-rap protection was needed to halt this rapid 
destruction of valuable coastal property.  This protective seawall has 
since been constructed (Figure 5). 

Shortly after the turn of the century the Ocean Shore Railroad Company 
(now defunct) began construction of a railroad along the coast from San 
Francisco to Santa Cruz.  From the original plans of the railroad (dated 
1912) it was possible to determine the amount of shoreline recession that 
has occurred in a few locations. 

Figure 6 shows the cliff line for a section of the coast ]ust north of 
Montara as measured in 1912 and 1965.  The cliffs, including the bedrock and 
terrace deposits are nearly vertical along this entire section.  Point reces- 
sion varies from 10 to 80 feet over the fifty-three year period, with the 
average recession rate for this period being m the order of 0.85 to 0.95 
feet per year. 

Six miles north of Montara, at Rockaway Beach, a road was constructed 
in the early 1930's out around a point on the abandoned road bed of the 
Ocean Shore Railroad. The bedrock is Franciscan volcanic and metavolcanic 
rocks that are somewhat more resistant than the conglomerate at Santa Cruz. 
Comparison of the road construction date, road width and present cliff 
profile indicates a recession rate of one-half foot per year. 

The shoreline in Half Moon Bay is presently at the same location as 
indicated by the 1921 survey. This is due to the wide beaches developed 
along the coast and to the refraction and resulting wave height decrease 
that storm and regular waves undergo in reaching the shore. 

World wide Shoreline Recession Rates 

It is of interest, at this point, to mention some of the cliff recession 
rates reported throughout the world as an indication of recession rates 
possible for shorelines with various topographic and geologic characteristics. 

The cliff height, bedrock material and size of protective beach are 
usually more important than wave exposure in establishing a rate of recession. 

Johnson (1919) reported observing glacial striations down the face of 
granitic shoreline cliffs indicating no retreat of the cliffs since at least 
the last glacial period i.e.  for over 10,000 years. 

In incoherent materials such as unconsolidated sand, loess, recent 
alluvium, volcanic ash, etc. cliff recession rates can be extremely large. 
For the previously mentioned 30 feet high sand cliffs at Clovehithe, England, 
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FIGURE 5 - CLIFFS AND PROTECTIVE RIP-RAP SEAWALL 
AT SANTA CRUZ. 

Williams (1960) reported a total recession of 86 feet in 2 years and 7 
months or about 30 feet per year.  In his recent book, Guilcher (1958) 
reports that at Krakatoa, Indonesia, volcanic ash cliffs produced by an 
eruption in 1883 retreated 1,500 meters between 1883 and 1928 for an 
average recession rate of 99 feet per year. No cliff elevations were 
reported.  Guilcher (1958) presents an interesting discussion of cliff 
retreat in his chapter on "Coastal Features Related to Sea Action". 

Contribution to Littoral Drift 

The bedrock being eroded at Montara and Santa Cruz breaks into grains 
that are too fine to remain on local beaches.  Some of the sand from the 
terrace deposits probably does remain on the beach.  It is interesting to 
consider what contribution eroding sandstone cliffs, say 50 feet high and 
eroding at a rate of one or two feet per year, might make to local lit- 
toral drift.  A one mile section of such cliffs would provide about 15,000 
cubic yards of material per year so, a long section of rapidly eroding 
unconsolidated sand cliffs would make a major contribution to littoral 
drift provided most of the sand grains were large enough to remain on 
the beach and not be carried offshore into deeper water. 
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RECENT SEA LEVEL HISTORY 

The Quaternary history of sea level, particularly since the last or 
Lake Wisconsin glacial period must be considered so that the present off- 
shore sea bottom profile can be compared with this sea level history to 
obtain approximate average historic marine terrace recession rates.  It 
is not possible to perfectly define historic sea levels due to cefctam 
difficulties such as recent tectonic activity and isostatic adjustment 
along the coastj sparsity of data; inaccuracies in carbon-14 dating, etc. 
However, it is possible to present a first approximation of sea level 
history for the last 15,000 to 20,000 years that is adequate for our 
purposes.  Fortunately we are most interested m the past 5,000 to 7,000 
years and dating accuracy generally increases as the time span decreases. 

Fairbridge (1961) has presented a thorough discussion of past attempts 
at defining historic sea levels, techniques used and problems encountered; 
and a consensus summary of Quaternary sea level fluctuations.  Further 
data of interest are presented by Curray (1965), Shepard (1964) and others. 
It is generally believed that the maximum low stand of sea level during 
the last glacial maximum occurred 17,000 to 20,000 B.P. at 300 to 360 feet 
below the present sea level. This was followed by the Holocene Trans- 
gression during which sea level rose in a rapid irregular fashion to with- 
in 30 feet of its present level 6,000 to 7,000 years B.P. 

There is some disagreement on the finer details of sea level fluctua- 
tions during the last 7,000 years with three basic opinions being offered: 
(1) Sea level has risen slowly during this time from around-30 feet to its 
present position asymptotically (see Shepard, 1964).  (2) Sea level has 
been stable at its present position for the past 5,000 years (see Gould 
and McFarlan, .1959).  (3) Sea level reached its present position at 6,000 
B.p. and has fluctuated above and below this level (+ 10 to 15 feet) since 
that time (see Fairbridge, 1961).  For our purposes we can place sea level 
no lower than about 15 or 20 feet below its present level for at least the 
last 5,000 years. 

DISCUSSION 

As glaciers advanced and sea level lowered iSuring the last glacial 
period the old wave-cut platform and sea cliffs were abandoned and a layer 
of beach sands was deposited over the exposed sea bottom.  It is probable 
that no major cliffs were carved but small notches may have been carved 
if there were major still stands of sea level during the overall period of 
sea level retreat.  It is of interest to try to reconstruct events as sea 
level returned; especially, with regard to tieing together the accepted 
history of sea level, offshore bottom profiles, and current average cliff 
recession rates. 

Offshore at Montara, the bottom profile is relatively steep for the 
first mile but it then flattens considerably as the continental shelf is 
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quite wide.  Bottom depths in excess of 300 feet are first reached at a 
distance of 20 miles from shore.  Seaward extrapolation of the lowest 
marine terrace bedrock surface (assuming a slope similar to that at Santa 
Cruz) indicates that the surface would intersect the present sea bottom 
at a distance of four to five miles from the present cliffs.  Beyond this 
point of intersection it is unlikely that platform cutting occurred during 
the last or Halocene Transgression. Thus, when this rise m sea level 
occurred it is probable that no sea cliff developed beyond four or five 
miles from the present shoreline as the sea just drowned a flat beach. 
The point of intersection between the present sea bottom and the extra- 
polated terrace bedrock surface lies at a depth of 130 to 150 feet below 
the present sea level.  This was the sea level elevation approximately 
10,000 to 12,000 years ago. Cliff recession of four to five miles in 
10,000 to 12,000 years gives an average recession rate of 2.0 to 2.3 feet 
per year.  This rate is in reasonable agreement with the present rate of 
0.85 to 0.95 feet per year considering our technique of estimating average 
historic recession rates and since recession rates would initially be higher 
than average as a cliff line was ]ust developing (so cliffs were low) and 
sea level was actively rising.  Also, we would expect the recession rate 
to be considerably below average when sea level remains constant, larger 
cliffs have developed, and waves have a longer shallow water distance to 
travel and dissipate energy before reaching the shore as has been the case 
for the last several thousand years. 

Just north of Santa Cruz the offshore bottom profile reaches a depth 
in excess of 300 feet about six miles from shore.  Extrapolation of the old 
marine terrace bedrock surface indicates that the bed was at approximately 
260 feet below the present sea level at a distance of six miles from the 
present shoreline; so, a sea cliff has probably always existed in the 
Santa Cruz area during the Halocene Transgression.  Six miles of recession 
in 17,000 to 20,000 years gives an average rate of 1.6 to 1.85 feet per 
year.  As at Montara, the recession rate was probably greater than average 
initially and then less than average and decreasing as sea level stabilized 
and the wave-cut platform increased m size.  Again, average historic 
recession rates are in reasonable agreement with current recession rates. 

Bradley (1958) stated that at Santa Cruz, for a wave base of 30 feet, 
a wave-cut platform up to one-third mile wide can be carved with sea level 
remaining constant. A wider platform requires continuous submergence 
during cutting. This would suggest that, as the 30 foot depth contour 
is approximately one-third mile from shore where recession rates were 
measured, no cliff recession should now be occurring nor should the cliffs 
have undergone recession for the last 5,000 years or so as sea level has 
remained essentailly constant.  Thus, Bradley's conclusion is m disagree- 
ment with conditions at Santa Cruz and the history of sea level. 

Figure 7 shows typical near shore ocean bottom profiles at points 
near Santa Cruz and Montara where recession rates were measured.  These 
profiles are inconsistent with the local wave base of 30 feet, the history 
of sea level that states that sea level has been constant or within + 10 
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to 15 feet of its present location for 5,000 to 7,000 years, and the 
observed recession rates at Santa Cruz and Montara. With average reces- 
sion rates of 0.5 and 0.85 to 0.95 feet per year (or higher) respectively 
over a period of 5,000 to 7,000 years and a maximum possible erosion depth 
of 45 feet (30 + 15 feet), we would expect profiles similar to those shown 
by the broken line in Figure 7,  From this, it appears that the concept 
and numerxcal value of wave base as defined herein requires further 
consideration. 
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CHAPTER 43 

CREATION AND STABILIZATION OF COASTAL BARRIER DUNES 

By R. P. Savage1 and W. W. Woodhouse, Jr.2 

ABSTRACT 

Experiments are underway along the coast of North Carolina using sand 
fences and dune grasses to create and stabilize a barrier dune line parallel 
to and behind the existing beaches of low lying barrier islands.  Several 
miles of experimental sections have been established, and their effective- 
ness in trapping wind-blown sand has been analyzed.  Results to date (1968) 
show that sand fences and dune grasses will trap wind-blown sand and create 
a barrier dune. A vigorous, rapidly-growing strip of American beachgrass, 
90 feet wide, will trap and retain all of the sand being transported by the 
wind in the area. Thus, a stabilized dune can be "grown" in the area using 
American beachgrass. 

Sand fences have been shown to be effective sand traps and can be used 
where satisfactory plants are not available or where it may not be feasible 
to await the establishment of vegetation. Two methods of using sand fences 
to create large dunes have been investigated; both are workable. 

The use of fabrics as sand fences has been investigated; their 
effectiveness varies with the porosity of the fabric. 

INTRODUCTION 

Barrier dunes (the line of dunes sometimes found just landward of the 
beach) can be effective protective structures if they are high enough and 
wide enough to withstand the onslaught of storm waves. Dunes can provide 
the land elevation necessary to prevent the wave overtopping and storm tide 
overwash which often devastates low-lying land forms (barrier islands) 
during coastal storms.  Even in their destruction, dunes provide material 
(sand) that enables the beach to better adjust to storm conditions and 
continue to perform its function as a wave energy absorber. 

Many examples of protective barrier dunes could be cited, but none 
are so striking as those of the Netherland Coast where a significant portion 
of the system that holds back the sea is a massive dune system. These dunes 
have, understandably, been preserved and strengthened.  In other countries, 
however, the barrier dune system has been neglected and removed or destroyed 
by man. As a result, many low-lying areas have little or no protection from 
coastal storms. Property is vulnerable and islands are often breached by 
inlets that must be closed at considerable expense or allowed to close over 
long time periods, often at considerable inconvenience. 

Assistant Chief, Research Division, U. S. Army Coastal Engineering 
Research Center 

2Professor of Soil Science, North Carolina State University at Raleigh 
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This paper presents the results of field experiments to create and 
stabilize barrier dunes along the North Carolina Coast during the past 
decade. All of the experimental work has been carried out on low-lying 
barrier islands, a geographical environment typical of most of the Atlantic 
and Gulf Coasts of the United States.  The experimentation has been 
directed toward the use of sand fences and dune grasses to catch and hold 
wind-blown sand and thus create and maintain a barrier dune. 

LOCALE OF THE EXPERIMENTS 

The barrier islands on which most of the work was done are that part 
of the barrier-island system of the east coast of the United States that 
extends from Cape Hatteras to Cape Lookout, North Carolina.  (See Figure 1.) 
One study area is on the southern end of Ocracoke Island just northeast of 
Ocracoke Inlet; the other is on Portsmouth Island just northeast of Drum 
Inlet. These areas are characterized by low island profiles, generally 
rising from the ocean to an ordinary storm berm 4 to 6 feet above mean sea 
level, and then gently sloping to the sound behind the islands. The 
islands vary from 1/4 to 1 mile in width and are composed of medium-to-fine 
sands (approximately 0.2 mm m median diameter) mixed with shell. The tide 
is diurnal and has a mean range of about 4 feet. The relative transporting 
capacity of sand-moving winds (those with speeds greater than 12 miles per 
hour) at Cape Hatteras for a 5-year period is shown in Figure 2. 

During late summer and fall the area is often subjected to waves 
from offshore hurricanes; occasionally, hurricanes move onshore over the 
area.  In winter and spring, the area is affected by northeasters - extra- 
tropical storms that either move offshore in the area or form along this 
part of the coast.  The low elevation and narrow width of these islands, 
plus the high waves along this coast, tend to produce a harsh environment 
for plant growth, as compared with other regions where stabilization work 
has been done. The salt problem here can be particularly acute. The 
experimental sites, covered in this paper%  receive salt spray from both 
sea and sound, and have been flooded by both sea and sound. Under these 
conditions, variability of experimental data tends to be high since storm 
damage is extremely erratic and unpredictable. 

EXPERIMENTAL PROCEDURE 

General 

The experimental procedure has consisted of establishing experimental 
sections of either dune grasses or sand fences parallel to the beach and 
from 200 to 700 feet from the shoreline. These sections vary in length 
from 200 to 1000 feet, but are generally 500 feet long. Profiles are 
taken by surveying along at least two ranges across (perpendicular to the 
beach) the experimental section before the fence or grass is put in place; 
periodic surveys of the same ranges are made to follow the sand accumulation 
of the section. The performance of the section is measured by the volume 
of sand trapped per foot of section length. 
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Description of Experiments 

Vegetation - Three general categories of trials are reported herein: 

1) Small exploratory plantings at several locations designed to 
obtain information on the ability of American beachgrass (Ammophila 
breviligulata Fern.) to become established under critical conditions 
and to get estimates of the ability of such plantings to trap and hold 
sand.  These were made at 15 locations distributed along about 200 miles 
of the North Carolina Coast m March 1964.  Plants were spaced 18" x 18" 
in plantings roughly 100' x 100'.  Sand accumulation was measured on three 
of these in 1964-65. 

2) Two series of plots long enough (400-500 feet) to grow frontal 
dunes and to provide estimates on rate of sand accumulation, dune shape, 
and grass survival.  These were planted during the winter of 1964-65, 
one on Ocracoke Island and the other on Portsmouth Island (see Figure 3) 
Variables included presence or absence of sand fence, width of planting, 
and plant density.  In addition, sand fence sections were included so 
that their sand-trapping effect could be compared with that of the 
grasses.  Comparisons available at Ocracoke are shown in Table 1.  The 
Portsmouth experiment was similar, but not identical. 

3) Intermediate size plots (200 feet long) utilizing a non-uniform 
spacing pattern and comparing four selections of American beachgrass with 
each other, with nursery-run beachgrass, with sea oats (Uniola paniculata L), 
and with sea oats interplanted with American beachgrass in growing stabilized 
dunes. 

These treatments were in duplicate making a total of 16 sections and 
were established on Ocracoke Island in November 1966 beginning a few hundred 
feet southwest of the 1965 experiment. 

The same spacing plan was used on all planted sections, starting with 
a thick spacing m the center, thinning step-wise to a very wide spacing 
on the outer edges with 4 rows each as follows: 

4 rows 48" x 48" 
4 rows 36" x 36" 
4 rows 24" x 24" 
4 rows 15" x 21" 
4 rows 24" x 24" 
4 rows 36" x 36" 
4 rows 48" x 48" 

Total width, front to back, was 78 feet.  The fence-alone sections were 
500 feet in length, but in order to conserve planting stock, the planted 
sections were shortened to 200 feet, except those adjacent to fence 
sections and the end section which were 300 feet long. 



674 COASTAL   ENGINEERING 

All plants used In these studxes were nursery-produced.  The first 
exploratory trials were hand-planted, but all planting thereafter was by 
machine, placing 3-5 culms per hill. Fertilization consisted of three 
to four applications of 125 pounds per acre of 30-10-0 the first growing 
season, followed by two such applications the second year, and one 
application annually thereafter.  (For details on planting and fertiliza- 
tion see Reference 3.) 

Sand Fences - Two general sets of sand fence experiments were conducted. 

The first set was designed to determine if either of two methods 
proposed earlier (Reference 1) for use in constructing coastal barrier 
dunes with sand fences was feasible.  If both methods proved feasible, 
this set would determine which method is more economical.  Since previous 
experiments (Reference 1) had shown that straight slat-type fences 4 feet 
high (see Figure 4) were satisfactory sand traps, straight slat-type 
fences were used in these tests.  The second set of experiments was de- 
signed to test the effectiveness of fabric fences 4 feet high. The 
primary variable tested was the percent porosity (100 times the ratio of 
the open area of the fence to the total area of the fence).  Slat-type 
fencing (50% porosity) was used in these tests as the standard to which 
the various fabric fences could be compared. 

The two methods of barrier dune construction tested in the first set 
of experiments are illustrated in Figure 5.  Using method (A) of this 
Figure, fences 1 and 2 would be installed, and allowed to fill by installing 
either fence first and installing the other after the first had filled, 
or by installing them both at the same time and allowing them to fill 
together.  Fence 3 would then be installed atop the accumulation of 
fences 1 and 2. Fence 4 would be installed concurrently with fence 3 
or after fence 3 had filled.  Fence 5 would be installed after fence 4 
had filled and then fences 6 and 7 would be added.  This process would 
be followed, using the fences in numerical order, to achieve the desired 
dune profile. 

Using method (B), fence 1 would be installed and allowed to fill. 
Fence 2 would be constructed two-thirds of the distance up the front slope 
of the accumulation of fence 1 and allowed to fill.  Fence 3 would then 
be constructed two-thirds of the distance up the front of the accumulation 
of fences 1 and 2 and allowed to fill.  This process would be continued 
until the desired dune profile had been created. 

The two test sections used to test methods A & B were sections 2 
and A of the study sections.  Section 2 was 500 feet in length and the 
first two fences of this section were installed in March of 1964. 
Section A was 1000 feet in length and the first fence was installed in 
December of 1962.  Surveys of the sand accumulation of both sections 
were made periodically, and later fences were added as the existing 
fences filled.  In all cases a survey was obtained just before each new 
fence was added. 
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In the fabric-fence tests, 16 test sections (sections 32-47), each 
500 feet in length, were installed end-to-end parallel to and about 500 
feet from the ocean mean-waterline.  The sections at each end of the test 
area (sections 32 and 47) were slat-type fencing as was each fourth 
section within the test area.  The remainder of the test sections were 
fences of the 6 fabrics to be tested.  Two test sections of each fabric 
were used and these were randomly distributed within the test area. 
All test sections were installed m December 1965 and periodic surveys 
were made to follow the sand accumulation of the sections (two profiles 
across each section).  By July 1968 the slat-type fencing was essentially 
filled, and the experiment was considered complete. 

The fabrics used as sand fences are made from plastics or artificial 
fibers (see Figures 6-a through 6-f).  Their porosity (see Figure 6) was 
determined by covering a field of 200 randomly placed points (dots on an 
8 1/2 by 11-inch sheet of paper) with a sample of each fabric and counting 
the visible points.  The number of visible points divided by the total 
number of points (200) determined the porosity.  Five counts were made 
for each fabric and the average was used in computing the porosity. 

Fabric fences were mounted on 2 by 4-mch posts 6 feet apart and 4 
feet high. A 4-foot strip of the fabric was stretched between the posts 
and fastened by nailing a 4-foot lath to each post m such a way that the 
width of the fabric was clamped between the lath and the post.  In 
addition, a galvanized steel wire of about 1/8-inch diameter was stretched 
along the top of the posts.  The fabric was fastened to this wire with 
nylon electrical fasteners (cable ties) at 1-foot intervals to prevent 
sagging of the fabric between posts. 

RESULTS 

Vegetation 

Capacity of vegetation to trap sand - Portsmouth. 

This estimate was obtained from cross section surveys taken on the 
100 x 100 foot plantings north of Drum Inlet in July 1965, 15 months after 
planting. At that time, sand accumulation of some profiles was as great 
as 16 cubic yards per foot of beach (an average accumulation depth of 
4.3 feet over the area of the planting).  Since these small plantings 
were exposed on all four sides, they trapped wind-blown sand from all 
directions.  Therefore, the volume of sand trapped greatly exaggerates 
the amount of sand available in this area for barrier dune construction 
over large lengths of beach.  However, there is no reason to question this 
figure as an estimate of the capacity of grass plantings to trap sand. 

Dune Sections, 1964-65, Ocracoke and Portsmouth Islands. 

The most meaningful observations on these plantings came from the 
Ocracoke trial. The Portsmouth site became rather heavily armored with 
shell by early 1966, resulting in greatly reduced sand movement at that 
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location.  Fortunately, sand movement on the Ocracoke site has continued 
at a modeiate, though somewhat variable, rate through the experimental 
period.  Sand accumulation for these experiments is shown in Tables 1 and 2. 

Planting Width - The 100-foot sections definitely trapped more sand 
than the narrower plots during the first few months (February 7-August 10). 
However, by the following June the narrower plots (25 and 50-foot) had 
caught up, and later differences appeared to be due to variations in 
sand supply. 

Plant Spacing - The only spacing comparison is between sections 13 
(plants on 24-inch centers) and 14 (plants 16 inches apart in 20-inch 
rows) both without sand fence.  The 24" x 24" spacing trapped noticeably 
less sand during the period of early growth (February-June 1965) with 
little or no difference after that date. 

Sand Fence in Combination with Grass - Trapping of sand appeared to 
be increased in the early stages by putting a sand fence in the narrower 
plantings (section 16 vs section 18 and section 14 vs section 15) with 
no consistent difference in the 100-foot sections.  This effect tended to 
disappear after the first growing season. The fences on the 25-foot 
sections were essentially full by that time, and apparently the mass of 
vegetation on the wider plantings trapped most of the sand before it could 
penetrate to the fences. 

Dune Shape - Cross section profiles are presented in Figures 7 and 8 
to show the development of grass-grown dunes in dense, uniformly spaced 
plantings under two conditions. Figure 7 is from the site on Portsmouth 
Island where sand movement was very limited during the period of observa- 
tion.  Figure 8 is from Ocracoke Island where a fairly large volume of 
wind-blown sand was available. 

Dune shape at this planting density is greatly affected by the volume 
of sand available. With a low volume (Figure 7), there was never enough 
sand to satisfy the trapping capacity of more than a few feet of the 
planting.  This resulted in a narrow, rather steep, dune along the seaward 
edge which tended to move seaward in succeeding years as the grass spread 
into the bare sand in front of the planting. Very little sand succeeded 
in penetrating to the interior. A similar pattern developed on the 
landward side of the planting, but involved a much smaller volume of sand. 

Under the condition represented in Figure 8, the same principle was 
operating, but the much larger volume of sand available, particularly 
from the seaward side, changed the pattern of development somewhat. 
More sand penetrated to the interior of the planting during the early 
part of the first growing season, and during the winter and early 
spring of each succeeding year. This resulted in a dune consisting 
of two ridges separated by a low area about 20 feet wide. During the 
approximately three-year period from planting until the March 1968 survey, 
the total width of the grassed area and the resulting dune had increased 
from the original 50 feet to around 100 feet, and the top of the seaward 
ridge was more than 5 feet above the starting level. 
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?able 1. Ocracoke Island - Sand accumulation by section (in yards per foot of 
beach) on plots established February 7, 

25-foot 

1965. 

sections 
Section 17 Section 16 Section 18 Section 19 
Sand fence Planted Planted Planted 

alone 16 x 20 16 x 20 16 x 20 

21, 1965 
No fence 

0.72 
With fence 

1.68 
With fence 

To June 1.12 1.35 
To Aug. 10, 1965 2.09 1.66 1.94 2.09 
To June 1966 4.46 4.46 4.90 5.05 
To Jan. 1967 6.09 8.01 7.03 6.34 
To Mar. 1968 7.87 10.13 

50-foot 

9.87 

sections 

10.86 

Section 13 Section 14 Section 15 
Planted Planted Planted 
24 x 24 16 x 20 16 x 20 

No fence No fence With fence 
To June 21, 1965 0.62 1.05 1.32 
To Aug. 10, 1965 1.78 2.30 2.18 
To June 1966 3.46 4 04 5.30 
To Jan. 1967 4.65 5.11 7.13 
To Mar. 1968 10.07 10.98 

100-foot 

10.73 

sections 
Section 8 Section 12 Section 10 Section 9 
Sand fence Planted Planted Planted 

alone 16 x 20 16 x 20 16 x 20 

21, 1965 
No fence 

1.81 
With Fence 

2.52 
With fence 

To June 1.02 1.40 
To Aug. 10, 1965 1.93 2.36 2.74 2.61 
To June 1966 3.05 4.61 5.04 4.67 
To Jan. 1967 3.69 6.14 6.37 5.17 
To Mar. 1968 4.72 9.78 11.35 9.25 

Table 2. Ocracoke Island - Average sand accumulation of similar sections (in yards 
per foot of beach) by periods. 

Feb. 7 - June 21, 1965 
June 21-Aug. 10, 1965 
Aug. 10,1965-June 1966 
June 1966 - Jan. 1967 
Jan. 1967 - Mar. 1968 

Av. of 

Total  10.29 

Av. of 

10.56 9.12 

Av. of 
3-25 foot 3-50 foot 3-100 foot 2 Sand Fence 
plots plots 

1.00 
plots 

1.91 
sections 

1.25 1.07 
0.65 1.09 0.66 0.94 
1.90 2.18 2.20 1.75 
3.33 1.36 1.12 1.14 
3.16 4.93 3.23 1.41 

6.31 
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Effect of plant species and strains and planting pattern on dune development 
Ocracoke, November 1966. 

These sections were located on a very low sand flat (average elevation 
above MSL of 4 feet or less) which is subject to overtopping by only 
moderately high storm tides. However, no serious damage occurred to these 
plantings until April 27, 1967, when they were overtopped by a succession 
of tides for the next three days. Very few plants were washed out, but 
salt damage on all sections was severe, with the nursery-run plants being 
almost completely eliminated and sea oats severely decimated as shown in 
Table 3. 

Table 3.  Stand Estimates and Sand Accumulation, Ocracoke Island. 

Treat- 
ment 
No. 

1 
2 
3 
4 
5 
6 
7 

Species 

Amer. beachgrass 
Amer. beachgrass 
Amer. beachgrass 
Amer. beachgrass 
Amer. beachgrass 
Sea oats 
Sea oats** 
Amer. beachgrass** 
(Sand fence alone) 

Estimated Sand Accumula- 
survival - %* tion yards3 

Selection Oct. 17, 

70 

1967 March 1968 

N.C. Selection A 4.52 
N.C. Selection B 78 5.01 
N.C. Selection 1 77 5.71 
N.C. Selection 3 75 5.59 
Nursery-run 5 

30 
trace 
trace 

N.C. Selection A 
32) 
68) 

3.01 

7.15 

* Average of 2 replications. 
**Alternate rows. 

The severity of salt damage at this stage is believed to be due to the fact 
that this was a dry storm occurring during an extended dry period.* Con- 
sequently, there was maximum opportunity for sea water to penetrate the 
root zone during and immediately following the storm, and little opportunity 
for dilution or removal of salt for some time afterward.  In addition, this 
occurred after spring growth had begun, at a time when the metabolic rate 
of the plants would be expected to be high.  Consequently, many plants were 
killed and all were obviously damaged with their regrowth drastically 
delayed. 

Differential survival between species and strains can be explained 
on the basis of the work of Berenyi (Reference 2) who showed that where 
even a small patch of these grasses is able to survive long enough to 
trap a few inches of sand, a blister of less saline water begins to 
develop, under the resulting hummock, enabling the plants to better 
tolerate later additions of salt. 

*Precipitation (in inches) recorded at Ocracoke Village, about two miles from 
the experimental site, was 0.73 in March, 1.26 m April (0.76 after April 12), 
with a total of 0.70 occurring as light showers in the period between May 5 
and May 21. Fortunately, 4.67 inches fell in the May 22-31 period. 
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The survey made on this experiment in March 1968 (see Table 3) showed 
sand accumulations roughly m line with the stand estimates.  All four 
beachgrass selections had collected substantial amounts of sand, the mixed 
sea oats-beachgrass planting about half as much, while the sea oats-alone 
and nursery-run beachgrass plots showed only a trace.  In this instance, 
the sand fence sections were superior to the best vegetative plots, accu- 
mulating 7 cubic yards per foot against 5 cubic yards per foot for the 
beachgrass selections. 

The spacing pattern followed in this experiment was successful in 
developing a dune having a much more desirable shape than those in previous 
trials as shown in Figure 9.  The typical beachgrass-selection dune was 
highest slightly behind the center with an average seaward slope of about 
5%.  The dune formed by the mixed planting which, due to thinner stand and 
slower growth, had developed more slowly, had an average slope of about 3% 
on the seaward side. 

The more rapidly growing dunes produced by the beachgrass selections 
exhibited a definite break in slope about two-thirds of the way down the 
seaward side (see Figure 9).  This appears to have been caused by the 
large drop in plants/unit area between the 24" and 36" spacings. 

Sand Fences 

Results of the tests to determine the feasibility of constructing a 
barrier dune with sand fences are shown in Table 4 and Figures 10 and 11. 
Table 4 shows the volume of sand accumulated by the existing fences of the 
test sections just before new fences were added and the volume of sand 
accumulated by all of the existing fences to July 1968.  The sand accumula- 
tions of both measured profiles of each section are shown m this Table. 
However, Figures 10 and 11 show only one of the two profiles of each of 
the two test sections at the beginning of the tests, just before new fences 
were added, and in July 1968. While the profiles shown in Figures 10 and 11 
are of the area of the test section which trapped more sand than the other 
profile area, the shape of the dune is representative of the entire test 
section. 

In general, the results shown in Table 4 and Figures 10 and 11 indicate 
that either method A or B of Figure 3 can be used in constructing a barrier 
dune.  However, method B appears to be superior because it trapped more 
sand per fence used (3.8 cubic yards per foot of fence) than does method A 
(2.4 cubic yards per foot per fence)*.  In this respect, the comparison 
is biased because the third set of fences of section 2 were installed 
before the second set had completely filled. However, it is clear that 
the results of section 2 would not have been commensurate with those of 
section A if the third set of fences had been installed at the proper time. 

Further improvement in the performance of section 2 might have been 
realized by increasing the space between fences (20 feet apart instead of 
15 feet).  Previously (Reference 1) fence spacings of 25 and 50 feet were 

*Profile 2-C not used in this computation.  See Footnote to Table 4. 
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Table 4.  Sand Accumulation of Multiple Fence Sections - yd /ft 

SECTION A SECTION 2 
First fence installed December 1962 First fence installed March 1964 
Survey Profile Volume Survey Profile Volume 
date number trapped date number trapped 

Jan. 1963 A-l 4.9 March 1965 2-A 6.0 
A-3 2.7 

Avg 3.8 
2-C* 3.6 

Avg 4.8 

March 1964 A-l 8.2 June 1966 2-A 8.8 
A-3 5.8 2-C* 7.5 

Avg 7.0 Avg 8.2 

March 1966 A-l 13.2 July 1968 2-A 14.3 
A-3 10.0 2-C* 10.4 

Avg 11.6 Avg 12.4 

July 1968 A-l 
A-3 

19.0 
11.7 

Avg 15.4 

Sand accumulation m vicinity of this profile washed out by overtopping 
water in November of 1964.  Fences were replaced, but later sand accumulation 
not comparable with that of profile 2-A. 
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tested in this area.  In both cases, the two fences accumulated separate 
dunes (no sand accumulated In the center between the fences) and method A 
could not be pursued.  Therefore, the 15-foot spacing was used In the 
present test and proved to be a workable spacing. A 20-foot spacing may 
also prove workable, but study of Figures 10 and 11 leads to the con- 
clusion that one of the fences in such an arrangement would be partially 
In the area of effect of the other fence installed at the same time and, 
therefore, would be less efficient than each fence of the configuration 
of method B. 

The results of the fabric fence tests are shown in Figures 12 and 
13.  Figure 12 shows the volume of sand trapped by each of the test 
sections, which are shown in the order of installation. The volumes 
shown were computed from the average of 2 profiles across each test 
section (at the 1/3 points along the length of the test section) with 
the exception of sections 35 and 41.  A field inspection of the test 
sections just before the July 1968 survey revealed that one of the pro- 
files of each of these sections was not representative of the sand 
accumulation of the section.  Therefore, only the representative profile 
of each of these sections was used in the volumetric computations. 

The results shown in Figure 12 are quite variable.  In at least 
4 cases (Fabrics 2, 4, 5, and 6) the volume of sand trapped by a fabric 
in one location is half that of the same fabric in another location. 
There is also considerable variation in the performance of the control 
(slat) fences - a range of from 2.6 cubic yards per foot to 3.1 cubic 
yards per foot. However, the results of sections made from the same 
fabrics vary generally with the variation of the control sections 
(compare slope of line between like fabrics with the slope of the lines 
between the control sections). Therefore, in using the data of Figure 12, 
the results were normalized by dividing the volume of sand trapped by 
the fabric section by the volume of sand indicated by the line between 
the control sections at that fabric section.- Figure 13 shows the normal- 
ized volume data as a function of the fabric porosity. 

Though the volumetric data is quite variable, there is a marked 
relationship between fabric porosity and the volume of sand trapped; 
less porous fabrics trapping more sand. Unfortunately the range of 
fabric porosities used did not include fabrics dense enough to indicate 
the fabric porosity beyond which increasing density would not increase 
the effectiveness of the fabric.  However, the results do show that the 
effectiveness of the fabrics increases with decreasing fabric porosity 
down to a fabric porosity of 40 percent. 

CONCLUSIONS 

Vegetation 

Vigorous, rapidly-growing stands of dune grasses, such as American 
beachgrass, have a capacity to trap and retain wind-blown sand which is 
greatly in excess (up to 16 yd3 per foot of beach) of the amounts usually 
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available. This ability to trap wind-blown sand within fairly short 
distances (12-20 feet), and to renew this capacity by growth and spread- 
ing during the growing season tends to minimize the importance of width 
of planting.  For example, from our present data and observations, it 
appears that where annual sand movement is from 1-3 cubic yards per foot 
of beach and plants (3 culms per hill) are spaced 18 to 24 inches apart, 
a planting width of 35' to 40' will trap essentially all of the sand 
moving. However, where storm damage is likely to occur early in dune 
development, wider strips are needed to retain sand that becomes dislodged 
by overtopping of the frontal ridge. 

There does appear to be a certain critical mass as well as spacing 
of vegetation required to effectively halt sand movement. On the North 
Carolina Coast this can be obtained with American beachgrass, under good 
growing conditions, by early July of the first year with plants spaced 
18" x 18", 3 to 5 culms per hill. Reducing planting density to 24" x 24" 
reduces cost considerably and may delay attainment of full cover by no 
more than a month to as much as a year, depending on growing conditions 
and storm sequences.  Good plant survival is, of course, essential, and 
effectiveness appears to decline rapidly when survival at these densities 
drops below 75% (see Table 3). 

A minimum of 3 culms per hill appears to be a practical compromise 
between cost and effectiveness. First-year growth has been found to be 
roughly proportional to the amount of vegetation planted (Reference 3), 
and single culm hills seldom develop sufficient growth to be effective 
the first year, unless spaced 12" x 12" or closer. 

No evidence has been found to indicate that "staggered" planting 
patterns have any real merit over plantings in rows containing sufficient 
optimum size plants/unit area. 

Uniformly-spaced plantings of American beachgrass have been the rule 
m the past.  This appears to be an acceptable, although perhaps not ideal, 
practice where the primary purpose is that of stabilizing a previously 
constructed dune.  However, in the use of this vegetation as a dune-building 
device, uniform spacing, dense enough to become effective the first year, 
results in a multi-humped dune cross section.  The very characteristic 
which makes beachgrass useful in building and protecting dunes, the 
pronounced ability to trap and hold sand, works against the development 
of a dune which is highest near the center with a long, gentle fore-slope, 
resulting instead in cross sections such as those depicted in Figures 7 
and 8. However, some pattern of non-uniform plant spacing, wide spacmgs 
on the outer edges of the grass strip and dense spacing in the center, 
would seem to offer a fairly simple and inexpensive solution to this 
problem. 

Our preliminary trials along this line are quite encouraging. The 
planting pattern chosen for the 1966 Ocracoke trial appears to be very 
close to optimum, producing a dune at the end of two years with an average 
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slope on the seaward side of 5% or less (Figure 9). We feel that this 
type of dune should be considerably more resistant to storm action than 
those produced in the earlier trials and that this is at least approach- 
ing the desired cross section.  It appears that this pattern could be 
improved by widening the close-spaced core by 2 or 4 rows, adding a 
30" spacing between the 24" and 36" plantings and perhaps omitting the 
outer 2 rows of 48" on each edge. 

This pattern would be about 90 feet wide and require less than 
8500 hills per acre, around 80% of that required for a strip of the same 
width, uniformly spaced 24", and less than half that needed for an 18" 
planting.  Since planting costs are almost directly proportional to the 
number of hills planted, the variable spaced pattern would be more 
economical*.  In the absence of storm damage, it would probably not trap 
more sand than the other two, but would build a dune which would have, 
from the beginning, a more stable cross section. Also, in the event 
that it was overtopped by one or more storm tides during the first year 
or two, it would be less vulnerable to damage than the uniform 24" 
planting. 

The addition of a sand fence to such plantings has little effect 
beyond the first few months since after the first flush of growth, 
essentially all sand is intercepted by the vegetation before it can 
reach the fence. A fence can, in some situations, however, play a very 
vital role by trapping sand during the several months between planting 
(in winter or early spring), and the development of sufficient new 
growth to begin to effectively halt sand movement (early summer).  If 
there is sufficient sand movement during this period, the fence will 
trap a significant amount of sand before the grass becomes effective. 

The distinct advantage of early vigor in American beachgrass was 
clearly demonstrated by all 4 N.C. selections in the 1966 experiment on 
Ocracoke. Under these critical conditions, the superior ability of these 
selections to grow off early in the spring enabled them to survive where 
ordinary nursery-run material failed completely. 

These selections were also vastly superior to sea oats in survival, 
rapidity of establishment, and sand trapping ability during the first 
two years of the 1966 Ocracoke experiment.  Even so, the latter is the 
dominant species on unplanted foredunes along the Atlantic Coast from 
the Virginia-North Carolina line southward, and tends with time to replace 
American beachgrass on planted foredunes in this region (Reference 4). 

*Estimated cost* of large scale machine planting and maintenance through 
the third year for strips 90 feet wide following a variable planting 
pattern, similar to that adopted for the Ocracoke-1966 experiment, runs 
less than $0.50 per foot.  This estimate is based on: 

American Beachgrass at $15 per thousand 3-stem plants; labor at 
$2.50 per hour; machine time at $5.00 per hour; 30-10-0 fertilizer 
at $90 per ton; fertilizer application by helicopter at $2.50 per 
acre per application. 



684 COASTAL   ENGINEERING 

This is the reason for the interest in mterplantmg the two to help 
insure an orderly succession.  Our limited experience with this point 
suggests that this may well be the way to insure continued long-term 
protection of dunes.  However, due to the rapidity with which the 
beachgrass becomes effective, the planted mixture might better consist 
of a 5 or 10 to 1 ratio of beachgrass to sea oats rather than the 1 to 
mixture tried on Ocracoke Island. 

Sand Fences 

Where a satisfactory beachgrass is not available, sand fences can 
be used to construct a barrier dune.  Either method A or B of Figure 5 
can be used, but some experimentation would be required in the area m 
which the dune is to be constructed to determine the best distance 
between fences if method A is to be used. Method B appears to make 
more efficient use of each sand fence used and, for the conditions 
existing on the North Carolina Coast, is the preferred method. 

Fabrics can be used as sand fences and fabric porosity is an 
important factor in the effectiveness of fabrics as sand traps. Under 
the conditions existing along the North Carolina Coast during these tests, 
the volume of sand trapped by fabrics varied essentially linearly with 
fabric porosity. Fabrics with more than 80Z  porosity trapped very little 
sand (an average of 0.6 cubic yards per foot) while a fabric with 40% 
porosity trapped an average of 2.7 cubic yards per foot.  Slat-type 
fencing used as a control in the tests, trapped an average of 2.8 cubic 
yards per foot.  If the fabric-fence data is normalized, using the slat 
fence results as the reference, fabrics trapped from 20 percent to 
84 percent as much sand as did slat fencing. 

Though the range of fabric fence porosities included the porosity 
of the slat fencing, slat fencing trapped on the average more sand than 
any of the fabrics. This is an anomaly which cannot be explained by 
the authors. 
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FIGURE I.  LOCATION MAP 
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Compiled from data furnished by the U.S Weather Bureau at 
Hatteras, N.C. for the period from Jan , 1953 to Dec , 1957 

Beach Alignment       S 

Capacity of the wind to transport sand assumed to be 
proportional to the wind velocity cubed 

FIGURE 2. RELATIVE TRANSPORTING CAPACITY OF THE 
SAND MOVING WINDS IN THE STUDY AREA 
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Assumed Direction of Shaping Winds 

-¥-©TX_>-©J   -i - 
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Method A 

y y y y y .''<Ms> R\ 
•       • / s 

Method B 
( Savage, 1963) 

FIGURE 5   PROPOSED PROGRAMS FOR 
BUILDING A BARRIER DUNE 
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CHAPTER 44 

BEACH AND DUKE EROSION TESTS 

T. van der Meulen, Delft Hydraulics Laboratory, Netherlands 

M.R. Gourlay,     Delft Hydraulics Laboratory, 
on leave from the University of Queensland, Australia. 

INTRODUCTION 

In the Netherlands a large part of the country lying below sea level is 
protected by sand dunes. The erosion of sand dunes during storms at the North 
Sea, by which the strong wave action is attended with a high sea level, is there- 
fore of extreme importance in the Netherlands. 

It is almost impossible to do adequate measurements along the coast during 
storms. Accordingly the Delft Hydraulics Laboratory was requested by the Public 
Works Department of the Dutch government to investigate in a model a number of 
matters related to both the maintenance of existing dunes and the design of 
artificial sand dunes as sea defence works. 

The investigations reported in this paper are concerned with the following 
problems 
a) the influence of the height of sand dunes upon the amount of coastal re- 
cession during storm conditions. 
b) the influence of the wave characteristics upon the amount of coastal re- 
cession. 
c) the differences in coastal recession and profiles obtained with regular waves 
and those obtained with wind waves. 

The reproduction on scale of the phenomena m the surf zone is a difficult 
matter. Many investigators have come to the conclusion that there are several 
scale effects. Till now our knowledge is not sufficient to determine the mag- 
nitude of the scale effects. Owing to this the described tests can give only 
qualitative information. 

DESCRIPTION OP THE TESTS 

A synopsis of the tests is shown in table 1. The tests have been carried out 
in different wave basins, which dimensions are given in table 1. In all tests 
the wave direction was perpendicular to the beach. The bed of the model and the 
dune were composed of fine sand (d = 0.22 x  10_3 m). A wave filter has been 
placed in front of the wave machines to reduce the effect of innatural reflec- 
tion from the wave paddle. 

The starting profile was the same for all the tests and was obtained by 
regular waves T = 1.56 sees and H = 0.155 m with normal water level (N.W.L.). 
The slope of the upper beach obtained with this wave condition was produced till 
0.12 m above normal water level. Prom this point a sand dune was placed with a 
slope and a height as marked in table 1. 

For the erosion tests the still water level was heightened till 0.12 m above 
normal water level and this water level was marked as storm surge water level 
(S.S.W.L.). 

The test T. - T give information about the influence of the dune height, 
Tg - T,» give information about the influence of the wave steepness and the 
period, while T^_ - T  give some information about the influence of wind waves 
in regard to regular waves. 
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The basis of comparison between the wind waves and the regular waves was: 
1) The period of the regular waves is equal to the central spectral period of 

the wind waves. 
2) The root mean square wave height of the wind waves (calculated from the 

energy density spectrum) is equal to the root mean square wave height of the 
regular wave (sine wave: H   = 0.707 H). 
The wind velocity in the winl flume was 10.5 m/s, 16.2 m/s and 21.7 m/s, 

respectively for T.,, T.. . and T. . 

test 
dune 

height 
in m 

slope 
period 
m seo 

Ho 

m m 

model 
dimensions 

in m 

type 
of waves 

T1 0.10 1«1.75 1.56 0.197 16x15 regular waves 

T2 0.20 1*1.75 1.56 0.197 16x15 regular waves 

T3 0.30 1i1.75 1.56 0.197 16x15 regular waves 

T4 0.40 1«1.75 1.56 0.200 16x15 regular waves 

T5 0.80 1*1 1.56 0.207 16x15 regular waves 

T6 0.40 1«1.75 1.63 0.176 100x4 regular waves 

T? 0.40 1*1.75 1.63 0.195 100x4 regular waves 

T8 0.40 1*1.75 1.56 0.107 16x4 regular waves 

T9 0.40 1*1.75 1.56 0.154 16x4 regular waves 

T10 0.40 1*1.75 1.04 O.098 16x4 regular waves 

T11 0.40 1*1.75 1.16 0.134 16x4 regular waves 

T12 0.40 1*1.75 1.29 0.182 16x4 regular waves 

T13 0.40 1*1.75 1.00 0.134* 100x4 wind waves 

T14 0.40 1*1.75 1.11 0.190* 100x4 wind waves 

T15 0.40 1*1.75 1.29 0.210* 100x4 wind waves 

MEASUREMENTS 

table 1 

The beach profiles were measured from the crest of the sand dune seawards 
through the surf zone to the 16 metres distance mark (i.e. just in front of the 
wave filter for the basins of 16x15 m and 16x4 m). The measurements were made 
by ordinary level and staff at 10 cm intervals up to the 5 metres distance mark 
and at 20 cm there after along each profile. The distance between the profiles 
was 1.5 m for the basin with a width of 15 m and O.75 m for the flumes with a 
width of 4 m. The measurements were made at 0, 1/2, 1, 2, 31/2i 5V2i 8» 11t 
14/2 and 19 hours after the commencement of the test. 

The wave heights were measured using the Laboratory's own design of temper- 
ature compensated parallel resistance wave height meter. 

The regular waves were measured at 13 points spaced over a distance of one 
wave length in the direction of wave propagation and located on the deeper part 
of the beach profile (i.e. at a depth of roughly 0.5 m). With this information 
it was possible to distinguish the incident wave and the reflected wave from 
the beach. During a test large variations of the reflection coefficient were 
observed, which can be related with the changes in the beach profiles. The wave 
heights in table 1 are the wave heights of the incident wave. 
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The wind waves were measured at a fixed point (at a depth of roughly 0.5 m) 
over a period of at least 500 waves, mostly every half hour during a test. 
Records were made upon both Sanborn recorder and magnetic tape. The latter were 
used to produce a punched paper tape from which the energy density spectrum was 
calculated using a digital computer. An anoloque root mean square analyser was 
also used m the wind wave tests to obtain a rapid evaluation of the root mean 
square wave height, which values generally compared favourably with those 
calculated from the wave spectra. 

RESULTS OP THE TESTS 

OM ', 
DISTANC E IN • SSWL 

O jJs, 

Results of the tests T. - T 

At the beginning of all the tests the sand eroded from the dune is deposited 
largely inshore of the 5 metres distance mark and rapidly builds up an inshore 
breakpoint bar. Visual observations on the model indicated that a definite 
plmgmg breaker occurred in this vicinity. Spilling breakers however occur at 
the initial breakpoint near the 7.5 metres distance mark. After a maximum 
building up of the inshore bar the slope of the seaward face of this bar flat- 
tens as an increasing part of the eroded sand moves seawards into the outer bar, 
which builds up steadily during the test and at which the initial breakpoint 
finally stabilises. In the latter part of the test plunging breakers occur in 
the initial breakpoint. 

The profiles after a long time for different dune heights are basically the 
same except that they has been displaced m position along the horizontal axis 
(fig. 1 for T. and T ). The represented profiles are average profiles of ten 

-1 individual profiles. Especially m 
the surf zone 3-dimensional effects 
such as rip currents occur. In T, the 
inner bar is shifted away by taking 
an average profile. The difference in 
the seaward slope of the outer bar 
between T. and T can be caused by a 
too short time of testing. 

In figure 2 the recession of the 
dune foot for several dune heights is 
represented as function of time. The 
recession is measured as the horizon- 
tal displacement from the initial 
storm surge waterline. The dune foot 
corresponds m the tests to the limit 
of wave run up, so the dune foot is 
the limit of the wave formed profile. 

The recession of the storm surge waterline shows the same tendence as the 
recession of the dune foot, but of course with a smaller amount of recession. 
Figure 2 shows a very definite influence of the dune height upon the recession 
of the dune. 

In figure 3 the eroded volume from dune and beach is represented as a 
function of the time. Prom the two figures one can make the statement that with 
an increasing dune height the recession of the dune decreases, but the sand 
volume eroded from the dune and the upper beach increases. 

Dune erosion is very rapid in the early stages of the test. Almost 50$ of 
the erosion expressed in eroded volume occurs in the first 1/8 of the time 
required to reach more or less equilibrium. 

NN. r-<" -T5 - — -     N.l 

X-   ...» 

fcas. 
STT \ 

Pig. 1 Average profiles after 
19 hours T1 and T . 
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T1^ 

T2 

T3 

"M 

T5 

/• 

•V 
TS^ 

T4_ 

-t- -T» 

f3 T2 •ll 

Pig. 2 Dune foot recession 

1 T,- 

Pig* 3 Total volume eroded from 
beach and dune T„ - T_. 1   5 

The recession of the dune foot is much 
more rapid. After 1/40 of the time re- 
quired to reach more or less equi- 
librium almost 50/0  of the obtained 
maximum dune foot recession is reached. 

For the given wave conditions, 
storm surge water level and sediment 
the profiles seem to be independent of 
the dune shape. The obtained profiles 
after 19 hours can be practically con- 
sidered as equilibrium profiles. Their 

general shape can be represented by a parabola similar to that given by the em- 
pirical formula of Larras (reference 1). However bars occur in the profiles in 
the model and therefore this formula is not adequate for calculation purposes 
mentioned here after. 

Maximum dune recession can be determined by moving the initial and the final 
(equilibrium) profile relative to one another until the eroded and deposited 
volumes are equal. This means that the dune recession is influenced by the 
initial profile. 

Of course the above mentioned method is only valid if the eroded material 
from the dune and the upper beach is deposited in the cross section perpen- 
dicular to the coast, which we can expect with waves perpendicular to the 
coast and with no resulting currents along the coast. 

Hesults of tests Tr T, 12 

In figure 4 the dune foot recession has been plotted as a function of time 
for T, - T1?. Prom this figure it is apparent that the recession of the dune 
foot at a given time is greater when the wave height is greater while the period 
is the same or almost the same. 

For waves with wave heights of the same" order but different periods the re- 
cession of the dune foot is smaller for the waves with the smaller period. 

So we can conclude that the recession is not alone a function of the wave 
steepness, but also a function of the wave length. This is in agreement with 
the investigations of Saville (reference 2) and Iwagaki and Noda (reference 3) 
for initial profiles with one straight slope. 
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Pig. 4 Dune foot recession 
T, - T 12' 

The number of tests is too small to 
determine a functional relationship 
between dune foot recession, wave 
steepness, wave length and time for 
a given sediment, water level, shape 
of sand dune and initial profile. 

Results of tests 

There is no consistent difference in 
the recession of the storm surge water- 
line for wind waves as compared with 
regular waves. The recession of the 
dune foot however is consistently 
greater for wind waves than for com- 
parable regular waves (fig. 5t 6 and 7). 

The beach slope near the storm surge 
waterlme is not much different for 
wind waves, but the dune foot is laying 
higher than for regular waves (fig. 8). 

This can have several causes: 
1  The greater wave run up height due to 

a) a certain percentage of the wind waves is higher than the wave height of the 
regular waves. 

b) the direct action of the wind as the uprush moves up the beach. 
c) the smoother profiles which are obtained with the wind waves. 

2° The wind is moist from spray blown off the wave crest, which fact probably 
results in a dune face having a higher moisture content than with regular 
waves. The extra weight of this increased water content of the sand will 
increase the rate of collapse of the dune face due to instability. 
By the above mentioned causes extra sand is placed within the reach of the 

waves and probably the bottom return current may assist m the removal of this 
sand in the seaward direction. 

Looking to the figures 5, 6 and 7 it appears that the effect of the wind 
velocity (and model effects) are more important than those of wave irregularity. 
In order to separate the influence of the irregularity and the wind velocity 
it would be valuable to have a third serie of tests with waves generated by a 
programmed wave paddle. 

DUNE FOOT 
•o— r—fl 

a 4 

/>" -o -o-*i 
WATER LINE 

o/ 
r-tP 

-g-_ -f£^. 
-o— *-*=& .-  —a 
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COHCLUSIONS 

1)The recession of a sand dune at a given time when measured "by either the 
change in position of the storm surge waterline or the dune foot position in- 
creases as the height of the sand dune decreases. The eroded volume from the 
dune and the upper beach decreases as the height of the dune decreases. 
2)Por given wave conditions, storm surge water level and sediment the equi- 
librium profiles seem to be independent of the dune shape. 
3)The dune erosion at a given time is a function of the wave steepness and al- 
so of the wave length for a given sediment, storm surge water level, shape of 
sand dune and initial profile. 
4)The dune foot recession at a given time is greater for wind waves than for 
regular waves with the same energy (or H  ) and a period equal to the central 
spectral period of the wind waves. 
5)With wind waves the bars in the final profiles are not so prominent as with 
regular waves. 
6)Dune erosion is very rapid in the early stages of the tests. 
7)Por circumstances where the eroded material is deposited in a cross section 
perpendicular to the coast maximum dune erosion can be determined by moving the 
initial profile and the equilibrium profile relative to one another until the 
eroded and deposited volumes are equal. This requires knowledge of: 

a) the initial profile 
b) wave conditions 
c) storm surge water level 
d) equilibtium profile for b and c 
e) wave run up 
f) slope of the eroded dune face 
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CHAPTER 45 

DUNE EROSION AND PROTECTIVE WORKS AT PENDINE, 
CARMARTHENSHIRE, 1961-68 

R.S. COLQUHOUN, Senior Civil Engineer, Ministry of Public 
Building and Works, LONDON 

ABSTRACT 

The paper describes the application of a novel method of protecting 
parts of the sand dunes at Pendine, S.W. Wales.  These dunes are 
subject to erosion under conditions when high tides are combined with 
south-westerly gales. 

A series of random rock-fill mounds were sited 20 feet away from 
the toe of the dunes in certain areas where structures erected on 
the dune crest were liable to damage through erosion at the toe of 
the dunes.   The object of the mounds is to trap wind-borne sand in 
the area enclosed between the mounds and the dunes, and also to 
check wind-driven waves before they can reach the dune face. 

Over seven years the mounds and sand traps have operated in 
accordance with their design concept.  Not only have the traps 
filled with sand but further sand accretion has occurred on the 
protected dunes, resulting in a flatter slope and a strong growth 
of self-sown pioneer vegetation on the protected face and on the 
sand trap surface. 

INTRODUCTION 

This paper describes an empirical solution to the problem of 
combatting erosion on parts of the dunes at Pendine sands, and 
records the results achieved over a period of seven years.   Pendine 
has a place in the history of mechanical engineering, since it was 
on Pendine sands that the world's land speed record was raised by 
Sir Malcolm Campbell from 146.16 m.p.h. in 1924 to 174.88 m.p.h. in 
1927.   It was at Pendine also that Parry Thomas, seeking to break 
Sir Malcolm's record, met his death. 

GENERAL DESCRIPTION OF THE SITE 

Topography and Geology 

The site of the works lies at the head of Carmarthen Bay, S.W.Wales. 
It consists of a wide, flat, sandy beach - Pendine Sands and Laugharne 
Sands - backing on to a range of dunes, 6 miles long, which vary in 
width between 400 and 700 yards.   Behind the dunes is an extensive 
area of reclaimed alluvial marshes, which extend northwards to the 
foot of steeply sloping hills of old red sandstone.   At the west 
end, the site is bounded by limestone cliffs, and there is a lime- 
stone peninsula, worked as a quarry, jutting into the central marsh 
area.   The eastern end is bounded by the river Taf. 

The sand composing the dunes, both in the old-established and 
recent growth areas, is of a very uniform character, 100% passing 
B.S.52 and being retained on B.S. 200.   Similar grading results 
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Fig.l.   Pendine and the Taf estuary in 1830 

Fig. 2.  Pendine and the Taf estuary in 1950 
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were obtained from 10 ou% of 12 boreholes, situated at intervals 
over a 3,000 foot length behind the first ridge of the dunes and 
taken to depths of up to 60 feet.   In two boreholes only, the 
typical grading was varied by the presence of shell fragments at 
depths of 25 to 30 feet. 

Saxton's map of Carmarthen and Pembroke (1578) shows the area, 
but with insufficient accuracy for scaled measurement.  Morris's 
chart of "Carmarthen, Laugharn and Cydwely" (1800) locates certain 
fixed points with sufficient accuracy for comparisons to be made 
with the Admiralty charts of 1830, 1856, 1888 and 1952, and these, 
together with the Ordnance Survey maps, enable major changes in the 
Pendme dunes to be assessed with some accuracy.  In 120 years the 
average depth of the dunes has increased by approximately 100 yards. 

The outlet of the Watchett Pill onto the beach has moved approxi- 
mately 1300 yards eastward, due to the eastward growth of the dunes. 
During the same period the channels of the rivers Taf and Towy have 
tended to move eastward, the Gwendraeth inlet has largely silted up, 
and there has been a general accretion on the west side of the 
Towyn Burrows sand dunes, between Kidwelly and Burry Port. 

Between 1800 and 1830 the Pendme Marshes were reclaimed for 
agriculture by installing drainage and by the construction of earth 
banks on the Taf estuary.   In 1940 the marsh area was acquired by 
the Government for an Experimental Establishment, and the site is 
now controlled by the Ministry of Defence. 

Morphology 

Fig. 1 reproduces the Admiralty chart of 1830.  Fig. 2 shows the 
1830 dune line transferred to the 1950 Ordnance Survey 2%" to 1 mile 
map, together with the location of four protective stone mounds at 
intervals along the six mile dune front.  Fig. 3 shows Pendme 
sands in relation to the whole of Carmarthen Bay. 

The half-heart shape of Saundersfoot Bay is a text-book example 
of a stable sedimentary coastline shape, as described by Silvester 
m a paper published in 1962.   At present Saundersfoot Bay (sand) 
and Marros Bay (shingle) appear to be relatively stable, while parts 
of Pendme sands, Laugharne sands, the Gwendraeth estuary and 
Pembrey sands all show evidence of accretion.  There is insufficient 
data at present to establish whether there are three (or four) half- 
heart shapes evolving or whether Carmarthen Bay will eventually 
stabilise on a single macro-half-heart system.  The research 
carried out by Yasso , published in 1965, suggests that the mathe- 
matical form of such a coast when in equilibrium is a logarithmic 
spiral.  He obtained reasonably accurate fitting, using an IBM 7000 
computer programmed to generate a best-fitting log-spiral to each 
shoreline curve surveyed.  With all log-spiral fits, however, 
there comes a point where the spiral deviates away from the coast 
and into the ocean.  It seems possible that a cubic parabola may 
hold the key to this problem, but this hypothesis has yet to be 
tested. 
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Present Conditions 

The prevailing wind is from the S.W., and there is considerable 
movement of sand, both sea- and air-borne.  High water spring tide 
mark is normally about 20 to 30 feet seaward from the toe of the 
dunes.   Records of beach levels are few, and insufficient data are 
available to establish whether there is any seasonal pattern of 
beach movement.  While most of the Establishment's buildings are 
sited inland from the dunes, certain installations are built on the 
dune edge.  In the autumn of 1961, a combination of high tides and 
S.W. gales caused some erosion at the toe of the dunes, which was 
sufficient to endanger the stability of these installations.   At 
one site a stepped mass concrete wall was built on the dune face 
as a protective measure. Completed in March 1962, this work in 
fact aggravated the problem.  Some undercutting of the beach in 
the centre of the wall resulted, together with further dune erosion 
at the ends, thus endangering both the wall and the installation 
behind it.   An alternative method of protection was urgently 
required.   A novel system, using a pervious random rock-fill mound 
and sand trap, was designed in order to make the best use of local 
materials and physical conditions. 

THEORETICAL OPERATION OF THE MOUND AND SAND TRAP 

Hypothesis 

Under normal conditions, high spring tides do not reach the toe 
of the dunes.  If, therefore, a pervious rock-fill mound was set 
up 20 feet from the toe of the dunes, such tides would reach the 
edge of the seaward face of the mound.  Wave action would be 
checked, and this would result in sand deposition in the voids of 
the mound and subsequently on the beach in front, thus raising the 
beach and steepening its gradient.   At the same time wind-blown 
sand would be checked at the returned ends of the mound, and this 
sand would be trapped in the area enclosed between the mound and 
the toe of the dunes.  A combination of S.W. gales and high tides 
might result in some overtopping of the mound, but the mound would 
have to be breached before any damage could be inflicted on dunes 
so protected. 

Application 

The foregoing was applied in the protection of the mass concrete 
wall, and also of sections of unprotected dune.  The rock-fill 
mounds were of triangular cross-section 4' 6" high, with the seaward 
face sloped at 1 : 5 and the inner face at 1 : 1 (Fig. 4).  The 
mounds were built of random limestone "as blown", varying in size 
from 2 feet down to 6 inches.  The rock was placed on a base of 
Somerfelt Track (a temporary airfield surfacing of galvanized wire 
and steel flats), the mounds being sited with the inner toe of the 
mound 20 feet from the toe of the dunes.  The ends of the mounds 
were returned back at 45° to join the dunes.  Three sites were 
protected in this way during the summer of 1962, and an additional 
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Fig.4.   Stone mound, August 1962 

Fig.5.   Ice/Sand barrier, March 1963 
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site in 1966.   (Sites 1, 2, 3 and 4 in Fig. 2). 

Confirmation of the Mound Theory 

From January to March 1963 there was continuous snow and frost 
at Pendine.  This produced a build-up of an ice and sand barrier, 
12 inches to 15 inches thick and of varying width, sited at mean 
high water mark (Fig. 5).  The effect of this barrier was to cause 
sand to accrete between it and the toe of the dunes along the whole 
length of the beach, thus providing a reasonable confirmation of the 
theory of mound design.   With the melting of the ice, this sand 
accretion was dispersed. 

Operational Experience 

Over the past seven years the mounds and sand traps have operated 
in accordance with their design concept.  The voids have filled 
with sand, as also have the sand traps between the mounds and the 
dunes.  The mounds have proved exceptionally stable.  The slopes 
of the dunes so protected have flattened to between 20° and 30°, 
compared with the 35° to 37° slopes of the unprotected dunes. 
Natural growth of vegetation is much stronger on the surface of the 
protected dunes than on the unprotected, and this, in its turn 
facilitates further sand accretion.   (Fig. 6).  No planting has 
been carried out.  The pioneer self-sown vegetation consists mainly 
of Sand Couch (Agropyron Junceiforme), Marram Grass (Ammophila 
Arenaria) and Sea Spurge (Euphorbia Poralias). 

Some local erosion occurs at the junctions of the returned ends 
of the mounds with the dunes (Fig. 7) and similar erosion occurs at 
places where vehicle slipways cut through the dunes and 30m the 
beach.  In May 1968 work was carried out to try the effect of lower 
mounds, of similar construction and shape, but 18 inches high only. 
These were sited so as to extend the ends of existing mounds by 
50 feet, parallel to the dunes.   The ends of these extensions were 
not returned back at 45° into the dunes, but were gradually reduced 
in height. 

It is too early to predict how these low mounds will behave 
under a combination of gales and high tides.  However, four months 
after their construction, there was already an appreciable build-up 
of sand between the mound and the toe of the dunes.  Terminal 
erosion appears to have been halted, and, in fact, reversed. 

Fig. 8 shows the application of a short low mound at Site No. 3. 

Immediately behind the crest of the dunes between the east end 
of Site 3 and the Central Slipway there is a roadway, the stability 
of which was becoming endangered by dune erosion.  Placing 
additional stone on the dune face and at the junction of the slipway 
with the dunes did not remedy the condition.  Erosion has now been 
checked and the accretion of sand facilitated by the construction of 
a low stone mound, 20 feet from the toe of the dunes and running 
from the Site 3 mound to the Central Slipway  (Figs. 9 and 10). 
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Fig.6.   Sand accretion in sand trap, October 1967 

M 

Fig.7.  Erosion of dune at returned end of mound 
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Fig.8.   Short low mound extension. Site 3, September 1968 
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Fig.9.   Low mound between Site 3 and Central Slipway, 

September 1968 
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Fig.10.   Low mound looking eastward to Central Slipway, 
September 1968 
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Fig.11.  Low mound extended beyond slipway, September 1968 
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The effect of continuing the low mound for 50 feet on the east side 
of the Central Slipway is shown in Fig. 11, when the beach has 
started to build up on the seaward face of the mound and also between 
the mound and the dune face. 

Over the 7-year period since the original mounds were constructed, 
they have shown no tendency to settle into the sand or to disperse 
when over-topping has taken place.  Where over-topping has 
occurred, some sand has been washed out of the sand traps, leaving 
behind a swallow-hole formation.  However this has subsequently 
filled up with additional trapped sand. 

So far, the works described have required no maintenance whatso- 
ever, and, as regards the effects of overtopping, can be said to 
be self-maintaining.  While the  efficacy  of the low mounds has 
yet to be proved over an extended period, the high mounds and sand 
traps have adequately fulfilled their local purpose of "controlling 
one of the great sources of power in Nature for the use and 
convenience of Man". 
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CHAPTER 46 

DUNE EROSION DURING STORM CONDITIONS 

Edelman, T. Ir. Coastal Research Department of Rijkswaterstaat, 
The Hague, Netherlands 

INTRODUCTION 

Since in the Netherlands large areas of low lands are protected agaxnst 
the sea by coastal dunes only, it is very important to know how far, 
during a storm surge, the erosion of these dunes will proceed. In order to 
obtain an answer to this question, the cross-section of the coast has been 
studied. 

The shape of the cross-section of a sandy coast is mainly caused by 
displacements of sand perpendicular to the coast-line. Obviously this 
transport is mainly caused by waves. Since our knowledge of the very intri- 
cate physical processes, governing the sand transport by waves is, even 
now, still very incomplete, we can, perhaps, obtain an insight into the 
behaviour of a sandy coast, if we start from some rather simplified basic 
assumptions which are roughly in accordance with observations in nature. 

SIMPLIFYING ASSUMPTIONS 

a) The quantity of sand: q , transported by waves may be: 

2 
qw = 

K£f£> J  
,„  , 27TZ.2 
(Sinh —=—) 

in which K is a constant, depending on the nature of the transported 
material only, h is the wave-height, I is the wave-length and z is the 
water-depth. In the neighbourhood of the coast the value of the quotient 

—-— will mostly be rather small; thus it is allowed to replace Sinh —— 
2JTz 

by: from which the formula takes the simple form: 

2 h 
(1) 

b) It is further assumed, that h and L are independent of z and that 
q does not include the sand transported in suspension; the latter will be 
neglected in this paper. 
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c) The waves try to bring the sand up against the slope of the shore; 
gravity tries to move it slope-downward. This counteracting influence of 
the slope is put into account as a slope-transport: q that is assumed to 
be proportional to the steepness of the slope:      s 

«.-*8     (2) 

d) Within the breaker-zone the wave-height will never surpass the value: 
0,78 z; thus h 3 0,78 x   (3) 

OBSERVATIONS IN NATURE UNDER NORMAL WEATHER CONDITIONS 

a) Along the dutch coast it has been observed, that under normal 
weather conditions the cross-section of the beach is a straight line from 
the highwater-level to some distance below the lowwater-level. Nearly 
always the slope of this straight line has the same main value, depending, 
as it seems, only on the nature of the sand. This steepness varies along 
the dutch coast from 1:40 in the South, to 1:60 in the North-East. 

b) Under normal weather conditions the waves within the breaker-zone 
are propagating through this zone in the shape of a spilling breaker. The 
breaker comes into being at a depth z - 1,3 h and runs as a foaming wall 
through the whole breaker-zone towards the water-line, decreasing gradual- 
ly in height. 

If we assume, that in a spilling breaker everywhere h, = 0,78 z, it 
follows from equation (1), that in the breaker-zone qw has everywhere the 
same value. The straight line indicates, that also AS. is a constant; thus 
qs has, everywhere in this part of the breaker-zone, the same value. 
Therefore, this straight line must be an equilibrium profile. The length 
of this straight line depends on the wave height; its steepness is unde- 
pendent of the wave height off-shore. 

OBSERVATIONS DURING AND AFTER STORMS 

a) During a heavy storm we observe that the breaker-zone is much 
broader than under normal weather conditions. At the seaward end of the 
breaker-zone we observe plunging breakers, while in the region nearer to 
the beach spilling breakers are dominant. 

b) If the storm surge level is higher than the existing dune-foot, we 
observe that the outer parts of the dunes erode and that whole quantities 
of sand disappear into the boiling sea. 

c) After the storm, we see that a new dune-foot has established itself 
on a level, which lies a little bit lower than the highest level reached 
by the sea. Between this new dune-foot and the normal lowwater-line the 
cross-section of the beach is a straight line under the same slope as 
originates under normal weather conditions on the wet beach (equilibrium 
profile). 

CONCLUSIONS 

If we consider the fact, that at the seaward end of the breaker-zone 
the quantity of sand, transported by the waves from off-shore reaches its 
maximum, and that in this region the transport capacity of the waves will 
strongly decrease in the, even there occurring plunging breakers, (which 
means that the greater part of the landward transported sand will preci- 
pitate here) it seems to be obvious, that a seaward transport of the 
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eroded dune-sand beyond the breaker-zone is not likely to occur. We may 
assume, therefore, that the whole quantity of sand, eroded from the dunes, 
will precipitate within the breaker-zone proper. If we assume, further, 
that this sand is spread-out equally over the whole breaker-zone, we are 
able to estimate rather exactly the spot where the new dune-foot after a 
storm will come into existence. We have to know, however: 1) the profile 
of beach and dunes before the storm; 2) the equilibrium slope of the wet 
beach m the considered coastal area; 3) the highest storm-surge-level; 
4) the wave height during the storm. A determination of the place of the 
new dune foot is very easily done by a graphical construction (fig. 1); 
we have only to shift the straight line AB so long till both the hatched 
surfaces are equal. 

However, if we want to investigate in a more general way the influence 
of the height of the dunes (H), or the influence of the wave height (h), 
on the erosion of the dunes (the distance "d" in fig. 1), we can better 
start from a simplified original profile (fig. 2) and make a real calcu- 
lation. The results of such a calculation have been plotted m fig. 3 
which shows how "d" depends on H in the case that the storm-surge-level 
lies 5.20 m above mean sea level, the original dune-foot lies 3.80 m above 
mean sea level, the waveheight off-shore h = 10 m and the equilibrium 
slope is 1:50. In fig. 4 has been plotted how the dune erosion depends on 
the height p of the storm-surge-level and the dune height H, assuming that 
the wave height h = 1.5 p. 

It can easily be seen, that high dunes give a certain amount of safety; 
this trend has been found in nature as well as m laboratory tests. It 
must be pointed out, however, that such a prediction holds good only if we 
are dealing with a "normal" beach. If, for instance, a channel exists in 
the fore-shore, that can swallow up the whole quantity of sand eroded from 
the dunes, a high dune produces no extra safety at all. 
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Abstract 

Experimental investigations  on the  depositional behavior of suspen- 
sions  of  fine  cohesive sediments  in  turbulent  flows have been  conducted in 
a special laboratory apparatus.    This  apparatus  consists essentially of an 
annular channel containing the water-sediment mixture,  and an annular ring 
positioned within the channel and in contact with the water surface.    A 
turbulent shear flow is generated by a simultaneous  rotation of the channel 
and ring in opposite directions  at  the proper relative speeds to minimize 
secondary currents  in the bottom of the channel,  so that the sediment depos- 
its uniformly. 

The first reported results indicated that after a short period of 
rapid deposition the suspended sediment concentration approaches  a constant 

C 
value, known as the "equilibrium" concentration,  C  .  The ratio —-*- , 

eq C 
o 

where     C      is the initial  concentration,  is  constant   for  constant  flow con- 
ditions,  and independent of    C    .    It was  found to depend very strongly on 
the average shear stress    T        over the channel perimeter. 

The following are the more recent results of the  continuing investi- 
gations . 

The shear stress    T,     on the  channel bottom has been found to be 
approximately uniform for    flows  for which  the sediment deposits uniformly. 
This  stress was  also  found to be  a power  function of    T       .     This  suggests 

C 
that    T      controls    —**•    ,  i.e.,  the percentage of the initial sediment which 

o 
eventually deposits.    There exists  a well-defined minimum bottom shear 
stress,    T , below which essentially no sediment stays  in suspension, 

min 
C 

The ratio    -x^   is  related to the difference    T,   - T, by a logarithmic- 
o min 
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normal law, whose geometric standard deviation and geometric mean are 
expected to be  functions of the physical and chemical properties of the 
sediment and the water quality. 

Limited time-deposition data indicated that the relative concentra- 
C    - C(t) 

tion    C'  =    p—^-j;     , where    C(t)    is the instantaneous  concentration, 
o        eq 

varies in proportion to the logarithm of time    t  ,  and to the logarithm of 

the C . The rate of deposition, there, -r- varies in inverse proportion 

to t , and in proportion to C . These conclusions are valid within lim- 

ited time and concentration intervals. 

INTRODUCTION 

The depositional behavior of fine cohesive sediments in turbulent 
flows  controls the shoaling process in estuarial channels.    These sediments 
are predominently composed of silt and clay ranging in size from a small 
fraction of one micron up to 50 microns.    Although they may be abundant in 
rivers as suspended sediment,  they are not normally encountered in the bed 
of alluvial channels, but are transported as wash load  (2),  and generally 
deposit in areas of very low velocities such as estuaries  and reservoirs. 
Because of their small size and their large specific area  (surface area per 
unit volume),  the behavior of these particles in a flow field is  controlled 
by a variety of interparticle forces.     Some of these forces  are attractive, 
such as the van der Waals atomic forces,  and,  others are repulsive,  such as 
the surface ionic forces due to charge deficiency of either surface molecules 
or adsorbed ions.    The net effect of these interparticle forces may be repul- 
sion or attraction.     In the first case the smaller particles   (smaller than 
about one micron)  may stay in suspension even in quiescent water for an 
extremely long period of time,  due to Brownian motion.    In fact, even very 
slight agitations  can be adequate to prevent settling of the heavier parti- 
cles.     In the second case particles  tend to  cling together and form agglom- 
erations known as floes.    Their size and settling velocities may become 
several orders of magnitude higher than those of the individual particles. 
This phenomenon, greatly enhanced by dissolved salts,  is known as  flocula- 
tion and is  the cause,under proper hydraulic conditions, of rapid deposition 
of fine suspended sediment in estuaries. 

A rational approach to the control of shoaling in estuarial waters, 
generally due to predominantly fine sediments  (2),  requires a good under- 
standing of the behavior of this  type of sediment in a flow field.    More 
specifically,  the important flow parameters and soil properties which con- 
trol the initiation and rates of deposition need to be investigated,  and 
quantitative functional relationships between these variables need to be 
determined. 

The present phase of the investigation described here is  concerned 
with the role of flow parameters. 
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SUMMARY OF THE FIRST RESULTS 

Fig. 1 shows a picture of the experimental apparatus used.  It con- 
sists of an annular channel with external and internal diameters of 28-3/8 
and 36 inches respectively and with a depth of 12 inches. An annular ring 
of slightly smaller width than that of the channel is positioned within the 
channel and can be adjusted vertically to contact the water surface in the 
channel. A turbulent flow field is generated by rotating the channel and 
ring m opposite directions. The ring supports ate instrumented so that 
the total tangential shear stress on the ring (and thus on the water surface) 
can be measured. The relative speeds of channel and ring have been adjusted 
to minimize the effects of secondary currents on the bottom, so that the 
sediment deposits almost uniformly across the channel.  The details of the 
equipment are described in (3,6). For depths between 8 cm and 16 cm the 
average shear stress in the ring varies in proportion to  (Aw)2 , where Aw 
is relative angular velocity between the channel and ring, and is independ- 
ent of the depth. This shear stress, T  , is given by the equation 

T  = 4.65 x 10"5 (AOJ)
2 (1) 

where    T      is given in psf and    Aoo    in rpm.    The first experiments with 

kaolinite clay-silt suspensions  (1,3,6)   revealed the following important 
depositional characteristics: 

1. For given geometry, sediment,  and flow conditions,  the suspended 
sediment  concentration eventually reaches a constant value, herein 
called "equilibrium concentration",    C eq 

2. The ratio of the equilibrium concentration to the initial concen- 
C 

tration    C    ,  i.e. ,    -p-*- ,  is independent of    C    , but depends 
o 

strongly on flow conditions,  sediment properties, water chemistry 
and channel geometry.    Hence each flow can maintain in suspension 
a constant fraction of a particular sediment. 

3. For the three different depths used the ratio    -p^-    appears  to be 
o 

very strongly  controlled by the average shear stress,    T ,    , 

around the channel boundary, provided that  the speed of the chan- 
nel and ring are so adjusted that the sediment deposits uniformly. 
T .     was  determined by considering the torque of all the shear 

stress  about the axis of rotation and using eq.   1.     It is given 
by the following expression 

T.     =    4.65 x 10"5 -iMl (2) 
C 1 + 2c 

b 

where    d    is the depth and    b    the width of the channel. 
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Fig.   1      Experimental Apparatus 
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Ceq 4. -p3-   varies  for different combinations of speeds other than those 
o 

corresponding to uniform deposition even if    Aw    remains  constant. 
Hence the secondary currents generated by the rotational motion 
have  a significant effect  on the equilibrium concentrations  and 
the rate of deposition. 

5. A size analysis of a sample of suspended material obtained at 
equilibrium concentration showed that  the sediment contained the 
entire grain size range of the original material although in the 
average it was somewhat finer.    This  confirms  the fact that the 
interparticle physico-chemical forces  are far more important as  a 
settling agent than the individual particle size and it suggests 
that there is no strong correlation between these forces  and 
particle size. 

RECENT EXPERIMENTAL RESULTS 

1.    Equilibrium Concentrations 

The shear stress at the bottom of the channel measured by a Preston 
tube (in clear water) was found to be almost uniform across the channel as 
long as  the deposition was uniform.     Therefore the shear stress    T       at the 

centerline of the channel was  considered as  a good measure of the average 
bottom shear stress    T,    . 

D 

The quantity P  = —^—<-j    ,   called "shear stress parameter", was 
1 + 4 D 

shown to be proportional to  the average shear stress,    T ,      , over the chan- 

nel boundary,  and therefore,  according to the earlier results,  controls the 
C 

relative equilibrium concentration    -p-*- . 
o 

The shear stress at the centerline of the channel, T «s T. , was 
o   b 

plotted versus the shear stress parameter on logarithmic paper, as shown in 
Fig. 2.  The plot may be approximated by a straight line corresponding to 
the empirical expression 

-s (Am)2 
Tb 4.20 x 10 l + 2f 

(3) 

or,   combining eqs.   2 and 3, 

Tb    "    (-903 Tch>K2° (4) 

All shear stresses  are in psf and    Aw    is in rpm. 
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Hence it can be said that the bottom shear stress appears to be the 
important flow variable which controls deposition.  There exists a minimum 
value of the shear stress parameter, P    , below which C  = 0 .  The r u . eq C min n 

ratio —^- is shown plotted in Fig. 3 versus the difference AP = P - P 
C WWW. ^o min 

in a logarithmic normal graph.    It is seen that over a wide range of    AP 

and   —-*-    the points  can be fitted very closely by a straight line described 

by  the equation 

C 
o 3.085/? 

exp 
'log AP    - log M^ 

(5) 

where    M    is  the geometric mean and    a      is the geometric standard deviation 

of    AP M    and    a      are expected to be  functions of the physico-chemical 
w g 

properties  of the sediment  and of the water.    For the kaolinite clay used 
and distilled water,    P 

Therefore eq.   5 becomes 

=    65(rpm)' 

3.085v 

or combining eq.   3 and 6 

exp t - -r 

M 

log' 

58(rpm)2     and    a 

/        (AID) '' 

.58(1 + 2p 

9.52 

g 
3.085 

1.120! 

(6) 

3.085^ 
exp i - 

19.04 
1        log2  410 T^63" - 1.120 

J   (7) 

The  dependence of  the relative equilibrium concentration  can be explained 
in the following way. 

As stated in the introduction,  under certain conditions  there exist 
net attractive forces between the particles.    As  a result, particles may 
cling  to each other,  forming floes.    When the floes grow large enough they 
start settling towards  the bottom of the channel,  a region of high velocity 
gradients.     In that region the floes  are subjected to the highest  disruptive 
stresses.     These stresses  are generated by  the velocity difference at two 
extreme points of the floe,  and by the collision with other particles. 

The net interparticle attractive  forces vary m intensity.    In the 
process of particle  collision and floculation some particles will be attrac- 
ted  to each other with stronger bonds  than others.     Hence,   the  average shear 
strength of the floes,  or their resistance to the high boundary disruptive 
stresses, will vary over a wide range.     The floes with high enough bonds 
will eventually reach the bed and will become part of it.     The floes with 
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weaker bonds will be disrupted and reentrained without reaching the stage of 
developing permanent bonds with the bed. This study and previous investiga- 
tions (5,8) have clearly shown that the bed shear stresses for the initia- 
tion of erosion of deposited floes are considerably higher than the shear 
stresses for which the same type of sediment deposits. The reason, or at 
least one of the reasons, for this phenomenon is the property of thixotropy, 
i.e., the gradual increase of the interparticle bonds with time. Hence, the 
bonds of a deposited floe, as well as its bonds with the bed will increase 
after deposition considerably above the flow induced shear stresses. 

C 
Therefore, the relative equilibrium concentration, —-*• represents 

o 
in fact the percentage of fine particles which can form floes with suffi- 
ciently strong bonds to resist the flow induced disruptive shear stress near 
the bed.  The remaining particles in suspension will never be able to form 
such floes. 

At this point a note seems appropriate about the nature of the equi- 
librium concentration of fine sediment suspensions in contrast to that of 
coarse sediment.  In the latter case and as long as the sediment falls in 
the category of bed material load (2) , a simultaneous entramment and depo- 
sition of particles of a given size occurs. The concentration of such par- 
ticles in suspension reaches a constant value when the number of particles 
eroded per unit bed area and unit time is equal to the number of particles 
deposited per unit area and unit time. At this point it is said that the 
sediment transport capacity of a given flow for a particular sediment size 
is saturated. 

In the case of fine sediments no such flow saturation exists. If 
deposited fine particles and floes could be simultaneously deposited and 
resuspended, then the rate of their reentrainment should be constant for 
given flow. However, the rate of deposition does increase with concentration. 
Hence increasing the overall initial concentration C  would resuLt in an 

increase of the deposition rate without increasing the erosion rate. As a 
result the suspended sediment concentration would reduce to the point when 
the deposition rate would be made equal to the constant erosion rate; that 
is the C   should then be independent of the initial concentration C eq o 

Another series of experiments was performed to test the validity of 
the hypothesis that no exchange between the bed and the suspension occurs 
after the equilibrium concentration has been reached. A suspension of 1835 
gm/liter was allowed to deposit to an equilibrium concentration of 983 ppm, 

C 
giving   -p.   =    0.535  .    After equilibrium,  the channel was slowly  flushed, 

0 o 
by simultaneously  (and slowly,  as not to disturb the bed)  draining the sus- 
pension and replenishing the tank with clear water at the same rate, while 
maintaining the  channel and ring speeds.     If no resuspension occurs,  the 
concentration in  the channel  should decrease according to 

C(t)=C      e , where    Q    is the flushing rate and    V    is the volume 



Calculated C(t) Measured CCt) 
ppm ppm 

983 983 
796 800 
644 650 
520 500 
420 400 
341 300 
275 300 
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of water in the tank.    Measurements  of suspended sediment concentration 
during the flushing process,  given in Table I,  show this to be the case. 

Table I 

Suspended Sediment Concentrations vs. Time 

t 
min 

0 
10 
20 
30 
40 
50 
60 

The flushing was  continued until a concentration of 200 ppm in sus- 
pension was  reached, when flushing ceased.     The channel was still rotating 
at the same speed,  and samples of suspension taken some time later showed 
no further change in concentration,  indicating that the bed was not eroding. 

Next,  the channel was stopped,  and the water agitated with an elec- 
tric mixer to resuspend the bed, yielding a "second initial concentration", 
C'   ,  of 945 ppm.    After sampling,  the channel was set running at the same 

speed as before,  until again equilibrium was  reached,  at a "second equilib- 
Ce rium concentration",     C'       of 340 ppm,   for a ratio of    -§?•   of 0.36. eq vv C<o 

It is instructive to account for the quantities of sediment involved 
in the processes outlined above.    Based on a tank volume of 19.9 liters,  the 
weights  can be calculated from the concentrations as  follows:     The initial 
dose was 36.5 g of clay.    At the first equilibrium,   19.6 g was still in 
suspension;  thus 16.9 g had deposited.    After flushing to 200 ppm,  4.0 g was 
left in suspension.    When the bed was  resuspended, however,  only 18.8 g was 
in the tank,  compared with 16.9 + 4.0 = 20.9 g;  this  indicates that  2.1 g 
of bed material was eroded during the  flushing process.     The fact that the 
concentration didn't change after the flushing stopped, however,  suggests 
that  this erosion may have been due  to the disturbance of the flushing pro- 
cess.    After the second settling period, 6.8 g was left in suspension, with 
12.0 g deposited. 

C C 
The difference between    -£&• (0.535)   and    -gi1 (0.36)  suggest that in 

o o 
the flushing process, much of the clay unable to settle was removed; how- 
ever, some must have been entrained in the bed, or the bed-forming floes, 
since if all the material that had settled initially (16.9 g), (less that 
eroded during flushing,  2.1 g) had settled again,  the value of 
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c' 
-|3-   would have been    18'f "Q

14'8    =    0.21    instead of 0.36.     Alternately, 
o 

the intense agitation used in the resuspension of the bed may have disrupted 
the floes sufficiently to alter their ability to settle. 

II.     Deposition Rates 

The deposition rates were also studied on the basis of limited time- 
concentration data.     Therefore the presented conclusions should be consid- 
ered as tentative.    Two approaches were used:    In the first approach the 
instantaneous suspended sediment concentration,     C(t)   , was plotted versus 
the  time,     t  ,  in minutes,  on logarithmic paper.    Fig.  4 shows  the plot for 
the 8 cm.  depth.     It is seen that the data falls on straight lines of vari- 
ous slopes.    These lines become abruptly horizontal when the point of equi- 
librium concentration is reached.     The data for the 12 cm.  and 16  cm.   cases 
give similar plots  (1).     The equation describing the time deposition rela- 
tion is of the form: 

C(t)    =    l^t01 (8) 

where    a    is  the slope of the lines in Fig.   4 and    K.     is  a reference con- 

centration value which may be obtained for any arbitrary reference  time, 
t    .     Since eq.   8 is  dimensional,  it is valid for    C    in ppm and    t    in 

minutes.    Moreover,  all the curves were obtained for an initial concentra- 
tion    C      -    8,020 ppm. 

Fig.  5 shows  a plot of concentration-time data for constant speed, 
16  cm.  depth and variable initial concentration    C    .    The points again plot 

very nearly on straight and parallel lines.     So do similar data for the 8 
cm.   depth case.    It may be concluded,   therefore,  that the exponent    a    is 
constant for constant flow conditions and independent  for the suspended sed- 
iment concentration. 

The various values of    a   were next plotted versus the shear stress 

parameter,    P      =    —^—^-r    on a logarithmic paper (Fig.  6).    It is seen that 
1 + 2b 

the points  are  concentrated near a straight  line which indicates  a strong 
correlation of    a   with    P      and,  therefore, with the bed shear stress, 

T,    .     This  relation has the form 

"    K2 
(AM)- 

1 + 2^ 
(9) 

From Fig.  6 it was  found that    3 = -2.21    and    K, = -9,760  . 

Introducing the value of    P      from equation  (3) we obtain: 

a   =    -2.14 x 10_lf T"
1
'

81
* (10) 
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The coefficient K.  can be expressed m terms of the concentration 

at 10 minutes, the time at which the first concentration sample was taken 
C10 Kl i.e., K.  = —=?—    .  A close correlation esixts between — and the shear 

1   (10)« o 
stress parameter as shown in Fig. 7. Hence equation (8) becomes 

-2.14 x 10"6 I"1"8* 
c(t) - co f(xb) t " (11) 

That is  at  any  time     t  ,   the instantaneous   concentration    C(t)     is  propor- 
tional to  the  initial  concentration    C      and a function of  time  and  the bed 

, o 
shear stress    T.    . 

b 
In the second approach the relative instantaneous  concentration 

C    -  C(t) 
C = •= 7,  , that is the fraction of C - C  , deposited at time t C    -  C o eq c 

o eq 
after  the beginning  of deposition, was plotted versus  log  t   (Fig.   8)   for a 
depth of 16  cm.  and    T    = 0.0020 psf.     The plot gives a set of almost paral- 

lel straight lines  corresponding to  various  initial concentrations.     The 
extrapolated values  of    C     at     t »  10 min.  plotted versus  log  C      give 

another straight  line  (Fig.   9).     From Figs.   8  and 9  the  following equation 
is obtained: „    _ ,,(T\ 

C'    =    7^ F    -    -0.592 + 0.135  log C    + 0.455  log t 
o " Ceq ° (12) 

The same plot of data for constant    C      but varying speeds  for depths  8 cm. 

and  16   cm.   indicated a rather wide  scattering but no  correlation with    T,    . 

The  average  lines  through  these points  are shown in Fig.   8.     They  also have 
a slope of  0.455.     However,   the  other  constants, which  depend also  on the 
water  chemistry,   differ.     These  last  data were  from experiments with  tap 
water,  whereas  the ones  eq.   12 are based upon, were  from tests with  dis- 
tilled water. 

The  rate of  deposition is  given by: 

isM . _ 0428 c i _ O 3 
C dt t Co eq ' where    —•*-   is  a function of the bed shear stress  according to eq.   7. 

o 
Hence both approaches give a deposition rate proportional  to  the 

initial  concentration,     C       and to a  function  of  time  and the bed shear o 
stress. 

All  time-deposition equations  are based on  data between    t =  10     and 
300 minutes.     The lowest measured values  of     C'    were  of  the  order of 0.5. 
More  detailed investigations  are needed m  this  direction. 
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SUMMARY AND CONCLUSIONS 

The recent experiments with kaolinite clay suspensions in the ro- 
tating annular channel revealed the following new important depositional 
characteristics of  fine sediments in turbulent  flows. 

1. The shear stress at the bottom of the channel was  found to be 
almost uniform across  the  channel as long as  the deposition was 
uniform.    Hence by a proper regulation of the speeds of the chan- 
nel and the ring a two-dimensional flow can be well approximated. 

2. For  the experimental range of the channel depth,   the average 
bed shear stress    T,     is very nearly proportional to  the    T1'20   • 

It may be concluded,  therefore,  that  this bottom shear stress is 
the variable controlling the relative equilibrium concentration, 
C 
_ecL 

C      ' 
o 

3. The relative equilibrium concentration is  related to the shear 

stress parameter   —*—*-r    and to the bed shear stress    T      by 
1 + 2| 

log-normal relations given by equations  (5)  and (7).    A qualita- 
tive argument as to why  the bed shear stress is  the controlling 
variable has been discussed. 

4. Slow and gradual flushing of the suspended sediment at equilib- 
rium confirmed the earlier deduced fact that after equilibrium 
has been achieved erosions and deposition of fine sediment cannot 
take place simultaneously.     The nature of the equilibrium con- 
centration of fine material in relation to that for coarse sedi- 
ment has been discussed. 

5. Limited time-concentration data revealed that  the instantaneous 
suspended sediment concentration and the deposition rates  depend 
on  the initial concentration and the bed shear stress. 
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CHAPTER 48 

MODELING OF STRUCTURES SUBJECTED TO WIND GENERATED WAVES 

by 

Erich J Plate* and John H Nath* 

ABSTRACT 

The difficulties inherent in the direct determination of loads on off-shore 
structures which are exposed simultaneously to wind and waves make it desirable 
to model each situation in the laboratory  It is shown here that scaling of the 
loads and the waves is possible by using waves which are generated by blowing air 
over the surface of a laboratory channel, and by choosing a model material with an 
appropriate modulus of elasticity  Wind-generated waves such as those measured m 
the wind water tunnel of Colorado State University have a dimensionless spectrum 
(Hidy and Plate (1965)) that is identical in shape to that found off the coast of 
Florida under hurricane conditions (Collins (1966))  Furthermore, it has been 
shown that hydro-elastic modeling is quite feasible (LeMehaute (1966))  These two 
results are combined to give modeling criteria for off-shore structures if direct 
wind forces are disregarded 

INTRODUCTION 

The increased use of off-shore structures for the exploration and exploitation 
of the oceans has created a demand for accurate design information on the load 
conditions to which the structures are subjected.  In contrast to most land based 
structures, the critical load conditions for an off-shore structure may be dynamic 
in nature and induced by the water surface waves, so that analytical design proce- 
dures may become very complicated except for simply shaped structural elements 

Present analytical procedures for determining the response even of simple 
structures to periodic waves are not exact  For example, it is customary to use 
the Morrison equation to determine the wave forces acting on a vertical cylmdei. 
In the Morrison equation, the inertia and drag coefficients must be determined 
experimentally  In some cases these coefficients can only be described statistically 
Furthermore, they may vary with depth, as has recently been demonstrated by Pierson 
and Holmes (1965) 

Under these circumstances it becomes desirable to study the dynamic behavior 
of a structure on a laboratory scale, which is quite feasible as will be shown m 
this paper.  LeMehaute (1966) has shown that hydro-elastic modeling can be accom- 
plished conveniently by using modern plastics for model construction  If it can be 
ascertained that the response of the structure is linear, then the modeling problem 
consists of requiring identical shapes of transfer functions in model and prototype 
obtained by the modeling transformation  The transfer function is then the quantity 
which needs to be determined from the experiment, and it can be found conveniently 
by exciting the model structure with a sequence of sine waves, and finding the 
response to each of them 

CER67-68EJP-JN68 

*Civil Engineering Department, Colorado State University 
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Most structural responses are nonlinear (although many are nearly linear), 
so that their transfer functions cannot be constructed by superposition.  In 
such cases laboratory experiments are the only alternatives to potentially extremely 
complex calculations, for which the model structure must be excited with a forcing 
function which is dynamically similar to the prototype forcing function.  In parti- 
cular, for structures excited by wind generated waves, the model wave spectrum must 
be dynamically similar to that of the prototype  Dynamic similarity of the spectrum 
does imply similarity of the shape of the spectra, as well as similarity of the 
energy contained m the spectra. ' 

The need for similarity in spectral shape has been realized for some time  Thus, 
Nath and Harleman (1967) produced a spectrum whose shape was similar to that of spectra 
found in parts of the Atlantic Ocean by Pierson and Moskowitz (1964). They used a 
wave generator for exciting model structures which was programmed to generate a quasi- 
random wave train with a spectrum of the desired shape. 

Wave trains produced by a wave generator have several features which differ 
from that of a wind generated wave pattern. A wave generator can only produce wave 
components which agree with the free modes of the water surface. That is, each of 
the wave components is sinusoidal in shape and travels independently of all other 
wave components  Thus, when a large wave is formed by the superposition of component 
sinusoidal waves that are momentarily in phase, although of different wave lengths, 
one finds that the life of the wave is fairly short. The large wave forms when 
the components are in phase, and then disappears as the components become out of 
phase due to the different component celerities.  In contrast to this, one finds 
that large wind generated waves at high wind speed are quite long-lived and are, 
therefore, not composed of independently traveling sinusoidal waves. Nor is their 
total shape sinusoidal  In Fig. 1 an example is shown of a significant wave which 
is found at a wind speed of approximately 10 m/sec  This wave has been obtained 
by averaging the highest 20 waves from a record of about 300 waves measured in a 
laboratory channel. The waves were superimposed m such a way that their highest 
points coincided on the time axis and the ordinate values were averaged. A confidence 
band given by the local standard deviations of the coordinate values about the mean 
is also shown. It is apparent that even though the wave travels as a whole, its 
shape is definitely not sinusoidal  Consequently, even though the spectrum of 
generator produced random waves might match that of wind generated waves, the shapes 
of the resulting individual waves are not exactly the same. Results obtained by 
this procedure are therefore subject to question, particularly if the dynamic 
response of the structure is nonlinear. 

A second, and possibly more important difference between a generator produced 
spectrum and a fully developed wind wave spectrum lies in the inability of the 
former to properly model the magnitudes of the spectral densities. Complete dynamic 
modeling requires that both wave lengths and amplitudes are modeled by the same 
scale factor  As shall be shown later, this condition requires that the dominant 
wave, which corresponds to the frequency at the peak in the spectrum for fully 
developed conditions, reaches its maximum possible amplitude.  It is doubtful that 
this condition can be met while maintaining the required spectral shape, because 
the variance of a wave spectrum driven by strong winds increases with fetch, while 
that of the paddle generated wave spectrum decreases, partly due to viscosity, and 
partly due to breaking when superposition of component waves increases wave amplitudes 
beyond their stability limit 

More suitable test conditions are obtained when wave trains are used, whose 
spectra, as well as shape and amplitudes of individual waves, resemble those of' wind 
generated waves, but on a smaller scale. Such wave trains are found in the laboratory 
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if air is blown over the surface of water standing in a channel.  In this paper, the 
application of wind generated waves to modeling of wave forces is discussed. Since 
the wind generated laboratory waves have fewer drawbacks than paddle generated waves, 
it would be advisable to use them to obtain the load conditions on model structures 
By this method one also obtains a means to evaluate the wind loads on the part of 
the structure above the water surface 

As shall be discussed in the first part of this paper, the spectrum of fully 
developed wind generated waves in a laboratory is similar in shape to that found 
for ocean waves, and it also yields a relationship between peak frequency and 
variance of the spectrum which is scaled by the Froude number in such a way that 
no change m scale between vertical and horizontal dimensions becomes necessary 
In the second part, considerations will be given to the modeling requirements of 
the structure  This will be discussed on the basis of simple linear structures, 
and it is shown that Cauchy number similarity is feasible together with Froude 
number similarity. 

The Similarity Spectrum of Wind Generated Waves 

The driving forces acting on the submerged portion of a dynamically loaded off- 
shore structure result from the wave field generated by the wind. They act in 
addition to the wind force on the superstructure  Even though this wave field 
usually appears random both in space and time, it is nevertheless possible to dis- 
tinguish, especially m the neighborhood of coasts, crests of waves which give the 
wave field an appearance of local two-dimensionality, with a predominant direction 
of progression perpendicular, or almost perpendicular, to the crest  For such a 
wave pattern, a laboratory analogue exists in the wind generated waves which are 
obtained when air is blown over the surface of the channel m which water is standing 
It seems possible that the majority of all wind driven ocean waves outside of a storm 
center consists basically of a dominant pattern of this kind  This would offer a 
logical explanation for the observation that one-dimensional wave spectra both in 
the laboratory and in oceans have an approximately equal shape. An illustration of 
this phenomenon is given in Fig 2a where a typical laboratory spectrum, obtained by 
Hidy and Plate (1965), is compared with a set of ocean wave spectra generated by 
strong off shore winds off the coast of Florida shortly after the passage of 
Hurricane Dora, in September 1964. The spectra were calculated by Collins (1966) 
The peak density of the larger ocean wave spectrum is 10,000 times larger than the 
peak density of the laboratory spectrum  Yet, the shapes do not differ significantly. 

The identical shape of the dimensionless spectra shall be explored here  A 
non-dimensional form of the spectral shape that is suitable for the purpose of this 
paper has been suggested by Hidy and Plate (1965)  Hidy and Plate (1965) recommended 
to non-dimensionalize the spectra by dividing the frequency axis by a        , which is 
the angular frequency at which the spectral peak <J>(w  ) is observed  The spectral 
density <K<o) was reduced so that the area under the non-dimensional spectrum 
S(u)/io  ) is equal to 1  This leads immediately to the requirement 

ci  ">     i     max  J.I   1 Ml S(- ) =   <Ku>) (1) 
max ,2 

where o2 is the variance of the water surface elevation. This non-dimensionalizing 
procedure is equally valid for ocean wave data, as was shown by Colonell (1966).  In 
Fig. 2b, the average curve of Hidy and Plate (1965) is given, which is representative 
for many different laboratory spectra. The similarity of this shape with that of 
Fig. 2a is noted  Also, it is seen that the high frequency end of the spectrum follows 
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approximately a a~      law, as predicted by Phillips (1958)  However, the -5 law 
seems to be only an approximation to the spectra at high frequencies  There is 
evidence that the exponent in the power law varies from about -7 near the spectral 
peak to -4 at higher frequencies. 

More significant than the high frequency behavior of the individual spectrum 
is the fact that all spectra obtained from ocean or laboratory are bounded at the 
high frequency end by a universal curve given by the equation of Phillips 

(f>0 ~ «>  ) = 1 05 10~2g+2uT5 (2) T l    max' s 

where g is the constant of gravity  This is shown in Fig. 3, which has been 
reproduced from Hess (1968). Phillips (1958) derived Eq. 2 by using dimensional 
analysis. Recently Plate, Chang and Hidy (1968) have provided arguments which 
deduce the -5 power law as an upper limit of spectral growth, independent of the 
shape of the individual spectrum, provided only that all spectra are similar  The 
-5 power law then becomes a law which relates peak spectral density <f (w  ) to 
a)     Since this law plays a key role in the modeling criteria to be developed, 
the derivation shall be outlined here 

The basic assumptions are 

a.  The spectrum has a sharp peak near a        , and can be described by the 
similarity shape of Fig 2b. According to Longuet-Higgms (1952) this implLes that 
the water surface undulations consist mainly of a train of waves of frequency o> 
whose amplitudes are subject to a random modulation. This model agrees well witn 
observations both of water surface elevation recordings and of wave spectra  The 
wave of frequency u    shall be called the dominant wave, whose height is denoted 
by H . max 

b   The maximum growth of the dominant wave component is limited by the 
acceleration of gravity such that 

a   = ag (3) 
max    s 

where a is the maximum acceleration of the surface of the dominant wave, and 
a is a number which is smaller than 1 It will be shown that a ~ 0.3 leads to 
an estimate which is consistent with the numerical factor of 0.0105 in Eq. 2. 

Longuet-Higgms (1952) has shown that a Gaussian wave record which satisfies 
condition (a) above has wave heights h which are Rayleigh distributed. Consequently, 
the mean value, H^"J , of the pN highest of N waves is a constant multiple of 
the mean wave height H , or 

HCP) 
~   = m (4) 
H 

where m is a constant.  Typical values of m are m = 1 42 for p ~  1/3 and 
m = 1.26 for p = 1/2. Thus, if each wave is basically sinusoidal, then the average 
vertical acceleration of the water particles at the peak of the highest pN dominant 
waves is found to be equal to 

a = I ^        H(P>  . (5) 
m   2  max 
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Fig. 3  A Comparison of Observed Wave Spectra with 
Geophysical Wave Spectra (from Hess, 1968) 
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Somewhat arbitrarily, it is.assumed that the significant acceleration is that of 
the significant wave IP   . For a wave record whose water surface elevation is 
Gaussian (which is approximately true both for the laboratory and the field), there 
exists the following relation between mean wave height and variance of the water 
surface elevation (Collins, 1966) 

8 a2    =    H2 (6) 

with .m = 1.42, the relationship between the acceleration of the significant wave 
H^     and the variance a2    of the wave record is found as 

a2 = 4 u    a2 (7) m      max 

But according to assumption Eq. 3, this is also equal to a2g2, so that 

(8) 
2 2 01 R 

.     4 4 a) max 

We can eliminate o2 in Eq. 1 and let a =  i»     It is then seen from Fig 2 that 
S(w  /io  ) = S(l) ~ 0 5 for a fully developed sea, and consequently max max' 

<K«  ) = -iL— 05= -i-f— (9) T^ max'  u        . 5 max max 

which is independent of the spectral shape except for the requirement of similarity. 
This result is now compared with Eq 2 where co is replaced with u>  . One obtains 

• (d)  ) = 1 05 10"2 g2 uf5 (10) v max' &      max l ' 

Consequently, one finds 

a = 0 29 (11) 

which is somewhat lower than the limiting vertical acceleration of the Stokes wave, 
where a = 0.5. 

The reasoning leading to Eq. 10 is of consequence for the purpose of modeling. 
When conducting a model study, it is naturally desirable to model the maximum forces 
that can occur  Waves with amplitudes exceeding that of the significant wave would 
presumably break, because their accelerations exceed the critical value ag   There- 
fore, waves at frequencies to > w    of larger amplitudes than that at m , max max cannot occur in an equilibrium spectrum described by the similarity shape ana by the 
relation between peak spectral density and the corresponding frequency expressed 
through Eq 10  If larger waves are to occur they must therefore be of lower 
frequencies. 

Equation 10 also implies that the waves that reach the limit of growth are 
subjected to continuous addition of energy through work done by the wind, so that 
the dominant wave remains at its maximum height. A spectrum of waves with a dominant 
wave consisting of swell from a far away, and perhaps long subsided storm, might still 
have the similarity shape of wind generated waves, but its maximum spectral density 
will be below that of Eq. 10. Consequently, the maximum possible spectral density 
for waves of frequency u    is given by Eq. 10, which therefore describes the 
envelope for all fully developed wave spectra. 
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Fully developed wave spectra are found in particular when wind of long 
duration is blowing, such as during hurricanes  An example is given by results 
of Collins (1966) which were obtained at two different times at two different off- 
shore fetches during an off-shore blowing wind.  In Table 1 the peaks of the spectra 
calculated from Eq. 10 are compared with the peaks obtained by Collins.  It is 
remarkable that the long fetch spectra are in exact agreement with Eq 10, while 
the lower fetch data are below the saturation value given by Eq 10  Many other 
data show the same behavior, as is evident from the data of Fig 3. 

TABLE 1.  PEAK AMPLITUDES OF HURRICANE DORA DATA 
(from Collins, 1966) 

*(f      ) T    max' <(>(f       )   =  2INK&I       ) max'          T v max 

^ase f       (Hz) max      ' 

(observed) 
m2-sec 

(f: com Eq    10) 
mz-sec 

AI 0.35 0.130 0 124 
All 0 45 0 018 0 034 
BI 0.23 1 05 1.00 
BII 0 27 0.2 0 45 

Remarks 

Sept. 9, 64 Fetch 11 miles 
Sept. 9, 64 Fetch 1.7 " 
Sept 10, 64 Fetch 11  " 
Sept.10, 64 Fetch 1.7 " 

We notice that the results of Eqs 
between variance, o2 , and u 

'    '     max 

2.1 10 
•2 2 -4 

max 

9 and 11 yield the important relationship 

(12) 

Equation 12 shows that the scale of the amplitudes of the wave which must also scale 
the square root of the variance of the spectrum fixes the scale of the frequencies, 
so that it is not possible to adjust the two scales independently.  If it is desired 
to model wave heights so that 

(o/L) = (o/L) 
m     'p 

(13) 

then it follows that the frequencies must be related like 

max p (14) 

Here, L is any characteristic length, the subscript m refers to the model, and 
the subscript p to the prototype. This condition is in accord with the require- 
ments imposed on the wave length \  .     If it is desired to have identical non- 
dimensional wave lengths, X/L , for model and prototype, then it would be 
necessary to set 

k 
(15) 

However, for gravity water waves, the frequency is related to the wave number, 
k = 2ir/X , by. 
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o>2 = g k tanh kh (16) 

where h is the depth, as defined in Fig 4, and thus 

u2    k    L    h 
_£. = JL = JL    = JL (17) 
„2 k     L     h 
a1- m    p    p 

m agreement with Eq 14. Consequently, the use of a fully developed wave spectrum 
in the laboratory for simulating a fully developed wave spectrum for prototype con- 
ditions results in identical scale ratios of both wave heights and wave lengths, if 
the spectra are related by Eq 14. The use of Eq. 14 thus leads to an undistorted 
geometrical scaling of the whole wave field This result establishes the advantage 
of using wind generated waves in the laboratory for modeling wind generated waves 
in the field 

It is interesting to note that modeling according to Eq. 14 implies Froude 
number scaling, i.e., 

u 
(18a) 

gLm    VeL p 

where u    is a wave related velocity such as c , or the wave induced at some 
reference depth.  For the latter, u     is proportional to am    for any frequency 
component and one obtains 

(19) 

If o is eliminated through Eq. 14, then Eq 17 follows  Consequently, Froude 
number modeling according to Eq 19, in conjunction with Eqs. 9 and 10, results 
in fully developed wind generated wave spectra in model and prototype which are 
geometrically similar with equal vertical and horizontal scales  Therefore, the 
model structures can be built to scale, and the complications which arise from 
distorted scales can be avoided.  It should be mentioned that the definition of 
a modeling Froude number according to Eq 19 is somewhat more stringent than is 
required for linear response of structures under the effect of a wave force. For 
such a system, the amplitude appears only in the load function and therefore need 
not be scaled properly because its effect can be included into the conversion 
factor which is used for calculating prototype response data from model data.  Then 
the Froude number is more suitably defined by 

(20) 

Since c  is independent of the vertical scale of the wave motion, this modeling 
criterion only suffices to satisfy Eq 15, but not Eq. 13. 
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x- Deflection 

Fig 4 Definition Sketch for Off-Shore Structure 

In applying Eq. 10 to laboratory modeling, it is required that some value of 
the height of the significant wave is known which can be expected under prototype 
conditions at the position where the structure is to be constructed. How this wave 
height can be found shall not be discussed here  If it is known, then the variance 
of the water surface follows from Eqs. 4 and 6, the peak frequency, co   , from 
Eqs. 8 and 11, and the spectral peak from Eqs 9 and 11. The spectrum can then be 
constructed with variance a2 , w   , and the similarity spectrum of Fig. 2. After 
choosing a suitable length scale,mtfie model spectrum can be obtained by reducing 
the variances of the water surface and the frequencies according to Eq. 14. It 
remains to show under what conditions it will be possible to obtain a scaled dynamic 
response of the structure. 

Modeling of Structures Subjected to Wave Forces 

When a linear structure is excited by a random dynamic load whose stationary 
spectrum is <frT (io) , it is well known that the deflection spectrum *„(» of a 
characteristic point on the structure can be expressed by 

K2 4(u0 HO) I2 *LC")) (21) 

where K is the spring constant of the support legs and H is a transfer function. 
Multiplication of the deflection spectrum by the square of the spring constant K 
of the support legs signifies that we assume the structure to be so stiff that 
deflections are within the range of validity of Hooke's law. Then the spring constant 
is a multiplier whose magnitude must be known.  It is to be chosen according to 
dynamic similarity of the structural response 

The function H(<o) of Eq. 20 is the transfer function of the structure which 
establishes the dynamic response of the structure under the effect of the load 
spectrum.  In our notation, it is a dimensionless function whose value at zero 
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frequency must be one, to correspond to the case of static loading.  The simplest 
structure, such as shown in Fig 4, consists of one or more cylindrical supports 
which are clamped to some degree into the ground and into the working platform. 
The transfer function of each of these cylinders is then given by that of a simple 
second order system 

| H(co)|2 =  2 z  (22) 

2 
2C ; 

Si 

which is valid for the dominant first vibrational mode, whose natural frequency is 
equal to u    The coefficient t,    is the relative damping factor  It is deter- 
mined almost completely by the internal structural damping, while the natural 
frequency is given to 

(23) 

where m is the mass of the load on the single cylinder, and K is the spring 
constant 

K = Y ^-P- Cl-3) (24) 
IT 

In this equation,  E is the modulus of elasticity,  I the moment of inertia, and 
L the length of the cylinders, as indicated in Fig 4  The clamping coefficient 
y    corrects for the possibility of rotation of cylinder top and bottom  When the 
cylinder is clamped into the ground, and into the platform (1 e., the cylinder is 
one leg of a multilegged structure) so that the joints cannot rotate then y  = 1 
A more flexible structure, resulting from only partial clamping in the ground or 
at the platform yields a smaller y  ,  while increased stiffness, as obtained for 
example by braces across the legs results in a larger value of y        Evidently, 
for more complex structures a simple correction of the single cylinder spring 
constant does not suffice, and a suitable elastic model may be the only feasible 
alternative  The coefficient 8 is the reduction factor due to vertical loads, 
l e., 

6 = ^ (25) 
1T2EI 

where W is the vertical load applied to the cylinder top  As long as  3 is 
significantly smaller than 1 , a vertical load can be used to tune the structure, 
so that its natural frequency assumes the desired value. 

For the multilegged structure as a whole, the transfer function is the same 
as that for the individual legs except for a modification factor which results 
from the time lag between the forces on different cylindrical legs. The phase 
shift may either lead to adding total forces on the structure or subtracting, and 
might even cancel depending on the distance between legs as related to wave length, 
and on the orientation of the structure  This effect has been discussed by Nath 
and Harleman (1968) 
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In a model study, the effects of structural complications and mtramodal 
coupling on the transfer function may possibly be determined experimentally 
We notice that for the transfer function to be modeled in the laboratory, it 
shall have to meet the following requirements 

1   Model and prototype must be geometrically similar, and must be scaled 
such that the length scales of the wave motion are identical to the 
scale of the geometry of the structure.  In this manner, interference 
effects due to loads on different individual legs and other structural 
elements are accounted for. 

2. Dimensionless (or relative) damping coefficients of model and prototype 
associated with each mode must be identical. This requirement is not 
met easily.  It is probably suitable to use a damping coefficient based 
on experience and correct the damping of the model structure by an 
external arrangement of dashpots 

3. The natural frequencies of model and prototype must be chosen such that 
ID/ID is identical in model and prototype This must be interpreted as 
requiring that the ratio of the to of the peak of the load spectrum 
to the natural frequency of the structure, ID , is the same, or 

-SSL (26) 
ID ^  ' 

model    '    ' prototype 

Evidently, the preceding requirements imply that the output spectrum, as well 
as the input spectrum, is similar in model and prototype. The modeling requirement 
expressed by Eq. 26 implies simultaneous equality of both Froude number and Cauchy 
number m model and prototype. Generally speaking, the Cauchy number is defined as 

UW C = — (27) a   u„ K    ' E 

where a wave reference velocity might be uw = ow   , while the reference elastic 
velocity uF usually is the speed of sound E/p   However, in the case of bending 
deformation of the structure, it appears to be more rational to use an elastic 
velocity u_ = LID  , so that 

'  E    n 
w 

c  =  J22L2. C28) 
a      (D L n 

for similar geometries, Cauchy number similarity for model and prototype requires 
that Eq. 26 be satisfied  This equality together with Froude number equality can 
be met, however, only if the elastic properties are suitably adjusted  By using 
the definition of the natural frequency, Eq 23, in conjunction with Eqs. 24, 14 
and 27, it is seen that 

E p     L 
~ £ = JS. (29) 

E p     L p m     p 
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when p  and p  are the bulk densities of the loads on the cylinder for 
prototype and model, respectively. The factor a , given by 

Y (1 - g ) I  L 4 

a     =  Ej (30) 
Y (1 - B ) I  L H p      p  p m 

reduces to one if exact geometric similarity of the model and prototype support 
structures exist, and if the damping conditions are identical. A factor a = 1 is, 
of course, not necessary. For example, instead of the thm-walled cylinders used 
for the legs of prototype structures, we might prefer to use solid legs in the model. 

The result given by Eq 28 can be derived more formally by the methods of 
inspectional analysis, as was evidently done by LeMehaute (1966)  It gives a means 
of obtaining, by suitably adjusting a , E  and p , the dynamically correct 
response of the structure to wave forces, provided that the load spectrum is also 
modeled properly. 
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CHAPTER 49 

DESTRUCTION CRITERIA FOR RUBBLE-MOUND BREAKWATERS 

By Adelkis J. itogan, Docteur Ingenieur 

Laboratoxre National d'Hydraulique, Chatou, FRANCE. 

ABSTRACT 

The general purpose of the author's research undertaken in the 
"Laboratoxre National d'Hydraulique" was to study wave action on 
rubble-mound breakwaters with regular (periodic) waves on the one 
hand and irregular (random) wind generated waves on the other, and 
to compare the effects of these two types of waves by use of the 
storm duration t.  With a first series of periodic waves experiments 
we have obtained the destruction of the breakwater's cover-layer for 
different storm durations t, by varying H and T.  The mass of armor 
units remained constant.  The angle of the slope, according to the 
seaward equilibrium profile could be considered as constant. 

For the destruction cases we obtained a risk criterion: 

| = " A.X0g(g+ B 

which provides the storm duration t, knowing H, T and v. 

Then for a second series of random wxnd generated waves experi- 
ments we eliminated t and found that the constant periodic wave height 
(H,  ) is equal to the "significant wave height" (H,/,) for the ran- 
dom waves.  This is an experimental demonstration or'Che justifiable 
use of H. ,, as "project wave height". 

1.  INTRODUCTION 

1.1. Analysis of Classical stability formulas. 

First of all an analysis of classical empirical and semi-empirical 
stability formulas was necessary to show the importance of some variables 
and the absence of others.  Thus formulas of CASTRO, IRIBARREN, MATHEWS, 
EPSTEIN and TYRELL, IRIBARREN and NOGALES, RODOLF, LARRAS, IRIBABREN 
(modified by HUDSON), HEDAR, HENNES and LEONOFF, BEAUDEVIN, HUDSON (or 
W.E.S. formula) have been analysed and were adapted to "L.N.H." commonly 
used notation.  Afterwards, they were transformed to show common para- 
meters and to verify their dimensxonal homogenexty (l).  Only two of 
them are homogeneous! IRIBARKEN's (modified by HUDSON) and HUDSOIJ's 
formulas.  Stability formulas have the following general aspect: 

761 
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where 

H = Hp.F 

F = k.j^ (.$ ). f  (<X ) ... 

Two of the- (the fomulas of MATFISS and RODOLF) have the aspect 
M= Ir.T.F, but they are not uced in practice. 

The stochastic character of waves and the txme of action, or 
otherwise ston• duration, do not appear in the previous formulas. 
On t'-'e other hand, engineers use more and more the "significant wave 
height" F. /, as "project "ave height" for marit^pe structures. 

1.2. twin purpose. 

The main purpose was to introduce the "ture of action" t (or 
stor"1 duration) into the c-n-i^er^tion of ruhb]e-mound breakwater's 
stability and to verify experimentally the enpincal and theoretical (2,3) 
assumption that H , is really the representative and afterwards destruct- 
ive mean wave height value of a random sea. 

The reasomn• below was followed prior to laboratory experimentation 
on multi-layered breakwaters: 

(a) Cover-layer's profile can be modified till stabilization. When 
second layer ia reached then destruction is imminent.  Smaller armor 
units of the secon-1 cover-layer can no longer resist wave attack. 

(b) It is easier to observe the complete destruction of the cover- 
layer than to measure the number of displaced armor units. 

(c) Wave height or period of random waves are not known a priori. 
Duration of wave action on the breakvater is the only parameter for com- 
parison between periodic and randoir waves. 

Therefore we have chosen as a criterion of comparison the complete 
destruction of the cover-layer in the same time, obtained one time from 
periodic waves (H and T constant) and another time from random waves (H. 
and T. random values).  Thus, eliminating the parameter t, H and H. can 
bo comoared as well as T and T.. 

l 

Figure 1 shows the general configuation of "L.N.H." research facili- 
ties as well as pertinent dimensions in meters. 

1.3- Similitude. 

The assumption was made that the inertia forces are very much larger 
than viscous forces.  In general, similitude of the two flows with free 
surface requires two conditions: 

F = F 
1   2 

R, = It. (or in default of:  R, > R and S„ > R ). 
l   d. l    c    d ^     c 
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For our investigation we use--: the F<0UDB-HE3CH condition,  which  is 
essential for model studies in open  channels with strongly turbulent 
flows.       Nevertheless,  we  did not  throw aside the assumption of the 
importance of ths  condition of PJSYFJOLDS.       The  di-nenoions of the 
model were  sufficiently snail th t  infiltration c percolation 
flows accompany the wave attack on armor units. 

The scalo    1:40,  has been  chosen aoco'"1i-'g tc the dimensions 
of "L.' .IT."  research facilities.       Specific yir t; of wa+er used 
during experimentation <ns assumed to be e~ual to 1.00.    Difference 
of specific gravity between model water  (1.00) and sea water 
(1.026 - 1.029,  according to salinity)  is big enough to be iirortant 
if model   investigation is related  to  'ield  construction   (4).       Our 
study was theoretical;  therefore we did not  take the difference into 
account.       The mass per unxt-volune of armor units was 

p   =- 2.6 t/m"5 

2.  PERIODIC WAVSS 

2.1. Introduction. 

The variables H and T v;ere constant during each experiment and 
the following values were chosen for these variables: 

H = 0.05, 0.075, 0.10, 0.125 m. (i.e. 2, 5, k,  5 m. in nature) approxi- 
mately. 

T = 0.9^8, 1.265, 1.581, I.897 sec. (i.e. 6, 8, 10, 12 sec. in nature). 

It was e^sy to set the wave generatoi *t tZiz  pcnod desired with 
the channel empty.  Afterwards, the model was constructed, the channel 
filled with water to the love! 0.35 ir. (corresponding to 1' ••>,. m nature), 
the resistance type wave gauges calibrate-" and, then the generator started. 
The wave heij'it was increased fro1" zero to the desired value arl then re- 
named constant during the whole experiment. 

2.2. Model. 

Figure 2 shows one of the breakwater profiles studied.  It is a type 
commonly employed with thr^e cover-layers.  The same armoi- units of spec- 
ific gravity 2.6, weighed one by one and irranged always m the same wav, 
have been use'" throughout all experiments. 

Particle size distributions used for each layer \,ere: 

A = 50 - 80 g. (i.e. 3 - 5 t xn nature) with -^ =* 63 g. (i.e. kt). 

B = 20 - 50 g. (i.e. 1.5 - 3 t m nature) with B a   IP  g. (i.e. 2.36 t). 

C = 5 - 25 °. (i.e. 0.32 - 1.6 t in nature) with C a.  11 g. (i.e. 0.7 t). 
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Where A is the median of A, B of B and C of C. 
m mm 

The middle-layer armor unit;? were coloured blue. The colouring made 
it easier to know the moment at which the middle-layer was reached in 
the process of destruction. 

Water depth on the sea side was always constant and equal to 
0.35 m. (i.e. Ik  ra. in nature).  The angle of breakwater slope varied 
from 30 to 36 degrees in steps of 2 degrees. 

2.3. Experiments with poriodic waves. 

Bvery experiment lasted, as a rule, 3 hours k$  minutes (i.e. Zk 
hrs. in nature) if the cover-layer was stabilised.  Tf the destruction 
of the cover-layer was achieved before 3 hrs. k^  min., we stopped the 
experiment.  If the destruction was imminent around 3 hrs. k$  min., 
we prolonged the experiment until complete destruction was obtained. 
Sixteen experiments were made for every angle of breakwater slope: 
k  for every wave period (0.9^8, I.263, 1.581, 1.897 sec.) for each 
wave height,(0.05, 0.075, 0.10, 0.125 m. approximately). 

Some experiments were omitted when no influence of the breakwa.ter 
slope was obtained (for instance for H = 0.05 m. and T = 0.9^8 sec). 
At the end of the experiment we drew the new profile on the glass-wall 
and we photographed it.  The destruction of the cover-layer was 
obtained in 13 cases. 

Ten minutes after the waves were fully developed, a record of the 
clapotis between the model and the wave generator was made.  From thic 
record we obtained the value of H, which we will later compare with 
the destructive mean value of the irregular wave height. 

Z.k.  Seaward equilibrium profile. 

During the first minutes of every experiment we observed the ten- 
dency of attacking waves to move armor units from the upper portion of 
the slope to the lower portion.  After some minutes a new profile was 
"carried" on the seaward face of the breakwater (Figure 3, profile DA BC). 
The new discontinuous slope was composed of three different slopes, one 
of which (the slope AB) was flatter than the initial one. 

From this moment onwards, the destruction of cover-layer progressed, 
with a good approximation, parallel to the new slopes.  Comparison be- 
tween corresponding slopes for various tests (1, section ^.33) shows no 
big differences between them.  Their mean values were: 

tanC^ = 1/1.059, tana2 = 1/2.627, tan Of ^ = I/I.278 

0^* hj> Of2a 21        Oi^X  38 

Therefore profiles with different slopes of 30, 32, 3k, and 36 
degrees were transformed, after a few minutes, to an iden-*-Lcral dis- 
continuous seaward profile; i.e. to an identical reflection slope for 
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incident waves.  Thus, vslues measured rlunnj; all these experiments 
neve beer, used to^eth°r for calculations. 

?.5- Characterisation of the risk of cover-layer destruction. 

a) Study of parameters:  Y = log (jjjr) and X = |.10" * 

''•In  first specify r as the sauple coefficient of correlation and 
as the value for the true bivariate di3tribution of Y and X. 

','e obtained destruction of the cover-lsyer in 13 cases (n = 13). 
Thus ve hive studied the coefficient r for the bivariate diotrnbution 
of di-'or.cionlesc functions Y and X, of parameters 'Keasured during the 
above experiments (5). Pursuing the calculation of Table 1, we obtained: 

=    7.297 6"x= 2.701 

6"y =  0.063 

c        -n-ZXY -ZXZY =-23.008 

and      r = rp= = _ 0.796 =^-7S6 

tie will now te-t  it-5  significance with  the  Z - Transformation of 
?TSI'ES: 

2 

? 
n 

4- i2x 
n2 

1 ' "    5(1 - r) V2log^ 

which is distributed a_->proxim"tely according to a GAUSS law of expect- 
ation: 

Alc-i c(Bp) 
0*1^  standard deviation: 

For r = - 0.796 we obtained Z = - 1.088 and for 
n = 13 :    l/v/rPS = 0.316^ 

If no real cor elation exists for the true bivariate distribution of 
Y, X (i.e. p = 0), the variable u = Z./& is distributed according 
to a unit normal distribution, then u = - Ji.kk. 

The probability of fmr'in a value less than or equal to u = - 3.Mi-, 
if (0 = 0, is equal to 0.0003, i.e. Pr (u < - 3.Mt  / f>    = 0) = 0.0003. 
Thus the correlation observed m our saivole corresponds to a strong one for 
tho true bivariate distribution of Y and X. 
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The line .r re^ei'i'""  of X on Y ic: 

X =     fe.Y + a 

with a\ rovinrtely  : lo   = ^    = - J*h 
y 

and a      = R      - fe Y = 218 
~> 

oo that  (Pi-.  4)      : * = - 3^.10' Hj (^) + 218.105 (i) 

S-jUcttion  (l) alloi1- the tH-o^-ieal prediction oi  a noon value ol X 
for P   IJIV.1  v.lue of v.       But thi-   vluo (V^-r;  on the particular 
;r"',':l >  t      -1" • :   th- r^' r*-* ion curw »'>•=•  f-tted.       '"he values of 
the sample are s^j^ct  t-^  ^an-io.i,  fluctuations,   so  th"t we must 
esti"ate t'->c TT-jicc of rando-i flu'twtmn resulting for X,  in 
order +o ivtivt-lj- °sti" ite it'   confidence interval   (£): 

..! - fi + -'^^ [* 8? 1     I"   '   HVY)J 2 

\;hore n is tho nuibor of variables of ovr  oa-iplc end 

S2 = n_2 Z.(Xt -X) is tho estimate of 
the conditional variance. 

But if "e are willnrj' to cnrn'cr X, not ?s a r»ean value for Y, 
but 33 a forecast of the particular value which X obtains, we have to 
add the proper variance of X (conditional vsri-rcp 3  ) to this 
variance of the linear regression curve: 

The predicted value of X for a jiven Y is approximately distributed 
according to a GAUSS law; its standard deviation we h-^ve £i-"-en 'hove. 
The tablas of the <?ATISS law give the reduced limits of interval"., which 
cover tha true v.'lue with a given probability.  limits o'" j confxde"ce 
interval for a probability F = 0.95 are: -  1.96 S .  tt is e isy to 
plot the two curves of limits: 

or: x 

b)  Study of nqrameters:     Y = loH—\ ,  X = -' 10" 5 

^gT' ,2   ' T 
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According to the same vunent we obtained: 

r = 0.336 

r is too small, therefore we ca^noi; have any conclusion about tho 
real coefficient of correlation of the true bivan^te distribution 
of Y and X. 

c) Conclusion -, 

The equation: m = - A.log —„ + E permits us to determine the 
time t needed for the destruction of the cover-layer, knowing E, T 
and v.  The parameter t/T can also be considered as an index of 
fatigue of the structure: period T is constant for periodic waves, 
therefore t/T represents the nunber of shockc rece:vpi by tho 
structure till its destruction.  We ascertained also that tr-j para- 
meter a/vT is strongly correlated with t/T, whereas H/gT is not. 

? 
Further analysis of the strong correlation between H/vT and 

t/T, recalling at the sane time th.it n    is an energy f-r-tor, we 
conclude from this eruat^on thrt v;e can rel^t*? wve energy to wave 
perno- and storm duration. 

3.   RANDOM WIND G5N3E.VTOD WAVES 

3.1. Production of wind waves. 

Random waves were induced by an air flow over a fetch of 30 m - max- 
imal length.  Water depth was, as for the periodic waves, 0.35 p. and 
wind speeds up to 3-k  m/sec. were obtained.  We observed during the 
first tests, that a constant wind flow over the water surface generated 
quite periodic waves.  After some investigations (l, section 5-31) we 
connected to the blower's motor an elcctro-mechanice] systen, which 
produced different cycles of start-off and stops.  With this system 
and the variation of wind velocity and fetch we obtained a sufficient 
variety of wave heights and periods.  Surface elevationc uere measured, 
with the help of a sonar, every 0.1 sec. and punched on 0  paper tape. 
A resistance type wave gauge placed at the sane location gave an immed- 
iate picture of the waves. 

3.2. Experiments with wind generated waves. 

The purpose of this series of experiments was to destroy the total 
thickness of the cover-layer along the model in approximately the same 
time as in experiments with periodic waves.  Several experiments, with 
variations of wind velocity, fetch and motor cycles, were nocoscary to 
obtain this. 

Every experiment involved the followin ooerations: 

(a) Construction of the model and the filling of the channel with 
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water to a depth of 0.35 11 • 

(b) Choice of a motor-cycle, a fetch and a wind velocity. 

(c) Calibration of the resistance wave gauge. 

(d) Regulating of wind deflector. 

(e) Starting of blower. 

(f) Ten minutes afterwards (time necessary to obtain fully de- 
veloped waves) the first record with the sonar and at the same time 
with the resistance wave gauge.  Duration of records: k minutes. 

(g) Continuous observation of the profile's transformation, 
especially ajproacbing any time in which we obtained the destruction 
with periodic waves.  If the maximal time of periodic waves destruc- 
tion was exceeded we stopped the experiment.  If we observed that we 
were near to a "same time destruction" a second wave record was ob- 
tained. 

(h) At the end of the experiment we drew the new profile on the 
glass-wall and photographed the profile. 

3.3. Seaward equilibrium profile. 

During the random waves experiment series we observed the same 
evolution of the equilibrium profile as in the periodic waves experi- 
ment series.  We generally distinguished 3 new slopes with mean values: 

tan «  = 1/0.96 , tan « 2 = 1/2.78 , tan « ^ = 1/1.3? 

CHX* kS «2 «*i9       &k * 36 

The comparison with the values obtained from the periodic waves 
series shows no big difference between corresponding slopes. 

k.   - COMPUTER ANALYSIS OF THE RECORDS 

Every tape record contained 2,400 values.  It was converted in 
an I.B.M. k?  machine to punched cards.  The "Service E.R.C.A." of 
"Electricite de France" is equipped with a C.D.C. 6600 digital com- 
puter.  Another facility, the System D.D. 280 made graphical output 
possible. 

The process of surface elevation was assumed stationary and 
ergodic, the frequency distribution similar to a GAUSSIAN process. 

k.l.  Autocorrelation function, Spectral density and relative 
width E. 

The purpose of this computer calculation was to investigate the 
randomness of the wind waves produced in our channel.  Our records 
have been discreetized into observations X.(t).  We have obtained 
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the autocorrarionce function from the following equstion (7): 

W(J )=_x_Nf X(I)'X(UJ) 
and than the autocorrelation function: 

R(J )--JS^  

Thus the first approximrtion of the spectral density was: 

LP (J ) = w (o) * 2 2_ W(k)-cos(-£J-!LUw(200) cosfjir) 

and finally after smoothing by HAMMING: 

SP (J ) = 0.2J.LP ( J ) + 0.54 LP (J + 1) + 0.23 LP (J + 2). 

An example of graphical presentation is given on Figure 5>  Values 
of £ have varied from 0,70 to 0,97. 

h.2.  Joint distributions of H and T (Fig;. 6s. 

With the help of zero up-crossin^s of the sea level we have ob- 
tained the w?ve heights anri periods for every sarnie.  The principal 
difficulty was the determination of the rrean leve]. 

The different cycles of start-off and stopc of the blower provoked 
seiche1-..  As the iwes were random trio was not of importance from an 
energy ^-oint of view, but \<tos  very important for the definition of wave 
heights and periods; nevertheless th<=- "etbod utilized WBS the zero-up- 
crosoings one.  Therefore we haw plipmjtr^ the seiche-with the help of 
a moving-mean over 75 points.  H and T values hce been classed m in- 
creasin> order, to evaluate the mean values H / , T ,    (where n = ],2,3 
and n ="l,2 ,10). n/m a/a 

Recalling that H, .  har been defined as the constant periodic 
wave height for the experiments during which we obtained the destruction 
of the cover-layer, we have calculated the ratios: 

Hdest/Hl/3  md  Hl/3/S 

a) for H, ,/^L.-  we have obtained values goinf; from O.87 to 1.10, with 
a mean of 1.00^ (Ex.Ftg;6). This is an experimental demonstration of the 
empirical and theoretical assumption that H ,7 is the representative wave 
height and thus good to be used as a project wave height. 

b) for H . / 5 we have obtained values going from 1.33 to 1.48. Through 
the use of^LONGUET-HIG-aiF'S formula, we can obtain the value of I.598 for 
the same parameter. 
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Ocean obcerv-iti ons (8) have given values going from 1.57 to 1.85. 

c) The comparison between constant periods of periodic laves an'1 random 
periods of wind g°rcrE>ted woves did not e;ive a sigm"icint relationship 
between the"1 became of the different ranges; i.e. periodic waves period 
varied fron 0.9^8 to 1.897 sec, but the random wind generated wave 
period vprier" fro*- 0.7 to 1.5 sec.  Neverthelees in sore cases, where 
constant and random perio "<r,  belorge'1 to the none rm;/*, ve obtained 
T, __  = T ,,, though from a statistical point of vie' it is irposciYle 
to correlate H / and T ,_,.  Definite result? do not ?;dst in this 
domain, we "oulrPsuggestcorrelating T with H ,7. 

k,J>.  Conclusion. 

With a first cerios of periodic waves experiments we have obtained 
the destruction of the break- "».ter'=- cover-layer for different stor" 
duration t, by vorymg K and T.  The mnsc of armor units regained 
constant.  The an0le of the slope, acco-ding to the rcr"ord equil- 
ibrium profile could be considered as constant.  For the destruction 
cases we obtained a rick criterion: 

H2 
t = - A.log (2•)  + B 
T 

which provider the storm duration t, knowing H, T and v. 

Then for a second series of randon wnd generated vsves experiments 
we eliminated t and ootpined that the constant periodic vave height 
(H  . ) is equal to the significant wave height H /., of random waves. 
This is an experimental demonstration of the justifiable use of H , as 
"project wave height". 

5.  SUGGESTIONS F02 FURTHER fiSSiiAHCH 

The restricted research time as well as some problems with labora- 
tory facilities did not permit us to study "vr-r; =ij.ptct of the regular 
an" wind generated action on rubble-mound breakwaters.  The flow is 
two-dimensional.   Our inv •> ^t i j •> ^ i >1 ^ ';.rr rtrictly lir.rtpd to tic 
effects of these two types of >;ave action on the structure.  It was 
technically impossible to study the production of waves by the wind, 
at the sane time. 

There is certainly more to do, and we would suggest the following: 

(a) The seaward face of rubble-mound breakwaters, .<s we have seen 
in sections Z.k and 5>3., is "carved" by wave attack, durir.; the first 
minutes of the experiment. Therefore variations of the angle of slope 
every two degrees do not influence the results.. Figure J illustrates 
this point. The experimental destruction border line is nearly hori- 
zontal for varying from 50 to 56 (every 2 ). Trus, there are 
two, more efficient, ways to experiment with breakwaters: either to 
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retain a constant slope during all experiments, or to vary the an^le every 
5 or 6 degrees. 

(b) We have to choose random values for R and T during expcrinentc, 
•at;i periodic waves.  The statistical stu^y could be then generalised. 

(c) It would be also desirable to measure exactly the stabilization 
time for the cover-layer, when wave ,=ttfcl' did not destroy it. 

(d) A relationship between H/E ,_, and other characteristics of the 
power spectrum would permit a reduction in the scatter of the results 
concerning the comparison between periodic and random waves. 
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CHAPTER 50 

THE EFFECT OF STORM DURATION ON RUBBLE 

MOUND BREAKWATER STABILITY 

Juan B. Font 
Assistant Professor, Faculty of Engineering 

Central University, Caracas, Venezuela 

ABSTRACT 

Experimental data are given to aid in the selection of the wave height 
for the design of a rubble mound breakwater as a function of the type and duration 
of the wave storm, and the allowed percentage of damage in the armour layers. 

In these experiments the model breakwater was subjected to the attack of 
periodic waves of height and in number according with the known statistical distr_i_ 
bution for actual swells. — 

Some noteworthy differences were found In the effects of different dura- 
tion storms. 

Observation of the destruction process of the breakwater with double la- 
yer of armour rocks, showed that the filter layers uncovering occurred always for 
armour damage percentages above 5$ and thus this last value is suggested as the ma_ 
ximum permissible in case of a storm of very high recurrence period. 

INTRODUCTION 

Very often the engineer has to face the design of a rubble mound structu 
re taking into account the strongest possible storm. Such a storm may have a pea? 
lasting a few hours with very high waves.  It may prove very costly to design a 
breakwater for that situation on the basis of no damage as defined by Hudson (t959). 

If some damage is allowed, then the storm type and duration become important. 

779 
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THE DESIGN WAVE HEIGHT 

Considering the experiments of Hudson (1959), Iribarren (1965) and those 
reported in the present paper, it may be concluded that the total breakwater failu 
re occurs for wave heights from 1,5 to 1,8 times the design wave heights. All oT 
these experiments were conducted with periodic waves breaking on the face of the 
structure. On the other hand the experiments of Rogan (1968) and Carstens, Torum 
and Traetteberg (1966) show that the effect of a locally wind generated wave storm 
is similar to that of a periodic wave with height equal to the significant wave 
height (H. .,) of the storm. 

A real storm may have waves with height up to l.k times the significant 
wave height and thus it is obvious that in the design wave selection the duration 
and the wave period spectrum of the storm must play an important rol. If a storm 
is such that some waves break before hitting the breakwater, then the wave period 
is determinant of the action of the waves on the structure. Very valuable are in 
this concern the experiments made by Carstens, Torum and Traetteberg (1966). They 
showed the remarkable difference between storms of the same significant wave 
height but of different kind of spectrum. As it is already known by experience 
swell waves are more deletereous to breakwaters than locally generated waves. 

DESCRIPTION OF IHE EXPERIMENTAL WORK 

THE MODEL STORM. 

The model storm was considered to be of the swell type and to have a wa 
ve height distribution as given by Putz (1951*), with all waves breaking on the ~ 
breakwater face.  In this case the wave period may be considered irrelevant and 
thus it was held constant throughout the experiments. 

It was also assumed that the effect of waves of different height may be 
added linearly and thus that there is no influence of the time secuence. This di- 
fference between the actual and the model storms will probably make a little conse£ 
vative the experiments since in the model the largest waves act when the breakwate"? 
has been already weakened by the rest of the waves. 

THE EXPERIMENTAL SET-UP. 

See Fig. 1 for the description of the experimental set-up. 

THE TESTS. 

Waves and trains were calibrated before placing the model sections in the 
wave bhannel in order to select the needed height and duration. The model breakwa- 
ter was subjected to the attack of regular waves of height and in number according 
with the statistical distribution above mentioned. The wave height was increased 
by steps of about one centimeter. The data were taken in terms of percentage of 
damage of the armour layers. The period was held constant for all of the experi - 
ments as well as the water depth. The period was 1.58 sec. and the depth 0.55 m. 
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CORRELATION OF DATA. 

In Fig. 2 are summarized the results of the tests. 

The symbol Hp refers to the wave height as computed from Hudson's formu- 
la for a given size of rock and breakwater slope. Thus: 

W . Kp. cot g  ( Vr _ , 

"°" V      ^~ IT 
W being the weight of the rocks and Kp the Hudson's formula coefficient taken 
equal to 3.2 and 2.8, depending on different techniques for placing the rocks as 
determined in previous tests. 

The symbol n is equal to t/T\\.,~  where t is the storm duration and 
TH./, is the mean period of the highest   33 per cent of the waves and, accor - 
ding to Sibul (1955),the most common period for the largest waves. 

CONCLUSIONS 

1. The experimental data show a scatter inherent to this kind of tests. 

2. For the initial movement of the rocks it seems that the duration of 
the storm is not important. The duration becomes relevant for advanced damage. 

3. In the experiments it was observed that the incipient destruction 
occurred in the way of sliding of isolated rocks. Eventually, for grater damage, 
several rows of rocks slide at the same time. Also, the filter layers uncovering 
occurred usually for damage in the range of 10% and always over 5%, therefore this 
last value is suggested as the maximum design damage allowable for a storm of re- 
currence period high enough as to assure that the breakwater will be repaired be- 
fore it is affected by the next major storm. 

A. The use of the wave breaking criteria fcombined with Fig. *4 of this 
paper may help to select the design wave for a critical storm.  It is suggested 
that in future experimentation, related with the non-uniform waves effect on 
breakwaters, the relation between the significant wave height and the breaker 
height for the mean wave period at the depth of the structure be considered as a 
significant parameter.  In the present experiments this relation was: 

0.3 

H(, being the breaker height corresponding to the wave period and water depth of 
the tests as computed after the experiments of Danel (1952). 
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CHAPTER 51 

STABILITY OF QUADRIPOD COVER LAYERS * 

by 

Olin F. Weymouth 
Chief, Coastal Engineering Branch 

U. S. Army Engineer Division, South Pacific 
Corps of Engineers 

San Francisco, California, U.S A. 

and 

Orville T. Magoon 
Coastal Engineering Branch 

U. S. Army Engineer Division, South Pacific 
Corps of Engineers 

San Francisco, California, U.S.A. 

ABSTRACT 

The purpose of this paper is to present the results of a four-year study 
of the stability of a prototype breakwater armor layer composed of 28-ton 
concrete quadripods  The study was conducted by measuring the incident wave 
height and the quadripod movements during this period.  The ultimate goal of 
this study is the verification of empirical breakwater design equations. 

INTRODUCTION 

In the past decade considerable effort has been expended to derive rational 
methods for the design of cover layers for rubble-mound structures.  Generally, 
these methods have been reduced to formulas based on dimensional or theoretical 
analysis, but contain experimentally determined coefficients for each armor 
shape.  Due to the relatively large size of prototype breakwater armor units, 
model tests under carefully controlled conditions are generally used to determine 
these coefficients.  In order to verify the results of model tests, the seaward 
end of the Santa Cruz Harbor West Jetty, which contains 28-ton concrete quadripods, 
was instrumented so that the incident wave heights and quadripod displacements 
could be measured.  This paper provides information on the design and construction 
of the jetty, the instrumentation, and the results of measurements taken over 
the past four years.  The quadripod armor unit is protected by patents owned by 
Establissements Neyrpic and Societe d'Exploitation de Brevets Pour Travaux 
a la Mer, Grenoble, France. 

* Title of paper as presented at conference was  PROTOTYPE INVESTIGATION OF 
STABILITY OF QUADRIPOD COVER LAYER, SANTA CRUZ HARBOR WEST JETTY, CALIFORNIA 
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BASIS FOR DESIGN 

Santa Cruz Harbor is located at the northerly end of Monterey Bay about 
65 miles south of the entrance to San Francisco Bay.  A location map and a 
plan of the harbor are shown on Plate 1. The harbor was formed by development 
of Woods Lagoon,- a shallow fresh water pond near the eastern boundary of the 
City of Santa Cruz.  The shoreline in the immediate vicinity consists of sandy 
beaches backed with a relatively high marine terrace.  Harbor elements include 
an entrance channel, protected by jetties, 100 feet wide and 20 feet deep; an 
interior access channel 150 feet wide and 15 feet deep reducing to 10 feet 
within the principal harbor area; a turning basin 250 feet by 300 feet and 10 
feet deep; and mooring basins with an initial capacity of almost 400 recre- 
ational craft. Wave approach from the ocean is limited to the south to south- 
west sector by Point Cypress, a projecting headland south of Monterey Bay and 
by Point Santa Cruz, which is about one and one-half miles to the southwest. 
Accordingly, the jetties are aligned slightly east of south, the east jetty 
about 800 feet in length and the west jetty 1,200 feet in length with the outer 
250 feet turned 50 degrees easterly to protect the entrance channel and harbor 
from all storm waves. 

Wave Analysis 

Based on deep water wave studies, relatively large (25 feet or greater) 
deep water waves from the south through southwest direction have been produced 
during storms in the past decade. A refraction analysis was made for waves of 
various periods and directions which may approach the harbor.  The analysis 
consisted of the construction of refraction-fan diagrams diverging from the 
head of the jetties. With deep water directions determined, companion orthogonals 
were projected shoreward to determine the refraction coefficients.  The maximum 
theoretical height of wave that would reach the jetties was then determined 
taking into account the refraction coefficient, the depth of water, the shoaling 
coefficient, and the seaward slope of the bottom.  The maximum breaker height 
at the jetties was determined to be 21.2 feet and could be produced by a 16 
second wave from the SSW with deepwater significant heights of 24.8 feet.  This 
value was rounded to 21 feet and selected as the design wave. 

Jetty Design 

Design of the structure was based on available criteria published by the 
Corps of Engineers, principally "Shore Protection Planning and Design, Technical 
Report No. 4." Based on comparative costs of a number of alternatives, quadripod- 
rubble-mound construction was determined to be the most economical.  The quadripod 
armor layer was limited to the outer 400 feet of the west jetty. 

Armor Layer 

Determination of the weight of the armor unit was based on the Hudson or 
WES equation.  The equation is: 

(Sr-l)J     cot o< 
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where W = the weight of armor unit in primary cover layer, lbs, 0  = specific 

weight of armor unit, lbs/ft^; H = design wave height ft., KA - experimentally 
determined coefficient, S = specific gravity of the armor unit relative to the 
water in which it is immersed, andiX, = angle of breakwater slope measured from 
the horizontal. 

For the quadripod sections, the selected design called for two layers of 
25-ton quadripods (pell mell) placed on a 1 on 2 slope along the trunk and on a 
1 on 3 slope around the conical head section.  The quadripods were backed by a 
concrete cap, essentially 18 feet wide and 10 feet thick to prevent displacement 
of armor units from the cap by overtopping waves. The quadripods were underlaid 
by a 6 foot B stone layer (50% greater than 6,000 lbs., minimum 4,000 lbs ) and 
a C stone core 4,000 lbs  to 4" (50% greater than 500 lbs.).  Crest height was 
established at +16.0 M.L.L.W. datum.  Typical quadripod dimensions are shown 
m Plate 2.  A typical cross section is shown in Plate 3 

Substituting actual constructed values (e.g., 28 ton quadripods) and currently 
accepted K* values in the foregoing stability equation indicates that the structure 
would be stable for a design wave of 25 feet. 

QUADRIPOD CONSTRUCTION 

Construction of the jetties, employing standard equipment and methods, was 
noteworthy principally for the ease and simplicity of quadripod construction and 
placement  Steel forms, comprising 8 top sections and 48 bottom sections were 
utilized in the casting of the quadripods.  A 6-man crew, working a 9-hour day, 
cast the required 900 quadripods in 114 working days extending from 27 July 3 962 
to 5 February 1963.  One quadripod was cast the first day, three the third day, 
and eight on all other days.  The average time to strip eight top forms and connect 
to bottom forms was 1.77 hours; casting eight quadripods required approximately 
5.0 hours, and average time for stripping bottom forms and storing was 2.12 hours. 
The daily operation provided for removal of top forms with a minimum time lapse 
of 18 hours after casting and removal of the quadripods from the bottom forms after 
a minimum 5-day cure period. A special lifting sling was used at the casting yard 
to keep all legs in compression.  Transit-mix concrete (6-1/2 cubic yards truck 
capacity) was employed with placement utilizing one Link Belt crawler crane and 
two 3-1/2 cubic yards concrete buckets.  Each quadripod was numbered in the order 
cast. 

Hauling and placing started 2 November 1962 and was completed 5 March 1963, 
with a total of 122 working days.  Quadripods were not placed continuously 
throughout the job.  On days when quadripods were placed, daily placement ranges 
from a maximum of 69, with an overall daily average of 41.  The quadripods were 
loaded at the storage yard by a crane onto a tractor drawn (40-ton capacity) low- 
boy trailer  At the jetty, a Lima Crawler crane, Series 2400, with a 100-foot 
boom, using a double cable sling with a quick release hook attachment lifted the 
quadripods from the trailer and placed them on the seaward slope of the west jetty. 
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INSTRUMENTATION AND MEASUREMENTS 

0 - 0.05 
0.06 - 0.10 
0.11 - 0.20 
0.21 - 0.40 
0.41 - 0.60 
0.61 - 0.80 
0.81 - 1.00 

> - 1.00 

June 63 to June 64 to June 65 
June 64 June 65 May 66 

21 21 21 
8 5 12 
6 6 5 
5 2 3 
1 1 

Upon completion of the structure, detailed surveys were conducted to serve as 
a basis for measurement of future displacements. These surveys consisted of establish- 
ment (horizontally and vertically) of 5 standard brass disks m the concrete cap. 
Steel pins were set in each corner of concrete cap pours and in 44 numbered quadripods 
throughout the upper layer.  Repeat measurements of all monuments and pins have been 
taken annually and of selected quadripod pins after stormy periods.  Horizontal and 
vertical distances are measured from the cap by standard surveying techniques. 
Vertical displacements recorded during the 4-year period to April 1967 are summarized 
in the table following.  All quadripods above water are also identified in aerial 
photographs of the seaward portion of the jetty. 

 QUADRIPOD VERTICAL DISPLACEMENT  
Vertical Displacement  Number of Quadripods  

(feet) June 63 to  June 64 to  June 65 to  May 66 to 
April 67 

22 
5 
2 
2 
1 
1 
1 
 1 
 43 34 43 33 

With the exception of a few quadripods near the jetty head, no significant move- 
ments have occurred. The maximum cap settlement is about 0.1 foot, near the seaward 
end. Quadripods on the head section are also moving, however, the largest displace- 
ments occurred during the initial measurements and with but few exceptions the dis- 
placements are extremely small. The armor units appear to be consolidating in predicted 
manner m that, with settlement, the individual units tend to interlock thus providing 
for maximum stability.  In general, movement of a few units Is not indicative of failure 
in the structure.  Horizontal and vertical displacements are shown on Plates 4 and 5, 
respectively. 

Design waves for coastal structures are calculated for the condition before the 
structure has been built. Thus in any attempt to verify the design formulas a wave 
for a similar condition must be obtained.  In order to measure the waves at the 
structure as they would be without the structure m place, a wave gage was located 
400 feet seaward off the end of the west jetty in an area of low reflected waves. 
In this location it was impractical to construct a platform at the desired gauging 
location so it was necessary to use a subsurface pressure transducer connected with 
a cable to a wave gage on shore. The wave sensor installed initially was one which 
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permitted detection of pressure fluctuations such as sea and swell waves, but 
canceled out long period pressure fluctuations such as those resulting from tides 
One advantage of this system is that the sea and swell waves are clearly shown 
without the effect of the tides and additionally results in better utilization 
of chart paper.  After the first year's operation a check of the overall accuracy 
of the system, independent of the theoretical and electrical calibration built 
into the wave recorder, was developed through bypassing the filter.  Thus the 
sensor responds to absolute pressure less the static head including the tides. 
On days when the sea is essentially calm, the recorder trace is due to the tides 
alone and may be quickly checked by comparison with predicted values  In addition, 
a portable tide recorder occasionally placed m operation inside the harbor permits 
comparison of records.  This comparison is considered to be an independent check. 
Atmospheric pressure fluctuations are neglected in this study. 

The shore based equipment consists of a strip chart type recorder and a "Beach 
Erosion Board" magnetic tape recorder.  Normally, the significant wave height is 
read from the strip chart every six hours at the U. S. Weather Bureau synoptic 
interval.  During periods of high waves, detailed spectral analyses are made by the 
U. S. Army Coastal Engineering Research Center from the magnetic tapes 

The maximum monthly significant wave heights recorded to date are given in the 
table following.  The highest wave recorded during the study was recorded on 
12 December 1967 when the significant wave height reached 12.7 feet  It is obvious 
that these values are well below that expected to cause displacement or failure. 

MAXIMUM SIGNIFICANT WAVE HEIGHTS 
 RECORDED AT SANTA CRUZ  
Months        Years  
 1963    1964    1965 1966 1967     1968    Average 

4.0 6.7 
4.1 
3.3 
2.1 
2.5 
4.6 
3.2 
3.2 
4 1 
5.9 
6.1 
8.5 

Based on repeated measurements of selected points in the seaward portion of the 
Santa Cruz West Jetty, it is concluded that no displacements have occurred that approach 
those to be expected from failure, thus no verification of the breakwater stability 
equation is possible at this time.  The measurements taken to date, however, provide 
a record of progressive reaction of the structure to storm waves. 

January 5.9 10.3 6.7 - 
February 3.5 2.8 6 0 - 
March 3.4 2.1 4.5 - 
April 3.8 1.4 1 0 - 
May 3.5 1.5 - - 
June 4.2 1.3 - 8.4 
July 3.0 - 3.4 3.1 
Augus t 2.6 - - 3.8 
September 4.1 - - 4.2 
October 5.0 - - - 6.8 
November 5.3 7.8 - - 5.2 
December 4.2 8.7 - - 12.7 

CONCLUSIONS 
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ELEVATION 

d 
I 

Diameter of semicircle abc = 5 08' 
Major axis of semiellipse adc = 5 081 

Minor axis of semiellipse adc - 3 42' 
Volume of quodnpod = 357 cu ft 

SECTION 

PLATE  2 

SANTA  CRUZ HARBOR 
CALIFORNIA 

QUADRIPOD   DIMENSIONS 

U.S  ARMY ENGINEER DISTRICT, SAN FRANCISCO 
CORPS OF ENGINEERS 

SAN FRANCISCO, CALIFORNIA 



QUADRIPOD COVER 795 

Channel Side 

Concrete Cop 
15 

EL-80 

, |— <L of Jetty 
Boy Side 

Z Layers of 
25ton Ouadnpods 

TYPICAL SECTION 
Single Row of 
25 ton Ouadnpods 

PLATE    3 

SANTA CRUZ HARBOR 
CALIFORNIA 
TYPICAL 

JETTY  CROSS-SECTION 
U S  ARMY    ENGINEER   DISTRICT, SAN   FRANCISCO 

CORPS   OF  ENGINEERS 
SAN   FRANCISCO, CALIFORNIA 
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CHAPTER 52 

'STABIT1 - A NEW ARMOUR BLOCK 

bv 

K. Y. Singh 

Senior Engineer, Sir William Halcrow & Partners, 
Great Britain 

ABSTRACT 

There are a number of specially shaped concrete armour units in use 
today. The Stabit is one of them and was first developed m I96I for use on 
the reconstruction of breakwaters at Benghazi Harbour, Libya. This paper 
describes the development of Stabits and gives the technical details relating 
to their use.  The subjects covered include full scale and model tests, sta- 
bility coefficients, wave run-up, coverage, placing patterns, moulds, casting, 
handling and placing. 

INTRODUCTION 

The first Stabits were experimental and 7 ton in weight of Mark I 
variety used at Benghazi Harbour, Libya, early in 1961.  These were placed 
at the end of one of the existing protective moles where tbey were exoosed to 
open sea waves. This exoenment proved that Stabits had excellent wave energy 
dissipation properties and were worthy of development. However, load testing 
to destruction indicated that Mark I Stabits did not possess an adequate 
reserve of structural strength and Mark IT Stabits of increased strength were 
introduced. 

In order to decide whether Stabits would be satisfactory for full scale 
breakwater armouring, hydraulic model tests were instituted at the National 
Hvdraulics Research Laboratory in 1961.  These tests were carried out using 
models of Mark II Stabits and demonstrated that Stabits offered a satisfactory 
solution.  In consequence it was decided to use 29 ton Stabits in the re- 
construction and extension of existing moles at Benghazi Harbour. 

During the course of construction when some 2,000 Mark II Stabits had 
been cast and placed on the Outer Mole it became increasingly evident that 
undue care had to be exercised to prevent breakages during placing.  In 
consequence a still more robust Mark III unit was devised. 

The Mark III design supersedes all the previous designs and is 
currently m use.  A ?9 ton Mark III Stabit is illustrated in Fig. I. 

The number of 29 ton Stabits which have been used on the reconstructed 
moles at Benghazi is about 10,000 and about 900 of the smaller 7 ton units 
are being used as absorbent facing to reduce wave effects in certain parts 
of the harbour.  An aerial view of the harbour with the completed moles is 
given in Fig.2. 

In England, about 600 of the / ton units were u >ed to stabilise the 
beach at the root of the East Breakwater at Shoreham in 196?.  Pig.3 
illustrates these Stabits in position. 
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Pitr.l - 29 ton Mark III Stabit 

Pig.2 - Aerial view of Stabits at Benghazi 
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Construction commenced in 1968 on Port Rashid, Dubai, Arabian Gulf, 
where 15,000 of 1"5 ton and 12,000 of J  ton Stabits will be used as 
armouring for breakwaters.  Tn addition about 2000 of / ton Stabits may 
have to be used at the root of breakwaters to stabilise the beach if 
further investigations and observations show that erosion is likely to 
occur in these areas. 

TESTS 

Hydraulic Models 

The first hydraulic model tests were carried out in 1961 by the 
National Hydraulic Research Station, Wal1incford, England.  The purpose 
of these tests has been explained m the previous section. 

Model Stabits were made reuresentmg prototype ?9 ton Stabits to a 
linear scale of 1/47 and tested in a flume. Prototyoe wave periods of 
10 and 12 sees, with a tidal range of 3 ft. and a storm duration of 7 and 
1? hours simulating 32 feet maximum waves were used.  The breakwater 
armouring- of Stabits was found to be stable for waves of this beifht and 
the tests confirmed that for stability under such wave attack, Stabits of 
29 ton weip-ht with conci ete density of 14cjlb/cu.f t. were a satisfactory 
alternative to any other form of artificial armour. 

Stabits of Mark II variety were used in these tests. 

In September, 1965 further hydraulic model tests were undertaken 
from which formulae were derived for use in the preparation of preliminary 
designs and estimates. 

Models of Mark III Stabits made from concrete of 14'31b/cu.ft. density 
were used.  Design coefficients were established and wave run-up, porosity 
and the thickness of armour layer were measured for various bre^kwiter 
slopes and wave periods. The data obtained from these tests are reproduced 
m the following pages. 

It should be noted that in the original tests a conventional method 
of placing known as the "double layer" method was used whereas in the 
subsequent tests a new method called the "brickwall nattern" was adopted. 

The brickwall pattern was evolved during the course of construction 
of the breakwaters at Benghazi and confirmed by mode] tests as nroviding 
maximum efficiency and economy on slopes of 1 in 2 and steener. 

The two methods of placing have been described m detail in the section 
dealing with design. 

Pull Scale 

As mentioned in a orevious section, full scale tests were carried out 
using the experimental 7 ton Mark I "Habits at Benghazi TTTrbour, structurally 
expected to resist waves 8-10 feet in height. 

The armoured test face received open sea waves of 11 to 12 ft. in 
height over a period of about four months and sustained very little damage. 
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Fig. 3-7 ton Rtabits at Shoreham 

Pig.10 - Stripping Moulds from ?9 ton Stabit 
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The performance of the experimental Stabits in disrupting and destroying 
the assaulting waves was particularly striking when compared to that of the 
adjacent pell mell blockwork. Waves collapsed almost completely and run- 
up was small by comparison. 

Static and dynamic load tests were also carried out on Stabits from 
time to time.  In the final tests a Mark III unit was dropped through a 
height of 15 feet onto rock armour without destruction. 

DESIGN DATA 

Dimensions 

The Stabit is basically a hollow tetrahedron.  Its proportions are 
related to the basic dimension "I" and are shown in Fig.4. Once the 
required weight of a unit and thus its volume are known the basic dimension 
'T' can be calculated from the following simple formula:- 

V(volume) = 11.34 T^ 

Stability 

The results of hydraulic model tests were used in the evaluation of the 
experimental coefficient A in the stability formula developed by 
Mr. H. Y. Hudson1 of Waterways Experiment Station, Vicksburg, Mississipi, 
U.S.A. The Research work of Mr. R. Y. Hudson which led to the evolution of 
his stability formula has been published in various technical articles and 
will not be described here. 

This formula is generally stated as follows:- 

Wr .       8r H
8 

KA(sr-l)
5coto< 

where r = Weight of armour unit (lbs) 
H = Wave Height (feet) (significant) 
}fr= Specific weight of armour unit (lbs/cu.ft.) 
^r = Specific gravity of armour unit (should be related to the density 

of water in which the structure is located). 
en. =  Angle of slope of the armour layer. 
A = Experimentally derived coefficient. 

The experimentally derived j± values of Stabit armouring for no damage 
condition are as follows:- 

"•A = 25.4 - Use with discretion and only where good supervision 
and control over placing available. 

A = 19.04- Normal usage and where average supervision and control 
over placing available. 

The wave flume used for this investigation was 78 ft. long, 4 ft. wide 
and 4 ft. deep. The depth of water was kept constant at 17 inches at the 
breakwater test section and therefore the effect of tidal variation was 
excluded.  Three breakwater slopes of 1 in 2, 1 in 1.5 and 1 in 1.3 were 
used.  Pour wave periods of 1.2, 1.4, 1.6 and 1.8 sec. were used for each 
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SIDE ELEVATION OF STABIT SITTING ON TWO LIMBS 

ran PLAN or STABIT SHOWING COME* 

FIG 4 - STABIT PROPORTIONAL DIMENSIONS 

NOTE. 

The Stabit coaprleea,  In effect, four Identical corner* 
Joined iloaf eeetloa AA     The area ehon ihaded overlapa 
the adjolalag corner   Aa orerlap (not ahem) alao occur a 
•here the laser radlae of the adjacent corner extend! a 
correepondUg dlataace beyond tfeia aectlon 
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breakwater slope.  For any particular wave period, every cross-section was 
tested with waves, the height of which was decreased from test to test until 
a wave height was found which would result in less than V/o  damage. Tests 
using hipher waves causing over Vfo  damage were terminated aftpr about 30 
minutes continuous running.  Tests using lesser wave heights to establish the 
no damage condition were continued for up to two hours.  If the applicability 
of these general tests can be considered to hold good for Stabits ranging 
between 5 to 30 tons, then two hours in the tests would represent prototype 
storm conditions over a period of 12 to 14 hours. 

The Stability Number,  s = .SJ,"—       ,Was 
W?(sr-I) 

calculated using a Stabit weight of 0.6381bs., a specific weight of the  , 
armour unit of l^Xbs/iti,   a specific weight of fresh water of 62.41bs/ft 
and the significant wave height causing damage of Vfr  or less. The calcu- 
lated values of the Stability Number were plotted as the ordmate with the 
reciprocal of the breakwater slope (cotog.)  as the abscissa as illustrated 
in Fig.5.  It can be seen that there is a wide scatter of results the cause 
of which can be attributed primarily to the difficulty of repeating exactly 
the way in which the Stabits were placed on the breakwater face between 
tests. It should be noted that every effort was made to simulate prototype 
nlacmg and no attempt was made to force Stabits to interlock one with 
another.  It was felt that variations in standards of control over placing 
might also occur in practice and therefore it was decided to draw two lines 
representing two standards.  Line AB represents good standard of supervision 
and control whereas line CD represents average to poor standard. 

It can be shown that "*  = a(coto<),i~ 

For line AB, a = 2.94 

& For line CD, a = 2.67 

It can also be shown that KA = a* 

.'.For line AB, KA = (2.94)5 = 25.4 

& For line CD, KA - (2.67)3 = 19.04 

It should be noted that the "no damage" condition was defined as the 
removal and/or excessive oscillation of Stabits of up to V/o  of the total 
number of units on the test face. 

It is interesting to mention that completely independent model tests 
were carried out in New Zealand where a value of 19-9 was obtained for KA. 
However, it should be noted that these tests were for a particular design and 
a particular site and damage of 2.5 to 3$ was accepted.  The details of these 
tests have been published by Mr. P. D. L. Holmes2 in New Zealand Engineering 
of November, 1961? and reproduced in the Dock & Harbour Authority' of June, 
1966. 

It must be emphasized that the above formula and the experimentally 
derived values of ^ should be used with discretion and preferably only for 
the purpose of preliminary designs and estimates for the following reasons:- 

l)  Only a limited number of variablesoould be taken into account in the 
model tests and, in particular, wind was not produced.  It is believed 

that wind waves have a different shape and are generally steeper than 
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4-6 

Stability  Number (Ns)- 

STABILITY NUMBER  AS A FUNCTION   QF 
BREAKWATER   SLOPE   FOR  NO DAMAGE   CRITERIA 
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those generated "by the normal paddle type mechani sm. 

?) Waves attacking the breakwater obliquely were not reproduced in the 
te.s -  nor   was the special case of a roundhead tested. 

3)  In nature, storm-waves contain a large proportion of waves which are 
higher than the significant whereas in the model tests it was not 
possible to reproduce a similar proportion, nor the same ratio of 
maximum to signific nt wave height. Therefore, some doubt remains as 
to which of the various wave heights present in storm-waves occurring 
in nature should be selected as the "design" wave. 

]t is strongly recommended that for final design, specific conditions 
pertaining to the particular site in question should be examined and, if 
necessary, hydraulic model tests should be undertaken to confirm the adopted 
design. 

Prototype Results 

The breakwaters at Benghazi, a typical cross-section of which is 
illustrated in Pig.b, were completed in 196?. Wave records for the aenod 
1961 to 1965 were analysed and have been presented in another paper to this 
conference.  A careful record of damage has also been kept and which has 
been found to be about fflo  per annum taken as an average over the period of 
b years up to Januirv, 1968. From an examination of the wave records it has 
been confirmed that the breakwaters have been subjected to the "design wave" 
several times.  The experimentally derived stability coefficients have, 
therefore, been amply verified in practice. 

Placing Patterns 

There are two methods of placing Stabits; the "double layer" and the 
"brickwall". Both the methods were tried at Benghazi where it was found 
that the latter method resulted in good interlocking on slones steeper than 
1 in 2.  Thus, on breakwaters, Stabits would be placed using the "double 
layer" method on the soleplate on the sea bed at the toe of the slope whilst 
the "brickwall" method would be adopted for armouring the side sloues of the 
breakwater itself. 

Double Layer In this method Stabits are placed to a predetermined grid 
in two layers; the top layer being displaced from the bottom layer by half 
the grid spacing in both the directions.  The utroer btabits thus sit in 
cradles formed by lower Stabits.  The grid dimension is approximately equal 
to IT. 

lE!£l!•aA!. This method closely follows the principle of bonded brickwork 
construction and hence the name.  Stabits in the first row are placed side 
by side.  In the next row up the slope, Stabits are placed staggered from 
those in the first row.  Each succeeding row partly overlaps the lower row 
so that every Stabit penetrates into it but at the same time rests against 
the slope. The brickwall method was developed during the course of construction 
at Benghazi where a trial length of breakwater was constructed using this 
method and was found to be very successful.  For work above water and also 
for under-water where visibility is good, placing is carried out by eye but 
where under-water visibility is poor a predetermined grid fur placing can be 
defined. Placing by eye and by means of a grid have been tried and both 
result in equally well interlocked armour layers. Fig.7 shows a photograph 
of ?9 ton Stabits placed with this method. 
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TWO LAYER PLACING 
ON SOLEPLATE 

8RICKWALL PATTFRN 
PLACING ON 4:3 
SLOPE 

xxxxxxxx 
O     O     O     O     0     O     O 

_X_     X x__j< X_     X   _x_ 

®     ® 
SCAR END EFFEC- 

DIRECTION OF SLOPE 

ROW  1 

ROW 2 

_ROW 3_ 

ROW  4 

ROW 3 

ROW  6 

ROW 7 

ROW B 

ROW  9 

ROW 10 

LEGEND:- X LOWER LAYER STABITS    &BRICKWALL   STABITS   ©UPPER LAYER STABITS 

NOTE:-     DIMENSIONS GIVEN  IN TERMS OF   'T'   ARE  IN THE HORIZONTAL  PLANE 

FIG 8 - DIAGRAMMATIC PATTERN FOR BRICKWALL PLACING 

TOE OF SLOPE 

* 

Fig.7     -     Stain ts   placed   "bri ckwall " method 
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Pig.8 shows a diagrammatic illustration of the sequence of placing 
operations on a typical breakwater. 

Thickness and Porosity 

The thickness of armour layer placed brickwall fashion is approximately 
equal to 4_T. and the porosity is about 5^.  The corresponding values for 
double layer armouring are 5T and 52*$. These values were obtained in model 
tests and have been verified in practice. 

Coverage 

The breakwater surface area per Stabit in an armour layer placed brickwall 
fashion is given approximately by the following simple T-elationsnip which 
has been verified in practice:- 

Area/Stabit = 6.yrpsq.ft. 

Some typical brickwall coverages are riven in the table below:- 

SIZE COVERAGE/100 so.vd 
Long tons 

4 47 No. 

5 40 

7 3? 

12 2? 

1") 19 

18 17 

?*, 14.5 

?9 12 

The coverage for the double layer method can be calculated from the 
grid spacing which is approximately equal to _3_T. 

Wave Run-Up 

Hydraulic model tests have indicated that the wave run-up on a Stabjt 
armoured slope is governed by the following simple relateonship:- 

R = 1.3 H 

Where, R = Run-up measured vertically above S.W.L. (Feet) 
H = Wave height (Feet) 

The above formula should only be used as an approximate guide since it 
is not possible to generalise to cover an extensive variety of waves nor is 
it possible to measure accurately the run-un on a rourh and porous sloping 
surface. Moreover, it should be noted that no wind was present in the tests, 
which is also believed to have an effect on the run-up. 

The results of the wave run-up teats are riven m Fig.9. 
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MOULDS 

Description 

The mould consists basically of eight elements as follows:- 

2 lower side supporting elements on props and castors 

2 upper side elements 

2 inner lower segments 

2 inner upper segments 

All the elements are inter-connected by means of bolts.  Tapered pins 
are used in some of the bolt holes for drawing elements together during 
assembly.  The supporting elements are provided with props on castors with 
screw jacks for ease of erection and stripping.  On larger sizes opening 
hatches are usually provided at the gussets for concreting purposes. On 
smaller sizes small opening lids are provided for vibration purposes only. 
The top end plates are hinged to the supporting elements and can be used 
as working platforms but, depending on the method of working, the hinge 
can be eliminated with some economy. In addition to the above mentioned 
elements, each mould is provided with two baseplates which are mounted on 
plinths on which moulds are erected in the casting vard. 

Erection and Stripping 

Raised concrete plinths are constructed in the casting yard to which 
the baseplates are bolted and on which the moulds arp erected.  A small 
crane is required for handling the mould elements for the larger sizes 
of Stabits during erection and stripping operations.  The complete operation 
of striking, cleaning, oiling and erection of a mould generally takes I to 
1 hour. Each mould may be stripped completely ?4 hours after casting 
depending upon the quality of concrete and the climatic conditions.  Pig. 
10 shows the stripping operation in progress. 

CASTING AND HANDLING 
CONCRETE 

Ordinary portland cement concrete is generally used in making Stabits. 
The maximum size of aggregate is generally lji-in. but larger sizes up to 
3m. may be used with care in mix design.  The concrete should have a cube 
crushing strength of 3,5001b/sq.in. at 28 days or flexural strengths can 
be specified, if required, as a supplementary or an alternative method of 
concrete quality control. No reinforcement is required in making Stabits. 

Mixing and Placing Concrete 

The size of the mixer should be such as to enable each mould to be 
filled completely in a single operation without any horizontal construction 
joints.  Concrete can be transported to the casting yard by any convenient 
means where each shutter opening is fed alternatively.  Thorough compaction 
is ensured by internal vibrators.  In the case of large Stabits, vibration 
of the lower parts is carried out by a man standing on the 'saddle' and/or 
through the inspection hatches. For smaller Stabits, vibration is carried 
out from the top openings as well as from the small hatches especially 
provided for this purpose.  As the concrete reaches the level of gussets, 
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Piff.ll   - Stabit being lifted by double  Rlinft method 

ttan 

Fif.l? - Low loader transporting Stabit 
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the surplus concrete is skimmed off and the hatches are closed. Average 
casting times for 29 ton and 7 ton Stabits were found to be 35 mm3. and 
20 mms. respectively. However, these figures depend very much on the plant 
used on site. 

Handling to Storage 

Normally Stabits can be moved to storage 3 days after casting using a 
simple double sling arrangement which keeps all members m compression. 
This method of slinging is extremely simple and is illustrated in Fig.11. 
Mobile cranes, Tournacranes or gantries can be used for handling Stabits 
to storage. 

PLACING 

Time of Placing 

Generally Stabits are placed in their final position not earlier than 
28 days from casting but this period may be reduced to as little as ten days 
depending upon the quality of concrete, prevailing temperature and other 
conditions at a particular site. 

Transport 

The type of transport required for moving Stabits from storage to the 
site depends on the site and size of units.  In most cases, however, ordinary 
lorries or low-loaders should suffice.  Pig.12 shows a 29 ton Stabit being 
transported by a low-loader. 

Cranage 

The types of cranes required for placing Stabits in the works depend 
upon the size of unit and the working radius; Pigs.13 and 14 show a Lima 
2400 and a floating crane in action. 

Slinging 

Lifting hooks cast into Stabits are not recommended as they can result 
in corrosion and bursting of concrete.  A simple sling method, illustrated in 
Pig.13 has been found to be very successful in practice.  It will be seen 
that the sling consists simply of a rope passed through the centre of the 
Stabit with both ends attached to the crane hook. After the Stabit has been 
placed in position, the crane hook is lowered and one end of the sling is 
unhooked by hand or auxiliary wire. The crane hook is then raised thus 
withdrawing the sling clear of the Stabit. 

Method of Placing 

Stabits should be placed in such a manner as to achieve fully inter- 
locked armour using the placing patterns described in another section. The 
method of placing is quite simple. A crane lifts the Stabit using the 
method of slinging described above and lowers it into the position directed. 
Sometimes it is found that the best interlocking position is not obtained 
at the first placing operation. In that event all that is required is to 
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Firr.~l~6    -     Lima crene  placing Rtabit 

Pip. 14     -    Floating cranp  ulacin# StaMt 



814 COASTAL   ENGINEERING 

raise and lower the Stabit until it adopts a stable attitude. 

Where underwater visibility is good, instructions to the crane driver 
are given by a man in a boat observing through a glass box projecting into 
the water. Where underwater visibility is poor, placing has to be carried 
out to defined grid spacing in relation to a fixed base or wire. For work 
above water, all placing is carried out by eye to achieve maximum interlock. 
With a little experience placing can proceed at rates varying from 6 per 
hour,one mile from the store yard for 29 ton Stabits ,to 10 per hour.for 7 
ton Stabits in close proximity to the yard. 

It must be appreciated that a certain degree of consolidation of the 
Stabit armouring is likely to occur during wave action after construction. 
This is quite normal as Stabits settle into their final interlocked positions. 
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CHAPTER 53 

VELOCITIES IN DOWNRUSH ON RUBBLE MOUND BREAKWATERS 

A. Brandtzasg, Professor of Construction and 
Harbour Engineering, (retired) 

A. T(zSrum, First Laboratory Engineer, 
0. R. 0stby, Scientific Assistant. 

Technical University of Norway, Trondheim, Norway. 

ABSTRACT 

This paper is a sequence to two papers, (1) and (2), pre- 
viously read at Coastal Engineering Conferences.  They presen- 
ted a mathematical model for estimating displacements, veloci- 
ties and accelerations in a downrushmg wave on a rubble mound 
breakwater slope.  Verification by photographic recording of 
displacements involved some uncertainties.  In the present 
paper are reported measurements of velocities, which gave much 
more definite data.  The correlation with velocities calcula- 
ted from the model is shown to be good. 

INTRODUCTION 

At the Vlllth Conference on Coastal Engineering Brandtzaag 
(1) presented a mathematical model intended for estimating 
roughly the displacements, velocities and accelerations in the 
downrushmg water on a rubble mound breakwater slope.  A very 
few experiments indicated fair agreement between observed valu- 
es and those calculated from the model. 

At the Xth Conference Brandtzagg and TjzSrum (2) presented 
data from a greater number of waves of different heights and 
periods on slopes of 1:1,25, 1:1,5 and 1:2,0.  Displacements 
calculated from the model were found to agree reasonably well 
with the observed ones, although the scatter was quite consi- 
derable.  This was to be expected, since displacements had to 
be deduced from photographs of the wave surface profiles.  As 
these were often rather irregular, the deduction became diffi- 
cult and involved some uncertainty. 

Therefore it was highly desirable to measure velocities 
directly, and the more so because in application of the model, 
velocities and accelerations are the interesting quantities. 
However, getting reliable readings of velocities in the rapid- 
ly accelerated downrushing water is difficult.  But recently 
such measurements have been made, and the results are presen- 
ted here.  They are compared with velocities calculated from 
the model, partly by use of the particular values of z and 6 
(Fig. 3) found for each wave dimension and slope, as in refer- 
ence (1)  (Calculation Dand partly by use of more general 

815 
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values of z and @, permitting calculation without previous 
knowledge of specific experimental data, as in reference (2) 
(Calculation 2). 

VELOCITY MEASUREMENTS 

The tests were made in the wave channel shown in Fig. 1. 
The wave generator has an ordinary piston type paddle adjust- 
able as to wave height and wave period.  The wave gage was 
placed about 11 m in front of the model.  Vertical surface 
displacement at this point was recorded on a Sanborn paper 
recorder. 

The model itself was a wooden platform with a sloping 
front on which the cover blocks were placed on top of a layer 
of smaller stones, about 5 cm thick.  As the stability of the 
armour was not at issue in these tests, the blocks were held 
in place with a few nails, none of which protuded above the 
top of the blocks. 

In the tests of ref. (1) and (2) the cover blocks were 
arbitrarily placed with regard to orientation as well as lo- 
cation.  In the present tests, however, it was found necessary 
to have a slightly smoother breakwater front (Fig. 2), so as 
to avoid too much air bubbles in the downrushing water, as 
this tended to blur the photographic recording described below. 

As stated in ref. (1) the mathematical model applies to 
the downrushing wave only as far down as the stream is not 
influenced by the incoming next wave.  From the wave profiles 
(Fig. 8) and also from the direction of velocities indicated 
by confetti in the water (see ref. 1, Fig. 5) it is seen that 
this condition holds good also somewhat below the SWL.  In 
order to extend as far as possible the time interval during 
which velocity readings could be obtained, the limiting line 
at which velocities were measured (point A) and calculated, 
was shifted from the line M - N, as used in ref. (1) and (2), 
to the line P - Q, Fig. 3 and Fig. 8. 

An Armstrong-Whilworth Miniature Current Flowmeter, Type 
176/1 was placed 10 cm from the glass wall of the channel. 
It had a very light plastic propeller with outer diameter 
1,5 cm.  The range of reliable registration in a steady 
current covered velocities from 2 to 150 cm/sec.  The instru- 
ment apparently worked satisfactorily also in unsteady cur- 
rents.  The propeller movements were recorded by means of a 
motion picture camera making some 800 - 900 exposures pro 
second, while a time mark was made on the film every 1/100 
second. 

The test programme included three slopes of the break- 
water face, and with each slope three wave periods, each with 
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two wave heights, in total 18 waves (Table 1).  Due to diffi- 
culty with the camera one wave, No. 6, dropped out. 

Velocities were measured during downrush of one of the 
first waves arriving at the model front after the generator had 
been started and a reasonably stable wave height had been attai- 
ned.  First a trial wave train was run.  From the registration 
diagram (Example in Fig. 4a) was picked out the wave to use, 
and its number (n) from the front of the wave train was noted. 
After rest the wave generator was started again and when the 
nth wave arrived at the model, the fast motion camera was 
started.  Mostly the third or fourth wave was used (Fig. 4 b). 

Beside the fast camera film, giving the velocities, an- 
other motion picture film was needed to give the wave surface 
profiles required for determination of 3 and z (Fig. 3 and 8). 
As the two exposures could not be made similtaneously, a third 
wave train was run for this purpose (Fig. 4 c), and photographs 
taken with a camera making about 24 exposures a second.  As in 
earlier tests, the time between exposures could be read off on 
the clock shown in Fig. 2.  The surface profiles were drawn up, 

and z determined as described in ref. (1) page 456, and the 
values plotted against time, t, after start of downrush, in 
diagrams of which examples are shown in Fig. 5, 6 and 7. 
Smooth curves for 6 and z were drawn for each wave. 

From the fast film strips the number of revolutions pro 
second of the propeller could be ascertained.  From calibra- 
tion curves the corresponding velocities were taken off and 
plotted against t, time from start of downrush.  Examples are 
shown in Fig. 9 to 17. 

Velocities measured in this way will be roughly average 
values.  An effort was also made to register velocities by 
means of confetti in the water.  Only a few data were obtained. 
They showed great variations, as was to be expected, but seem- 
ed to group themselves fairly well around the propeller-obser- 
ved values. 

CALCULATION 1. 

Velocities calculated with g- and z-values as observed in 
the tests. 

The definition of the mathematical model here employed 
and the underlying assumptions and simplifications have been 
set out in detail in ref. (1) and briefly summarized in ref. 
(2).  For ease of reference the basic consept of motion is 
restated here (Fig. 3): 

1)  The body of downrushmg water is considered as a triangle. 
That is, the surface profile is assumed to be a straight 
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lxne forming an angle 3, with the breakwater front and an 
angle, 6, with the horizontal. 

2) The triangular body is dxvxded xnto indxvxdual slxces, "s ". 
Each slice is defined by its original distance, u, from  u 

the top, 0, of the triangle. 

3) Each individual slice xs taken to move integrally and inde- 
pendently, without regard to contxnuity of the fluid, but 
otherwise in accordance with the gravity, the pressures and 
the boundary resistance, frictional and inertial, acting m 
the fluid. 

As shown in (1) and (2), the assumption that the "slices" 
move independently of each other should not be expected to 
cause significant error in the calculations, because restor- 
ing the continuity need not to any considerable degree alter 
the general picture of the motion. 

The model leads to the following equations for the dis- 
placements, x, velocities, v, and accelerations, a, as func- 
tions of the time, t, from the start of downrush: 

x = B2 In (Cosh (| t)) (1) 

v = AB-Tanh (§• t) (2) 

A 

B 
2 

Cosh2(| t) 

.2   _   g(sinot  -  tan3'Cosa) 

l+0,5CMp| 

(3) 

(U) 

B2 = (1 + 0,5CMp |).32.z.(log10 |^)
2 (5) 

Figures for CMP, cover block dimension, k, and 3 and z 
(Fig. 1) are required for the calculation. Like in ref. (2) 
CMp = 1,0 has been used here. This figure seemed reasonable 
on the basis of data given by Wiegel (3), Johansson (M-) and 
others. Actually a small variation in CMp does not greatly 
affect the calculation of velocities, as seen in Fig. 9, 12 
and 15 where a value of 0,7 5 has been used for comparison. 

In the tests of ref. (1) and (2) the characteristic line- 
ar dimension, k, of the block was defined by assuming the aver- 
age volume of the blocks to be 0,5 k .  As a slightly smoother 
breakwater front had to be used in the present tests, a some- 
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what reduced value, k = 4 cm was used in the calculations. 
Again, a change in k does not much affect the calculated 
velocity.  Changing k from 4 to 3 cm causes a change of v 
about as great as that caused by reducing CMp from 1,0 to 
0,75. llr 

For want of something better, the ordinary Prandtl equa- 
tion for frictional boundary resistance was used in ref. (1), 
although the roughness of a rubble mound breakwater front 
certainly is very different from the "sand roughness" of 
Nikuradse. In ref. (2), however, the figure 14,8 in the last 
parenthesis of Eq. (5) was changed from 14,8 to 5, based on 
a note given in ref. (5).  The same figure is used here. 

The parameters g and z, important in Eq. (1) to (5), 
define the shape of the individual waves.  How to determine 
appropriate figures for these parameters must depend on the 
objective aimed at.  As the objective of Calculation 1 is to 
probe the possible merits of our mathematical model by compa- 
rison with specific tests, the values of g and z have been 
taken as nearly as possible representative of the particular 
waves in which velocities were measured. 

Consequently, values of g and z were taken off curves 
like those m Fig. 5, 6 and 7 and used in CALCULATION 1. 
Individual values of g and z rarely deviated more than 10 per 
cent from the curves, corresponding to a deviation in calcu- 
lated velocity of the order of 5 per cent. 

With the parameter values discussed above, velocities in 
downrush have been calculated from Eq. (2), (4) and (5) and 
the resulting curves entered in the v - t - diagrams for each 
of the 17 waves tested (Fig. 9 to 17).  On the whole the cur- 
ves seem to agree fairly well with the plotted test data. 
Only for the three waves 10,15 and 16 do the measured veloci- 
ties near the end of downrush exceed the calculated ones by 
some 2 5 to 50 per cent. 

CALCULATION 2. 

Velocities calculated with g- and z-values derived from 
general relationships. 

Practical use of our mathematical model should permit 
estimating the order of magnitude of the velocity in down- 
rush of a known wave on a known rubble mound breakwater slope 
within the range of slope steepness considered here.  In such 
a case the appropriate g- and z-values are not known from 
specific tests, as in Calculation 1, but must be derived from 
general relationships. 
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The data plotted in Fig. 5 of ref. (2) indicated the fol- 
lowing relationship between 3, a and wave steepness H/L . f$ 
= a - <S, and &   -   6,56 H/L.  Similar data from the present tests 
are plotted in Fig. 18.  They show considerably more scatter 
than the former.  The line 6 = 7,67 H/L seems to give about the 
best fit.  If the previous data are taken into account, an 
overall average value of 6 = 7,0 H/L may cover the field fairly 
well.  However, in the present calculation 6 = 7,67 H/L has 
been used. 

With B known, the z of any slice (Fig. 3) is given by z = 
u tan g, and the z of the first slice to pass the SWL at the 
start of downrush is 

z = 1  tang  =   tan B 
uo        sin a 

The uprush, R, is generally considered as being roughly 
proportional to the wave height, although it is surely influ- 
enced also by factors like steepness and roughness of the slope, 
etc.  In the earlier tests, an average value of R was found to 
be 1,23 H. ((2) p. 980).  The R - H relationship found in the 
present tests is shown in Fig. 19.  The scatter is great.  The 
average value, R = 1,36 H, has been used in Calculation 2, cor- 
rected for the fact that velocities were measured at the line 
P - Q, intersecting the slope at a point 4 cm (vertically) be- 
low the SWL.  The z-value of the first slice to pass the line 
P - Q at the start of downrush therefore is taken to be: 

R + 4 cm .   0 z =   tan 6 
sin a 

From these relationships velocities at the P - Q line have 
been calculated from Eq. (1) to (5) with otherwise the same 
parameters as used in Calculation 1.  As explained in (2), 
page 981, the calculation must be done by iteration. 

The resulting velocity curves have been entered in the 
v - t - diagrams in Fig. 9 to 17 for comparison with the test 
data and the curves from Calculation 1.  It is seen that Cal- 
culation 2 in a number of cases gives somewhat lower velocities 
than both Calculation 1 and the tests, the difference being 
most pronounced towards the end of the downrush. 

CONCLUSIONS 

The comparison between observed and calculated velocities 
has been summarized in Fig. 2 0 for Calculation 1, and in Fig. 
21 for Calculation 2.  It is felt that the former shows about 
as good agreement between calculation and measurement as can 
reasonably be expected in this case.  Calculation 2 gave velo- 
cities somewhat lower than the measured ones, in particular to- 
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wards the end of the downrush.  Probably some adjustment of 
the R- and 6- relationships would give better agreement. 

In total it is concluded that the mathematical model 
presented xn ref. (1) and (2) does provxde a means by whxch 
velocxtxes in downrush on a rubble mound breakwater slope 
may be roughly estimated.  Dxscrepancxes are hardly avoxd- 
able, but Calculatxon 1 xndxcates that these may be due, not 
as much to the mathematical model xtself, as to the dxfficul- 
ty of predxctxng more accurately the values of R and 5 in 
actual cases. 
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WAVE   3    H=Hcm T= 1,9 sec   cot cc =1,5 
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EXPECTED DISCHARGE OP IRREGULAR WAVE OVERTOPPING 
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and 
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Ministry of Transport, Yokosuka, Japan 

ABSTRACT 

An experiment was carried out on the overtopping of mechanically 
generated irregular waves over veitical walls.  The experimental 
discharge was almost in agreement with the expected discharge which 
had been calculated with the wave height histogram and the data of 
regular wave overtopping based on the principle of linear summation. 
The expected values of overtopping discharge were calculated for 
various laboratory data, which had been represented in a unified form 
of non-dimensional quantities.  The calculation has yielded two dia- 
grams of expected overtopping discharge, one for the sea wall of 
vertical wall type and the othei for the sea wall covered with 
artificial concrete blocks. 

INTRODUCTION 

The crest height of a sea wall is the critical factor in :ts 
planning.  With the heightening of the sea wall the degree of protec- 
tion which it affords increases, but the construction cost also 
increases.  The selection of the sea wall height based on the minimum 
sum of expected damage and construction cost has been studied and 
applied to many coastal sites along Japan (Tsuruta et. al. 1964). 

The selection of the sea wall height is also made from its 
hydraulic performance against the design waves.  The arguments on the 
criterion of selection, however, are divided between the maximum run- 
up height and the allowable quantity of wave overtopping.  If a sea 
wall can be built higher than the maximum run-up of design waves, the 
sea wall will afford complete protection against the wave action. 
Such sea wall must be extremely high, however.  Even for a regular 
train of waves, laboratory data indicate the run-up height being from 
1.2 H to more than 4 H.  For an irregular train of actual waves, the 
maximum run-up in that wave train will be 2Hi /-j to more than 10 H1/3, 
since the maximum run-up will be realized by the maximum or near- 
maximum wave, the height of which may exceed twice the significant 
wave height.  With the design wave height of Hi/3= 4 to 8 m, which 
is common along the coasts of Japan, the maximum run-up becomes about 
10 to 30 m or higher above the design tide level.  In addition, even 
with such an extreme height the sea wall will not guarantee the 
perfect protection, because the design wave and tide conditions are 
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not the worst condition possible but only represents an extremely- 
severe condition; we cannot neglect the possibility that the waves 
and tide surpassing the design conditions may attack the sea wall. 

The criterion of allowable discharge of wave overtopping, 
therefore, becomes the inevitable choice for most case, even though 
the concept of allowing certain amount of wave overtopping may sound 
disgraceful for coastal engineers and threatening for people.  But 
the sea wall with appropriate facilities to expel the overtopped 
water protects well the area behind it even under the attack of the 
waves and tides surpassing the design condition.  The important 
factor in the planning of a sea wall allowing certain overtopping is 
the correct estimation of overtopping discharge.  This must be done 
not for regular trains of laboratory wave but for irregular trains 
of actual waves. 

The discharge of overtopping of irregular waves differs from 
that of regular waves.  The difference mainly comes from two sources: 
the wave height variability and the interference by preceding waves. 
Some of previous experimental works on irregular wave overtopping 
have attributed the difference to the interference effect (Paape 
I960), or to the general effect of wind including the generation of 
wave height irregularity (Sibul and Tickner 1956).  Although these 
effects are ceitamly important, the variability in wave heights 
distributed from 0 to Hmax must be the dominating factor, for even 
the wave interference occurs owning to the presence of wave irregu- 
larity.  If the effect of wave interference on overtopping is not 
significant, the overtopping quantity of irregular waves can be 
estimated as the summation of individual wave overtoppmgs, the 
quantities of which are to be determined from the data of regular 
waves.  In order to investigate the applicability of the principle 
of linear summation for the overtopping of irregular waves, an ex- 
periment has been carried out with mechanically generated irregular 
waves.  Supported by the experimental result, the estimation of the 
expected discharge of irregular wave overtopping has been made for 
the sea wall of vertical wall type and that covered with artificial 
concrete blocks as will be described in the following chapters. 

EXPERIMENT ON IRREGULAR WAVE OVERTOPPING 

WAVE CHANNEL AND IRREGULAR WAVES FOR THE EXPERIMENT 

The experiment was carried out in a wave channel of 30 m long, 
1.2 m high and 0.5 m wide.  The channel was divided into two with a 
partition wall along the center line which began at 2.5 m away from 
the wave paddle of piston type.  A vertical wall was set in one 
channel at the distance of 15.5 m from the wave paddle on the slope 
of 1 to 20, the toe of which was located at 10.5 m from the wave 
paddle.  The water depth was kept at h = 35 cm in front of the 
vertical wall. 

Irregular waves were generated by an oil-pressure pulse motor 
which is controlled by ten electric oscillators (Tsuruta 1966). 
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The oscillators with the periods of 0.50, 0.65, 0.83, 1.07, 1.38, 
1.77, 2.30, 2.88, 3.84, and 5.00 seconds geneiate sine waves, the 
amplitudes of which can be varied with the setting of powei adjust- 
ment dials.  In addition, another power controle dial is provided 
for the over-al] adjustment of composed electric oscillation.  By 
proper combination of ten oscillator amplitudes, power spectra of 
ocean waves can be simulated.  Figure 1 exhibits the powei spectrum 
of one tram of test waves with the wave height of Hi/3 = 10.5 cm. 
Though the spectrum still exhibits the nature of line spectra, it 
nevertherless resembles to the spectrum of ocean waves.  In the ex- 
periment, the dials for the oscillator amplitudes were kept at the 
pre-determined values and the over-all controls dial was set at one 
of five different values.  By this procedure the magnitude of test 
waves was varied as shown in Table 1 with out significant change of 
its statistical property and of shape of power spectia; the ratio of 
H1/3/H varied from 1.4 to 1.5 and Tx/3/r from 1.0 to 1.1. 

Table 1.  Characteristics of Irregular Waves Employed 

Ident. 
Numb er of 

N 
waves Wave 

H 
Height 

Hl/3 

Wave 
T 

Period 
Tl/3 

1 188 5.3 cm 7.5 cm 1.43 sec 1.54 sec 
2 180 7.0 10.5 1.51 1.56 
3 188 8.4 12.6 1.51 1.60 
4 174 10.0 14.8 1.60 1.81 
5 170 11.4 16.4 1.58 1.77 

The cumulative distribution of wave heights is shown in Fig. 2.  The 
distribution of test waves is narrower than the Rayleigh distribution 
of 

PC?) = 1 - exp [- ( t/4) V21 (1) 

where rj  = H/H and P denotes the probability of V  lying between 0 and 
rj  .  For the test waves, an empirical form of V - • 5 instead of y 2 
gives a better fit. 

The wave records analysed for TabLe 1 and Fig. 2 are not conti- 
nuous ones but the accumulations of short runs.  The use of short 
runs has been so required because the measurement of wave overtop- 
ping must be stopped before the return of the wave front re-reflected 
by the wave paddle.  Though the very front of wave tram travelled 
with the celerity of\/gh, its amplitude decreased rapidly.  Thus, the 
end of each measurement was determined as 23.5 seconds after the start 
of wave generator, based on the travel time of wave front with the 
phase velocity of waves with T = 1.6 seconds.  Also, the initial parts 
of records before the arrival of main wave group which propagated with 
the group velocity were discarded, because they only contained the 
long period components of low amplitudes.  Thus, the records from 10.3 
till 23.5 seconds after the start of wave generator were utilized for 
the analysis of incident waves and of wave overtopping. 
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The tests were repeated twice with and without the model sea wall: 
the former for the measurement of wave overtopping and the latter for 
the calibration of incident waves.  The records of incident waves were 
separated into individual waves with the zero-up cross method.  The 
wave height was defined as the distance from a crest to the following 
trough and the wave period as the time interval between the consecutive 
zero-up cross points.  Each run gave the record of seven to ten waves, 
depending upon the per:ods of individual waves, and the test was re- 
peated for twenty runs so that about 180 waves in total could be 
obtained for both the incident waves and the wave overtopping. 

The incident waves was measured with a resistance-wire type wave 
gauge stationed at the location where the model sea wall was to be set. 
Another gauge was stationed at the same location in the opposite 
channel.  At the time of overtopping measurement, one gauge was placed 
at 1 cm away from the vertical wall and the other gauge at the opposite 
channel.  The latter gauge served for the confirmation of the wave over- 
topping the vertical wall being statistically same with the incident 
waves which had been analysed before the set of the vertical wall. 

MEASUREMENTS OF OVERTOPPING DISCHARGE 

The overtopped water was lead into a bucket which was hanged 
behind a model sea wall as shown in Fig. 3.  By means of a movable 
carriage, the bucket was put into position at the arrival of mam wave 
group and taken away before the return of re-reflected waves.  The 
weight of the bucket with the overtopped water was continuously re- 
corded through a load cell of strain gauge type which was inserted 
between the bucket and the carriage.  When a wave overtopped the 
vertical wall, the record indicated an increase of the bucket weight 
about 0.5 second later, which was the time for the water to flow over 
the deck of model sea wall, as shown in Fig. 4.  The difference of 
weight before and after one wave overtopping gave the amount of the 
overtopped water produced by that wave. 

At the end of a run, the total amount of the overtopped water 
was measured and divided by the time of measurement period in seconds 
and the width of the sea wall so as to yield the average discharge of 
wave overtopping per second per unit width of the sea wall.  For 
regular waves, five runs were repeated and the overtopping discharges 
of these runs were averaged.  For irregular waves, the overtopping 
amounts of twenty runs were added together and the sum was divided 
by the total time of measurement periods and the width of the sea 
wall. 

OVERTOPPING DISCHARGE OF REGULAR AND IRREGULAR WAVES 

Figure 5 shows the overtopping discharges of regular waves, 
1 (cm3/cm.sec), against the incident wave height, H (cm).  Two wave 
periods of T = 1.38 and 1.77 seconds were applied for the vertical 
walls of 9.4 and 12.8 cm high above the still water level.  Since 
the height of waves with the period of 1.38 seconds was limited to 
about 10 cm by the generator performance, the waves with the period 
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of 1.77 seconds provided the principal source of overtopping data. 
The overtopping discharge of T = 1.38 seconds was slightly smaller 
than that of T = 1.77 seconds, but the difference was small.  The 
vertical wall with the crest height of B = 9.4 cm generally produced 
larger wave overtopping as would be expected.  At large wave height, 

a part of waves having overtopped the vertical wall of R = 9.4 cm 

flowed back toward the offshore because of the small difference be- 

tween the top of the wall and the deck; this caused smaller overtopping 

for R = 9.4 cm than for R = 12.8 cm for the wave height greater than 
about 17 cm. 

The average discharges of irregular wave overtopping were ob- 

tained as listed in Table 2.  These overtopping discharges of irregu- 
lar waves were smaller than those of regular waves having the wave 

Table 2.  Experimental Discharge of Irregular ¥ave Overtopping 

Ident. Wave He] -ffht R = 9, ,4 cm R = 12.8 cm 

H1/3 (cm) N q (cm-Vcm- • sec) N  q (cm-Vcm. sec) 

1 7.5 _ _ 48    0 
2 10.5 - _ 164     1.20 
3 12.6 96 5.53 180    5.86 
4 14.8 173 10.77 155    7.33 
5 16.4 159 16.90 163   12.85 

height same with H1/3.  For example, the overtopping discharge of 
regular waves with H = 14.8 cm was 37 cm3/cm-sec for R = 12.8 cm, but 
the irregular waves with H1/3 = 14.8 cm produced the discharge of 
7.3 cnp/cm.sec.  The difference between the overtoppmgs of regular 
and irregular waves, however, decreases with the decrease of wave 
height, and the two overtopping discharges become equal at the wave 
height of H = H1/3 = 10.5 cm for R = 12.8 cm.  Below this height, 
the overtopping discharge of irregular waves is estimated to exceed 
that of regular waves. 

The overtopping discharge of individual wave in irregular wave 
train, on the other hand, does not show much difference with that of 
regular waves as shown in Pig. 6, where the rate of individual wave 
overtopping on the vertical wall of R = 12.8 cm is plotted against 
the wave crest height Vc  in front of the vertical wall.  Although 
the data of irregular waves show some scatter, they almost agree with 
those of regular waves.  The scatter is partly due to the difficulty 
in accurate determination of individual wave overtopping quantity. 
The interference of preceding waves may have caused additional 
scatter of the overtopping data, but the tendency of Pig. 6 indicates 
that the irregular wave overtopping if expressed in terms of wave 
crest height does not differ much from that of regular waves. 

The rise of wave crest of irregular waves in front of the model 
sea wall was then compared with that of regular waves in Fig. 7. 
Since the direct comparison was impossible, the wave crest height Vc 

and the incident wave height H were arranged in order of magnitude 
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and these ranked heights were compared.  Figure 7 shows that the crest 
heights of irregular waves m front of the vertical wall were a little 
lower than those of regular waves; the difference is about 1 to 2 cm 
m terms of Hn . 

CALCULATION OF EXPECTED OVERTOPPING DISCHARGE AND COMPARISON WITH 
EXPERIMENTAL DATA 

The results of Figs. 6 and 7 suggests that the overtopping of 
irregular waves on a vertical wall can be treated separately for each 
wave.  Therefore, the total amount of wave overtopping is estimated 
as the sum of individual wave overtopping as 

N 

total      .,   11 
1=1 

in which Qi denotes the overtopping quantity of a regular wave with 
the height of Hx; for waves under the overtopping limit, Qx = 0. 
Since we are interested in the rate of overtopping, the above quantity 
is divided by the total time of wave duration, N'T.  The actual calcu- 
lation was carried out with the division of wave height ^ H = 1 cm as 
follows 

cu•, = J*±fl±aL =  ^    £ q(H)-n(H) (3) EXP   N<T        N   j=1    3     3        j  j 

in which q, is the overtopping discharge of regular waves with the 
height of Hj, nj denotes the number of waves with the height between 
(H-j - \ A H) and (Hn + \ A H) , and M is the number of divisions for wave 
height.  The variation in wave period, though it affects the overtop- 
ping discharge to certain extent, was neglected in order to simplify 
the calculation.  If the total number N is let to become very large 
and the division of wave height A  H very small, the above equation is 
rewritten as 

4EXP       q(H) p(H) dH (4) 
-*0 

in which p(H) is the probability density of wave height.  Since this 
is exactly the expression for the calculation of an expected value by 
definition, the overtopping discharge calculated by Eq. 3 is called 
the expected discharge of irregular wave overtopping. 

With the experimental data of regular wave overtopping shown in 
Fig. 6 and the histograms of wave height of incident waves, the ex- 
pected discharge of irregular wave overtopping was calculated for the 
test conditions of Table 2.  The results of calculation are compared 
with the experimental discharge in Fig. 8 for R = 9.4 cm and in Fig. 9 
for R = 12.8 cm.  The expected values are generally larger than the 
experimental ones- about 50 to 80% up for R = 9.4 cm and about 30 to 
50% up for R = 12.8 cm.  The difference is partly attributed to the 
effect of interference by preceding waves and to the effect of wave 
period, but the difficulty in maintaining the same statistical 
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characteristics of irregular waves is another cause of the difference. 
In spite of these differences, the tendency of expected overtopping 
discharge agrees with that of experimental data.  This agreement 
supports the applicability of Eq. 3 for the lnegular wave overtopping 
on vertical walls. 

ESTIMATION OP EXPECTED DISCHARGE OF IRREGULAR WAVE OVERTOPPING 

Non-dimensional representation of wave overtopping data 

The expected discharge of irregular wave overtopping can be esti- 
mated if the wave height distribution and the q-H curve of regular 
waves are known.  For a specifice structure, the estimation will be 
done based on the result of model tests.  For a general planning of 
coast protection works, however, an over-all information on the ex- 
pected overtopping discharge is often needed.  The information can be 
obtained if the q-H curves are generalized so as to cover various 
laboratory data. 

The general q-H curves must be in non-dimensional forms.  Among 
various   forms of non-dimensional representation, the one by Kikkawa 
et. al. (1967) of the following seems to be the most reasonable: 

,JL  = 0 (-IJ.) = i mk3/2 (1 - « )5/2 (5) 
j2gio kH 5 kH 

m which k represents the ratio of wave crest height at the time of 
overtopping to the incident wave height and m is the discharge co- 
efficient of overflow on the sea wall.  Since this representation is 
based on the similarity of wave overtopping with overflowing on a weir, 
this will be most applicable to the sea wall of vertical wall type. 

Equation 5 is rewritten as m the following for the convenience 
of calculating the expected overtopping discharge- 

OT = "<ir ' £' i0 '° 
(6) 

where  l  denotes the slope of sea bottom.  The parameter of h/L0 re- 
presents the effect of wave period.  Various laboratory data on the 
overtopping of regular waves on vertical walls were then re-analysed 
in the form of Eq, 6.  The major sources of data were those by Beach 
Erosion Board (Saville and Caldwell 1953, and Saville 1955), Univer- 
sity of Kyoto (Ishihara et. al. i960 and Iwagaki et. al. 1963), and 
Shiraishi and Endo (1963).  The bottom slope ranged from l/lO to 
l/30.  The data were arranged into groups according to the value of 
R/h, and those with the same group were plotted against H0/h, where 
H0 denotes the deep water wave height.  By this procedure, experi- 
mental curves for various values of R/h could be drawn as shown in 
Fig. 10. 

The critical wave height (H0)c under which no overtopping occurrs 
was estimated from the data of crest height of standing waves calculated 
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by the fourth order theory (Goda and Kakizaki 1966) and of the increase 
of wave height in the shoaling of finite amplitude waves (Iwagaki and 
Sakai 1967).  The result of estimation is as follows: 

R/h = 0.2 (H0/h)c = 0.18— 0.19 
R/h = 0.4 (H0/h)c = 0.28 ~ 0.33 
R/h = 0.7 (H0/h)c = 0.35 - 0.47 
R/h = 1.0 (H0/h)c =0.42—0.58 

In the above estimation, the deep water wave steepness was takes as in 
the range of H0/L0 = 0.01 -~ 0.03, which corresponds to the wave height 
of 3.5 ^10.5 m for the wave period of 15 seconds.  The lower figures 
of the above correspond to the wave steepness of H0/L0 = 0.01. 

In Fig. 10, the parameter of h/L0 is not expressed.  In general, 
the wave period causes certain effect on wave overtopping; the data of 
Tp = 15 seconds with low wave heights in Beach Erosion Board experi- 
ments shows a large overtopping discharge, much different from the 
data of other smaller periods.  With the limitation of H0/L0 J> 0.01, 
however, the effect of wave period becomes insignificant in comparison 
with the scatter of experimental data.  This can be seen in Fig. 10 
where the data with R/h = 1.0 are shown with classification according 
to the range of h/Lo.  Also, the effect of bottom slope is not visible 
under the scatter of the data.  The curves shown in Fig. 10 are in- 
clusive of these factors, being drawn through the center of these data. 
Thus, specific data may deviate from the corresponding curve of Fig. 10 
to the extent to settle around the adjacent curve, but the curves as a 
whole are considered to represent the tendency of wave overtopping. 

NON-DIMENSIONAL OVERTOPPING DISCHARGE ON SEA WALLS OF BLOCK MOUND TYPE 

Along the coasts of Japan where the available land is very limited, 
sea walls covered with artificial concrete blocks are often constructed, 
because they afford greater protection with lower crests than the sea 
walls of vertical wall type.  Various laboratory data of model tests on 
wave overtopping were surveyed and re-analysed in the manner described 
in the previous section.  The non-dimensional overtopping curves thus 
obtained are shown in Fig. 11.  These data are of the model tests of 
the sea walls for the Tui Coast (Iwagaki et. al. 1963), Wakayama Port 
(Nagai and Takada 1964), the reclaimed area of Oita-Tsurusaki (Tatsumi 
1964), the reclaimed area of Nishi-Kobe (Port and Harbour Research 
Institute 1965), and the Momotori Coast (Tommaga and Sakuma 1966). 
The data of generalized experiments by Shiraishi and Endo (1963), 
et. al. (1967), and Takada (1967) were also analysed.  The height of 
block mounds above the still water level R' in these data was greater 
than one half of the heights of parapet walls R • i.e. R>0.5R'.  The 
experimental data of the Shonai Coast (Iwasaki and Numata 1967), though 
the mound heights were low, seived to give information on the over-all 
shape of the q-H curves. 

The critical wave height (H0)c for the block mound type sea walls 
was estimated from the wave run-up data by Furuya et. al. (1961), 
Shiraishi and Endo (1963), Morihira and Yarimizu (1967).  Consideration 
was also given to the fact that for the range of small value of H0/h 
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the critical wave height is almost equal for the sea walls of 
vertical wall type and block mound type. 

The wave overtopping data on block mound generally show larger 
scatter than the data on vertical wall.  This is due to the fact that 
a slight modification in the height and width of block mound crest, 
or in the shape of mound especially around the too often produces 
significant change in the quantity of wave overtopping.  The data 
shown in Fig. 11 for the relative parapet height of R/h = 0.38 ~ 0.39 
exhibit rathei small scatter.  At larger value of R/h, the scatter 
of overtopping data becomes great, since the data are in the verge 
of wave run-up on block mound, which is about (1.0 ~ 1.9)Ho depend- 
ing upon the characteristics of incident waves.  Under the scatter 
of experimental data, the effect of wind upon overtopping waves can- 
not be recognized clearly. Some of the data for R/h = 0.38 ~0.39 
shown in Fig. 11 have been obtained under the action of winds with 
the prototype velocity of about 20 m/sec, but they do not show marked 
increase over the data without the wind action.  Thus, Fig. 11 re- 
piesents a gross estimation of wave overtopping discharge on the sea 
wall covered with artificial concrete blocks.  Though individual 
laboratory data may differ from the result of Fig. 11, the over-all 
tendency will be in agreement with that of Fig. 11. 

CALCULATION OF EXPECTED OVERTOPPING DISCHARGE 

Now the q-H curves of wave overtopping having been determined 
as in Figs. 10 and 11, the next step m the calculation of Igxp 1S 

the estimation of wave height distribution.  For the ocean waves, the 
Rayleigh distribution of Eq. 1 by Longuet-Higgms (1952) is accepted 
to be applicable.  Since the effect of wave period on overtopping is 
not significant as indicated in Fig. 10, the marginal distribution of 
wave height and period such as proposed by Bretschneider (1959) has 
not been considered in the present calculation. 

The non-dimensional calculation of expected oveitopping discharge 
has been carried out for predetermined values of R/(Hi/3)o* Along one 
q-H curve with the parameter of R/h, qgjQ3//2gh3 was calculated by Eq. 
3.  The result was converted into the form of lEXpA/2g(Hl/3)o3 wl"th 
the ratio of (Hi/3)0/h, which is obtained by dividing R/h with R/(H]_/3)0- 
For the asymptotic case of (Hi/3)0/h->0, Eq. 5 by Kikkawa et. al.(l967) 
was utilized after rewriting it as follows. 

with 0   =   (H1/3)0/H = 1.60 and V   = H/H. 

The parameter k for y  C/H was taken as 1 since at the limit of {U\/j)0/h 
—• 0 the sinusoidal wave gives a good approximation to the wave profile. 
Also the discharge coefficient, m, was given a little over-estimated 
value of 0.5 in order to cover the diffeience between the sinusoidal 
wave and triangular wave profiles, the latter having been employed in 
the derivation of Eq. 5. 
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Fig. 12  Expected overtopping discharge on vertical wall 
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Fig. 13 Expected overtopping discharge on sea walls covered 
with concrete blocks. 
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The result of calculation are combined in Fig. 12 for veitical 
walls and in Pig. 13 for block mound type sea walls.  These figures 
reveal several characteristics of expected overtopping discharge. 
First, it does not respond sharply to the variation of (Hi/3)0/h. 
This is clearly observed for the small value of R/(Hi/3)0.  Second, 
even with a high parapet of R/(Hn/3)0 = 2.0, the average discharge of 
overtopping may amount to 0.0004\/2g(Hi/3)03 for vertical walls.  The 
figure yields the discharge of 0.02 m3/sec per every one meter of the 
sea wall foi the wave height of (Hi/3)0 = 5 m.  If a pumping station 
for drainage is constructed for every thousand meters of the sea wall, 
the station must have the capacity greater than 20 ton/sec.  Thud, 
the maximum overtopping discharge appears at relatively low wave 
height  i.e., (H"i/3)0/h = 0.8 for vertical walls and (Hl/3)0/h = 0.6 
for block mounds.  The shift of peak position toward smaller height 
for block mounds is explained as the result of the promotion of wave 
breaking by presence of block mounds and of the absorption of after- 
breaking waves. 

The height of sea wall for a given discharge of irregular wave 
overtopping can be read on Fig. 14 foi the non-breaking wave condition 
of (Hi/3)0/h = 0.3, the maximum ovetoppmg condition, and the after- 
breaking condition of (H"x/3)0/h = 1.5.  Figure 14 indicates that the 
covering of a sea wall with artificial concrete blocks for the re- 
duction of wave overtopping is most effective for the after-breaking 
condition and least for the non-breaking condition.  The height of 
block mound type sea wall for a given discharge of allowable wave 
overtopping can be less than 50% of the vertical wall foi the after - 
breaking condition, but the parapet height of block mound must be 
about 65% of the vertical wall for the maximum overtopping condition 
and about 85% for the non-breaking condition. 

All the results of expected overtopping discharge do not give sug- 
gestions for the amount of wave overtopping which LS regarded allowa- 
ble.  The allowable wave overtopping is to be given a priori from 
the technological, economical and sociological conditions.  Once the 
allowable quantity of wave overtopping is decided, the results of 
Figs. 12 to 14 will provide basic information for the sea wall height 
necessary to keep the wave overtopping under the allowable quantity. 

CONCLUSIONS 

1) The overtopping of irregular waves on a vertical wall can be 
treated as the linear summation of individual wave overtopping. 

2) The effect of wave period on the overtopping discharge is not 
significant for the deep water wave steepness H0/L0 greater 
than 0.01. 

3) The expected discharges of irregular'wave overtopping on 
vertical walls calculated from the overtopping data of 
regular waves and wave height histograms were a little 
larger than the experimental discharges, but the general 
tendency was in agreement. 

4) Various laboratory data on overtopping of regular waves on 
sea walls of vertical wall type and block mound type can be 
represented in a unified form with the non-dimensionarization 
of q/\/2gh3 versus H/h with the parameter of R/h, as shown m 
Figs. 10 and 11. 
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5)  With the assumption of the Rayleigh distribution for the wave 
height variability, the expected discharge of irregular wave 
overtopping has been calculated as shown in Fig. 12 for the 
sea wall of vertical wall type and m Fig. 13 for the sea 
wall of block mound type.  The result of calculation will 
provide engineers with basic information for the selection 
of crest height and the estimation of overtopping quantity 
in the planning of the sea wall. 
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CHAPTER 55 

ON THE EFFECT OF ARMOUR BLOCK FACING 

ON THE QUANTITY OF WATTE OVERTOPPING 

Naofumi Shiraishi*, Atsushi Numata** 

and Taiji Endo*** 

INTRODUCTION 

Japan, surrounded by sea, is constantly threatened by storm 

surges and beach erosions, for which protection works are being 

vigorously undertaken.  As a measure for protection, facings of 

various armour blocks have come to be used for the seawalls and 
embankments. This is a skillful utilization of characteristic 

functions of armour blocks to dissipate and absorb wave energy 

effectively.  However, systematic experiments and studies on this 

subject have been conducted only in very few cases. 

This paper treats of the effect of the facing of armour 

blocks on wave overtopping by comparison of the quantity of waves 

topped over the vertical seawal] with facing and that of without 

facing. Furthermore, this paper attempts to compare the results 

of the field observation and the experiments on the quantity of 

wave overtopping.  Based on these data, the authors present a 

design criterion of the crown height of seawall with armour block 

facing. 

EXPERIMENTAL PROCEDURE 

* Dr. Eng., Managing Director, NIPPON TETRAPOD Co., Ltd. 

** Assist. Prof, of Civil Eng., Tohoku University, Sendai, Japan. 

*** Eng. Dept., NIPPON TETRAPOD Co., Ltd. 
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The experiments have been conducted by using a wave channel, 

46 meters long, 1.5 meters high, and 1 meter wide.  The various 
types of test wave were generated by a flap type wave generator. 

The blower of wind tunnel has a propeller fan, 1000 millimeters in 

diameter and a damper to adjust the wind discharge in three steps. 

The beach slope was set at 1 on 10 in order to compare the 

present experiment with the ones conducted at University of Tokyo 

and others. The beach bed was made of mortal on which the seawall 

was erected. The model scale was selected to be 1/25 based on the 

Froude's Similarity Law.  The cross sections of seawall used for 

the experiments are shown in Figs. 1 through 5 which show the re- 

spective experimental results.  As for armour blocks of model, 

tetrapods of 24-0 grams in weight were used.  These model blocks 

corresponded to the 4 tons type tetrapods in field.  The wave 

heights were measured by a parallel wire resistance gauge and re- 

corded by a pen-recorder. The gauge was located in the part of 

the channel with uniform depth. The water which topped over the 

seawall was gathered into the collecting tank behind the seawall 

and its volume was measured. 

The waves used for the experiments were regular ones. The 

prototype wave conditions were 6 sec, 7 sec, and 9 sec in peri- 

ods, and 5-0 meters in the equivalent deep water wave height. The 
steepness of the wave in deep water was in the range of 0.02 and 

0.05, which was commonly observed in field. 

BESULTS AND DISCUSSION 

The symbols used in this paper are as follows : 

T    : wave period (second) 

Ho   : equivalent deep water wave height (meter) 

Lo   : deep water wave length (meter) 

h    : water depth at the toe of seawall (meter) 
TT--T 

§^4.  : quantity of water moving onshore per wave and per 

unit width in deep water 

Q    : quantity of wave overtopping per wave and per unit 
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27CQ 

he 

ht 

width of the seawall 

dimensionless quantity of wave overtopping 

crown height of the seawall from the still water 

level (meter) 

crown height of the armour block facing from the 

still water level (meter) 

Figures 1 through 5 show the relation between the relative 

crown height he/Ho and the dimensionless quantity of wave overtop- 

ping 27lQ/(HoLo).  In each case the quantity of wave overtopping 

decreases as he/Ho increases, however its tendency is stronger in 

case of the seawalls with facings than in the case of the vertica] 

walls.  Especially, in case of the relative water depth h/Ho = 1.0, 

it is evident that the seawall with facing provides a stronger 

tendency of decrease of quantity of wave overtopping (see Figs. 

3-a and b). This shows that the effect of the facing on dissipa- 

tion of wave energy is remarkable. 

I         ' TEST   SECTION 
I 

%ZZ3*13Q he 
%£52APcbt U-to 00 

LEGEND 
curve Ttsec! HO(m) HO/L.O 

^>- 6 3 00535 
-e— 7 3 00393 

__»_ 9 3 00237 

&    No   Overtopping 

\ 
•I 

\\ 
1 I 
1 \ 

\\ 

w • 

Fig. 1-a, h/Ho = 0 Fig. 1-b, h/Ho = 0 
Relation between 27lQ/(HoLo) and he/Ho with a parameter of Ho/Lo 
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T rST SECTION 
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LEGEND 
curve T(sec) Ho(m) HO/LO 
—o— 6 3 00535 
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__#__ 9 3 00237 

cr   No   Overtopping 

Fig.  2-a, h/Ho = 0.5 
Helation between 27lQ/(HoLo)  and 

Pig.  2-b,  h/Ho - 0.5 
he/Ho with a parameter of Ho/Lo 

 •    he/ Ho 
Tig.  3-a,  h/Ho - 1 

Helation between 2£Q/(HoLo)  and 

  he/Ho 

Fig. 3-b, h/Ho - 1 
he/Ho with a parameter of Ho/Lo 
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he /Ho 

Fig.  4-a,  h/Ho =1.5 
Helation 'between 27EQ/(HoLo)  and 

Fig.  4~-b,  h/Ho -1.5 
ho/Ho with a parameter of Ho/Lo 

• he/Ho 

Fig.  5-a,  h/Ho - 2 
Relation between 2/tQ/(HoLo)   and 

 - he/ Ho 

Fig. 5-b, h/Ho = 2 
he/Ho with a parameter of Ho/Lo 
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(a)    Vertical    Wal 
(b)    With Armour    Block   Facing 
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006       008 
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Fig.   6-a 
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D000I7     yO0T7\^)045 0009 0005 

t,OOQ\/ ' 

004 006 

•h/ Lo 

Fig.  6-b 
Relation between he/Ho and h/Lo with a parameter of 2XQ/(HoLo) 

Figures 6 sbow the relation between he/Ho and. the relative 

water depth h/Lo with a parameter of 27LQ/(HoLo).  For the purpose 

of comparison, the results of experiment at Universities of Tokyo 

and Kyoto are also shown.  In these figures, the results of wave 

overtopping (2CQ/(HoLo)) obtained in the present experiments are 

shown with solid lines, while the results of experiments at Kyoto 

University with dotted lines. Comparing the solid and dotted 

lines, it is shown that they nearly correspond except in the vi- 
cinity of hAo = 0.04. 

Figures 7 and 8 show the relation between 2XQ/(HoLo) and h/Ho 
with a parameter of he/Ho. From these figures it is evident that 

whether it is a vertical wall or a wall with facing, the quantity 

of wave overtopping reaches a maximum near the wave breaking point. 

Figure 7 also shows that the quantity of wave overtopping does not 

decrease much as the crown height increases at the wave breaking 
point. 

Figure 9 shows the varations of the quantity of wave over- 

topping according to the change of crown height of facing. But 
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the crown width of facing is kept constant. Figure 9 may be re- 

garded as a useful data to design an economical crown height of 
seawall and of armour block facing in order to prevent wave over- 

topping effectively. 

Fig. 7 

Figures 7 and 8 Rela- 

tion between 27£Q/(HoLo) 

and h/Ho with a para- 

meter of he/Ho. 

Fig. 9 Rate of wave 

overtopping by the 

variation of crown 

height of armour block 

facing. 

TEST    SECTION 

20 25 

Fig.   9 
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FIELD OBSERVATION 

1) FIELD OBSERVATION AT SAKATA COAST 

When the results of experiments are applied to the field, the 

similarity of the model test to the field is important. To ascer- 

tain this, one of the authors has compared the results of field 

observation conducted by the Ministry of Construction at Sakata 

Coast with the results of experiments by using regular waves (mod- 

el scale is 1/20). 

Sakata Coast faces on Japan Sea and is constantly attacked by 

violent waves caused by monsoon in winter (see Fig. 10).  Observa- 

tion of offshore waves was accomplished by the use of a wave re- 

corder of underwater pressure type, while the measurements of the 

quantity of wave overtopping and the height of wave run-up were 

performed by the facilities shown in Fig. 11 and Photo. 1. Water 

topped over the seawall striked against the plate for reception 

10 meters in width, and was gathered into the collecting tank 

through the guideway. Observations were conducted twice at 9 a.m. 

and 3 p.m. The quantity of wave overtopping for 10 minutes was 

measured at each time. 

LOCATION OF  OFFSHORE 
WAVE   RECORDER 

(WATER DEPTH-ISSm) 

PACIFIC     OCEAN 

Fig. 10 location 

map of Sakata 

Coast. 

PLATE   FOR   RECEPTWW 
OF   OVERTOPPING   WATER 

CROSS   SECTION 
(NO 225) 

Fig. 11 Facilities of field 

observation of wave overtopping 

at Sakata Coast. 
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The comparison of the 

values of the field and la- 

boratory observations is 

shown in Fig. 12.  The plot- 

ted data of the field obser- 

vation show the relation be- 

tween the significant wave 

heights recorded in 10 min- 

utes and the average quanti- 

ty of wave overtopping.  The 

solid lines in the figure 

show the envelopes of the 

experimental values for wind 

velocity of zero and 25m/sec. 

The wind velocity of 25m/sec 

is the prototype wind veloc- 

ity which was calculated on 

the basis of the Froude's 

Similarity Law.  A consider- 

able difference is noted be- 

tween the experimental values 

of no wind and wind of 25m/sec. 

This is due to the fact that 

the curved-face wall is highly 

effective in case of no wind 

and most of jumping waves are 

bounced back seaward. The ob- 

served values are sandwiched 

in between two envelopes of 

experimental data of no wind 

and wind of 25m/sec.  Taking 

into consideration that the 

wind velocity in field was 

less than 12m/sec, it is safe 

to say that the observed val- 

ues of quantity of wave over- 

topping in the field are rough- 

ly in agreement with the 

Photo. 1  Facilities of fiels 
observation of wave overtopping 

at Sakata Coast. 
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field and experimental data 

on the quantity of wave 

overtopping. 
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experimental values obtained by using regular waves with wind. 

2) FIELD OBSERVATION AT OITA AND BEPFU COAST 

Table 1 is the records of the water level and waves when Ty- 

phoon No. 9 (6309) attacked Oita Coast (see Fig. 13) on August 9, 

1963-  The conditions of wave overtopping over the seawall at Oita 

Coast during the typhoon is shown in Photo. 2. 

Table 1  Records of the water level and waves when Typhoon 

No. 9 attacked Oits Coast. 

Time Wind velocity Water  level H1/3 T1/3 H1/10 T1/10 Hmax Tmax 

13:30 2l.7m/sec +2.18m 
•m 

3.27 
sec 

7.0 
TO 

3.86 
sec 

7.0 
m 

4.10 
sec 

7.0 

Ho1/3 = 3-55m ( equivalent significant wave height in 

deep water ) 

Photo. 2 Conditions of wave overtopping 

at Oita Coast. 

The 8 mm cine-films and photographs taken at that time show 

the overtopping of spray.  Waves come forth along the seawall and 

topped over it.  The reclaimed land behind the seawall was ex- 

tremely inundated.  The experimental results for the same seawall 
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are shown in Pig. 14-.  The cross section of the seawall is also 

shown in the same figure. The following is the results of esti- 

mation of the wave overtopping based on the water level and ob- 
served values of waves given in Table 1 : 

Ho » 3-55 m,   Water level -  +2.18 m, 
Crown height of the seawall = +5.5 m, 

Therefore, he = 5.5 - 2.18 = 3.3 m, 

he/Ho = 3-3/?.55 = 0.94- 
From Fig. 14-, 27CQ/(HoLo) = 1~2 X 10 

Consequently, dimensionless 
that time can be estimated to be 1 

Consequently, dimensionless quantity of wave overtopping at 
2 x 16* 

Furthermore, at Beppu Coast adjacent to Oita Coast (see Pig. 

13)» a great deal of damage due to the wave overtopping was re- 

ported at about the same time. The cross section of seawall is 

shown in Fig. 15. From Photo. 3 which shows the conditions of 

wave overtopping at that time, we can see that the spray jumped 

up expremely, and the substantia] part of wave overtopped violent- 

ly. We can also see that water streamed down at the backwash. At 
that time, the wide area of hinterland was inundated at 0.5~1.0 
meter in depth on the average. 

tig. 13 
Location map 

of Oita Coast. 
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Photo. 3 Conditions of wave 

overtopping at Beppu Coast. 

 — he/ Ho 

Fig. 14 Experimental 

results of wave over- 
topping at Oita Coast. 

Pig. 15 Cross section of 

seawall at Beppu Coast. 

Dotted line is the section 

of plan to prevent the 
wave overtopping after 

the damage at Typhoon No.9- 

02    0.4 o£ 

he/Ho 

Fig. 16 Experimental 

results of wave overtopping 

at Beppu Coast. 
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The experimental results of wave overtopping for the same cross 

section is given in Fig. 16. The following is the results of es- 

timation of the wave overtopping based on the water level and ob- 

served values of waves given in Table 1. However, the offshore 

wave height at Beppu Coast is 3.0 meters. 

Ho * 3.0 m, T = 7.0 sec, Water level » +2.18 m, 

Crown height of the seawall • +4.6 m, 

he/Ho - 2.4/3-0 - 0.8 

From Fig. 16, 2EQ/(HoLo) = 6.0 X 10 

ALLOWABLE QUANTITY OF WAVE OVERTOPPING 

The al]owable quantity of wave overtopping is determined by 

the relationship among the conditions of wave overtopping, the 

importance of structure in the hinterland, the conditions of drai- 

nage facilities, the duration of waves and others. Table 2 was 
made with reference to the results of experiment conducted by us- 

ing regular waves with wind and to the results of field observa- 
tion mentioned previously. 

Table 2 Rate of wave overtopping and its wave conditions 

Condition of wave overtopping Hate of wave overtopping 

27CQ/(HoLo) 

Spray slightly overtops. 0~ 1 x 10"3 

Considerable spray overtops 
or substantial part of wave 

overtops slightly. 

-3       -3 
1 X10-V5 xio 

Spray overtops violently and 

substantial part of wave 

overtops considerably. 

-3        -Z 
5 x 10~ 1 x 10 

Substantial part of wave 

overtops considerably. 
1 x 10~10_/ 
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If we take the crown height to such as extent that no spray 

will overtop, the seawall must he extremely high and uneconomical. 

On the other hand, if the crown height is as low as to permit the 

overtopping of the substantial part of wave, the functions of the 

seawall to prevent the wave overtopping get worse. 

Two of the authors did a survey of the drain of the seawalls 

used in Japan and found that most of them have the cross section 

of 0.1'v^0.5 square meter. They trially calculated the draining 

capacity of such a cross section by Manning's formula and obtained 

the results as shown in Fig. 17.  In this case, it seems that the 

maximum draining capacity is 27£Q/(HoLo) » 1 ~ 5 x  10, under the 
conditions of T = 6—-8 seconds and Ho = 3.0 m. 

From these conditions, it would be supposed that the allowable 

quantity of wave overtopping to design the crown height of seawall 

can be generally determined in the range of 27tQ/(HoLo) = 1 ~ 5 X 10. 

Section of Droin 

-o-7 „, -          . 
I 

"   ~        ~PT*60s«c  Ho-2 5m 
_l 
O 6 " 

/  /OTT'SOMC  Ho-'om 

/ >»^TT"80»»c Ho«30m 

CM ! 

|J i ' 
-» I 

i 
02    03    04     05    06    07    08   09^ 

Area     of    Drain (S) 

Condition of   Oroin 

Inclination of Drain   I»l/I00 

Coefficient of roughness n*OOI4 

Area    of   Drain    s*a2 

Interval   of  Outlet   *• 50m 

Fig. 17 Relation between wave 

overtopping and the capacity 

of drain. 
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DESIGN OF CROWN HEIGHT 

Arranging the data mentioned in the previous chapter, we 

would like to propose here one convenient criterion to design the 

crown height of seawall with armour block facing. 

Figure 18 shows the required crown height of seawall with 
r3 

armour block facing to keep the condition of 2XQ/(HoLo) = 5 X 10 

as the allowable quantity of wave overtopping, corresponding to 

various water depths where the structure is built.  In addition to 

this, the crown height of vertical wall is shown with dotted line 

for the reference.  In the above discussion the crown height of 
armour block facing, ht/Ho is 0.5^0.75-  Generally speaking from 

Fig. 18, it seems sufficient to take the crown height of seawall 

with armour block facing 1.3 times as high as offshore wave heights. 

Besides near the wave breaking point, if we take the crown height 

of armour block facing being equal to wave height in deep water, 

the quantity of wave overtopping reduces abruptly as shown m Fig. 9. 

Therefore, we can reduce the values of he/Ho as shown in Fig. 18 

by 20%. 

Fig. 18 

Relation between 

he/Ho and h/Ho. 

25     30 
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CONCLUSION 

1) As shown m Figs. 1 through 5, armour block facing is 

very effective for the prevention of wave overtopping. Especially 

the preventive function of armour block facing is remarkable at 

the site near the wave breaking point. 

2) The observed values in field which are arranged by sig- 

nificant wave heights are roughly in agreement with experimental 

values obtained by using regular waves. 

3) So far as we observed in field, it seems sufficient that 
we design the crown height of seawall considering the results of 

hydraulic experiments with regular waves with wind. 

4) It would be supposed that the maximum allowable quantity 

of wave overtopping is : 27lQ/(HoLo) = 1-^-5 x 10. 

5) The crown height of seawall with armour block facing can 

be determined easily by using Fig. 18, in which the allowable 

quantity of wave overtopping is assumed to be 27CQ/(HoLo) = 5 .* 10. 

6) Further investigations are required to get more accurate 

data in order to ascertain the above conclusions. 
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CHAPTER 56 

A MODEL STUDY OF THE DISTRIBUTION OF RUN-UP OF 

WIND-GENERATED WAVES ON SLOPING SEA WALLS 
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ABSTRACT 

The behaviour of wind-generated waves on impermeable slopes of 1:2, 
1:4 and 1:10 was investigated in a 40 ft long laboratory wind-wave flume. 
Apparatus for measuring instantaneous values of the run-up was devised. 
Wind velocities of up to 44 ft/sec were applied, producing wave heights 
of up to 2.5 in. 

Distributions were obtained for the wave and run-up characteristics. 
The empirical results were compared with theoretical statistical relation- 
ships. A comparison was made with the run-ups in paddle-wave experiments. 

The relationship between the waves and their run-ups was further 
investigated by a comparison of simultaneous recordings, using the methods 
of spectral analysis. 

INTRODUCTION 

An understanding of the run-up behaviour of waves on sloping faces is 
of importance both in relation to sea walls and beaches. The subject has 
been studied for paddle-generated waves (Granthem 1953, Saville 1956) and 
for wind waves (Sibul and Tickner 1955, 1956; Paape 1960), principally 
from the point of view of the overtopping characteristics. 

For design purposes, the procedure is often adopted whereby the run-up 
corresponding to the 'significant' wave height is determined from empirical 
data, such as that in the Coastal Engineering Research Centre Technical Report 
No. 4 (1966). It may then be quite reasonably inferred that only a small 
proportion of the run-ups would exceed this value. Saville (1952) has 
introduced an interesting refinement by developing an approximate distribution, 
based on the joint distribution of wave height and period proposed by 
Bretschneider (1959) and utilising the above run-up data, but still assuming 
each run-up as being the product of an individual wave. 

The aim of the present investigation, undertaken with a wind-wave flume, 
was to examine the run-up behaviour on impermeable slopes of three different 
inclinations and to establish the relationship with the incident deep-water 
waves. 

870 
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EXPERIMENTAL EQUIPMENT 

The wind-wave flume was 40 ft long, 1 ft wide, and 3 ft deep, with a 
constant speed fan at the downstream end. Air flow was controlled by means 
of a hand-operated butterfly damper, and the wind velocities associated with 
various damper settings were measured by a pitot-static tube appropriately 
positioned. A sheet of perspex, with inclination of 1:10, 1:4, or 1:2 
constituted the sloping face. Fig. 1 illustrates the working end of the 
flume and the assemblage of electronic measuring equipment. A hinged 
paddle-type generator was located at the windward end, so that an alternative 
means of generating waves was available. 

Initially, the variation of the water surface elevation was measured by 
a wave-recorder of the twin-wire resistance type, but unsatisfactory calibration 
drift was experienced owing to contamination of the probes. The capacitance 
type of recorder proved to be much more stable and two such devices were 
employed. 

Measurement of the run-ups proved difficult, because of the small size 
of the waves and the relatively high wind velocities. Various methods were 
investigated, including the suspension of wires of the wave recorder type 
just above and parallel to the sloping surface, so that the run-up covered 
a varying proportion of the wire. But this arrangement was found to be 
depth sensitive as well as being affected by clinging droplets. The type 
of run-up gauge finally evolved was a bank of 40 pairs of thin wire probes, 
arranged in parallel lines 0.5 in. apart and suspended with their tips 0.05 in. 
above the surface.  The longitudinal spacing of the probes was made appropriate 
to the run-up range for each of the slopes. Fig. 2 shows the comb-like 
measuring head, comprising a perspex frame and wire inserts. 

By means of an appropriate circuit, the output of the wave run-up gauge 
was transmitted in staircase voltage wave form proportional to the number of 
pairs of probes in contact with the water. Calibration was effected by adjusting 
its position on the slope so that the points of a known number of probes were 
immersed.  The purpose of the pair of probes was to obviate, so far as possible, 
the errors caused by foam and droplets coming into contact with probes above 
the leading edge. A voltage change was only produced if the tips of a pair of 
probes became immersed. The leading edge during wave run-up was thus defined as 
the highest point at which the depth of water was sufficient to maintain contact. 

The recording equipment included a single-channel high-speed pen recorder 
and a four-speed four-channel F.M. tape recorder. The former provided a visual 
record of the waves and run-ups, whilst the latter allowed of simultaneous 
recordings of waves and run-ups, and facilitated a subsequent analysis by 
analog or digital means. 
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EXPERIMENTAL PROCEDURE 

The flume was filled to a still-water depth of 10 in. An examination 
of the wave spectra showed that this depth was sufficient to establish 
'deep-water' conditions in the flume, with only a small error of about 
8 per cent at the maximum wave lengths. 

For a reference location, the wave recorder was sited above the toe 
of the 1:2 and 1:4 slopes, and 4 ft leeward of the toe of the 1:10 slope, 
the last position being chosen because of the need for comparable fetches. 
In order to assess the effect of wave reflections from the sloping faces, 
wave recordings were taken with and without an absorbent covering on the 
1:2 slope. It was found that the average reduction in the standard deviation 
of the water surface elevation was about 5.3% for various wind speeds. This 
was considered acceptable, especially in view of the fact that the average 
error for the 1:4 and 1:10 slopes would have been rather less. 

Experiments were undertaken at wind speeds of 26, 30, 35, 40 and 45 ft/sec, 
the characteristic velocity being that at 10 in. above S.W.L. However, it 
was found that, if satisfactory conditions were to be maintained on a 
particular slope, the wind velocity could be varied only within a limited 
range. Below the lower limit of this range the length of the run-up zone 
was insufficient for accurate measurements, while above the upper limit 
the quantity of foam and droplets of water on the slope became excessive. 

In order to ensure that conditions within the flume had become stabilised, 
a steady wind was applied for at least half an hour in each test run before the 
outputs of the gauges were recorded. Calibrations were made before and after 
each run. In the case of tape recordings, the wave and run-up processes were 
recorded simultaneously for a period of 80 minutes at a tape speed of l%in./sec. 

ANALYSIS OF CHART RECORDINGS 

Waves: 

Forty wave records^ each with one hundred consecutive waves, were analysed 
for apparent wave height H and apparent period T, using a conventional procedure. 
Values of 1 were defined as L = T . The mean water level was also established. 

In order that results with different absolute magnitudes could be compared, 
the set of values obtained for a given wave characteristic in a particular test 
was normalised by the mean values. Thus 

H»"= H/H, T„- f/f, L„= L/L 

A typical set of probability distributions of H^for different wind velocities 
with a 35 ft fetch is shown in Fig. 3. For the range available, it was found 
that the fetch had little effect upon the distribution, but an increase in wind 
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velocity caused an increase in standard deviation (SH ) of H„ . 

Now, Longuet-Higgins (1952), with some support from observational data, 
has postulated that a prototype 'sea state' is statistically described by a 
Rayleigh distribution. On this basis,the probability distribution of H„ is 
given by 

P < H„ ) - 1 - »-*"*/* 

Theoretical relationships can thus be established between H and Hj, , where Hj, 
is the average value of the highest b. per cent of the waves, also between H 
and the standard deviation o^, skewness <*3H, and kurtosis ol^H. 

From a comparison of these theoretical relationships and the experimental 
data it was evident that the Rayleigh distribution was not a good model for the 
variability of H for laboratory wind waves of the present scale. For example, 
in Fig. 3, the Rayleigh curve diverges from the plotted points in the upper and 
lower quartiles. The graphs for H^, , Hte , H,3  ('significant

1 wave), H^ , 
°~H  > °<M > and "(«H  further confirmed the discrepancy. 

As indicated in Fig. 3, a much better degree of conformity resulted from a, 
Gaussian distribution with mean^= 1.0, and standard deviation <T=  0.35. 

Run-ups: 

The apparent wave run-up height R was defined as the difference in 
elevation between the mean water level above the toe of the slope and a run-up 
crest. A definition of this type was necessary because it was impossible either 
to attribute each run-up crest to an individual wave or to measure a run-up 
height for each wave. 

A more suitable datum for a s^udy of the run-up distribution was the 
elevation of the mean run-up height R. When this had been standardised 
[(R„), » R„ /Sj, where RM « R - R J , it was found that a Gaussian distribution 
with/i" 0,&=  l.o was in good agreement with the experimental results for all 
three slopes (Fig. 4). 

Wave and Run-Up Relationship: 

In view of the apparent Gaussian distribution for the run-ups, and the 
fact that such a distribution is completely defined when_the mean and the 
standard deviation are known, the experimental data for R and H and for Sj; 
and Sj were compared. Linear relationships were obtained by the method of 
least squares, and it is seen (Fig. 5) that they were reasonably appropriate, 
except possibly for the 1:10 slope, where a very liberal interpretation has 
been made, the results being of limited range and probably influenced by wind 
set-up. It was deduced, in general, that the statistical error of the data 
was unlikely to exceed 10 per cent. 

The average values of the ratio mean wave period / mean run-up period 
were 0.68, 1.00 and 1.05 for the 1:10, 1:4 and 1:2 slopes, respectively. 
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Although the exact value of this ratio depended upon the definition of R, 
nevertheless it qualitatively indicated the actual run-up behaviour. For 
example, it was observed, particularly for the 1:10 slope, that waves tended 
to combine or be absorbed by the backwash of a previous wave. For a very 
steep slope, the waves quite often created two run-up crests, the first crest 
being generated by the leading elements of a plunging breaker, whilst the 
second crest constituted the body of the wave. 

The run-up curves of the Coastal Engineering Research Centre (1966), 
referred to earlier, served as a useful basis for comparison. These curves, 
for deep-water uniform waves and for the three relevant slopes, are shown 
in Fig. 6. Corresponding values were deduced from the experimental wind-wave 
data, although the possible range of comparison was very limited. As will be 
seen, there was a fair measure of agreement between the plotted points and the 
curves, although in the case of the 1:10 slope a breaking depth datum (i.e. 
M.W.L. at location where mean depth was breaking depth, ^H) resulted in a 
slightly better fit than the normal convention. 

The run-up of equivalent paddle-generated waves in the flume was also 
investigated and the results were found to be below the relevant curves in 
Fig. 6. The discrepancy could have been due to the effects of reflected 
waves, wall friction, gauge error, and smallness of scale; indeed a scale 
effect correction (additive from model to prototype) is recommended in the 
C.E.R.C. Report. It was also noteworthy that the chart recordings showed 
the existence of a double run-up crest of the type mentioned earlier. 

SPECTRAL ANALYSIS 

A greater understanding of the nature of a non-deterministic phenomenon 
may be gained from an analysis of the process as a whole. This was the 
purpose of the F.M. tape recordings described previously. 

Because equipment suitable for digitising the tape-recorded signals was 
not available, much of the analysis of the wave elevation y  (t) and run-up 
elevation  A(t) was carried out in analog form. From preliminary tests it was 
found that the energy in both processes occurred at frequencies below 4 
cycles/sec,with maximum energy as low as 0.25 cycles/sec for the run-up on 
the 1:10 slope. Therefore, in order to bring these frequencies up to an 
acceptable level for analog equipment, it was necessary to replay the recorded 
signals at an increased speed. In this way, a replay time of 19 seconds for 
80 minutes recording time applied. 

The voltage corresponding to the mean value of  •Mt) was measured by means 
of a mirror galvanometer with a suitable time constant. A random noise r.m.s. 
voltmeter was used to measure the standard deviations of r, (t) and A(t). For 
a given slope, approximately linear relationships were found to exist between 
Sj, and A and between S9 and SA (Fig. 7). 

Probability density functions for 17 (t) and A(t) were obtained by measuring 
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the proportion of the sample length during which the voltage of the analogous 
signal was belovv a known value.  In A;. 8, shoiung the results for the standard- 
ised functions J>(%)  and p(A5), a Gaussian distribution has been superimposed 
for purposes ol comparison.  In the case of p( rjj, the divergence may be 
accounted for by the unsyrametrical nature of the wave profiles - short steep 
crests and long flat troughs. Although the data for p(Aa) exhibited a considerable 
degree of scatter, the distributions for the steeper slopes showed a tendency 
to conform to the pattern of p(^). 

The auto-correlation coefficients /j_ (T) and A(r)  were determined by means 
of an analog correlator, developed for high frequency analysis.  This equipment 
accepted samples of 10 seconds duration, equivalent in the present case to 
approximately 43 minutes oi experimental time.  Whilst ignoring the mean level 
of the signal, it gave a digital output from which the value of the auto-correlation 
coefficient could be calculated for the successive time lagsr, the latter being 
increased from zero by increments of 0.0256 seconds experimental time.  From the 
relevant graphs it was evident that there was considerable difference between 
the form of A,(r) and Av (T-

), particularly in respect of the 1:10 slope. 

when the signals for ty (t) and A(t), recorded in the same test run, were 
fed into the correlator simultaneously, values for the cross-correlation coefficient 
/>7A (r) were obtained, the relevant curves being shown in Fig. 9. It will be 
observed that there was very little correlation between the waves and the run-ups 
for the 1:10 slope, but that correlation improved with increasing steepness.  It 
was interesting to note that for the 1:1 and 1:2 slopes the largest peaks in 

/°?X   (t) were negative.  This was thought to be due to the unsyrametrical nature 
of 7(t) and A(t). 

The energy spectra [_E? (f) and 3>(f) versus fj are shown in Fi<>,s. 10 and 11 
for the three slopes.  The maxima of each of the run-up energy spectra obtained 
for the 1:10 slope (Fig. 10) were found to occur at about o.33 cycles/sec - 
a lower frequency than the band containing the wave energy.  Also, for this 
slope, there was little or no response at frequencies corresponding to the 
peaks of the wave energy spectra.  Thus it is not surprising that the mean 
apparent run-up period was found to be greater than T.  Only in the case of the 
1:2 slope was the maximum run-up energy found to be at the same frequency as the 
maximum wave energy, and, even so, E^ (f) registered half its maximum value in a 
secondary peak at 0.35 cycles/sec. 

CONCLUSIONS 

For the waves, a Gaussian distribution ( u- 1, c = 0.35) for iln was found 
to be reasonably appropriate.  For the three slopes that were investigated,a 
Gaussian distribution ( yo. = 0, «"= l) was a good approximation to the distribution 
°f (^M'S •  Also, linear relationships appeared to exist between H and H, and 
between S- and Sj(  for a given slope.  If this were found to be true of the 
prototype then it would be possible to make accurate run-up predictions from a 
knowledge of the wave conditions. 

The visual observations, trace records, and spectral analysis all showed 
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that it was not possible to establish direct correspondence between individual 
waves and their run-ups.  Indeed, in the case of the 1:10 slope, there were 
over 30 per cent fewer run-up crests than waves approaching the slope.  Thus any 
method which predicts the distribution of apparent run-up heights on the basis of 
an individual run-up for each wave must be inaccurate unless the previous waves 
are taken into account. 

Unlike the statistical conditions generally assumed to apply in nature, the 
laboratory wind waves were not in accordance with a Sayleigh distribution. This 
must obviously suggest caution when considering the practical application of 
the results.  There is clearly a need for further investigation at a larger 
scale, and preferably in the prototype. 

ACKNOWLEDGEMENTS 

The investigation was undertaken at the University ol Southampton. The 
authors are grateful to the University for the use of experimental and computa- 
tional facilities, and to Dr. K. R. McLachlan, in particular, for advice on 
electronic instrumentation. 

INFERENCES 

Bretschneider, C. L. (1959). Wave variability and wave spectra for wind- 
generated gravity waves : U.S. Army Beach Erosion Board, Tech. Memo. 
No. 118. 

Granthem, K. N. (1953). rfave run-up on sloping structures . Trans. Ani. Geophys. 
Union, vol. 34, pp. 720-724. 

tonguet-Higgins, M. S. (1952). On the statistical distribution of the heights 
of sea waves : J. Marine Res., vol. 11, pp. 2-15-266. 

Paape, A. (1960). Experimental data on the overtopping of seawalls by waves : 
Hydraulics Laboratory Delft, Pub. No. 23. 

Saville, T. (1956).  rfave run-up on shore structures : J. Waterways .larbors 0ivn., 
Proc. A,,i..Soc. C.S., vol. 82. 

(1962).  An approximation of wave run-up frequency distribution : 
Proc. 8th Conf. Coastal Eng., Council >/ave -lea.,  3erkeley, Calif. 1963, 
pp. 48-59. 

Sibul, 0. J. and Tickner, IS. G. (1955). A model study of the run-up of wind- 
generated waves on levees with slopes of 1:3 and 1:6 : U.ir. Army Beach 
Erosion Board, Tech. Memo. 67. 

(1956). Model study of overtopping of wind- 
generated waves on levees with slopes of 1:3 and 1:6 : U.S. Army Beach 
Erosion Board, Tech. Memo. No. 80. 

U. S. Army Coastal Engineering Research Center (1966)o Shore protection, planning 
and design : Tech. Rpt. No. 4. pp. 183-195. 



SLOPING SEA WALLS 877 

w 
u 
w 
IS 

e 
5 



878 COASTAL   ENGINEERING 

g 9 



SLOPING SEA WALLS 879 



880 COASTAL   ENGINEERING 

1 

— — 
i i 

• i           j i 

• • • 1            ! 

-    L *\ I j            j 

1   •   >J • • i 

'   

Ti4                                         ! 

l\«  '                 '                 ' 

ftfl i 

* *v 
•   Mk 

««                                • » 

r                                      f 
—*- -   *- - * - —   - * - i* -- 

•IV* 
i 

«* * 

u.   in                                                 * j 
2 o          °                  *2 
3                 if                       \l 1             ! 
5   -              ""                                *U,.            1 
£    a                    = n                                           AM 

" sF       j *  1 At S!          1 
\              i 

(-   _   ' 

5 ~- , 

t>  ! 
Hi 

i       _s 
u.      a   O   : ; ••            \ 

. ~   !         i         i 

i         1         1 
• 

t 

O   - 

£ 



SLOPING SEA WALLS 881 

 \^_ 1 \_-_+ V  

X 

n ^^^^ 

\        *  \ 

L
eg

en
d 

.  
 •

  
 1 

  
IO
 

S
lo

p
e 

• 
  1

   
 4

 
x 

  1
  

  
2 

x^^x 
\          \   * 

+ \ A 
\* \ 

o 
a 
z 
< 

a a < —« a 
M 
e i- 

i 
z 
< 

ix 13 i- 
V) 

10 ul 
X 1- 

CM X 

o Ul 

S 
z 
< 
Ul 
2 

Ul 
X 

Ul 

o 
X 

I 
1- 

H * z 
i o 
i- 
X 

z 
o 5 

» 1- > 
•< Ul 

X > 
Ul 

Q. o 

Z 

z < 
Ul 
2 
IL 

o a. < a 
z < 
tn 

H 
X 
(1 

M O Ul 
- z X 

IX 0 
< 
a. 
2 

0. 
3 

Z 

DC 

Ul a 



882 COASTAL   ENGINEERING 

10 

R/H 

OS 

O I 

    - 

! 

    _ 

t 

-t 

1 
'     1 
_ 4   . Nil  - 

1 U- 
. i 
*   1       — 

I       I     r 

1      1 
+  --       r 

1 

-\              *       - 

\: 

14'          !        !      ' ' i! 
!    I    ' 

! | 
i    *   H -    I- 

1                       ,                1                     **H 

i                      *               . —                . 

•s.       li-IO 

'    i ®    x 0 

r~ 

1    ^S>H^ ^    *   t 
> ,    ^^ 

  i -  i. i-1 I. ^K- n> -  - X •~ 

_      Legend 

—L- r   \ 

O       ^^^v. 
• 

• 

-   Beach Erosion Board 
-          t~      * 1   ^ 

1 

"~      Slope R .   H               R     jj. 
H       T*             H    (f1) 

I—     _ 
i o     ^\ 

• 
-        1   IO 0                           • -- i 0 — 

1 ' 4 <D                          + I 

1    2 0                        x i ft 
— ~  -+   - t - — 

1   IO BD   datum            * 

1               1          1        1      1 

I 

I 

I I I I 1 
Ol OS I 

H/T2 tins/tec2) 

FIGURE  6 THE   VARIATION   OF    RELATIVE    RUN-UP   WITH   WAVE 

STEEPNESS   FOR    IMO, 14,   AND   12    SLOPES 



SLOPING SEA WALLS 883 

" -« r 
*   \ 

o _      o o 
PI 
o 

. •   [V 1 V 1 ! 
V X 

>* 

\ 
v    +• 

• ^ 

1 • 

w 
Q. 
O      *       : 

Di 

0    Tf    CM 

M     - 

X 

+ 

* 
+ 

*  . 
\ 

\ 
•73 
C 
W 
o 
V 
_l 

t        •     +     X 

1 
1 i 

x. 

Ul > < * 
•* 
o X 

1- 
c % 
*- 

10 z 
o 
p 

Ol •< 

O > 
111 
a 

a 
a. < 

O z < 
z 
o 
p 
•< 

Q 
Z < 

> 
III 
o 

1 o 
III a 
> < 
Ul o 
_l z < 
z H 
< Ul 
Ul 

«o 2 
O a. 

l 
Z 

a 

•* u. 
o ut 

O 
C z — 0 
P» 

V) < 

CM $ 

(0 

O 

\f< 

Ul a 



884 COASTAL   ENGINEERING 

b) Run-ups 

O   4 

+      **, +• + 

f* *• i 

„+.+ +•       + 

02.. 

+ « 

V   X + • 

•^ x 

*4-     *    + 

O    I .. 

Gaussian 

• l-IO   Slope 

+ 1   4 

X 1   2 

-3 - 2 

FIGURE  8 PROBABILITY   DENSITY   FUNCTIONS   FOR   WATER 
SURFACE   ELEVATIONS    IN  WAVES   AND   RUN-UPS 



SLOPING SEA WALLS 885 

ExtfJ 

(in* sec) 

O.OI 

Run-up on 

I IO slope 

O.OOI 

O O0O5 

Wind   Sf eeds 

  

v^ t /sec 

t /sec 

t /sec 

t /sec 

  
(3)      35  * 

®      40 f 

©      45  f 

Y^\   

f  (cycles/sec) 

FIGURE   9 ENERGY     SPECTRA    FOR    WAVES   AND 

THEIR     RUN-UPS    ON   A   I   IO    SLOPE 



886 COASTAL   ENGINEERING 

f - 
t   - 

Wind   Speeds 

CU 26   ft /sec 

(2) 30 ft/sec 

(D 35    f'/sec 

© 40   ft/sec 

© 45    ft/sec 

Run-up on 

I 2   slope 

O.OI 

f (cycles/sec ) 

FIGURE   IO ENERGY   SPECTRA   FOR    WAVE    RUN-UPS 

ON    I   4     AND    I   2    SLOPES 



SLOPING SEA WALLS 887 

o 
z 
< 

Q 
2 

V) 
UJ s 
> < < 
* 

1- 
(t < 
o o 
u. V) 

UJ 
in 

0. 1- 
h O t:. 
z I 
III V) u) 

m o 
u. 
u. 
ui 

3 
O O 

O (T >• 

o < H 
> (J 

z o 
o 1 

I 

u 

a 
> 

UJ 
rr • 
ir z 
O _> 
o IT 

in a 
0 UJ 
a I 
u i- 

a 
3 



CHAPTER 57 

THE EFFECT OF WAVE ENERGY SPECTRA ON WAVE RUN-UP 

J.H. van Oorschot       and     K d'Angremond 

Delft Hydraulics Laboratory, Delft, Netherlands. 

1. ABSTRACT 

Previous investigations carried out "by the Delft Hydraulics laboratory 
have shown the necessity of applying irregular waves m studies on wave 
run-up. The installation of a wave generator driven "by hydraulic actuators 
has created the possibility of producing irregular waves with arbitrary 
wave spectra. 

Investigations performed with this type of wave generator show the 
influence of the shape of the energy spectrum on the wave run-up on smooth 
straight slopes of 1:4 and 1:6. The results are compared with run-up 
figures derived from experiments with wind generated waves and with mono- 
chromatic waves. 

2. INTRODUCTION 

A seawall is generally designed to withstand certain wave conditions. 
Depending upon the circumstances the conditions may he a storm surge, 
attack by waves or a combination thereof. The present study is restricted 
to one aspect of the attack by waves only, i.e. the determination of the 
crest height above the still water level. An accurate assessment of the 
required crest level is important as the cross-sectional area of the dyke 
increases approximately proportional to the square of the crest height. 

To determine the crest level on the basis of experiments suitable cri- 
teria have to be established with respect to run-up or overtopping. The 
criteria shall define either the crest level relative to a level of wave 
run-up under design condictions or an acceptable amount of overtopping. 
Little is known at present about the mechanism that underlies the damage 
caused by wave attack on dykes. The assumption seems justified however, 
that overtopping is one of the major factors causing damage to the inner 
(grass grown) slopes. It is therefore generally accepted nowadays m the 
Netherlands that no overtopping is allowed under design conditions. This 
means that the crest level should be at least at the level of wave run-up. 

The prevailing wmdwaves are unfortunately of a statistical nature 
with respect to their height and period. Consequently the wave run-up is 
of a statistical nature too and a distinct maximum cannot be defined. The 
design level for wave run-up is now adopted in the Netherlands as the 
level which is exceeded by 2fo  of the uprushmg waves under design con- 
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ditions. If it is expected that the inner slope of a particular dyke is 
more or less vulnerable to overtopping this percentage can "be adapted 
accordingly. Paape(Ref. l) has shown already in i960 that the amount of 
overtopping water is a parameter which is m principle more relevant to 
damage at the inner slope than the run-up. However, it is still a point 
of investigation and discussion which amount of overtopping will initi- 
ate damage to the inner slopes. As long as the proper relationship "be- 
tween damage (onset and extent) and overtopping or run-up is not known 
neither of these parameters are preferable to each other. 

In view of the simplicity of measuring technique, in the present 
study the run-up is selected as a parameter. 

3. PREVIOUS INVESTIGATIONS 

In the past extensive model investigations were carried out m sever- 
al Institutes to determine the wave run-up on smooth and rough, straight 
and composite slopes. A majority of these tests have been carried out 
applying monochromatic waves. Though the applicability of these investi- 
gations was limited, their great value lies m the insight that was ob- 
tained regarding the influence of wave steepness and waterdepth on the 
relative run-up. (Ref. 2 and 3). 
On the basis of the abovementioned data Saville calculated a sta- 

tistical distribution of run-up assuming a joint distribution of wave 
heights and periods as described by Bretschneider for the case of fully 
developed sea. 
Apart from the investigations with regular waves, tests have been car- 

ried out applying wind waves, generated in a wind flume. (Ref. l). Due 
to the limited fetch available, the wind speeds had to be exaggerated 
m order to generate waves of appreciable height. This resulted in waves 
with a great steepness and consequently a low relative run-up. 
Recently the wind flume of the Delft Hydraulics Laboratory has been 

equipped with new wave generating facilities and it was decided to ex- 
tend the investigations of, wave run-up applying irregular waves with 
variable wave spectra, in order to study the influence of the spectral 
form and the applicability of previous investigations and calculations. 

4. RECENT INVESTIGATIONS 

4.1 Arrangemen of the model 

The experiments have been performed m the wind-wave flume of the 
Laboratory at Delft. The flume is 4 m wide and 1 m high, and has an 
effective length of 55 m. The models consisting of plywood, had 
straight impermeable slopes of 1:4 and 1:6 respectively, with 
sufficient height to prevent overtopping. The waterdepth in front of 
the model was 0,40 m. The models had a width of 1 m each and were 
placed in the flume as shown on Figure 1. 
During the tests the wave motion was recorded in between the models. 

A continuous sampling of these records was fitted into an analogue 
spectrum analyser for an on-line calculation of the energy spectrum of 
the waves. Also the frequency distribution of wave heights was measured 
directly. Apart from the on-line process, all records have been 
digitized and analysed afterwards on a digital computer, m order to 
obtain the wave energy spectrum and from it the spectral width parameter. 
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The statistical distribution of the run-up was measured "by means of an 
electronic multi-point gauge, which was fitted just above the slope. 

4.2. Generation of waves 

Waves were generated "by a wave "board. The "board is driven "by two 
servo-controlled hydraulic actuators to produce waves which have the 
same statistical properties as the waves in nature. 

Via a set of variable analogue filters the signal of a random-noise 
generator is shaped conform to the required energy spectrum. This signal 
is filtered again in such a way that the horizontal movements of upper 
and lower actuator are obtained. This transfer process is based on second 
order wave theory. 

In addition to the artificially generated wave profiles two punchtape 
records of prototype conditions m the North Sea, made available by the 
Hydraulics Division of Rijkswaterstaat, were used as an input 
signal for the wave board. A schematic sketch of the wave generator and 
a block diagram of the control procedure is given m Pig. 2 and 3. 

The adaption of the details of the shape of the waves is obtained by 
an air stream running over the full length of the flume. 

5. WAVE CHARACTERISTICS 

The present investigation was directed mainly on the determination of 
the influence of the spectral form. Therefore a variation of the spec- 
tral form was required with other variables kept constant. However, to 
extend the range of applicability of the experiments, the wave stegpness 
and relative waterdepth, expressed in the dimensionless terms Hs/gT 
and D/gT2 have been varied too. The variation m wave heights and 
periods was limited by the required accuracy of the measurements and by 
the capacity of the wave generating facilities. 

TABLE I 

Test rn* Hs z% Hs/gT2 D/gT2 Wave generation by 

(sec) (cm) -10-3 xl0-3 

T 1 0,97 3,7 0,38 4,0 43,4 random noise 
T 2 1,04 4,2 0,44 4,0 38,1 
T 3 0,95 3,7 0,50 4,2 45,1 
T 4 0,97 5,6 0,38 6,1 43,4 
T 5 0,95 5,6 0,50 6,3 45,1 

T 6 1,54 10,2 0,34 4,3 17,0 
T 7 1,54 10,0 0,45 4,3 17,2 
T 8 1,47 10,2 0,57 4,8 19,0 

T 6 repeated 1,54 9,3 0,34 4,0 17,0 
T 8 repeated 1,47 9,7 0,57 4,6 19,0 

T 9 1,64 13,6 0,38 5,2 15,3 
T 10 1,55 13,5 0,55 5,7 16,9 
T 11 1,58 13,5 0,59 5,5 16,3 

T 12 1,44 8,7 0,42 4,3 19,8 punch tape 
T 13 1,40 7,4 0,52 3,9 21,1 n 

T 14 0,71 6,0 0,22 12,2 81,4 wind only 

T is The period in the spectrum with maximum energy density 



892 COASTAL   ENGINEERING 

-S8cm'   Z--034 

If I     m0   57cm2  £ 045 

ii h i 
(Hi. 
i/V     •     ; 

'//      v,f\  -m -623cm    «> 

/ y   w 
/ /     \% 

16 20 
f sec1 

  MODEL SPECTRA 

 THEORETICAL 
PIERSON-MOSKOWITZ SPECTRUM 
(FULLYDEVELOPED SEA) 

FIG 4 EXAMPLE OF APPLIED WAVE ENERGY SPECTRA 

Hf RAYLEI6H DISTRIBUTION 

* 

/ 
£--045/// 

/f-E=0V. 

4' 
/s 

'? 

100    90   70 50   3020   10   5 1 OS     01 

•/.   GREATER THAN 

FIG 5   FREQUENCY DISTRIBUTION OF WAVE HEIGHTS 

04       OS 12 16 20       22 

-*• f sec-' 

NORTH SEA RECORD 

CORRESPONDING WIND 
FLUME RECORD IT 12) 

«i    5 

04       08 12 16       20       22 

 *-   f sec' 

NORTH SEA RECORD 

CORRESPONDING WIND 
FLUME RECORD  IT 131 

FIG 6    WAVE ENERGY SPECTRUM USING 

PUNCH TAPE PROTOTYPE RECORD 
FIG 7   WAVE ENERGY  SPECTRUM  USING 

PUNCH TAPE PROTOTYPE  RECORD 



WAVE RUN-UP 893 

The relationship between wind speed and energy spectrum of the waves 
as described "by Pierson and Moskowitz for a fully developed sea (Ref. 5) 
has "been used as a reference for the actually applied spectral forms 
and wave steepnesses. Figure 4 shows such a spectrum type for a particu- 
lar wave period (wind speed). As the requirements for a state of full 
development however are restricted to a few cases only, wave spectra 
and wave steepnesses with appreciable deviations mav occur. 

By varying the relative waterdepth D/gT^ from 15.3 x 10  to 
45-1 x 10--^ , conditions were accomplished for almost shallow water 
waves to almost deep water waves. 
The spectral form is expressed in the relative width parameter e. 

defined as follows (Ref. 6)'. 

2  m0 m4 ~ 
m22    „ „      /" 

e = —i  m which m =  / SI^.VJ.     4W mm TV      J 
o 

The calculation of the spectrum and e has been carried out on a digital 
computer using the digitized wave records. The Nyquist frequency was 
3.2 cps. The frequency interval between adjacent estimates of the 
spectral density 0.0533 cps. The correlation function was passed through 
a triangular screen filter. Inherent to the definition of e, the higher 
frequencies have an unproportional large influence on the calculated 
value of e, whereas both the accuracy and the practical interest of this 
frequency range is small. Therefore the calculation of mn is carried out 
for that part of the spectrum for which the energy density S (w) at 
w>w is greater than 5% of the maximum energy density s(u>). The conse- 
quences of this cut-off procedure for one special case (T13) are shown 
m Table II. 

TABLE II 

limitation at Qffo 1% 2<?o 3$ 4% 5% 

s       0.648  0.599  0.550  0.533  0.523  0.518 

From the two test runs m which the input signal consisted of a proto- 
type wave record from the North Sea a comparison has been made between 
the wave spectra and wave height distributions from the prototype and 
those from the wave flume. Figures 6 and 7 show the wave spectra, 
Figures 8 and 9 "the wave height distributions 

6. RESULTS 

The frequency distribution curves of the run-up of all tests have been 
plotted on Gaussian distribution paper, like Fig. 10. Comparing sets of 
distribution curves, each set for gave conditions with the same signifi- 
cant wave height (Hs) and period (T) but different e values, shows 
that there is an influence of e m that way that the "steepness" of the 
run-up distribution is greater for higher e values (Fig. 10). 
Though only a few tests have been performed in which the waterdepth 

and the wave steepness have been varied independently it appeared that 
neither a variation in waterdepth nor a variation in wave steepness has 
a significant influence on the "steepness" of the run-up distribution 
curve, so all curves can adequately be characterized by the run-up at 
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one specific exceedance percentage. 
The run-up distribution curve is characterized by the level of run-up 

surpassed by 2$  of the waves (Zp) for reasons explained m the Intro- 
duction. 

In the case of monochromatic waves it is known that for D< 3H the 
influence of the waterdepth is perceptible. One may expect therefore 
that the same holds for irregular waves, with a comparatively small 
D/H ratio. Such a situation has not been investigated so far. 
Hunt (Ref. 3) developed an empirical formula for the wave run-up on 

smooth impermeable slopes, based on tests with monochromatic waves: 

Z  C tg q ix\ 
H   \nur v 

The experiments indicate that also in the case of irregular waves 
the influence of the slope is well expressed by this formula as far as 
the differences between the slopes 1:6 and 1:4 are concerned. 
Substituting the irregular wave characteristics in (l) the following 

expression is obtained: 
C (s).Hs.tg a 

n 

C (e).Hs.tg a 
Z = " .— A ,— (3) n 

VHs/gT2 

The subscript n denotes the frequency of exceedence. The unknown 
factor Cn which is directly proportional to the wave run-up is not a 
constant as for monochromatic waves but a function of e. In Pig. 11 the 
C2 values of all tests have been collected and expressed as a function 
of s. Notwithstanding the scatter in the C2 values, it is evident that 
e is an important parameter in the run-up phenomenon m that way that 
a wave motion with a wider spectrum produces considerable higher run- 
up for the smaller exceedance frequencies than a wave motion with a 
narrow spectrum. The C values are separated for both slopes because 
the influence of e in the case of 1:6 slope is slightly larger than 
for the 1:4 slope. The scatter is fairly small if one considers that 
the calculation of C2 is based on an empirical formula derived from 
tests with monochromatic waves. Consequently it seems justified 
to assume that the influence of the wave characteristics Hs and T is well 
expressed in formula (3). However it should be stressed that this 
is valid only within the range of conditions tested. 
As mentioned before two tests have been conducted with waves gener- 

ated by making use of wave records from the North Sea (T 12 and T 13) 
The wave run-up obtained in this way, expressed in the C2 values of 
formula (3), is m good agreement with the run-up values obtained by 
making use of filtered noise (fig. 2) as an input signal for the wave 
generator. See Fig. 11. 

Wind blowing over a water surface m a wind flume has been for many 
years the only possibility of simulating wind generated ocean waves in 
the Delft Hydraulics Laboratory, and this method is still used in many 
other laboratories. At the D.H.L. many tests have been performed with 
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"this type of wave generation (Ref. l). However,since the fetches are 
mostly relatively short, the wind speed has to he exaggerated to obtain 
waves of sufficient height and consequently also the wave steepnesses 
are exaggerated. In view of this, one test has been carried out using 
wind generated waves instead of mechanically generated waves. (See T 14) 
of Table I). 

The wind speed was such that a comparative wave height was obtained 
in relation to former experiments. The resulting large wave steepness 
(Hs/gT = 12.2 x 10 )was primarily the reason for a rela- 
tively low run-up on the two slopes, as the run-up decreases at in- 
creasing wave steepness. Moreover the wave spectrum was extremely narrow, 
as may appear from the e-value of only 0.22, and the wave height distri- 
bution was quite different from the Rayleigh distribution as opposed to 
all other tests. Compare Figure 5 and 12. In spite of the deviating wave 
characteristics however the location of the corresponding C2~values 
(T 14) m Figure 11 indicates that formula (3) is still applicable. 

T. ANALYSIS OF RESULTS 

To permit an estimation of the variability m irregular wave run-up 
without the use of facilities for irregular wave generation, Saville 
has proposed the following calculation of a statistical distribution of 
wave run-up (Ref. 4)1 using standard (monochromatic) wave run-up curves. 

The probability of a combination of a particular wave height and wave 
period may be given as: 

p(H,T) = p(H).p(T), (4) 

consequently assuming a zero-correlation between wave height and wave 
period. The probability distributions used were those proposed by 
Bretschneider (Ref. 7) for fully developed sea. 

With the expression (4) one can obtain a joint distribution of wave 
steepness p(H/gT2) and wave height, and subsequently 

using standard run-up curves giving the relation between relative run- 
up and wave steepness (Ref. 2), a distribution of individual relative 
run-up p(~) •  Multiplication of a particular run-up —  with the associated 

n H 
wave height from the assumed joint distribution of wave heights and 
periods for a particular wave condition, results m a distribution of 
run-up p(z). 

To check the applicability of this calculation and to get more insight 
in the influence of the spectral shape on the wave run-up a calculation 
as described is performed for two wave conditions (a wide and narrow 
spectrum) for which run-up distributions have been measured (T 6 and T 8 
of Table l). Instead of assuming a zero-correlation between wave heights 
and periods however actual wave records of the two wave conditions have 
been used for the determination of the joint distribution p(H,T). The 
records were analysed by hand, taking 300 successive waves into consider- 
ation. The result is shown on Figure 13 in which every point represents 
a wave with both height and period within a certain class. Following the 
method of Saville a distribution of run-up of 300 individual waves is 
obtained for two different spectra and 2 different corresponding H/T 
correlations. The solid lines on Figure 14 show the result of the calcu- 
lation. Although this calculation is rather simplified it appears that, 
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"thanks to the fact that a large amount of waves is considered, the ob- 
tained result is m remarkable good agreement with the recorded wave 
run-up for the same wave condition. Compare Figure 10 and Figure 14, 

The calculation shows in addition that the difference in the higher part 
of the run-up curve for the two wave conditions considered was caused 
by the few long, low waves present in the case of a wide spectrum only 
(Fig. 13). This was also confirmed by visual observation. These waves 
with extreme low steepness hardly break on the slope and consequently 
cause an unproportional high run-up. The assumption of a zero-correla- 
tion between wave height and period according to Saville's method re- 
sults in a run-up distribution (the dotted line on Figure 14) which 
corresponds with the measured run-up distribution for the middle one of 
the three spectra in Figure 4 (the Pierson Moskowitz spectrum for fully 
developed sea). 

Calculated and measured distribution curves diverge at higher ex- 
ceedance percentages as a result of the applied measuring technique. 
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CONCLUSIONS 

- The statistical run-up distribution curves diverge at the smaller 
exceedance percentages for different spectral forms. Wider spectra are 
accompanied by higher run-up. 
- Increase m wave run-up for wider spectra is caused by differences in 
the joint distribution of wave heights and periods. The distributions 
of wave heights only are the same for the different spectra. 

C (O.Hs.tg a 
- The relationship Z = —   gives a good approximation of the 

n  VHs/gT2 

influence of wave height, wave period and slope for the conditions in- 
vestigated. 
- Wind waves generated in the laboratory applying exaggerated wind 
speed, produce wave run-up which is generally to low due to the extreme 
narrow wave spectrum. 
•»• The calculation of a statistical wave run-up distribution curve 
assuming a zero-correlation between wave height and period as described 
by Saville agrees fairly well with the measured one for a state of 
fully developed sea. Taking into consideration variations m the joint 
distribution of wave heights and periods for spectra different from the 
spectrum of fully developed sea, a higher run-up is obtained for wider 
spectra; conversely lower run-up goes with narrower spectra. 
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SYNOPSIS 

When a tsunami of large magnitude strikes a coast line, various kinds 
of disaster such as loss of lives, properties or public investments are 
caused by inundation of tsunami over nearly horizontal area.  Although 
tsunami runup has been investigated for the sloping beach, these populated 
area is bordered on sea by a vertical wall such as a quaywall or a highway 
revetment.  In this paper, transformation of tsunami waves at a vertical 
quaywall is analysed using U-C characteristics and overland flow is treated. 
Effectiveness of a vertical land dike aiming to stop running water is in- 
vestigated also.  Theoretical results are verified by experiments. 

INTRODUCTION 

Tsunami is caused by a mid-ocean earthquake of large magnitude, 
having very flat steepness, very long wavelength of several hundred kilo- 
meters and wave period of several ten minutes in the ocean. When it 
approaches to a coast, wave height is increased by effect of shallowness 
as understood easily by the Green's theorem.  Moreover tsunami is ampli- 
fied by diffraction and reflection owing to favorable nearshore topography 
and also by harbour resonance.  As a result, several or several ten meters 
of wave height is not unusual which results catastrophic disaster. 

In Japan, 101 tsunamis have been recorded since 687, in which 18 
tsunamis caused catastrophe.  Sanriku Coast is situated in northern part 
of Honshu, the mam island of Japan and faced to the Pacific seismic belt, 
so this coast has been attacked by tsunamis most frequently in Japan.  As 
this coast is a rias type, there are various kinds of bays in their scale 
and shape, which depth is usually over 10 or 20 meters at their mouth and 
have vertical cliffs on most of coastline leaving scarce flat land at the 
innermost part, where fishery ports and harbours are located with populated 
area behind it.  Stepping over quaywalls of ports and harbours or highway 
revetments, tsunami waves cause overland flow.  Although tsunami runup on 
a sloping beach has been investigated extensively by various authors, over- 
land flow of this type seems a problem to be solved still now. 

This paper deals with mechanism of transformation of tsunami wave at 
a quaywall and that of overland flow and effectiveness of a land dike as a 
counter measure. 

901 
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U-C CHARACTERISTICS OF LONG WAVES OF FINITE AMPLITUDE 

As long waves of finite amplitude, following relationships hold also 
for tsunami waves, 

for C+ characteristics    P=c#2(C-l)+U (l) 

for C- characteristics    Q=c*2(C-l)-U (2) 

in which analysis is confined to one dimensional and the slope of the sea 
bottom is assumed horizontal.  c*isVgh",   C=(l+?/h)/^ and U=u/c^where h is 
the depth, g is the acceleration of the gravity and u is the horizontal 
velocity.  (Lamb 1932) 

Eq. (l) implies a U-C characteristics in a U-C plane corresponding to 
a C+ characteristics in a X-T plane has negative slope of 1/2 which inter- 
sects the horizontal axis at a point (P/c*, 0) which is shown m fig.l. 
Also by eq. (2), a U-C characteristics corresponding to a C- characteristics 
has positive slope of 1/2 which intersects the horizontal axis at a point 
(-Q/c*, 0) 

In the progressive wave, Q=0.  Hence U1=2(Ci-l), P/cy4(C1-l) and this 
is expressed by a point A, namely Aj, A2, A-j or Ap corresponding to their 
value of P/c^or 4(CX-1) which can be determined by V or surface elevation 
of each wave element, where suffix 1 refers to values of incident waves and 
suffix p refers to values at the peak. When these wave elements are stopped 
at the vertical quaywall, U=0.  So, point A moves to point B, namely B^, B2, 
B3 or Bp which shows U-C characteristics of a perfect clapotis. Then, 

Cc-1= 2(C1-1) (3) 

where Cc=(l+ -—) and C_=(l+ —•)  ' xn  which suffix c refers to a 
clopotis. 

The reflected wave elements can be expressed by points C-i , C2, Co and 
Cp as these characteristics must pass points B and Ur=-2(Cr-lJ since P=0, 
where suffix r refers to a reflected vave. 

When Ci-1 is larger than l/2-(Cw-l), overrunmg flow takes place, where 
^w\l/2 0,^(1+ T—) in which H^ is the quaywall height above still water.   Then 

the clapotis at the quaywall is imperfect. Assumption is made for these 
reflected wave elements that the velocity is same with incident wave ele- 
ments, but the surface elevation cannot be higher than h+H^., or Cr-l=l/2- 
(Ctf-D. 

Then Cc-1 can be given by two characteristics through Cx and Cr as 
shown in fig.2. So, 

(4) Cc-1= f(Cl-l)+ 1(0^) 

fc^-l)- I(C-l) (5) 
2^w 

Where Cw-1 is smaller than 2(^-1).  That is, 
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Ctf-K2(C1-l) (6) 

It may seem interest that when water level is equal to the height of 
the quaywall, reflection is took place only as time sequence of the velo- 
city without wave configuration as shown in fig.3.  In this case, 

Cc-1= 3/2(0^1) (7) 

and 
UC=C1-1 (8) 

as Cw-1=0.  And since Uc and Cc-1 are positive, these wave elements invade 
into land causing overland flow. 

OVERLAND FLOW OF TSUNAMI 

Experiments shew that when overland flow was occured, water depth 
decreased abruptly at the brink of the quaywall as shown in fig.4 and flow 
was assumed being transformed from subcritical to supercritical. 

For overland flow no-dimensional wave celerity is defined as 

J£ h 

Where V   is measured from the horizontal bed. 
Then since 

(9) 

7?-H (10) 
c w 

C.V-4^ ^ 2   2 V (ID 

As UC'=U , the following relation can be obtained. 

C,2-U'2=5/16 J2+3/2 JC (12) 

in which 
j = ac^-c^-i (13) 

Since J is positive when overrunning is occured, the right hand side of 
eq.(l2) is positive which means Cc' is larger than Uc', or flow is sub- 
critical at the brink of the quaywall. 

Then a critical flow section A is assumed established at some distance 
from the brink followed by supercritical flow.  As this distance has not 
been decided yet, an assumption is made here that this distance is in- 
finitely small and the section of critical flow is situated just next to 
the brink of the quaywall. 

For calculation of overrunning flow, the origin of x-axis is taken 
at the brink of the quaywall.  C characteristics emerging from t-axis 
are expressed by 
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dx 

and  on which 

ff=V+<V (14) 

UC'+2CC'=UA'+2CA' (15) 

As mentioned above, 

UA'=CA- (16) 

Then from  (15)  and  (16) 

UA'=CA'=  1/3(UC'+2CC') (17) 

, in which 0C'=UC and Cc' are given already. As the distance between 0 
and A is infinitely small, the two points are coincided practically and 
are considered to give a boundary condition. 

C- characteristics emerging from A-axis are given by, 

|| =UA'-CA'=0 (18) 

, which shows C- characteristics are parallel with t-axis and range of 
influence is limited to the right half of x-t plane as accepted in 
practice. 

Overrunning flow is resembled with flow after the breaking of a dam 
in which various assumptions has been presented for the front condition. 
According to the theory originally proposed by St. Venant, the front depth 
is zero and so C and C_ characteristics coincide with each other to 
compose the characteristic envelope. However a more general relation is 

Cf'=aUf' (19) 

for the front condition, in which a is a constant and a reciprocal of the 
Froude number and suffix f refers to the front.  (Abbot, 196l) (M£haut£, 
1964)  Then the characteristic equation for the leading wave element is, 

d(U'+2C')=-f(£-)2-§f^, (20) 

in which f is a friction coefficient and X=x/h.  Prom eq. (20), 

(21) 
UA'2  f      *-XA 

2    2   a2  (l+a)(l+2a) 

for the horizontal bed after Freeman and M6haut6. The front is the 
envolope of the leading wave element given by 

§ =U' (22) 
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Eliminating U' from eq. (2l) and (22), the leading front characteristics 
are given. 

As shown in fig.5, the succeeding C+ characteristics emerging from a 
point F takes over the leading front emerging from a point E.  Then on the 
C+characteristics, 

I    !   I    I    Uj? p 

Uf+2Cf=Up+2CT-f(-) • JTFG (23) 
F 

and on the leading front 

Cf' = aUf' (24) 

Then from eq. (23) and (24) , 

^' = if2i-fV+2s'-f(v)2'^]       (25) 

and also 

<   =^tuJ+2CF'-f(^7)
2^Tp(J]        (26) 

UF ,2 

l+2a 

After this intersection G,  velocities are changed in accordance with eq. 
(21) until a next C+ characteristics takes over. 

Internal zone bounded by the t-axis and the characteristic envelope 
of the leading front can be analysed by two sets of characteristics as 
usual. 

Froude number of the leading front or l/a is normally assumed as 2 
from works by Keulegan, Abbott,M6haut6 and others. 

REFLECTION AND OVERFLOW AT THE LAND DIKE 

Along the Sanriku coast, many land dikes have been constructed to 
protect resident quarters as one of counter measures for running water of 
tsunami.  Although their height was designed in accordance with the highest 
trace of anundation, its reliability has not been checked until tsunamis 
struck these areas by chile earthquake in I960 which stimulated us beginning 
this reseaich. 

Fig.6 shows schematically reflection and overflow of running tsunami 
at a land dike.  As the Froude number of the leading front is assumed as 2, 
the incident flow is supercritical in section I.  So a bore is occured by 
reflection, behind which flow is subcritical.  If the height of a land 
dike is lower than that of the reflected bore, overflow takes place as 
shown m fig.6. 

Between section I and II, a shock condition exists as 

h1(u1-a»)-h2(u2-o>)=o (27) 

u1h1(u1-<»)-u2h2(u2-<»)= - •(h2
2-h1

2) (28) 
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Fig 1  U-C characteristics of a long 
wave of finite amplitude. 
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where a   is the speed of propagation of the bore front and suffix 1 and 2 
refers to values in section I and II respectively. 

Between section II and III, an energy equation holds as, 
2        2 u2 Uo 

v IT = v ^r+ Hd (29) 

and 

,2h2=u3h3 (30) 

, in which H<j is the height of the land dike and suffix 3 refers to values 
in section III.  In section III, a critical condition is assumed as, 

3 

From (27) and (28), 

3 /  . ,2 . /(u-.h, ) 
h =V  I  3 (3D 

=u. = v • 1-- 2hl W 
(32) 

as  <»  is negative. 
Putting   eq.   (32)   into   eq.   (27),  we get 

,  where 

u2=(l- £-)u1= §- ux (33) 

T=(x2-1) >/1/2(1+ i-)      ,  x2= ^  . (34) 

and 

From  (30)   and   (33) 

X3=X22/3   •   (Fl-^2/3  =  ^h ^6) 
,  where x,=h,/h-. 

Putting  (33)   and  (36)   into   (29),  we get 

^2/3 

,  where 

z=x2+  1/2 y"- 3/2   (x2yr/J (37) 

z= - (38) 
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Fig.7 shows the relationship between X2 and Fj with a parameter z 
and between z and F^ with a parameter X2-  The height of reflected bore 
is nearly proportional to the Froude number of the incident flow.  Also 
to keep X2 constant, z must be lowered when F\  is increased.  From eq. 
(33), overflow takes place when F-^ is larger than Y, which gives the lower 
limit of X2 as the latter is proportional to x.  This limit is designated 
as X2(L) and is equal to the wall height z as shown in eq. (37). 

From eq. (32), the bore must be stopped resulting a hydraulic jump 
when a> =0, or 

Fl=x2^fl  + ±5) (39) 

, which gives the higher limit of X2 or X2(U) since the bore is flushed 
away when    0.  In this case the wall is no longer useful for a counter 
measure of the tsunami running flow.  From (37), 

z=z(U)=x2(0)+|(^T)2-|(F1)
2/3 (40) 

in which z(U) means the wall height ratio for this limit case. 
Eliminating x2 from eq. (36) and (37) , the relationship between x-j 

and Fj is given taking z as a parameter which is shown in fig.8. It is 
found that x-j is almost linearly proportional to F^. 

As shown in fig.9, flow runs still after overflowing the dike. 
Between section III and IV, following relations are hold, if energy loss 
is neglected. 

2 2 u3 u4 
h3+ 2g" + Ha= V ^ (41) 

U3h3=u4h4 (42) 

From eq. (41) and (42), the following equations is given together with 
eq. (31). ,      ,     PIT 

x4
J - (2+ I xj)x4 + ± xj=  0 (43) 

in which x =h /h . And 
^.(^3)3/2^^3/2 (44) 

gh4 

However it is convenient that x4 is expressed as a function of F, taken 
z as a parameter, which is given m fig.10.  It is shown that as z is 
higher, x4 becomes smaller.  Since at the front Froude number is between 
1 and 2, height of land dikes is acceptable when it is designed by 0.4 < 
z < 2.2. 

By difinition, 
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(45) 

(46) 

These are related to F^ taking z as a parameter, in fig.11.  As expected 
normally, invading flow decreases when the hight of a land dike increases. 
However velocity ratio increases causing stronger tractive force. 

EXPERIMENTAL PROCEDURE 

Experiments were conducted in a wave basin 23m long, 0.5m wide and 
0.5m high.  A pneumatic wave generator was installed at one end of the 
basin which dimension was 2.5m long, 1.5m wide and 1.5m high and was 
capable to produce a very long solitary wave.  At the other end a horizontal 
dry bed model 10m long was installed which had a vertical quaywall of the 
height 0.312m. 

Resistance type wave gauges were set 6m and lm off the quaywall res- 
pectively.  Fig.12 shows an example of recorded waves.  Photographs of 
running water on the horizontal bed were taken by a motor driven camera 
and a 16mm movie camera at the rate of 3 frames and 24 frames per second 
respectively.  Scales were marked on the bed and the wall, by which depth 
of wave front and water sheet were taken their co-ordinates using a pro- 
file-projector.  Fig.13 and fig.14 show an example of wave fronts just 
after the quaywall and of waves overflowing the land dike respectively. 

The depth of still water was set among 20 and 30cm.  As a solitary 
wave, an incident wave element is expressed by 

y^Hj. Sech
2(^|5i) (47) 

, where Hi is the wave height of the solitary wave, in which 98$ of total 
wave volume is included between ±3.8 of x/h where the x origin is taken 
at the summit.  So, for numerical calculation x is measured from the 
elevation at x/h= ±5.  Then Hj was chosen among 5 and 15cm.  Also the 
period T is taken for the part of x/h=±5 in a wave, which was set among 
4.7 and 28.5 sec.  The height of land dikes was chosen between 3 and 
12.5cm and these are located among 50 and 500cm from the quaywall. 

Total 426 runs were tested and several runs were compared with results 
of theoretical calculation. 

CALCULATION AND EXPERIMENTAL VERIFICATION 

Using one of test conditions, following numerals are used for calcu- 
lation. 

h=28.1cm, H1=7.7cm 

The distance of a land dike from the quaywall L^ is 120 cm and its height 
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Fig.7    Relationship between X2,   z and Pj. 
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Fig. 10 Relationship between x, and F-^ with a parameter z. 
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Fig.13 A wave front just after the quayvall. 

Fig.14 A wave over the land dike. 
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Hd is 3.0 cm.  Then from eq. (47) 

! = 7.7 sech2(0.453 x) (48) 

, where X=x/h.  In table 1, some specific values are given for points 
equally spaced on X-axis. 

The height of a quaywall is taken as 11^3. lcm. U-C characteristics 
give values of the reflecting wave in table 2 following to the theory 
proposed. X-T and U-C characteristics are given in fig.15 and fig.16 
respectively. 

Table 1 

Calculated point (5) (4),(6) (3),(7) (2),(8) (1),(9) (0),(10) 

X 0 1 2 3 4 5 

Ti 7.7 6.314 3.717 1.789 0.782 0 

M1=V
h 0.274 0.225 0.132 0.064 0.028 0 

C1= v/l+M1 1.129 1.107 1.064 1.031 1.014 1 

U1=2(C1-1) 0.257 0.213 0.128 0.063 0.028 0 

(dX/dT)+=U1+C1 1.386 1.320 1.192 1.094 1.041 1 

Table 2 

Calculated  point (5)' (4);(6)' (3);(7)' (2);(8)' (D;(9)' (o);(io)- 

l?r     (X=°) 1.532 1.532 1.532 1.532 0.783 0 

Mr=5?r/h 0.055 0.055 0.055 0.055 0.028 0 

cr=v/ui^. 1.027 1.027 1.027 1.027 1.014 1 

Ur=~Ui -0.257 -0.213 -0.128 -0.063 -0.028 0 

(dX/dT)_=Ur-Cr -1.284 -1.240 -1.155 -1.090 -1.042 -1 

Then values of surface elevation are given in table 3 and also are 
plotted in the left half of fig.17.  It is cleary shown that the incident 
wave is transformed to the partial clapotis and is reflected at the 
quaywal1. 

Values of U and C at the quaywall just derived are converted to U1 

and C by eq. (16) and UC'=UC.  Then from eq. (17) U^' and C^' are calcu- 
lated which gave boundary conditions for the overland flow. As shown in 
fig.16, the moment which the clapotis just touches the crest of the quaywall, 
is not coincided with an intersection of characteristics issuing from points 
given in table 1 and 2.  So, assumption is made this moment is given by a 
fraction of time increment which is equal to that of U-C segment. 

Then the first wave element emerges from (X=0, T=1.27 sec) on the 
X-T plane, from which a line of Cf characteristic is drawn by dx/dt=Uj^' 
+C^'=2U^' since U^'=Cj^' as shown in eq.17.  Moreover a line of front 
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03-02-01     0     01    02    03 
Fig.16    U-C  characteristics 

-10      -8      -6       -4 

Fig.17 Calculated configuration of the tsunami overrunning 
the vertical quaywall. 
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Table 3 

T= 
0 

X 

V/h 

0        -1          -2        -3        -4        -5         -6        -7        -8        -9 

0       0.028  0.064 0.132  0.225  0.274 0.225  0.132  0.064 0.028 

T= 
0.96 

X 

V/h 

0        -1      -1.80 -2.74 -3.65  -4.73  -5.88 -6.97      -8    -9.03 

0.053  0.064 0.132 0.225  0.274 0.225  0.132  0.064 0.028       0 

T= 
1.82 

X 

V/h 

0      -0.83  -1.64 -2.50 -3.59 -4.83  -6.00 -7.08 -8.16 

0.124 0.164 0.228 0.274 0.225  0.132  0.064 0.028       0 

T= 
2.57 

X 

V/h 

0       -0.67 -1.50 -2.62  -3.98  -5.20 -6.33  -7.45 

0.231  0.295  0.309 0.225  0.132  0.064 0.028       0 

T= 
3.10 

X 

V/h 

0      -0.58 -1.90 -3.32 -4.62 -5.75  -6.90 

0.374 0.371  0.263  0.132  0.064 0.028       0 

T= 
3.71 

X 

V/h 

0      -0.65 -1.20 -1.87 -2.68 -3.95  -5.11 -6.27 

0.454 0.395 0.313 0.234 0.153  0.064 0.028      0 

T= 
4.64 

X 

V/h 

0      -1.03 -2.03 -2.03 -2.95 -4.20 -5.39 

0.374 0.329  0.199  0.115  0.030       0 

T= 
6.00 

X 

V/h 

0       -1.53  -2.60 -3.50 -4.21  -5.00 -5.76 

0.231  0.201  0.193  0.103  0.055  0.026       0 

T= 
7.47 

X 

V/h 

0      -1.35 -2.70 -3.37 -4.47 -5.82 -6.55 -7.25 

0.124 0.115  0.111  0.136 0.160 0.055  0.026       0 

T= 
8.80 

X 

V/h 

0      -1.40 -3.07 -4.86 -6.00 -7.25 -7.90 -8.53 

0.053  0.061 0.092 0.136 -0160 -0055 0.026      0 

T= 
10.47 

X 

V/h 

0      -1.78 -3.22 -4.95  -6.82 -8.00 -8.26 -9.08 -10.15 

0       0.026  0.057 0.092  0.136  0.160 0.136 0.055       0 

characteristics is drawn also by 

dX =V^
j2_ 2f 

X-Xn 

2  (l+a)(l+2a) (49) 

in which a and f are given as 1/2 and 0.0057 respectively.  In the right 
half of fig.15, X-T characteristics are obtained and in table 4 values of 
V/h  are given. Also in the right half of fig.17, calculated values of 
surface elevation are plotted. Pig.18 shows the heighest traces of inci- 
dent, reflected and run-up waves.  Agreement between results of experiment 
and of calculation is fine.  Fig.19 shows the relationship between 

Y , where a full line shows the relationship given by eq. (4) —£— and 77 
Cw-1 
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Table  4 

T=2.57 
X 

V/h 

0 

0.059 

0.03 

0.034 

0.05 

0.029 

0.08 

0.003 

T=3.10 
X 

V/h 

0 

0.136 

0.09 

0.070 

0.16 

0.053 

0.21 

0.032 

T=3.71 
X 

V/h 

0 

0.181 

0.23 

0.098 

0.30 

0.092 

0.42 

0.077 

0.45 

0.074 

T=4.64 
X 

V/b 

0 

0.136 

0.47 

0.102 

0.58 

0.097 

0.69 

0.099 

0.98 

T=6.00 
X 

V/h 

0 

0.059 

0.82 

0.081 

1.00 

0.080 

1.11 

0.081 

1.48 

0.086 

1.77 

0.097 

T=7.47 
X 

V/h 

0 

0.006 

0.70 

0.050 

1.13 

0.059 

1.50 

0.068 

2.15 

0.074 

2.65 

0.093 

T=8.80 
X 

V/h 

0 

0 

0.21 

0.006 

1.35 

0.044 

1.60 

0.048 

1.83 

0.053 

2.25  3.18  3.37 

0.062 0.067 0.088 

T=10.47 
X 

V/h 

0 

0 

0.45 

0.006 

1.98 

0.037 

2.23 

0.041 

2.61 

0.051 

4.27 

0.067 

and white circles show experimental results. Agreement is also very fine 
which proves the assumption for the formation of imperfect elapotis.  In 
fig.20, the front characteristics in X-T plane is presented to compare 
test results and theoretical ones, which were obtained by assuming f as 
0.0057 and 0.01.  It is concluded that a frictional coefficient must be 
taken much larger than that ordinary expected. 

The Froude number of the wave front was calculated for nearly 80 runs 
and was found among 0.5 and 2.5 which might correspond to 1.0 and 2.0 
given by Abbottand Mehaute\ ^__ 

Finally, test results of x and F^u^/vgh^ are compared with there- 
tical ones in fig.21 and fig.22 respectively, which also show good agree- 
ment with each other. 

CONCLUSION 

U-C characteristics are utilized to analyse perfect and imperfect 
reflection at the quaywall.  Condition of occurance of imperfect elapotis 
is presented.  No dimensional wave celerity and velocity are given by eq. 
(4) and (5). 

Overland flow is calculated assuming that critical flow takes place 
at the quaywall and Froude number F]=Ui/Ci=l/a on the leading wave front 
is 2.  However whenever this front is took over by the succeeding elements, 
abrupt change is occured in U' and C. 

Reflection and overflow of running tsunami at a land dike which is 
designed to prevent the intrusion of tsunami are analysed using shock 
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condition and an energy equation, in which also the critical depth is 
assumed to occure at the summit of the dike. 

Conditions of perfect reflection and of jet impact are given.  Also 
depth, velocity and discharge behind the dike after overflow are presented. 
It is found that as the height of a dike increases, overflow discharge 
decreases as expected ordinary, but velocity increases which necessitates 
careful inspection on safety of the land behind the dike. 

Finally theories are examined by experiments of 426 runs and are 
verified by comparison of test results and theoretical calculations. 
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INTRODUCTION 

The intensity and vertical distribution of pressures exerted 
by water waves on the vertical walls of composite-type breakwaters 
vary in a very wide range from those of high shock pressures exerted 
by severe breaking waves to those of low pressures similar to 
hydrostatic pressure due to standing waves, depending upon the shape 
of the composite-type breakwaters, the characteristics of incoming 
waves, and the depths of water where the breakwater are located. 
In this paper are presented the intensity and vertical distribution 
of pressures exerted by various kinds of breaking waves on the 
vertical walls of composite-type breakwaters with low and large 
base-rubble-mounds constructed m comparaticely deep water. 

COMPOSITE-TYPE BREAKWATERS WITH HIGH RUBBLE-MOUNDS 

Shock pressures exerted by perfect and partial breaking waves 
on the vertical walls of composite-type breakwaters with high base 
rubble-mounds were studied in our laboratory from April of 1953 to 
March of 1959, and the results were published in June, 196o(1\ 
Those studies were concerned with the intensities of the shock pre- 
ssures and their vertical distributions on the vertical walls of 
composite-type breakwaters, which had as high base-rubble-mounds as 
nl/n2=° to 0.50, in which h^ defined a water depth above the top of 
the rubble-mounds, and h2 was a water depth at the toe of the 
harbour-side slope of the rubble-mounds.  The tpp widths of the 
base-rubble-mounds, B, were so narrow as zero to two meters, and 

920 



COMPOSITE-TYPE BREAKWATERS 921 

water depths in front of the vertical walls, h-], were mostly smaller 
than 1.3 times the heights of incoming waves, H. 

When breaking waves strike on composite-breakwaters, peak pres- 
sures at various elevations of the vertical wall of the breakwater 
do not occur at the same time.  In general, there are slight re- 
tardations of occurrence in turn towards the wave crest from the 
bottom of the wall.  Therefore the maximum wave pressure inducing 
the sliding and overturning of the vertical wall is not equal to 
the resultant of the peak pressures, but equal to the resultant of 
the simultaneous wave pressures exerting at the same instant as the 
occurrence of the maximum peak pressure, Pmaxi oa  the wall.  This 
was proved by numerous experiments'^'. 

The vertical distributions of the maximum simultaneous pressures 
exerted by breaking waves on the vertical walls of composite-type 
breakwaters with high rubble-mounds are divided into three types 
which were referred to as A, B, and C-types'1). 

A-type distribution.   The maximum peak pressure on the wall, 
Pmax, occurs at or in the vicinity of still water surface, and the 
pressures acting simultaneously with pmax above and below the still 
water surface decrease quickly in accordance with the following 
equation 

Pmax 0--?) (1) 

in which p„ defines the intensity of the maximum simultaneous pressure 
at a distance y above and below the still water surface.  The 
resultant, P, of the A-type distribution is 

I8 B/2 
Py 

dy =   Pmax 
3 

(2) 

B-type distribution.   Pmax occurs at the bottom of the vertical 
wall and the simultaneous pressures above the bottom decrease with 
increasing elevation in accordance with the following equation 

Py = Pmax ('"f) (3) 

m which p-y denotes the intensity of the maximum simultaneous pressures 
at an elevation y from the bottom of the wall.  The resultant is 

F = 1' Py dy -    Pmax CO 
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C-type distribution.   p^ 
vertical wall, but the run-up along the wall is larger than that 
of B-type, in accordance with 

py= Pma* (1 - ^H) (5) 

therefore the resultant is 

p1.5H f->H       1 
Py dy = ~?~  Pmax • H (6) 

'0 

COMIOSITE-TYPE BREAKWATERS WITH LOW AND LARGE RUBBLE-MOUNDS 

1.  EXPERIMENTAL EQUIFMENT AND PROCEDURES 

Since several years ago xn Japan large composite-type break- 
waters which have very large and low base rubble-mounds with wide 
top-widths, B=10 to 20m or more in front of vertical walls have 
been constructed in seas about 10 to 12m deep.  The values of h-j/H 
in those breakwaters during typhoons are from 1 to 1.8. 

Numerous experiments on pressures exerted on the vertical walls 
of such composite-type breakwaters with low and large base rubble- 
mounds have been conducted on a model-to-prototype scale of 1:20 
since two years ago by the use of a wave channel equipped with a 
wind blower, 50m long, 1.0m wide, and 1.5m deep, as shown in Fig. 1. 
The conditions used in the experiments were as follows: 
(a) Water depth at the horizontal bottom of the wave channel, h=51 
to 8")cm, xn prototype h„=10.2 to 16.2m; (the bottom slope of the 
channel from the toe of the outer slope of a rubble-mound to a 10m- 
distance is 1/100); 
(b) Shape of breakwaters;  b-2=20 to 65cm, in prototype hjps't- to 
13m; h-|-io to 50cm, h-|p=2 to 10m; the height of rubble-mounds, 

OM=10, 15, 25, and 35cm, in prototype hMp=2, 3, 5, and 7m; B=0, 
12.5, 25, 50, 75 and 100cm, xn prototype Bp=0, 2.5, 5, 10, 15 and 
20m; h-]/h?=0.22 to 0.80, and B/h2=0 to 2.5:  Outer slope of the 
base rubble-mound was constant to be 1:3 in all breakwaters tested. 
(c) Characteristics of waves; period T=1.17 to 3-.05sec, in proto- 
type Tp=5.2 to 13.6sec; wave height H=5 to 38cm, Hp=1 to 7.6m; wave 
length L=201 to 801cm, Lp='t0 to 162m; h/L=0.08 to 0.37, and h2/H = 
1.3 to 6.2. 

The range of the experiments are summerized in Table 1. 
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TABLE 1.- CHARACTERISTICS OF WAVES AND 
DIMENSIONS OF BREAKWATERS TESTED 

"""""--—-___ Model I-rototype 

Water depth at the 
horizontal bottom : h hm=51 to 81cm hp=10.2 to 16.2m 

ID 

m 
3= 

Period : T TD=1.17 to 3.05sec Tp=5.2 to 13.6sec 

Height : H Hm=5 to 38cm Hp=1.0 to 7.6m 

Length : L Lm=201 to 801 cm Lp=^0.2 to 162m 

+> 

M a 
u 

Water depth at the 
toe of rubble- 
mound : h2 

n2m-20 to 650m h2p=
if.0 to 13.0m 

Water depth on the 
top of rubble- 
mound : h-] 

h1m=10 to 50cm h1p2.0 to 10.0m 

Height of rubble- 
mound : h^ hMm=10> 15, 25, 35cm hKp=2.0, 3.0, 5.0, 7.0m 

Width of the top 
of rubble-mound : B 

Bm=0, 12.5, 25, 50, 
75, 100cm 

Bp=0, 2.5, 5.0, 10.0, 
15-0, 20.0m 

Relation between wave 
and water depth 

h/L=0.08 to 0.37, h2/H=1.3 to 6.2 

Relation between break- 
water and water depth 

h1/h2=0.22 to 0.80, B/h2=0.0 to 2.5 

The right column in Table 1 shows numerals in prototype which is on 
a 1:20-model-to-prototype scale. 

The experiments were conducted at an each shape of the 
composite-type breakwaters, as shown in Table 1, to generate from 
strong breaking waves to standing waves by varying the depth of 
water and the characteristics of wave for a given value of relative 
water depth at the horizontal bottom, such as h/L=0,10, 0.15, 0.20, 
and 0.28, respectively.  The bottom-slope of the wave channel at 
the toe of the outer slope of base-rubble-mound was 1/100 when 
I12/HSI.8O, and that was 1/40 when hg/IKI.80.  Since it was neces- 
sary to know the ranges of adaptability of the equations to obtain 
the pressures exerted by breaking waves on the vertical walls of 
composite-type breakwaters with high as well as ]ow and large 
rubble-mounds, and by standing waves on vertical-wall breakwaters, 
respectively, comprehensive experiments were performed over a wide 
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range from composite-type breakwaters with high rubble-mounds to 
those with extremely low and large mounds similar to a vertical- 
wall breakwater. In all the experiments six pressure-gages were 
used simultaneously to measure the maximum simultaneous pressures 
on the walls, and they were of a same type which have been used 
in the experiments concerning the pressures of breaking and 
standing waves. The characteristics of the pressure-gages are 
shown in Table 2. 

TABLE 2.- CHARACTERISTICS OF PRESSURE-GAGES USED 

Pressure plate Phosphor-bronze; 0.-2mm thick 

Number of bellows 
Pitch of bellows 

4 to 
kmm 

5 

Thickness of acrylic 
plate attached with 
strain-gages 

For the measure- 
ment of standing 
wave pressure 

For the measure- 
ment of breaking 
wave 

0.8mm 2.0mm 

Frequency 
of free 
oscillation 

In air f=l't0 to l60c/s f=210 to 160C/S 

In water f=100 to 110c/s f=150 to 160C/S 

Damping factor 0.02 to O.OJ 0.02 

2. EXPERIMENTAL RESULTS 

(1) When the base-rubble-mounds of a composite-type breakwaters 
are so low that h-)/h2^0.75, and h2/Hi£1.80, standing waves are 
always formed in front of the breakwaters regardless of the top- 
width of the base-rubble-mound, B„ The pressures exerted by per- 
fect or partial standing waves on vertical walls can be obtained 
with sufficient accuracy for practical design by the use of 
formulas^'(/0. 
(2) When 0.40§h-i/h2<0.75, waves formed in front of the vertical 
walls of composite-type breakwaters vary over a wide range from a 
perfect breaking wave to a standing wave, depending upon the ra- 
tioes of h-i/hj, B/hg h/L, and h2/H. The ranges of the breaking 
and standing waves are shown in Figs. 2 to 5. 

Generally speaking, as the value of hi/h2 becomes smaller 
towards 0.4-0, that is, as the height of a base rubble-mound becomes 
larger, waves become to break severely in front of the breakwater, 
while when the value of h1/h2 approaches to 0.75, there are formed 
non-breaking waves similar to a standing wave in front of the 
breakwater. Therefore the intensities of wave pressures vary over 
a wide range, but pmax occurs at or m the vicinity of the still 
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water surface in almost of the cases when O.WSh^/h2<0.?5, 
(3)  The value of a=pmax/w0H, in which w0 denotes the unit weight 
of water, vanes, depending upon the values of h1/h2> B/hj, and 
hg/H, as shown in Figs. 6 to 10. 
CO  The vertical distributions of the maximum simultaneous 
pressures occurring simultaneously with the Pmaxi exerted by 
breaking or nonbreaking waves on the vertical wall are obtained as 
follows: 

(a) Below the still water surface 
The pressure intensity at the point of -z below the still water 

surface, pz, is obtained by 

0'^) cosh B 

Pz = Pmax 
:  (7) 

cosh B ' 

in which B is a function of o only, being independent of a relative 
water depth h/L, and is given by 

P = J G.Oa.  + 26.0 - 5.0  , (8) 

m which 1.0Sa^5'O.  The relation between 8 and a is shown m 
Fig. 11. 

(b) Above the still water surface 
The height of a wave crest above the still water surface, Hc=yH, 

on the vertical wall of a composite-type breakwater with high base- 
rubble-mound is 0.5H for the A-type distribution given in Eq. 1, and 
that is (1.0 to 1.3)H for a standing wave^3).  Therefore, the value 
of fr=Hc/H for a composite-type breakwater with low base-rubble-mound 
is considered to vary from 0.5 to 1.3, depending upon the values of 
a and h/L.  The values of f  for various values of a and h/L obtained 
by the experiments are shown m Fig. 12, and as the upper values of 
these experimental ones,   available for practical design purposes, 
were decided as shown m Table 3- 

From numerous experiments the distribution of the pressures 
above the still water surface can approximately be assumed triangular 
such as 

Pmax = oWgfl      at the still water surface, 

and 

pz = 0 at Hc =>H above the S.V.'.L. 

The values of ¥  varies shown m Table 3- 
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TABLE 3.- VALUES OF y 

h/L<0.135 0.i35gh/L<0.35 

<XS1.3 y=i.3 o<1.0 7=1.0 

1.5<*S1.5 7=-2.13a+<t.06 1.0<aS3.0 7=-0.25a+1.25 

1.5<«S3.0 y=-0.25a+1.25 
3.0<a >=0.50 

3.0<a >=0.50 

(c) The resultant of the maximum simultaneous pressures is 

c 
Pz  • 

h-, 

1 
dz  +           Pmax   •  Hc 

2 

„H (hi 
tanh  8           1 

+   •    y H 
8                2             ' 

(9) 

3.  COMPARISONS BETWEEN PRESSURES OBTAINED IN THE EXPERIMENTS AND 
MEASURED IN PROTOTYPE AND THOSE CALCULATED BY THE EQUATIONS 

(1) Comparisons between the Experimental and Calculated Values. 
Comparisons of the pressures calculated by Eqs. 7, 8, and 9 

with those obtained by the experiments are shown in Figs. 13 to 
16 (a), (b), and (c). Figures (a) in these figures show pressures 
very close to those of standing waves, and figures (b) and (c) 
pressures of breaking waves. 

According to Figs. 13 to 16, it is known that the values 
calculated by the equations are in a fairly good agreement with 
the pressures obtained by the experiments, and the ratioes of the 
resultant of pressures in the experiments, Pe, and that computed 
by Eq. 9, Pcali that is Pe/Pcal. are °«81 to 1.07.  In the other 
numerous comparisons the value of Pe/Pcalwas mostly O.85 to 1.0, 
with very rare cases of Pe/Pcai>1.0. 
(2) Comparisons between the Measured and Calculated Values. 

The only one report on the field measurement of wave pressures 
exerted on a composite-type breakwater which the writer could have 
for recent fifteen years is the field measurement which the 
Hokkaido Development Bureau made in 1957 and 1958 at the Harbor of 
Haboro m the Japan Sea^5).  Fig. 17 shows the cross-section of 
the breakwater at the Harbor of Haboro and the location of three 
pressure-gages used for the measurement.  The three pressures 
indicated by a black circle are measured values which would 
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approximately be considered as the maximum simultaneous pressures 
during the measurement.  The three double-circle marks in Fig. 17 
denote the pressures calculated by Eqs. 7 and 8, which were obtained 
by the following calculation; 

The heights and preiods of waves during the measurements were 
Hmax=;2 to 4.5m and T=;7 to 8sec.  The period of wave was assumed T= 
7.3sec when the pressure gage located at the still water surface 
recorded pmax=

11 */»? but the mean sea level when pmax=11t/m
2was 

not reported.  Since the tidal range of the Japan Sea is within 
0»5 to 0.6, the calculations of pressures were made for two cases of 
the mean sea level, D.L. +0m and +0.60m» 

(i) For the case of D.L. ±0m sea level 
The average depth of water at sea (4 to 6) L (wave length) 

offshore the breakwater is approximately assumed h=7.0m. 
Therefore L=55m for T=7.3sec, and h/L=;0.13. Since h-|/h2=3.5/6.0= 
0.58, the breakwater is defined as a composite breakwater with a 
low base-rubble-mound, and B/h2=3.0/6.0=0.50.  If H is assumed 
4.0m, h2/H=1.5. 

(ii) For the case of D.L.+0.60m sea level 
The average depth of water h=7.6m, and L=57m, therefore h/L= 

0.133-  If the maximum wave height is assumed Hmax=4.5m, h^/H = 
6.6/4-5=1.46=:1.5. h-|/h2=0.62 and B/h2=0.46.  Since h2/H=1.5 for 
the both cases, waves are assumed to break in front of the break- 
water.  From Fig.6, a=3-0 for the both cases, then g=1.63 by Eq.8, 
and 7=0.50 from Table 3.  The full line shown in Fig. 17 is the 
curve of vertical distribution of the maximum simultaneous pressures 
calculated by Eq. 7 by using the values of a, p, and Y .  The calcu- 
lated values show to be comparatively close to the measured.  The 
calculated values of pmax are 12.4t/m

2for 15=4.0m, and 13.9t/m2for 
H=4.5m, while the design engineers of the breakwater were assumed 
Pmax=l4 to 15t/n£  It may be stated that this assumption of pmax 
(presumably made from their experiences) was quitely adequate. 

4- EFFECTS OF OVERTOPPING AND WIND ON WAVE PRESSURE 

(1) Effect of Wave Overtopping. 
According to the results which have been obtained until now 

in the experiments of composite-type breakwaters with low and 
large rubble-mounds, it may be stated in general that as the volume 
of wave overtopping increases, the intensities of the maximum 
simultaneous pressures would decrease from the top to the bottom 
of the vertical wall of the breakwater, and when the difference 
of height between the top of the vertical wall and the still water 
level is very small, the intensities of the maximum simultaneous 
pressures would distribute approximately uniformly, as these trends 
were seen in the results of experiments of breaking waves on 
composite-type breakwaters with high rubble-mounds and partial 
standing waves on vertical walls (4;. 
(2) Effect of Strong Winds. 

It is seen that if strong winds with velocities over about 20m 
per sec blow over waves, the pressure intensities of breaking waves 
also increase slightly from the top to the bottom of the vertical 
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wall of composite-type breakwater with low rubble-mound. The studies 
on the effects of wave overtopping and strong winds are now under 
way.  The detailed report is scheduled to be written in near future. 

CONCLUSIONS 

From the study on the wave pressures exerted on the vertical 
walls of composite-type breakwaters with low and large rubble-mounds 
the followings are concluded. 
1. When the base-rubble-mounds of composite-type breakwaters are 
very low and h-i/b-2^0.75, and h2/H£1.80, standing waves are always 
formed in front of the breakwaters, regardless of the top-width of 
the rubble-mound, and the pressures exerted by all kinds of standing 
waves on vertical walls can be obtained by using formulasO), CO. 
2. When 0.40^h-|/b.2<0.75, breaking waves or standing waves are 
formed in front of the vertical walls of the composite-type break- 
waters, depending upon the values of hi/b-2, B/h2, h/L, and h2/H. 
The ranges of breaking waves and standing waves are shown in Figs. 
2 to 5. 

It may be stated that the maximum peak pressure on the vertical 
walls of the composite breakwaters with low and large rubble-mounds, 
Pmax> ls always located on the still water surface or on its vicinity, 
and the value of a=pmax/w»^ increases as the value of h-]/h2 approaches 
to O.'tO, while a  decreases as h-|/h2 approaches to 0.?5, being 1SoS 
1.3 for standing waves. 
3. When waves break in front of the vertical wall, the value  of 
a  varies, depending upon the values of b-j/b.2, B/h2, and h2/S, as 
shown in Figs. 6 to 10. The vertical distributions of the maximum 
simultaneous pressures exerted by breaking waves are determined by 
Eq. ?, and the resultant pressures are obtained by Eq. 9. 
k.       When the difference of height from the still water surface (or 
mean sea level during storms) to the top of the vertical wall is so 
small that there is a large volume of wave overtopping, the inten- 
sities of wave pressures on the wall decrease from the top to the 
bottom, as the volume of wave overtopping increases. The strong 
winds over waves lead to a slight increase in the intensities of 
wave pressures on the wall.  But since the study on the effects of 
wave overtopping and strong winds on the pressures of breaking waves 
on the composite breakwaters is now under way, the detailed report 
will be written in near future. 
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CHAPTER 60 

THE EFFECT OF WAVE CRESTS ON WAVE FORCES 

A. Trstteberg 
Research Engineer, River and Harbour 
Laboratory at the Technical University 
of Norway, Trondheim, Norway. 

ABSTRACT 

This paper deals with wave forces from short 
crested waves as compared with two dimensional waves.  The in- 
vestigation comprised measurements of wind wave forces on fixed 
pontoons in a model, and a comparison of wave crest character- 
istics of wind waves xn model and prototype.  The model tests 
showed that the wave crests have a marked xnfluence on the 
wave forces.  The investxgatxon of model and prototype wave 
data showed that the crest characterxstxcs of the model waves 
compared well wxth that of prototype sea. 

INTRODUCTION 

As known, wind waves are three-dxmensxonal and short cres- 
ted.  When a structure, e.g. a pontoon, xs exposed to short 
crested waves the total force at any moment xs determxned by 
the xnstantaneous water level along the entxre length of the 
structure.  If the structure xs of approx. the same length as 
the wave crest, the resultant force wxll dxffer consxderably 
from that of the two dxmensional case. 

The paper deals with an investigatxon conducted at the 
Rxver and Harbour Laboratory at the Technxcal Unxversxty of 
Norway to gxve some xnformatxon of the effect of wave crests 
on wave forces as compared wxth two dimensxonal waves. 

The xnvestxgation comprxsed measurements of wxnd wave 
forces on fxxed pontoons in a model and a comparxson of wave 
crest characterxstxcs of wxnd waves xn model and prototype. 

MODEL TESTS 

Model tests have been conducted xn a channel wxth wind 
generated waves, and horxzontal forces on a fixed pontoon 
were measured.  The test arrangement is shown schematxcally 
in Fig. 1. 

Four pontoons with different lengths (A = 50-150-200 and 
350 cm) in the crest direction were used.   The resultant 
horxzontal force was measured by use of straxn gauges as xndx- 

934 
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cated in Fig- 1.  Practically no wave energy was transmitted 
to the lee-side of the pontoon, and pressures on the front 
wall in regular waves with periods in the range of periods of 
the wind wave spectrum, was found to be equal to the pressures 
on a vertical wall extended to the bottom. 

Fig. 2 shows the energy spectrum and wave height distribu- 
tion of the incident waves at the location of the front wall of 
the pontoon.  The waves were generated over a fetch of 46 met- 
res with a wind velocity of approximately 8 m/sec.  The water 
depth of 10 8 cm was "deep water" for all waves present in the 
wave spectrum. 

Fig. 3 shows the distribution of horizontal forces per 
unit length in the direction of the wave propagation for the 
four pontoons.  The distribution is calculated on the basis of 
200 successive force peaks. 

The diagram, Fig. 4, shows the maximum force per unit 
length as a function of a relative pontoon length X/L . 
L  designates a characteristic wave length of the wave spec- 
trum; the length of a sinusoidal wave with a frequency equal 
to the peak frequency of the wave spectrum.  F  is the inter- 
polated maximum force for a relative pontoon length X/L  = 1.0. 

As shown in Fig. 3 and 4, the crests of the wind waves in 
the model had a marked influence on the resultant forces on 
the pontoon. 

COMPARISON OF WIND WAVES IN MODEL AND PROTOTYPE 

In connection with the tests a comparison of wind waves in 
model and prototype has been made. The prototype data have 
been taken from the SWOP project (1) where stereo photographs 
of the water surface were obtained and maps of the instantane- 
ous water surface were prepared. In the present investigation 
profiles of the water surface in the crest direction have been 
drawn on basis of these maps. 

In the model profiles in the crest direction were obtained 
by photographing the waves as they passed through a finely 
meshed screen suspended across the channel in the crest direc- 
tion. 

The crest data have been treated as illustrated in Fig. 5. 
The moving average of the surface level along the crest pro- 
files over a series of lengths, X'5has been calculated.  In 
this manner, one gets the data in a form similar to the test 
results; X' corresponding to the pontoon length, X, and the 
mean water level, n, corresponding to the resultant force per 
unit length. 
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The total length of crest profile used for the analysis 
was 10 0 L , and the moving average water level has been calcu- 
lated for a range of X'   from 0,1 L  to 10,1 L . & o o 

The results of the crest_analysis are shown in Fig. 6, 
where the maximum values of n are plotted against the relative 
length A'/L .  The n  is the maximum water level above still 
water level°for A'/L° = 1.0. o 

In the model, the crest profiles have been investigated 
for two fetch lengths, 34 and 46 metres.  In order to indi- 
cate the scatter for a profile length of 100 L , two sets of 
profiles for the fetch length of 46 metres has been treated. 

COMMENTS 

The results of the crest investigation as shown in Fig. 6 
indicate that the wave crest distribution of the three dimen- 
sional SWOP sea is rather similar to that of the model sea. 
However, the prototype data used for the comparison are very 
limited and the results apply to deep water conditions only. 
While the test results must be used with reservation for 
prototype design, the test results demonstrate that the wave 
crest represents an important feature of wind waves m rela- 
tion to the design of certain types of structures. 
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CHAPTER 61 

WAVE FORCES ON PILES IN RELATION 
TO WAVE ENERGY SPECTRA 

t>y 

A. Paape 
Delft Hydraulics Laboratory, Delft, Netherlands 

ABSTRACT 

The determination of wave forces on piles is for an important 
part based upon data obtained with regular laboratory waves. Non- 
lmearities m the mechanism that underlies these forces may lead 
to deviations when applying the data to predict forces exerted by 
irregular waves. 

Experiments have been performed with irregular waves to investi- 
gate wave forces, more particularly to study the influence of the 
energy density spectrum of the waves. 

Within the range of conditions m the experiments, the wave 
motion is sufficiently characterized by its energy and the frequen- 
cy (or wave period) at which the energy density is maximum to de- 
termine the probability distribution of wave forces. 

INTRODUCTION 

Wave forces on piles are mainly determined at present either 
by computation or by performing experiments in regular laboratory 
waves. The latter also provided information on coefficients of drag 
(C_) and mtertia (C..) to be applied in the methods of computation. 
A wide scatter in these coefficients was often found. This is part- 
ially due to the fact that the influence of the flow pattern around 
the piles on the forces exerted is not adequately characterized by 
coefficients C- and C„ which are supposed to be a function of the 
geometrical shape of the pile only. Various authors have shown the 
influence of of the time history of flow on the forces exerted on 
submerged bodies [l] , [2j . This implies that the phenomenon of 
forces m oscillating flow is m principle non-linear, even if in- 
ertia forces are predominant. 

In engineering practice one is mainly interested m forces 
exerted by irregular waves. In consequence of the problems outlined 
above it is doubtful whether the results of regular-wave experiments 
can be used to predict forces by irregular waves. Moreover the de- 
scription of irregular waves in a way that suits this procedure is 
rather complicated. 

Experiments have been performed m irregular waves in order to 
study the effect of non-linearities and to establish a method for 
predicting the statistical distribution of wave forces suitable for 

940 
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design purposes. Some results of these experiments are presented in 
this paper. The aim of the study was to get some insight rather than 
estahlishing a set of data for design purposes. The range of vari- 
ables was very limited, up till now. It is stressed that the con- 
clusions which have been drawn are not necessarily valid beyond the 
range of conditions applied in the experiments. 

REVIEW OF SOME METHODS 

the description of the force as given by 

F(t) = * • CB . pD J u/u/dy + CM. p J .D2 j • 

The starting point for the computation of wave forces is gener- 
ally the description of the force as given by Morrison'B equation* 

du , 
, dt ^ 

For regular waves the integrals have been expressed in terms 
of wave height H, wave period T and water depth d. Various methods 
have been applied to derive the probability distribution of wave 
forces by irregular waves starting from Morrison's equation* A first 
method has been proposed by Borgmanf3] for the case of a narrow-band 
spectrum. In this method the wave energy is supposed to be concen- 
trated at a fixed frequency (hence the wave period is a constant). 
Consequently the wave height H is the only statistical parameter in 
the wave motion, By computing the forces for various values of H, 
the probability distribution of wave forces can be derived from the 
probability distribution of H. When considering actual wave energy 
spectra it is obvious that the assumption of constant period is a 
rather crude one, which has always been recognized by Borgman him- 
self. 

Pierson and Holmes [4] and Borgman [5] nave derived the probabi- 
lity densities of velocities u and accelerations -rr and applied in 
Morrison's equation. In this way the probability distributions of 
drag forces and inertia forces can be determined from which the 
probability distribution of peak forces is derived. An objection to 
this method is that u and £}i are considered to be independent 
stochastic variables. In natural waves with a given energy spectrum 
the high waves most often have high values of both u and ^IL espe- 
cially if the spectrum is rather narrow. This has been overcome by 
Borgman [5] by computing the time functions of u and $&  from a sea 
surface simulation on a computer and applying these functions m an 
approximation of the Morrison formula. This method is probably the 
most advanced one in computations of irregular wave forces. It is 
obvious, however, that it is subjeot to the restrictions to be 
made when applying wave theories to irregular waves. Moreover the 
assumption of constant CL and C„ has to be made. 

The considerations given above show the need of having data 
from experiments in irregular waves. It will then be interesting 
to investigate the influence of the energy density spectrum of the 
waves on the forces and to consider the transfer functions con- 
verting wave spectra into force spectra. A simple expression for 
this transfer function is found in case of small amplitude waves 
and inertia forces being predominant. Some experiments have been per- 
formed by Jen [6] for this case which showed good agreement with Ifceor/. 
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EXPERIMENTS 

ARRANGEMENT OF THE EXPERIMENTS 

The experiments were performed with circular and square piles 
in vertical position and extending from the bottom of the flume 
up to a level ahove the highest crest level of the waves. The 
piles were attached to force transducers in such a way that the 
overall horizontal force was measured as well as the moment with 
respect to a fixed level in order to determine the point of appli- 
cation of the force. No information is presented in this paper, 
however, on the point of application. 

The water depth was kept constant in the experiments at d = 
0.45 m» The pile diameters I) were: 

circular piless 0  0.125, 0.063 m 
square piles 1 0 0.12 , 0.06, 0.03 m 

The experiments were oamed out in a wmdwave flume, 55 m 
long and 4 "i wide. In this flume irregular waves were generated "by- 
means of a wave hoard driven by servo-controlled hydraulic actua- 
tors. The input signals for the hydraulic servo mechanism were 
obtained by filtering a random noise signal such that the required 
wave energy spectra were obtained. See also ref.C7l» The wave 
energy spectra were determined on-line by means of a special ana- 
logue computer. Simultaneous wave and force records were set on 
punched tape for elaboration on a digital computer. 

The wave motion was measured by making continuous records of 
the sea-surface elevation <J (t) with respect to still watei level 
in a fixed point beside the piles. As a first characteristic of 
the wave motion the energy density spectrum S«« has been deter- 
mined. In the computations of S«» the autocorrelation function was 
determined first, using samples of^(t) at time intervals of 
0.125 sec. Prom the autocorrelation function 60 points were used 
to compute Spy,   applying a triangular screen filter. The total 
energy of the wave motion is also used as a parameter. This energy 
is characterized by Moo which is equal to the area enclosed by 
Spy  and the frequency axis. Some examples of spectra are given in 
figure 1. For an easy comparison of the shape of the various 
spectra the relative energy density Syy/Mon  has been plotted along 
the vertioal axis. Hence the area enclosed by the curves and the 
f-axis is equal to unity in all cases. 

The energy spectrum is furthermore characterized by the 
frequency or period at maximum energy density, f or T respectively, 
and a parameter for the width of the spectrum. For the latter the 
relative width as defined by Cartwright and Longuet-Higgins (see 
also t7] ) b-aB not been used in this case as it presents some 
problems in practical computations. As a simple parameter for de- 
noting the relative width, the ratio of the maximum energy density 
S/^max, to the total energy Moy  has been chosen. It is recognized 
that Sypmax/Mon  has not the advantage of being dimensionless. 
Besides the characteristics of the spectra also the probability 
distributions of wave heights have been determined. Examples are 
given in figure 3• 



WAVE ENERGY SPECTRA 943 

As has been stated above only the overall forces on the piles 
are oonsidered in this paper. Continuous records of the forces 
versus time were made. F(t). From these records the spectra of the 
force S• were determined in the same way as described for the 
wave motion. Similarly M0_ was computed. When determining the 
probability distributions of wave forces it is useful to consider 
separately the distributions of maximum forces exerted by indivi- 
dual waves m the direction of wave propagation and the distri- 
butions of maximum forces in the direction opposite to the direc- 
tion of wave propagation. Only the forces in the direction of wave 
propagation are considered here. Examples are given in figure 4. 

PRESENTATION OF RESULTS 

The examples shown in figure 1 give an indication about the 
variation of the width of the wave-energy spectra applied in the 
experiments. For reasons of comparison a Pierson-Moskowjtz spectrum 
for fully developed sea has been plotted. For f - 0.8 (T = 1.25 sec) 
the value of Syymax/'too?  is equal to 1.95 seo- f°r tlle Pierson - 
Moskowitz spectrum. In the experiments values between 1.27 and 3.1 
sec. were used for Sypmax/l&oy  For ? = 0.6 (T = 1.6? sec) the 
Pierson - Moskowitz value of S^mox/Mo? is 2.25 sec. whereas values 
in the experiments ranged from 1.14 to 4.1 sec. Consequently it 
may be expected that the experiments covered reasonably well the 
variation in spectrum width which occurs in nature. 

The probability distributions of wave heights are close to 
the Rayleigh distribution in all cases. Examples are given m 
figure 3« Apparently the width of the energy spectrum did not 
affect the properties of the wave-height distribution. 

AB a starting point for the description of the wave forces* 
the wave-force spectra and the probability distributions of forces 
in the direction of wave propagation have been used. Examples are 
given in figure 2 and 4 respectively. For many design purposes 
this way of describing the forces to be expected under natural 
wave conditions is the most adequate one. From a set of probabi- 
lity distributions of forces corresponding to various storm-wave 
conditions a design load can be selected taking into account the 
probabilities of occurrence of the various storm conditions. The 
wave force spectra may be important when considering the response 
of structures to the dynamic loads. 

When comparing the wave and force spectra of figure 1 and 2 
it appears that there is a considerable shift of the energy to 
the higher frequencies in the force spectra. This is quite reason- 
able as in the situation of these examples the wave steepness is 
moderate1 whereas the pile diameter is such that inertia forces 
are predominant. For the conditions of small amplitude waves and 
inertia forces being predominant there exists, theoretically, a 
transfer function converting wave spectra into force spectra which 
is a function of wave frequency only (Notice that the water depth 
was constant in the experiments). This holds only, however, if the 
coefficient C„ is a constant for the particular shape of the pile. 
A suitable way to define such a transfer function T(f) is« 
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SFF " [p« ? °2] - T(f )• Sj 
in which: 

p = density of water in kg/m 

g = acceleration of gravity in m/sec 

According to linear wave theory T(f) is equal to: 
2 

T(f) [CM * i£j 

in which: 
277- 

k 

CO -  2TTf = 
2_ 

L 
T a wave period 

U. = wave length 

The theoretical values of T(f ) together with data obtained 
from the experimental spectra have heen plotted in figure 5 and 6. 
A discussion will he given later on. 

The examples of probability distributions of wave foroes F, 
given in figure 4 appears to he rather close to the Rayleigh dis- 
tribution. Only slight deviations occur for the higher foroes. 
For the approximation of a narrow band spectrum by a single con- 
stant frequency as introduced by Borgman in ref. [3] and inertia 
forces being predominant* the probability distribution of wave 
forces is of the same nature as the probability distribution of 
wave heights* hence a Rayleigh distribution. Again this holds only 
in case C„ is a constant. In all other cases the probability distri- 
bution ofroroes is m principle affected by the wave-energy spec- 
trum and the diameter of the pile compared to the magnitude of the 
wave heights and cannot be described by a standard distribution law. 
In order to get an idea about the variability of these distributions 
some simple parameters are introduced: 
Let Fn be the wave force exceeded by n%  of a series of peak forces 
in the direction of wave propagation. The parameters 
F50       Fl 
=*—  and •=   will be used to have some indication on the varia- 
13.5    13-5 

bility of the distributions. 
Note: In a Rayleigh distribution F,, _ is in its meaning comparable 

to the significant wave height H - R., _ in a wave height distri- 
s   -loO 

bution. If the foroes would satisfy the Rayleigh distribution* then: 
F F 
JL9_   = 0.62    and -i— - 1.5 
F13.5 ^13-5 
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Applying F... _ as a characteristic force in the probability distri- 
bution of forces one may try to relate this force to the parameters 
selected for the description of the wave conditions and the pile 
diameter, hence to: 

T, Mop,     S79 "•«* , D. 
M 7 F, 

Instead of F,, _ the parameter  -'•      ^      has been used. 
w-5 (pg^D2)!^: J   V    j     V Mop 

The results of the experiments expressed m these parameters have 
been listed in table I. 

DISCUSSION OF RESULTS 

The values of T(f) obtained from a number of experiments with 
circular and square piles of 0.125 m and 0.12 m diameter respecti- 
vely have been plotted m figure 5* I*1 these cases the inertia 
forces are predominant. The curves give T(f) according to linear 
wave theory for the values of C„ indicated in the figure. The 
experimental results show some scatter, especially in the extreme 
high and low frequency ranges. The energy densities in these parts 
of the spectra are rather small, however, and consequently the 
values of T(f) obtained by dividing wave and force spectral densi- 
ties are relatively inaccurate. It may be said that on the whole 
reasonably uniform transfer functions were obtained. No distinct 
influence of Mon can be observed, hence no appreciable effect of 
non-linearity is apparent. It is remarkable that both for.the cir- 
cular and square piles T(f) has a maximum at f « 1.1 sec- . The 
results of Jen [6] slightly indicate a similar effect. There is 
also an appreciable difference between the experimental and theore- 
tical values of T(f). The application of higher order wave theories 
does not lead in this case to a better agreement with the experimen- 
tal data. An explanation for the deviations cannot be given. It 
might be that a more or less periodic development of eddies around 
the piles introduces the effect of a filter, but no further evidence 
is available so far to support this hypothesis. In evaluating the 
importance of the irregularities in T(f) and the scatter in results 
it should be kept in mind that T(f) as defined here is proportional 
to the square of the forces. 

The results presented in figure 5 furthermore mdioate that 
C„ is close to 2 and 3 for the circular and square pile respectively. 

For a smaller circular pile the transfer function T(f) has 
been plotted in figure 6. In this case the contribution of drag 
forces is no longer negligible. Consequently there should be a non- 
linear effect resulting in higher values of T(f) with increasing 
Mop>  Moreover the values of T(f) should be higher for the smaller 
pile diameters. (This is a result of the definition of T(f) ). 

It is understood that if non-linearities occur the description 
of forces in terms of spectra is in fact not very meaningful. 

The dotted line in figure 6 gives the mean values of T(f) for 
the bigger pile with D = 0.125 «>• Examination of the results reveals 
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some typical aspects. It is obvious that the mean values of T(f) 
are higher for the smaller pile diameter as could he expected, the 
explanation being the increased contribution of drag forces. This 
should also lead, however, to increasing values of T(f ) with in- 
creasing wave heights, hence increasing Mop.  Such a tendency does 
not appear as can he seen hy comparing the various series using 
the information listed in table 1. Furthermore a distinct maximum 
as observed in figure 5 does not occur m this case. 

Again no reasonable explanation can be given and it is obvious 
that further experiments are necessary to arrive at reliable con- 
clusions. For the time being it can only be said that it is doubt- 
ful whether a simple superposition of drag and inertia forces can 
be applied m predicting irregular wave forces. 

Still nowadays a method which is often applied to determine 
the design load on piles consists of selecting a design-wave height 
and period and subsequently computing the wave force using 
Morrison's equation and data obtained from experiments with regular 
waves. In this respect it may be interesting to consider a number 
of waves in an irregular wave tram and to compare actual forces 
with those computed according to Morrison's equation. In the 
irregular wave train the wave period was defined as the time inter- 
val between two downward zero-crossings and the wave height as the 
vertical distance between the wave crest and the preceding wave 
trough. The wave foroe considered is the peak force m the direction 
of wave propagation. In the computations the integrated orbital 
velocities and accelerations were determined using the results of 
Eeid and BretschneiderC8]. C_ and CM values were selected in such 
a way that on the average the computed wave forces correspond as 
good as possible with the forces actually recorded. Figures 1  and 
8 show actual and computed forces for both a square and a circular 
pile of such a diameter that the inertia forces are predominant. 
The CM values applied are 3«1 and 2 respectively. Figure 9 shows 
the results for a smaller square pile (D = 0.06) in which case 
there is an appreciable contribution of drag forces for the higher 
waves. The coefficients applied in the computations weret C-. = 2 
and CM = 2.83« From these figures it appears that the actual forces 
may deviate considerably from the computed foroes. One of the 
reasons is of course that the wave profile m the irregular wave 
train is a superposition of components with different frequencies. 
It is felt, however, that also the time history of the flow around 
the piles has an influence. To illustrate this, an example of 
simultaneous wave and force records has been given.m figure 10. 
Apparently the wave following the maximum wave in this example 
produces a relatively small force. Such phenomena were observed 
several times in the records. It might be that the higher preoeding 
wave generates strong persistent eddies which hamper the develop- 
ment of the flow pattern. The considerable soatter of results 
from irregular waves compared to results of computations has been 
observed before. In the author's opinion this leads to the follow- 
ing recommendations 
If a design load has to be determined on the basis of an accept- 
able probability of occurrence, it shall preferably be derived 
from probability distributions of forces, rather than 



WAVE ENERGY SPECTRA 949 

I     ° 

<<</- 

o o 

o S     T 

o 

c /<b $21-8    D   012m    d   045m 
WAVE FORCE 

o F         measured 

FCQ      computed    C       3 1 

(inertia predominant ) 

i       i       i 
0 ? 4 S 9 0          12          H          1 

o 
0 

o/ 

-   0 

O 
XL   C 

*$6 
&/ o 

t 

- 

OO                         i 

— &   ° 
yk 

jiJH-6   0   0125m 
d    0 45 m 

WAVE FORCE 
F  .    measured 

F        computed  C\.   2 

1 inertia predominant ) 

i                 1                 1 
10        12        H 

•r„iN> 

FIG. 7 FIG.8 

O INERTIA PREDOMINANT 

• DRAG   AND   INERTIA 

• 

1                  ' 
• 

' 
**Jl 

*y 
• y• 

1 
• y 

y$ « • 
$E-4    D   006m    d   045m 

WAVE FORCE 
ms      measured 

o 
CO        co ••o   ' 

C„   2 S3 

FIG. 9 FIG.10 

(pgfo2)\^ 

D-0063 m 
D.0125m  '       " 

~-~    CIRCULAR PILES 

d-045rn 

f  125 sec 

FIG. 11 01      02      03     04      05      06     07      08 
'"01) 

0 

3      *L 
0 



950 COASTAL   ENGINEERING 

selecting a design wave which, has the accepted probability and 
computing the force whioh is expected to he exerted by this wave. 
For each wave condition the probability distribution of wave 
foroes must then be known. 

As has been outlined before the probability distributions 
will for the time being be characterized by 

F13.5      f 
F50 

(pg^B2)VM2  '  P13-5 
and 

The results of a number of experiments expressed in these para- 
meters have been listed in table I, together with the data on 
wave conditions. ^i ^ e; 

When considering the ratio  —~—^-==r   it appears that 
(pgf D2)^ 

there is first of all an influence of the pile diameter. The ratio 
increases with deoreasmg pile diameter. This is in agreement with 
the results obtained for T(f) and it would be reasonable to say 
that this is due to the increased contribution of drag forces. 
For the same reason there should be an increase with increasing 
M . However, as could be seen already from the results of T(f), 
such a tendenoy does not appear. It must be kept in mmd that the 
range of variables was rather limited. Nevertheless there is a 
rather significant indication that the influences of pile diameter 
and wave height are different from those established m methods 
of computation. 

From the transfer functions given in the figures 5 and 6 one 
might expeot that there is an influence of the width of the 
spectrum, espe£ially if the spectrum has the maximum energy density 
at f = 0.8 sec . From table 1, however, one may conclude that m 
practice the influence of the width, expressed in 

g 
00 max -4f-  , is negligible. In this respeot it must be stated 
Moo 

oncemore that T(f) is proportional to the square of the wave 
forces. Hence there is not such a strong influence of the wave 
frequenoy on the foroes as suggested by the path of T(f). 

In order to illustrate the various problems mentioned above, 
the results obtained from the experiments with T « 1.25 sec have 
been summarized in figure 11. According to theories there should 
be a gradual increase of 

*13.5 V*S  j~  ' •==•     with increasing —•=(•— . It is clear from 
(pgjD2)^; D 

figure 11 that there is an influence of the pile diameter which is 
not adequately incorporated in present theories. 

F       F The values of 50 and  1  show a variability in the proba- 
TP TP r13-5   13.5 

bility distributions of forces. There is a scatter m the results 
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TABLE I 

Results of experiments. Water depth d = O.45 m 

series M0 10 

D-D.12m (m2) 

QlII-1 
III-2 
III-5 
III-6 
111-7 
111-8 

D-0.125m 
OIII-l 

III-2 
III-3 
III-4 
III-5 
III-6 

D= 0.06m 
D II-l 

11-2 
II-3 
II-4 
II-5 
II-7 
II-8 
II-9 

D= 0.063m 
O II-l 

11-2 
II-3 
11-4 
11-7 
II-8 
II-9 

D= 0.03m 
Q   1-1 

1-2 
1-3 
1-4 

5-47 
2-39 
1.13 
4.31 
3.98 
I.50 

6.25 
3-5 
4.94 
2.43 
4-47 
1.76 

1.75 
4-45 
1-97 
4.35 
2.38 
2.33 
4-7 
5.5I 

2.33 
3.85 
2.14 
4-03 
1.98 
4-03 
3.66 

1.81 
3.89 
2.12 
3.92 

T 

(sec) 

1.36 
1.36 
1.25 
1.25 
1.25 
1.25 

1-5 
1.5 
1, 
1, 
1. 
1, 

>p?, 

25 
25 
25 
25 

1.16 
(1.1) 
1.25 
1.25 
(1.19) 
1.67 
1.67 
1.68 

(1.14) 
1.20 
1.25 
1.25 
1.65 
1.63 
1.66 

1.6 
a-65) 
1-4 
1.3 

1.8 
2.12 
2.26 
2 
1.7 
1.38 

2.16 
2.08 
2.54 
2.34 
1.66 
1.42 

1.6 
* 

2.94 
2.7 
* 

4 
3.6 
1.2 

* 
1.27 
3.1 
3.02 
4-1 
3.6 
1.14 

1.65 
I.65 

3 
3 

Ilii F, 
52. 

'7       (Pg^D2)YM^   F13-5   P13-5 

4.5 
4.6 
5-4 
5-4 
5.4 
5.4 

3.4 
3.3 
3.5 
3-5 
3.5 
3.5 

6.2 
6.4 
6.5 
6.4 
6.0 
5-9 
6.3 
6.3 

3.8 
4-1 
A .4 
4.2 
3.5 
3.5 
3.9 

7-5 
7.3 
7-4 
7-5 

O.56 
O.54 
0.5 
O.57 
0.54 
O.58 

0.59 
O.57 
O.57 
0.55 
0.5 
0.56 

0.6 
O.54 
0.62 
0.54 
0.6 
O.58 
0.57 
O.54 

0.59 
O.59 
0.63 
0.61 
0.61 
0.61 
0.62 

1-57 
1.6 
1-7 
1-57 
* 

I.54 

1.54 
I.54 
1.57 
* 

I.74 
1.6 

1.71 
1-73 
1.63 
1.92* 
1.56 
I.72 
1-74 
1-74 

1.6 
1.59 
1.60 
1.71 
1-5 
1.59 
1.62 

O.64 1.58 
O.57 I.73 
0.63 1.63 
O.57 2.0 

remarks 

2) 

3) 

4) 

not reliable 

)  maxima  in S»»  at  T =  1.1 and T =  I.38 seo 
2) 
3) 
4) 

T = 1.19 

T = 1.14 

T =  1.4 

T =. 1.74 

T = 1.59 

T =  1.65 
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which, makes it somewhat difficult to draw reliable conclusions. 
Still the following tendencies can he observed! 

- The distributions deviate from the Rayleigh distribution. 
For the smaller probabilities of occurrence the forces are 
higher than predicted by a Rayleigh distribution 

<=ri- > 1.5 )• 
F13.5 

- The deviations from the Bayleigh distribution increase with 
decreasing pile diameters. A relation between w, j.  could not yet been established. 

- The tendencies mentioned above are in agreement with the 
influence of non-linear drag forces. 

-It may be expected that a set of standard distributions can 
be established which are sufficiently accurate for design 
purposes. 

It is obvious that the information presented in this paper 
is by no means sufficient to get a reasonable insight into the 
problems related to irregular-wave forces on piles. Some typical 
features have been found which could not yet be explained. There 
exists non-linearities in the mechanism.that underlies the forces 
exerted by irregular waves which may lead to deviations between 
actual forces and the forces derived from data obtained with 
regular waves or predicted by computations. It is felt that further 
investigations are necessary to establish a reliable method for 
the prediction of wave forces which is based on the statistical 
properties of irregular wave motion. 

CONCLUSIONS 

The prediction of irregular-wave forces from theories and 
regular-wave force data reveals many problems. The phenomenon of 
wave forces is non-linear and the magnitude of the forces is 
affected by the time-history of flow. The information presented m 
this paper does not provide sufficient insight into these problems. 

The results obtained so far with irregular waves indicate that 
with respect to forces on piles the wave motion is sufficiently 
characterized by T and Mo*, hence that for design purposes the 
width of the energy spectrum is of minor importance. The results 
moreover suggest that a set of standard probability distributions 
of forces can be established in which the water depth, the pile 
diameter, the period of maximum wave energy and the total energy 
of the wave motion appear as parameters. 

Any tendency or conclusion derived m this paper may not be 
applied for the time being beyond the range of variables covered 
by the experiments. 
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CHAPTER 62 
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ABSTRACT 

This paper describes an experimental investigation of shock pressures 
against breakwaters caused by "breaking waves. The study only considers shocks 
of a compressive type, which occur if the wave front is formed in such a way 
that an air cushion is entrapped between the wave and the wall. In this case 
the compression and expansion of the air cushion plays an important role m the 
pressure variation. 

Only waves preceded by non-breaking waves were used. For different combi- 
nations of bottom geometry and water depth the occurrence of shock pressures of 
different magnitudes was studied varying the wave height and the wave period. 
For some interesting combinations of bottom geometry and wave dimensions a se- 
ries of tests were made to investigate the distribution over the wall of shock 
pressure and of shock impulse. The results, presented m diagrams and tables, 
have been commented on and analysed with special respect to the chosen test 
procedure. 

INTRODUCTION 

The previous research presents a very scattered view on the shock pressure 
problem. Different bottom slopes from 1:50 (MITSUYASU) to 1:2 (NAGAl) have been 
tested. Different test procedures have also been used: Solitary waves (e.g. BAG- 
NOLD, DENNY, HAYASHI-HATTORI) and consecutive breaking waves (e.g. RUNDGREU, 
MITSUYASU) have been studied. The pressures have been measured using different 
methods, and sometimes the equipment, often insufficiently described in the re- 
ports, have, in view of later investigations, been of a too low natural frequen- 
cy. The results are often contradictory and have been presented in different 
ways. This regards the characterisation of the waves as well as of the pressure, 
its duration and distribution and the pressure impulse. Thus, it is extremely 
difficult to compare the results of different authors or to formulate distinct 
tendencies for the relations between the shock pressure characteristics, the 
wave characteristics and the boundary geometries. 

For the designing engineers, there are still several deficiencies of know- 
ledge. - In spite of the work by CARR (1954), very little is known about the 
occurence of shock pressures. Which combinations of wave period and wave height 
are, for different combinations of bottom slope and water depth, expected to 
give shock and which are not. - Apart from a few tests by ROSS (1955) breaking 
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waves preceded by nonbreaking waves have not been systematically investigated. 
Since such waves are likely to occur in nature and since solitary waves usually 
give higher pressures than corresponding consecutive breaking waves, this type 
of wave - the breaking wave preceeded by nonbreaking waves - should be of in- 
terest. 

Not much is known about the probable and possible horizontal distribution 
of shock pressures. In spite of the systematic work of NAGAI (i960) more in- 
formation is needed on the simultaneous vertical pressure distribution against 
a wall. Contradictory results have been published on this subject. 

The mam purpose of this investigation has been to fill in some of these 
deficiencies of knowledge. 

TEST INSTALLATIONS 

The tests were carried out in a flume which is 1.2 m wide, 0.8 m deep and 
which has a total length of 19m, 13.5 m of which a horizontal bottom, see 
Pig. 1. A flap-type wave generator was hinged at the bottom of the deeper part 

14900 

MOO 8500 

ly'rz >>>>/}>)) 111 rfi iii>i) 

Pig. 1. Test Installations 

of the flume. This wave generator can produce regular waves of different pe- 
riods and amplitudes, the maximum period being about 1.67 s. 

At the opposite end of the flume, 14.9 m from the wave generator, a plane 
test wall was placed on a built-in bottom. This wall consisted of a 15 mm 
thick steel plate, which was screwed onto a system of 10 vertical buttresses 
made of concrete and with flanges of steel. The test wall could oppose the 
waves with its front vertical or sloping 30 to the vertical. Two of the butt- 
resses were designed in such a way that the pressure gauges could be installed 
between them. 100 x 100 x  15 mm mounting plates into which the pressure gauges 
were fitted, could be screwed onto the flanges of the buttresses with their 
surfaces flush with the front plate. The centerlme of the vertical row of 
gauges situated 122 mm to the right of the center line of the flume. Since the 
pressure gauges could not be placed closer than with their centers 100 mm apart 
it was made possible to place the set of three gauges at different levels. Thus 
the vertical pressure distribution could be studied more in detail by repeating 
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the test runs for the different levels of the pressure gauge set. During the in- 
vestigation the set of gauges was placed at levels with the center of the lowest 
gauge 2.2 cm, 4.0 cm, 5-7 cm and 9-0 cm above the bottom of the wall. 

In a similar way it was made possible to investigate the horizontal pressure 
distribution on an arbitrary level. On this level pressure gauges could, besides 
the one placed 122 mm to the right of the centerlme of the flume, be placed 
143 mm and 388 mm or alternatively 266 mm and 511 mm to the left of the center- 
line of the flume. 

The gauges were mounted so that the sensitive membranes were flush with the 
wall. The fissures around the gauge mountings were carefully tightened with plas- 
tic material in order to prevent compressed air of the entrapped air cushion to 
escape that way. 

The buttresses, their flanges and the mounting plates for the gauges were 
calculated to have natural frequencies of at least ^0    Hz. Any disturbances re- 
sulting from oscillations of the test wall or from shock waves reflected within 
the construction elements were not observed. 

The built-in bottoms on which the test wall was placed were of different 
types. The ones with the slope 1:3 were designed to correspond to the rubble 
mound of an average composite-type breakwater. In the previous research regar- 
ding composite-type breakwaters (e.g. NAGAI, i960), usually the horizontal width 
of the top of the mound m front of the wall, a, equals the water depth in front 
of the wall d.. Thus, to facilitate comparisons, the width was chosen a 15.0 cm, 
the same as the most used water depth. In order to get results for values of 
the ratio d./a larger than 1, tests were also made on a mound with a horizontal 
width a of 7.5 cm. In that way attempts could be made to reproduce the larger 
tests with a linear scale of 1:2. The mound with a = 15.0 cm had a height of 
36.9 cm above the bottom of the flume while the one with s  = 7.5 cm had a height 
of 39.1 cm. 

Tests were also made with the wall standing on bottoms with slopes corre- 
sponding to natural ones and without horizontal planes on the top. It was first 
intended to use only the slope 1:10 but, since the results showed important 
differences to the results for the slope 1:3 tests were also made with bottom 
slopes of 1:6 and 1:25. The built-in bottoms with natural slopes had a height 
of 37-2 cm above the bottom of the flume, which is nearly the same as the 
heights of the rubble mound mentioned above. 

RECORDING EQUIPMENT 

Wave dimensions. - The heights and the periods of the waves were measured by a 
resistive water level gauge placed 8.5 m from the test wall. The resistance 
variations were recorded with the help of an ABEM coil galvanometer recorder 
which had a paper speed of 2.5 or 5.0 cm/s. 

Behaviour of waves. - The action of the waves immediately in front of the wall 
could be photographed through the glass wall of the flume. The camera was a 
Paillard Bolex 16 mm Movie Camera, used with a speed of 64 pictures/s. 5 test 
runs were photographed for each combination of wave height, period and boundary 
geometry for which the pressure distribution was investigated. All other waves 
were watched through the glass wall of the flume and their behaviour was noted. 
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Wave pressures. — The pressure gauges used were of the capacitive type, special- 
ly designed for shook pressures "by TBR, Delft. A gauge of this type consists of 
a membrane with 20 mm diameter, which forms one of the electrodes in a capacitor, 
see Fig. 2. A capacitive displacement meter which fed the gauges with a constant 

carrier frequency of 1050 kHz also 
translated the capacitance varia- 
tions caused by membrane deflec- 
tions into signals which were re- 
corded by the galvanometer recor- 
der and by an oscilloscope. Since 
the capacitive displacement meter 
had only three channels, pressures 
could be measured at only three 
points simultaneously. The natural 
frequency of the pressure gauges 
was 5500 Hz when they were submer- 
ged in water and 8800 Hz in air. 

0.37mm staal diaphragm 

jUjgOmm   air gap 

""0.015mm   mica Layar 

EL«ctroda 

Fig. 2.  Pressure gauge. 

By means of coil galvanometers with a natural frequency of 8000 Hz, the 
pressure variations could be recorded on the same paper as the corresponding 
wave form. In spite of the fact that the paper moved very slowly and the sen- 
sitivity of the very fast galvanometers was low, this arrangement proved very 
useful. The wave which had caused the shock pressure recorded by the oscillo- 
scope could be identified and the order of magnitude of the pressure registra- 
tion could be checked. 

An oscilloscope of a very suitable type, Tectronix 564, was used to study 
the pressure variations in detail. This oscilloscope is equipped with a storage 
system, which stores the trace of the sweep on the screen for some time. This 
made it possible to study the pressure variation and to decide whether it was 
worth photographing or not. The trace of the sweep could be photographed with a 
special oscilloscope polaroid camera, a typical photo of which is shown in Fig. 3. 

Fig. 3.  Oscilloscope photo. 
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The oscilloscope sweep was started by a trigger mechanism when the pressure 
reached a certain height. 

The pressure recording equipment was calibrated statically with compressed 
air pressures, after about 200 test runs or when the electrical conditions were 
changed significantly. The pressure of the air was measured with a mercury mano- 
meter. The calibration diagrams showed very small variations from one calibration 
to another. 

TEST PROCEDURE 

When a breaking wave hits a vertical wall spray is thrown upwards into the 
air and the water m front of the wall is mixed with air bubbles. The disturban- 
ces caused by the downfall of the spray and by bubbles from the preceding wave 
are not reproduced in a correct way in model tests. Furthermore, these distur- 
bances would soften the shock pressure. Consequently is was found more interes- 
ting and necessary to study the shock pressures caused by breaking waves pre- 
ceded by non-breaking waves. Such a combination is likely to occur in a proto- 
type. 

Thus, the following procedure for the tests was chosen. Before each test 
run, the wave generator was put in a certain position. The test run was not 
started until the water surface in the flume was calm. When the wave generator 
started the beginning of a wave tram travelled towards the test wall. As a 
rule, the 4th wave of this wave tram was studied, but occasionally, especially 
when the wave period was short, it proved necessary to study the 5th, the 6th 
or even the 9th wave. In a few cases, for the shoal with a = 7.5 cm, the 3rd 
wave was studied. 

For each combination of bottom geometry, water depth and wave period 
different values of the wave generator amplitude were tested. This amplitude 
was decreased until the studied wave became so small that it could not break 
against the test wall but only produced clapotis. On the other side, the ampli- 
tude could not be increased too much owing to three reasons: 

1. The studied wave became so high that it broke too far from the test 
wall to produce any shock pressure. 

2. The wave preceding the studied wave broke or otherwise produced too 
much disturbance. 

3. The top of the studied wave broke when passing the wave gauge. 

In the case of 2 and 3 no upper limit for the occurrence of shock pressures 
could be determmd. 

For the 1:25 shoal some tests were carried out with a series of consecutive 
breaking waves. 

TEST PROGRAM 

The influence of wave height and wave period on the oocurence and magnitude 
of shock pressures was investigated using several combinations of bottom geometry 
and water depth. The combinations which have been studied are indicated in 
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Table 1. The geometry characteristics are defined in Fig. 4. 

Fig. 4. Definitions of 
geometry charac- 
teristics. 

During these investigations, the center of 
the lowest pressure gauge was normally situated 
5.7 cm above the bottom of the wall. It was at- 
temted to make model scale studies at a scale 
difference of 1:2 by studying tests with a = 
= 15.0 cm, d-| = 15.0 cm and a = 7.5 cm, d-] = 
= 7-5 om  respectively. Thus, m the tests with 
a = 7-5 cm the gauges were moved to more compa- 
rable positions, with the center of the lowest 
gauge 2.2 cm above the bottom of the wall. 

I a 

cm 

a 
0 

d, cm 

5.0 7.5 11.0 15.0 

1:3 15 0 X X 

1:3 7,5 0 X X 

1:6 

1:10 

0 

" ~o" ' 
0 

"" 0"   
X X X 

X X X 

1:25 

~1:3~" 

0 

15 

0 X X X X 

X X 

Table 1. Investigations of occurrence of shock pressures. 

Some dangerous or otherwise interesting combinations of wave period and 
wave height were selected, see Table 2. For each of these combinations 25 tests 

Series I a a d1 T H 

cm 0 cm s cm 

A 1:3 15 0 15.0 1.40 19.40 
B 1:3 15 0 15.0 1   40 20.30 
0 1:3 15 0 15.0 1.64 13.30 
D 1:3 15 0 11.0 1.30 16.60 
E 1:3 7,5 0 15.0 1.50 20.50 
F 1:10 0 0 11.0 1.50 11.80 
a 1:3 15 30 15.0 1.40 19.90 
H 1:3 15 30 15.0 1.40 21.00 

Table 2.  Investigations of pressure and impulse distributions. 

with identical conditions were made for each position of the gauges and the 
pressure and impulse distributions were evaluated statistically. Since, m the 
tests with the nonvertioal wall, the dispersion of the results was comparatively 
small, it was decided upon to make 10 runs only for each gauge position. 
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The extent of the test program was worked out continuously with regard to 
the results. 

INTERPRETATION OF RESULTS. 

Wave dimensions. - The wave form registered on the galvanometer recorder paper 
made it possible to measure wave heights and wave periods. The wave lengths 
were calculated with the formula 

L = g!tanh2^ (1) 

Fig. 5 shows how the height (H) and period (T) of a particular wave were de- 
fined and measured on the registration. 

Fig. 5-  Definitions of wave characteristics. 

The wave dimensions at the point where the wave gauge was situated have 
been recalculated to dimensions valid for points of interest for a designing 
engineer. For the tests with bottom slopes of 1:6, 1:10 and 1:25 the wave 
heights given in this paper represent the dimensions of the studied wave when 
it passed over the point of the bottom where d = 0.1L . It is assumed that 
Stokes theory for finite amplitude waves is valid for d ^ 0.1L . (L = gT /2it = 
= 1.56T2) °   ° 

For the tests with the bottom slope 1:3, on the other hand, the waves are 
valid for the depth of water between the water surface and the bottom of the 
flume. Assuming this depth being constant in the flume, the recorded wave di- 
mensions have been recalculated as described below to the section of the flume 
where, during the tests, the water depth was d = 0.1 L0 over the built-m 
sloping bottom. Thus, the wave dimensions given in the paper represent what the 
waves would have been in that section of the flume if the composite-type break- 
water construction had not existed. 

A theory given by SVERDRUP-MUNK, 1947, was used for the recalculation of 
the wave dimensions. It assumes that the potential energy of a wave is trans- 
mitted with the wave velocity while the kmetical energy is stationary. The 
potential energy can be calculated from the formula 

E I 4KL 
_E°1 = „ = 1 -\ / 1 * k 
^-"-*V1+;^F (2) 

The distance (b) between the wave gauge and the point of interest as 
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described above was different for each combination of bottom geometry and wave 
period. For each combination the energy transport was calculated with significant 
mean values of water depth (d), wave length (L) and energy ratio (n). The total 
energy of the nth wave at the gauge and at the actual point of interest could be 
determined as the energy of the nth wave n + 6.40/L periods and n + (6.40 + b)/L 
periods after the start of the wave generator respectively. Thus, the ratio 
E/Egauge between the total energy of an arbitrary wave at the point of interest 
and the total energy of the same wave at the wave gauge could be determined. 

In the expression for the wave energy 

E = X_|Hf.(l -    //    2nd) (3) 
2L .tanh —•:— 

the second term in the brackets is, for the waves in the test program, small 
compared to 1. Thus, Eq. (3) can, with good approximation, be simplified to 

E = const • L • H (4) 

A series of special tests were run in order to investigate the propagation 
of waves m the beginning of a wave tram. These tests were made m a flume with 
constant depth and 20.5 cm width. The number of tests was 40 and the water depth 
and the wave dimensions were half of those used in the mam tests. Wave gauges 
were installed at points corresponding to the wave gauge and to the test wall 
in the main tests. Behind the wave gauge corresponding to the test wall there 
was placed a wave absorber. The investigation showed that the wave period and 
hence the length of the studied wave corresponded at the two gauges with a maxi- 
mum error of 4.2 o/o. 

Thus Eq. (4) can be transformed into 

H      l/E gauge  V gauge 
(5) 

This expression was used for the calculation of the wave heights at the points 
of interest defined above. 

The fact that the wave gauge was situated somewhat too near the wave gene- 
rator affected the measured values of the wave dimensions in a manner which needs 
further comments. When the generated wave was very steep it lost its top and 
foam was created on the wave front before the wave passed the wave gauge. If the 
amplitude of the generator movement was decreased no such phenomenon occurred 
and the wave passed the wave gauge with unbroken top. Thus, althougn the gene- 
rating energy m the second case was smaller, the recorded wave height could be 
somewhat larger due to differences in the wave form. 

One example of this phenomenon was the relation between genes A and B, see 
Table 2, for which the shock pressure distribution was investigated. In this case 
the generating energy of the studied wave was 8 o/o higher for the series A, 
while the measured wave height was 4 o/o higher for the series B. On the other 
hand the potential energy at the gauge was 2 o/o higher for the series A. Further- 
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more, the waves in series A behaved as if they were larger immediately in front 
of the breakwater. Hence, the wave height is not sufficient as characteristic of 
the wave in cases when the wave steepness is large. Anyhow, since the error was 
relatively small and since alternative wave characteristics are much more compli- 
cated to evaluate from large series of recordings, the wave height has, together 
with the wave period, been used as mam characteristic of the wave form. 

Occurrence of shock pressures. - The occurrence and magnitude of the shock 
pressures registered during this investigation are presented in Figs. 6 to 14. 
It must be observed that, as mentioned above, the pressure gauges during the 
studies regarding the occurrence of shock pressures were kept in a constant posi- 
tion. Thus, the pressure magnitudes do not represent maximum pressure peaks. 
(Compare the distribution diagrams.) 

\ 
+ 

\ \ \ \ 

+ 

+                   + ,+    # -   1 • 

** 
• \ + 

V             ,+       f „ -   4 ° 

| 

a 
o 
cc 

* • 

A to 

1 
•• •*« 

• P < 1 0 t/m1 

+ 1 0 < p < 3 0 t/m1 

x     3 0 < p < 5 0 t/m1 

A 5 0 < p < 7 0 t/m' 
o 7 0 < p < 9 0 t/m' 
°     9 0 < p            t/m1 

1 

WAVE HEIGHT (cm ) 

Fig. 6.  Shock occurrence diagram. (1=1:3, a=15 cm, d.= 15 cm) 
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The occurrence and magnitude of the shock pressures were directly dependent 
on the behaviour of the waves immediately in front of the wall. For a certain 
period, small waves did not break at all but only produced clapotis in front of 
the wall. These waves caused pressures against the wall, which were not large 
enough to start the oscilloscope sweep. Increasing the wave height, a certain, 
rather distinct value was reached, at which a thin air cushion was entrapped 
between the wave and the wall. A more distinct and sharp shock was heard and 3 
short but very high shock pressure was recorded. After the first pressure peak 
the pressure decreased to below zero and then increased again continuing in a 
quickly damped oscillation. This oscillation can be explained as an adiabatic 
compression and expansion of the entrapped air cushion. The shortest recorded 
oscillation period was about 1.5 msec while the rise-time of the first peak corre- 
sponded to a somewhat shorter period. This rise-time was, however, very difficult 
to measure adequately since the time scale was limited by the capacity of the 
oscilloscope. 

A further increase m wave height made the wave break in such a way that the 
air cushion grew thicker and hence the pressure became smaller but lasted for a 
longer time causing a longer oscillation period. Finally the wave became so high 
that it collapsed before it reached the wall. In these cases only very low shock 
pressures could be recorded if the oscilloscope sweep started at all. The upper 
limit of the occurrence of shock pressures was not so distinct as the lower limit. 

The conditions described above could be observed for long wave periods. 
For short periods the waves needed a larger wave height to produce shock. However, 
for reasons given above, it was not possible to produce waves which had a large 
steepness at the test wall. Thus, it was usually impossible to establish the upper 
occurrence limit for shorter periods. 

The behaviour of the wcves in front of the breakwater was particularly affec- 
ted by reflection phenomena in the test with the steepest bottoms and with short 
periods. Occasionally, waves which were too small to cause shock pressure against 
the wall met reflected preceding waves in such a way that parts of the wave were 
thrown against the wall. In that way shock pressures, although usually not very 
large, could be created by waves with short periods and lower wave heights than 
the normal lower shock occurrence limit. Such shock pressures have been recorded 
for all the tested relative water depths over shoals having a slope of 1:3, see 
Figs. 6 to 9 and 14. 

As seen in Table 1, bottoms having slopes of 1:3, 1:6, 1:10 and 1:25 were 
tested. A comparison between the results confirms the observation by CAER (1954) 
that for a fixed wave period the range of wave heights creating shocks is narro- 
wer the flatter the slope of the bottom. It was also observed that, with the 
chosen test procedure, it was impossible to create violent shocks on the flatter 
slopes.„The greatest shock pressure recorded at the shoal slope of 1:10 was 
4.4 t/m . Using the actual test procedure, no shock at all was recorded for the 
slope 1:25» However, some shocks, though rather weak, were recorded during tests 
having many consecutive waves in a wave train. 

It was attempted to carry out different tests which were model tests to 
each other. Tests having a slope of 1:6 and depths of d.. = 7-5 °n, 11.0 cm and 
15-0 cm could be considered to be corresponding scale models. At a slope of 1:3 
only tests having a = d-] = 7-5 °m and a = d-| = 15.0 cm were scale models to each 
other. 

If the occurrence diagrams of the test series which were corresponding scale 
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models were put in a dimension!ess form they would coincide. For this purpose 
the wave heights have been recalculated to points with the depth d •= 3 d^. The 
adapted lower ooourence limit curves of the interesting tests have been represen- 
ted in Fig. 15. The agreement between the curves 13 not perfect. This seems to be 

Fig. 15« Lower shock occurrence limits. 

mainly due to the fact that even though the wave height H of the waves causing 
the shock pressures is in scale the preceding wave is not necessarily in the same 
scale. At smaller periods, the jth, 6th,or even the 9th wave of the wave trams 
were studied. In these cases, the preceding waves were only slightly smaller than 
the studied ones, while on the other hand, the usually studied 4th wave was pre- 
ceded by a considerably smaller 3rd wave. For shorter periods the studied wave 
was usually so disturbed by the preceding wave that it, m a sort of clapotis 
movement, lost parts of its top and hence lost energy before it reached the wall. 
Thus, for shorter periods, wave breaks and shock pressures were received only 
from waves having larger relative wave heights. Obviously, the simple notations 
of the period and height of one studied wave do not give a complete information 
about the behaviour of this wave. The mechanism of the breaking of a wave strong- 
ly depends on both the form of the actual wave and the behaviour of the preceding 
wave. This must be taken into account both in the planning of model tests for 
particular projects and in the interpretation of the results. 

The influence of the horizontal width a of the top of the mound with slope 
1:3 was easily noted by comparison between tests having d-, = 15.0 cm and a = 7.5 cm, 
see Fig. 7. Apparently, much larger waves were needed to produce shock pressures 
when the width a of the mound was small. The practical use of this information 
is so important that it should be specially observed. 

A comparison between the tests with a vertical test wall and those with a 
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wall sloping 30 to the vertical gave two interesting results. First, it could 
be noted that at a water depth of d-| = 15.0 cm curves representing the lower 
occurrence limit were almost identical. Secondly, it was not possible to create 
very large shock pressures against the sloping wall. Tests with a water depth of 
A| = 11.0 cm gave such small pressures and so insecure recordings that a shock 
occurrence diagram would have no meaning. These results seem to be logical as a 
breaking wave is not likely to have a water front with a hang-over sloping 30° 
without losing its top or otherwise showing the irregularities of the required 
late stage of breaking. Thus, no thin air cushion can be entrapped. 

Pressure distribution. - The pressure distribution over the test wall was studied 
m 8 different cases, see Table 2. The results are represented m figs. 15 to 23 
where, for the different pressure gauge levels, the maximum, average and minimum 
values of the recorded pressures have been connected to form pressure distribu- 
tion curves. 
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Pig. 16. Distribution diagrams. (1=1:3, a=15 cm, d =15.0 cm, 
T=1.40 s, H=19.4 cm) 
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Fig.  17.    Distribution diagrams.   (1=1:3,  a=15 cm,   d,=15.0 cm, 
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970 COASTAL   ENGINEERING 

i i 

<x< 

iu 

Fig.  18.    Distribution diagrams.  (1=1:3,  a=15 cm,   d^=  15.O cm, 
T=1.64 s, H=13.3 om) 

f/ 

III 
III 

fjt 

I  
Vi 

PRESSURE (t/m'l 

JS.W.L 
 -777 A 

vu 

»l 

IMPULSE   (ti/ln1) 

Pig.  19.    Distribution diagram.  (1=1:3,  a=15 cm,   d,=11.0 om, 
T=1.30 s, H=16.6 cm) 
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Fig.  21.    Distribution diagram.   (l=1:10,   d =11.0 cm,  T=1.50 s,  H=11.8 era) 
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Fig.  22.    Distribution diagram.   (1=1:3,  a=15.0 cm,   a=30°,   d=15.0 cm, 
T=1.40 s,  H=19.9 cm) 
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Fig.  23.    Distribution diagram.  (1=1:3,   a=15.0 cm,a=30°,   d.=15.0 cm, 
T=1.40 s, H=21.0 cm) 
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A series of 25 tests was run (in the series with the sloping wall only 10 
tests )for every level of pressure gauge recording the waves as well as the 
pressures. The wave height did not in any series deviate more than 7.5 o/o from 
the mean value. The corresponding maximum deviation for the wave period is only 
1.8 o/o. The wave dimensions given in Table 2 are averages of the mean values for 
the different series. The mean wave height of the series never deviated more than 
2.6 o/o from the average mean value given in the Table. The deviation of the mean 
wave period is quite negligible. These relatively low figures should be compared 
with the dispersion of the shock pressure magnitude as seen in the diagrams. Since, 
within each series, no correlation between the wave dimensions and the shock 
pressure could be discovered, this dispersion seems to be mainly due to occasio- 
nal small disturbances of the wave front m the different tests. Such disturban- 
ces were impossible to detect since the movie films only showed the wave action 
just at the glass wall and not in the plane where the pressure gauges were placed. 

Beside each pressure distribution diagram the corresponding impulse distri- 
bution diagram has been represented. The impulse (the surface under the pressure- 
-time curve)has been calculated with a reasonable correction accounting for the 
first low part of the curve which has not been traced by the oscilloscope sweep. 
Since the period of oscillation was approximately the same at different levels, 
the pressure and impulse distributions are fairly congruent. 

The maximum pressures occur simultaneously below a level corresponding to 
roughly 1.25 times the height above the bottom of the point where the convex 
part of the wave front first hit the wall. The higher regions of the average 
distribution curves where the shock pressure occurred later than below have been 
dashed. The comparison between the films and the distribution diagrams also 
gives the information that the largest pressure always occurred where the entrap- 
ped air cushion was initially situated. 

A study of the different distribution diagrams can give extensive informa- 
tion on different aspects of the shock pressure phenomenon but in the following 
only some interesting features will be pointed out. 

The largest pressures occur much lower in the tests with the bottom slope 
1:3 than in those with the slope 1:10. This tendency is clearly confirmed by the 
movie films, which also indicate that the pressure distributions for the bottom 
slope 1:6 will be rather like the ones derived for 1:10. Thus, the resultant force 
was situated at 40-65 o/o of the still water depth above the bottom for the slope 
1:3, while it was at 90 o/o above the bottom for the slope 1:10. 

This observation, as well as the fact that the shock pressure against the 
test wall in no case decreased to zero at the bottom, differs from what has most- 
ly been stated by other authors. This can be explained by the difference in test 
procedure and hence in the way in which the wave broke against the structures. 

The movie films show that in the series A, the air cushion was not only 
thicker but also larger in the vertical direction than it was in the series B. 
This corresponds well to the general view of the pressure distribution which shows 
that in the series B there were higher but more local shock pressures. Thus, the 
resultant force was nearly the same in the two series while, on the other hand, 
the shock impulse in the series B was approximately half of the impulse in the 
series A. This is also in contrast to the statement by e.g. DENNY (1951) that a 
constant fraction of the forward wave momentum is fransferred into shock impulse. 

The tests regarding the horizontal distribution of the shock pressures gave 
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no special tendency. Sometimes the peak pressures occurred simultaneously over 
the whole width of the flume and sometimes not. 

CONCLUSION 

The present investigation gives results from tests with breaking waves pre- 
ceded by non-breaking waves. These waves caused pressures which could he relative- 
ly high (pmax»i20 t/m  for a wave with H»20 cm) and also could have a short du- 
ration («s 1 msec). The maximum pressures always occurred below the still water 
surface level and the shock pressures never decreased to zero at the bottom. This 
paper also presents shock occurrence diagrams which show the conditions for pres- 
sures of certain magnitudes to occur when different bottom geometries are used. 

The present investigation only gives results for waves preceded by conside- 
rably lower waves. Such waves can cause comparatively high shock pressures for 
which the adiabatic compression of an entrapped air cushion plays a predominant 
role. This must be kept in mind when such tests are planned and when the results 
are converted to prototype scale. 
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ABSTRACT 

The effects of nuclear explosions on a pier have been investigated to 
study the interaction phenomena between the blast loading, induced surface 
waves, the beach geometry, and the depth of coastal region for purpose of 
damage assessment and protective design of a coastal structure. 

For the theoretical analysis, the diffraction pattern predicted by 
Whitham's theory was used. The characteristic solution for shock diffrac- 
tion showed the shock front shapes, shock-shock shapes, and flow rays in 
the pier and beach geometry. A pier model was tested in a six foot dia- 
meter horizontal shock tube under four different test situations simulat- 
ing pier on a beach with water, pier on a dry beach in a Mach reflection 
region, pier in deep water, and a pier on a dry beach in a region of reg- 
ular reflection. The model was subjected to various shock overpressures 
in each of the four test situations. 

Transient pressure distribution on the pier was investigated and com- 
parison between the characteristic solution and the test results was made. 

INTRODUCTION 

The study of loads encountered by coastal structures, such as piers 
and docks, has in the past been concerned mainly with the action of waves 
on such structures. There are, however, other types of loads, which may 
be of concern in certain locations and their effects upon these structures 
need to be investigated. Among those are loads caused by air blasts and 
explosions. It is entirely conceivable that uplift forces on a pier deck 
caused by trapped air underneath <)r by blast induced water waves can cause 
heavy damage on those structures. 

This paper describes an experimental program which was undertaken in 
order to obtain a better understanding of the effects of air blast on a 
pier. An objective of the investigation was to compare the test results 
with those predicted by existing theories and to make recommendations 
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pertaining to the use of the experimental results for design and damage 
assessment. 

The experiments were conducted in a six foot diameter shock tube in 
which a metal pier model was mounted. The paper describes the experimental 
investigation and presents the test results. These results are compared 
with theoretical results obtained graphically by the method of character- 
istics based upon Whitham's theory of shock-shock diffraction. 

THEORY OF DIFFRACTION OF A STRONG SHOCK BY AN OBSTACLE 

When a strong shock wave impinges on an obstacle it is reflected. 
Since the reflected shock wave always travels through air which has been 
heated and compressed by the passage of the incident wave, it travels fas- 
ter than the incident shock wave and may eventually overtake the incident 
shock wave front. As a result, the two waves are fused together and form 
a simple front, the so-called "Mach stem" (or Mach shock) (Ref. 1). Such 
a reflection is therefore called the Mach reflection in contrast to the 
regular reflection where the two shocks do not merge. The gas swept up by 
the Mach stem will flow alongside gas which has passed through both the in- 
cident and reflected shocks. Thus a contact discontinuity should pass 
through the so-called "triple point" where the incident front, the reflected 
front and the Mach stem intersect. 

Whitham's Theory (Refs. 2 to 7) predicts the shape and location of the 
diffracted shock (Mach shock) at any time. The theory does not predict the 
shape or location of reflected shocks. As part of the description of the 
Mach shock the locus of successive positions of the Mach triple point can 
be found. Whitham calls this locus a "shock-shock," since it represents a 
Mach shock moving along the incident shock. The basic equations given by 
Whitham (Refs. 3, 8) for Mach diffractions are 

1. Relationship between the ray area A and the Mach number M 

A = k f (M) (1) 

where 
k is an arbitrary constant 
f(M) is given by 

f(M) = exp {-[ log ^i+ i log (M* - %±) + log ^ 

+ (£*•)* log (y + $fr)h) - i*±)h log (u- (^ ) 

+ (^fey)1* ^g ( (M2 + £•)* + (M2 - 0*) 
(2) 

+ t    1    ,)% tan"1  i    v      (4Y - (rD2)M2 - 4 (Y-l)  } > 
+ l2FFTF   tan     Hyh (Y-l) (M2+2/(Y-l)*(M2-(r-l)/2Y)*m 
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where 2 _ (Y-1)M2 + 2 ... 
"    " 2> -  (Y-l) <3> 

and y  is the ratio of specific heats for the gas. 

2. Relationship between the characteristic angle m and the Mach number M 

m = tan-1  [i*^] (4) 

where 912 11 
K(M) = 2  [(1  +^Y^-)   (2y + 1 +^)]_1 (5) 

-J} 

3. The integral u corresponding to the Prandtl-Meyer function in 
supersonic flow is given by 

,/HTO1^ (6) 

Therefore for two-dimensional Mach diffraction the characteristics of Whit- 
ham's diffraction equations  (Ref. 3) are given by 

e ± u = constant (7) 

along curves of slope 

$ = tan (e ± m) (8) 

4. The shock-shock jump conditions for oblique shock-shock are given by 

tan(x-eo) - / (^) (9) 
0  0 1 

and 

tan (e.-ej = K ' ^ <Ao <^ (10) 
AlMl+AoMo 

where the subscript 0 refers to the flow before, the subscript 1 to the 
flow behind the shock-shock, ex  is the angle between the ray direction and 
the x-axis (see Fig. 1), and x is the angle between the shock-shock and 
x-axis. 

Figs. 2a, b show the full characteristic field, the constructed shock 
front shapes, shock-shock shapes, and flow rays in the test section of the 
shock tube for a dry beach. Peak overpressures of 23.3 psi and of 70 psi 
were chosen for analysis. The procedure for constructing Fig. 2a is de- 
scribed briefly below. 

For the case of Fig. 2a the Mach number of the undisturbed shock is 
M0 = 1.65 and the corresponding characteristic angle and the Prandtl-Meyer 
integral, respectively, are mp = 20.295°, co0 = 2.249 rad. (Ref. 8). The 
characteristic corresponding to m0 = 20.295 deg. is labeled by 0 - 0. At 



BLAST LOADING 977 

SHOCK-SHOCK 

FIGURE 1 MACH DIFFRACTION BY A WEDGE 
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the convex corner 6i jumps from zero to negative 90° and the solution is a 
centered simple wave. Neglecting reflection of the characteristics from the 
shock-shock, the characteristics are straight lines along which all flow 
properties are constant. After 90° expansion the Prandtl-Meyer integral is 
given by 

ww = ud " ^ = 2-249 " 1-57 = °-679 radians 
where Eq. (7) is used. The Mach number and characteristic angle corres- 
ponding to this number are found to be 

M, = 1.059 w 

i, = 9.056° w 

where the subscript w signifies flow along the vertical wall. Between M0 = 
1.65 and Mw = 1.059, one may choose a series of different Mach numbers 
(eleven for the present example) and draw the characteristic fans as shown 
in Fig. 2. The flow field can be made as smooth as desired by increasing 
the number of characteristics running out from point 0. The inclination 
of each characteristic line with respect to the horizontal line is calcu- 
lated as follows. Consider the characteristic 0-1 corresponding to M - 1.6. 
One finds mi = 19.983°, a\  = 2.165 rad. The angle of inclination t>x  is then 

<j>1 = mx  + (tox -a )  x 57.4° = 15.163° 

and the angle of deflection of flow ray is 

(coQ -IOJ) x 57.4° = 4.82° 

This process is repeated for all Mach numbers. 

When a flow ray is deflected by the beach wall Mach reflection takes 
place. The angles of flow deflection at point 11 (M = 1.1) and 10 (M = 1.15) 
are greater than 70 and the shock-shock is found to be attached to the wall. 
At point 9 (M = 1.2) the flow deflection angle is 9j = 60° and the shock- 
shock angle is found to be x-Si ^ 0.2 and the shock-shock between points 
10 and 9 can be drawn. This process is repeated for constructing the entire 
shock-shock. When the Mach stem impinges on the pier a secondary shock-shock 
is formed  The Mach number for any location of the Mach stem can be easily 
obtained for a given angle of deflection and an incident Mach number. Over- 
pressure at a point is obtained from the pressure jump condition 

AR.!£..2l („,_!) (11) 
a   a   ' 

where p is the ambient pressure ahead of the shock front, p is pressure 
behind the shock front traveling at Mach number M based on the speed of 
sound ahead of the shock front, and y  is the ratio of specific heats of the 
gas. It is seen from Fig. 2 that due to the continuous deflection of the 
flow ray, the pressure on the lower side of the pier increases in the di- 
rection of flow. 

It is to be kept in mind that the above characteristic solution is 
based on the following assumptions: 
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1. The flow is two-dimensional. 
2. The incident shock front is plane. 
3. Pier legs and obstacles on the pier surfaces are neglected. 
4. Reflection of the characteristics from the shock-shock is neglected. 

EXPERIMENTAL INVESTIGATION 

The model tests were conducted in a six foot horizontal shock tube at 
the E. H. Wang Civil Engineering Research Facility (WCERF) of the University 
of New Mexico and the U. S. Air Force Weapons Laboratory at Albuquerque, New 
Mexico. The tube is made of steel, 6 feet in diameter and 246 feet long with 
one end closed. It is made up of 21 sections varying in length from 5 to 
20 feet with heavy flanges at either end, which permit the various sections 
to be bolted together. The tube has a constant circular cross section for 
a distance of 144 feet downstream from the compression chamber door (closed 
end) at which point it changes to a partially circular cross section for the 
remaining length of the tube. The far end of the tube is left open. The 
blast wave in the shock tube is generated by the detonation of primacord 
which can produce overpressure ranging from 0 to 100 psi. The primacord 
consists of a flexible plastic tubing with a PETN (pentaery-thritoltetramt- 
rate, CgHg(N03).) core wrapped in a cotton cloth. 

The model pier deck was 36.0" long by 6" wide by 1.5" thick and was 
made up of two steel plates, 3/4" thick each. The deck was supported by six 
cylindrical steel legs, 1" 0D x 36" long. A steel plate (6'9" x 3'9" x 
7/16") was located underneath the pier model with a slope of 1 to 14.25 to 
simulate a beach in a coastal region. The beach could be removed leaving 
the underside of the pier 13-1/2" above a level bottom to simulate deep water 
conditions. The pier model was located in a specially designed closure de- 
vice on an adjustable base at a point approximately 180 feet from the blast. 
The closure device was rolled under the test section and raised into place 
to close the tube opening. 

Pressure measurements in the shock tube and on the pier model were made 
with piezoelectric type transducers. The piezoelectric transducer essentially 
converts a pressure variation into a corresponding electric charge variation. 
The relationship is linear over a limited pressure and temperature range. 
The tranducers used were of the "ST" gage series manufactured by the Susque- 
hanna Instrument Company. This gage series utilizes lead zirconate sensing 
elements. The model used was the ST-2 (1/2" diameter housing x 5/8" long) 
which is used primarily for pressure measurements of shock waves in air since 
it is capable of measuring fast-rise phenomena without ringing. This gage 
has a charge sensitivity of 20 picocoulombs per psi, a natural frequency of 
250 kc, and a rise time of the order of 5-10 y sec. A total of eleven ST-2 
gages were used. Four of those were placed in the test section in the vi- 
cinity of the pier model for measuring the free field pressure. The pier 
model was instrumented with seven pressure gages with three facing upward 
and four facing downward. In addition to the above gages, one strain gage 
type transducer, the Schaevitz-Bytrex Model No. HFG-2000, was used in the free 
field. 
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Each day before starting tests every transducer was calibrated individ- 
ually for output, pulse response characteristics, and linearity according to 
the procedure described in Ref. 9. A check on the pressure measurements was 
obtained by measuring the velocity of the shock wave as it passed through 
the test section. The shock velocity, U, is easily found since the distances 
between the gages are known. The shock overpressure is evaluated by using 
the one-dimensional relationship between pressure and Mach number 

M = P - P  = tu (M2_D 
P       p  a     Y+l K ' a     a 

where p is the ambient pressure, y  is the ratio of specific heats for air, 
and M is the Mach number. The pressure-time variations measured by the 
various gages during the tests were recorded on magnetic tape as well as 
photographed from oscilloscope screens. The data recording equipment in 
use at the WCERF is described in Ref 9. 

The pier model was tested in the following four situations: 

(a) Pier located above a beach with a slope of 1 to 14.25 and with 
clearance of 1" between the underside of the shore end of the 
pier deck and still water level. This situation was intended to 
represent a pier in shallow water on a sloping beach (Fig. 3a). 

(b) Pier located as in (a) but without water. This situation re- 
presents a pier on a dry beach in a Mach-reflection region (Fig.3b). 

(c) The beach was removed so that the underside of the pier was lo- 
cated 13-1/2" above a level bottom and 1" above the still water 
surface. This situation represents a pier or platform in deep 
water (Fig. 3c). 

(d) Pier located above beach with 1 to 14.25 slope without water and 
with clearance of 1" between the underside of the shore end of 
the pier deck and the beach as shown in Fig. 3d. This situation 
was intended to represent a pier on a dry beach in a regular re- 
flection region. 

In each of the four different situations, the pier model was subjected 
to five different shock overpressures. The five different overpressures 
and other shock characteristics were intended to be as follows: 

Peak Duration of Shock 
Test Overpressure      Positive Pulse Velocity 
No. psi msec fps 

1 5 70 1400 

2 10 85 1500 

3 20 100 1700 
4 40 120 2100 
5 70 135 2700 

Three test runs were made at each pressure level. A total of 3 x 4 x 5 = 60 
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test runs were therefore performed. 

ANALYSIS AND DISCUSSION OF RESULTS 

The test results were obtained both in the form of magnetic tape re- 
cordings and photographic pressure-time diagrams. The photographic records 
were used to obtain the peak overpressure, impulse strength, and pulse dur- 
ation at each gage location. In order to obtain a better basis for compar- 
ison between the various test situations these values have been normalized 
to the corresponding free field overpressure. In most instances the means 
are obtained from two out of the three runs, using the two in closest agree- 
ment. In a few cases the three runs gave almost identical values and were 
therefore all used to obtain the means. In one case (situation 2, 5 psi) 
only one run was used, since it was the only one close to the desired pres- 
sure level. 

The reason for normalizing the peak overpressures may need some clar- 
ification. Each of the four test situations is tested at five different 
incident pressure levels. For obvious reasons, however, the intended pres- 
sure level is never obtained exactly. For example, the mean free field 
overpressure levels for the 20 psi overpressure runs were as follows: 

Test situation no.   1     2     3     4 

Mean free field 
overpressure, psi   21.1   19.3   20.4   20.5 

It is clear that a meaningful comparison between the different test situ- 
ations is not obtained directly from the pressure readings. While the 
pressure at any point on the pier is not likely to be a linear function of 
the free field pressure it seems reasonable to assume that in a narrow re- 
gion of free field pressure the variation can be approximated by a straight 
line. On this basis all pressure readings have been normalized to the 
corresponding free field pressure and the result treated as the normalized 
pressure for the corresponding nominal pressure level. 

A peculiarity is observed in the records from the lowest pressure tests, 
i.e., where the shock overpressure was less than 5 psi. The records show a 
double peaked pressure-time relationship at all channels. These two peaks 
are present in the intended 5 psi tests for test situations 1,3, and 4, 
where the peak overpressure is around 3 psi. The very first run of test 
situation 2, where the shock overpressure is of the order of 2 psi, also 
shows double pressure peak at all channels. In subsequent runs of test 
situation 2 when the overpressure is 6-7 psi and higher, the second peak is 
no longer present. This is also the case for all other test situations until 
the highest pressure levels of 40-70 psi are reached. At those pressures 
multiple peaks are observed for test situations 1 and 3 (i.e., with water) 
at some of the gages located on the pier, whereas all the free field gages 
show a single peak. The double peak phenomenon at low pressure levels is 
probably caused by the reflected shock wave from the closed compression 
chamber end. The reflected shock, moving through air heated and compressed 
by the direct wave, travels faster than the direct wave and will eventually 
overtake it. At very low pressures the difference between the two wave 
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speeds is small so that the reflected wave has not yet caught up with the 
direct wave as it reaches the test section, resulting in the double-peaked 
pressure-time record. 

As noted above, the multiple pressure peaks at the highest pressure 
levels are observed only in test situations 1 and 3, i.e., where water is 
present. The first peak observed is most likely caused by the shock wave 
whereas subsequent peaks are seemingly due to water splashing on the pier 
model. These effects, however, could not be observed, since the test sect- 
ion of the shock tube was completely closed. It would be desirable in 
future tests to use high speed photography to find out what happens in the 
test section. 

The values of normalized net peak pressures on the pier for 40 psi 
normal overpressure are shown graphically on Fig. 4. This is found as the 
difference between top and bottom pressures, assuming linear variation be- 
tween gages. These represent essentially the peak loading on the pier model 
caused by the blast. The shock wave travels at a speed ranging from 1300 
to 2800 fps which means that its travel time over the length of the pier 
model ranges from 2.3 to 1.1 milliseconds. The pulse duration on the pier 
is found to vary between 40-120 milliseconds. Thus the travel time of the 
wave over the length of the pier model is at most approximately 5%  of the 
pulse duration indicating that no appreciable reduction in pressure has 
taken place at the front end of the pier when the wave arrives at the back 
end. The effect of water splashing on the pier which was discussed above 
is not included in Fig. 4. Since the relative wave arrival time at the 
various gages was not recorded, there is no way to assess the net pressure 
on the pier caused by the water impact. It should be kept in mind, however, 
that this effect could conceivably result in much higher uplift pressures 
than observed during the passage of the shock wave front. 

The general trend for all test situations seems to be that the rela- 
tive net uplift pressure increases very rapidly as the free field pressure 
is increased, especially at the front end of the pier. However, it is rather 
difficult to determine any definite trends for the different test situations. 
A better view is offered in Figs. 5-8 where the normalized pier pressures 
at each gage have been plotted against the free field pressure. Figs. 5-8, 
showing the peak pressure at the gages located on the top of the pier, re- 
veal a similar behavior of each gage for all four test situations indicating 
that these peak pressures are not appreciably affected by the configuration 
in front of and underneath the pier, with the possible exception of situation 
#2 (Fig. 6a). This is really not surprising since these are pressures at the 
shock wave front and any effects of the bottom configuration are not likely 
to be felt until somewhat later. Fig. 6a shows the effects of the Mach re- 
flection (Fig. 2), resulting in lower peak pressures on the pier top. 

Figs. 5b - 8b, showing the peak pressures at the gages located on the 
underside of the pier, indicate a marked difference between the various test 
situations. Fig. 6b, showing the situation for a pier on a dry beach, in- 
dicates a very sharp relative pressure rise as the free field shock pressure 
increases, especially at the front end of the pier. The presence of water 
tends to reduce this pressure appreciably as Fig. 5b shows. Fig. 7b shows 
the results for a pier in deep water. When compared with Fig. 5b (pier on a 
beach with water) the difference between the two is negligible at low 
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LOCATION OF GAGE NUMBER 
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FIGURE 4 DISTRIBUTION OF NORMALIZED PEAK UPLIFT 
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pressure levels, but high shock pressures seem to result in appreciably higher 
loads on the deep water pier, possibly due to water wave impact. Fig. 8b 
shows the pressure on a pier in a regular reflection region. Here the load- 
ing on the front end of the pier is considerably lower at high shock loads 
than that experienced in the Mach reflection region (Fig. 6b). Otherwise the two 
regions do not give appreciably different results. 

The theory discussed in a previous section of the paper has been applied 
to obtain graphically the solution for test situation No. 2 (pier on a dry 
beach), at free field overpressures of approximately 20 psi and 70 psi. 
These solutions are shown in Fig. 2a, b. For comparison the results are 
plotted in Fig. 9a, b, together with experimentally obtained values under 
similar conditions. 

Fig. 9a, showing conditions of 20 psi, shows that the graphical solu- 
tion results in maximum uplift pressure higher than maximum measured pres- 
sure. The distribution of uplift pressure over the length of the pier is 
quite different for the two cases. The experimental results show that the 
net uplift pressure decreases in the direction of the shock flow in contrast 
to the results predicted by the characteristic solution. Fig. 9b, which re- 
presents conditions at 70 psi, shows the same general features, although 
the very high uplift pressure measured at the front end of the pier exceeds 
the maximum uplift pressure obtained by the characteristic solution. These 
discrepancies between predicted and observed results indicate that the 
theoretical model should be modified to represent more closely actual con- 
ditions on the pier. Schlieren photographs would be of great value here 
and this technique should definitely be included in future test of this 
type. Until such results are available, the following factors can be listed 
as possible causes of discrepancy: 

a. Since the pier model has a very low aspect ratio and a complicated 
geometry, the flow is three-dimensional. Thus the two-dimensional 
characteristic solution may not be appropriate to predict the 
actual flow properties. 

b. All transducers except Nos. 6 and 10 are located in a region of 
shock expansion created by the supporting structure of the pier 
model which consists of cylindrical legs underneath and hexagonal 
units on top. The presence of these, which is not taken into account 
in the theoretical solution, definitely affects the flow field. 
It can be shown that their effect is to decrease the downstream 
pressure as observed in contrast with the theoretical results pre- 
dicting increasing pressure when the cylindrical obstructions are 
neglected. 

c. The shock front generated in the shock tube may not be plane as 
assumed. 

Overpressure peaks on the pier caused by splashing water have been dis- 
cussed in a previous section. It is possible that the water impact on the 
underside of the pier can result in much higher net uplift pressures than 
are caused by the passing shock wave. However, since relative wave arrival 
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times at each gage were not measured, the severity of the water impact effect 
cannot be evaluated. Future tests of this type should, therefore, be pro- 
vided with equipment to measure these relative arrival times at each gage. 

CONCLUSIONS 

The findings of the study reported here may be summarized as follows: 

1. Air shock loading on a pier on a dry sloping beach results in more 
severe uplift pressure than is experienced for the same configura- 
tion in the presence of water (test situation No. 1 vs. No. 2). 

2. Air shock loading on a pier in water appears to be more severe in 
deep water than in shallow water (test situation No. 1 vs. No. 3). 
This is possibly due to water wave impact. 

3. Air shock loading on a pier on a dry beach appears to be mo 
severe when the pier is wholly located in the Mach reflectiun 
ion than it is when the pier is partly in the regular reflection 
region (test situation No. 2 vs. No. 4). 

more 
on reg- 

4. It can be concluded from 1-3 above that test situation No. 2 - pier 
on a dry beach in a region of Mach reflection - will result in the 
most severe uplift pressures on the pier deck caused by the pass- 
ing air blast wave. 

5. Water waves caused by the air blast which splash against the under- 
side of the pier may result in uplift pressures more severe than 
those caused by the air shock. Further tests are required to assess 
this effect. 

6. Graphical solution for a pier in a region of Mach reflections 
(test situation No. 2), based on Whitham's diffraction theory, 
results in conservative estimates of the net uplift pressure at 
low incident pressures, but appears to underestimate this effect 
at high pressures. Further studies are required to make the 
theoretical model more realistic as well as to extend the tech- 
nique, so that it may be applied to a pier in a region of regular 
reflection. 
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CHAPTER 64 

THE THEORY AND DESIGN OF BUBBLE BREAKWATERS 

by 
P.S.Bulson, Ph.D.,B.Sc.(Eng).,M.I.Struct.E.,M.I.Mech.E. 

Military Engineering Experimental Establishment and 
Southampton University, Great Britain 

ABSTRACT 

This paper sets down basic information on the behaviour of 
bubble breakwaters, drawn from analytical and experimental 
studies carried out by the author and others in recent years. 
Design formulae are given for surface velocity and thickness 
of the horizontal current produced by a bubble curtain, and 
for the quantity of free air required to suppress waves of 
known length and height. The effect of an intermittent air 
supply is examined.  It is concluded that the quantity of 
air required is astronomical and the practical difficulties 

995 
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INTRODUCTION 

If a surface current of sufficient strength is propagated in opposition 

to oncoming waves, their length is reduced and their height increased until 

instability occurs, and they break over the current in the manner of waves 

breaking on a beach. This well known action occurs naturally when wind formed 

waves meet an opposing tidal current in an estuary. One method of artifici- 

ally producing an opposing surface current is by means of a bubble curtain, 

which can be obtained by releasing air from a line of ]ets on the sea bed. 

As the bubbles rise water is entrained in the form of a vertical current, and 

this spreads into opposing horizontal currents at the surface. 

In recent history this concept was first employed by Brasher^- of New York 

to protect civil engineering works in 1907. He patented his design, which 

consisted basically of a perforated pipe on the sea bed fed by air from shore 

based compressors, and it was used by the Standard Oil Company in 1915 at 

El Segundo, California. Other projects seem to have been undertaken, but the 

results were not promising and interest diminished. Research continued 

spasmodically, however, and in 1936 Professor Thysse of Deft showed that the 

surface currents produced by the bubbles were the mam mechanism of the system, 

until then there had been considerable speculation about the precise way a 

bubble breakwater worked. 

During the 1939-19^5 war, fundamental research was carried out by 

Professor White2 and Sir Geoffrey Taylor3 in England, because the method was 

seen to have potential as a transportable breamwater for military purposes. 

As a result of their work it became possible for the first time to predict 

the quantity of air required to produce a given surface current, and the speed 

of current required to kill waves of known length. Taylors theory, however, 

assumed waves of infmitessimal amplitude and sinusoidal form and did not take 

account of wave height or the possibility of partial wave damping. This 

fundamental work and the experiments associated with it showed that for the 

suppression of storm waves characteristic of N.W.Europe, the quantity of air 

required per foot run of breakwater would be astronomical. 
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After the war, inventors and scientists from a number of countries 

searched for methods of increasing the efficiency of the bubble curtain.  It 

is inappropriate to give a complete survey here, and the reader is directed 

to a summary by the author1* published a few years ago.  Evans5 carried out a 

number of illuminating experiments, and it was clear to him and others that 

large scale tests were desirable to ascertain whether large current horse- 

powers could be effectively produced m deep water, and whether a measure of 

wave damping could be obtained in a full scale installation. These tests 

were carried out by Bulson6>7 in the early 1960's and later the effect of an 

intermittent air supply was investigated8" 

From all these experimental and analytical studies it is possible to build 

up a design theory for bubble breakwaters.  This falls into two sections, the 

first dealing with the magnitude and distribution of surface currents obtainable 

from a given air supply, the second with the action of a given surface current 

against waves of known height and length. 

2.   THE BUBBLE CURTAIN 

Taylor3, drawing an analogy between the vertical current produced in water 

by releasing bubbles, and m air by releasing heat, quoted the work of Schmidt9 

in showing that 

v*  =*9<Z,  a) 

where VJ^ is the surface velocity of the current, see Fig 1, 

K is a constant, 

CL   is the quantity of air emerging per second from the orifices of the 

submerged pipe, per foot of pipe. 
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The practical engineer is interested in"J0, the quantity of free air 

delivered by the compressors per second per foot and this is linked withd^_by 

a relationship governed by the depth of the manifold (P), and the atmospheric 

pressure expressed as a head of water CP). Bulson6 showed that Eq,(l) can be 

set in the form 

VM     =1.46-2 J     feet/sec,  (.2) vp^» / 
where 1"46 is the value of K found by large scale experiment (Fig 2) . 

The current velocity,V, diminishes approximately linearly with depth, 

until it equals zero at a depth «-below the surface. Bulson gives the follow- 

ing expression for C\,, 

&    =  0-32 P U^e fP + 0  )  feet, . ...(3) 
-  \  P  / 

as shown m Fig 3. 

When the same quantity of air is passed through a variety of orifice 

diameters and spacings there is no significant difference in \^ , further, 

results for a single manifold at depth P are not noticeably different from 

those when two or more adjacent manifolds are delivering the same total 

quantity of air. 

When P = 34 ft., the vertical velocity at the centre of the curtain 

when Qa =  1 ft3/sec/ft was found to be about three quarters of the horizontal 

surface velocity V,,, .  A typical curve of decay in surface current velocity 

with distance from the centre of the manifold is shown m Fig 4. 
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3.  COMPLETE WAYE SUPPRESSION 

Unna10, in 1942, discussed the action of a tidal stream on wind formed 

waves. For deep water waves having a length A , the velocity of travel, O  , 

is given by 

and Unna showed that the critical stream velocity, V , is equal to -ip . 

Taylor3 investigated the general condition when the water cannot be considered 

deep, and the counter current speed decreases uniformly with depth. The current 

velocity at the surface to completely suppress the waves, V^ was shown to be 

given by 

V.4if ^t .(5) 

where 

7- 

Z   » 

 (6) 

and 

*     ^m     is the minimum value of o(  , where °( = • 

(""isthe speed of the orbital motion in radians/sec). 

a. 
Taylor gives a curve relating —- and°(w, which is reproduced in Fig 5.  In 

X        ^     */% 
very deep water, D-   "•" 0» and from Eq.6 ^Js •* 0; then, from Fig 5, 

A, z 

°^Ki "*" t, the value given by Unna. 

If the quantity of free air to produce »i*i is <£, by combining Eq.2 and 

5 we find that 
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For a known water depth,"  , the current thickness *«can be found from 

Eq.3. For a known wavelength,A , the value of  *» can then be calculated 

from Eq.6, and Fig 5 used to find "^ . This is substituted into Eq.8 to 

find the air supply Qcr •    The value of i^_is plotted for a selection of 

values of &   and A in Fig 6, which graphically illustrates the advantage of 

setting the air pipe m a depth of water of at least half the wavelength. 

(2, rises very steeply when the depth is small. 

According to Eq.8, '\0ris independent of wave height, but experiments show 

that when waves are neither truly sinusoidal nor of mfinitessimal height the 

quantity to produce complete damping can exceed Q(#- •    If we denote this 

quantity by $„^, Bulson suggests a linear relationship between *t"tx and the 

wave steepness JH , as shown in Fig 7. **<:*- 

\ 

As an example, supppose we wish to investigate the quantity of air 

required to suppress sea waves 100 ft long, t  ft. high, in a water depth of 

50 ft.  Now, from Eq.3, 

d = C )-32.3Zldje 

Then, 

= loO 

Z-7T 9 63 

and from Fig. 5 

«* = 2- 82. 

Substitu-t :ion in Eq. 8 gives 

83 
33 9-63 ft.  (P= 33 ft. for sea water) 

1-66, 

Q-ry.  = 13• 3 cusecs per ft. 

Also, H =_Z_ = 0-04, and from Fig. 7, JH^L   =    1-t, 
A  loo dor 

therefore the quantity of free air required,0^^,-    I'M- x 13-3 = 18-6 cusecs 

per ft  This represents an air power at the pipe of 64 HP per foot. 
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PARTIAL WAVE SUPPRESSION 

If less than the quantity of air required for complete suppression is 

supplied, there is some damping of the incident wave, Bulson7 proposed an 

empirical relationship between the height of the transmitted wave (n), the 

height of the incident wave (H), the quantity of air supplied (<?), and the 

quantity to completely kill the waves (^IM*), of the form 
IA       ^ 

&)'*(£.) -(t"«> .(9) 

Fig 8 shows a plot of this function for various values of — . Note that 

the amount of damping falls as the wavelength increases, and that for waves 

greater than 100 ft. in length there is very little reduction in wave height 

until the quantity of air approaches to within a few per cent of ^^^^• 

INTERMITTENT AIR SUPPLY 

Bulson8 s towed from model tests that for complete wave suppression an 

intermittent air pulse offers no advantage over a steady supply* the total 

quantity of air supplied during a given period must be the same. For partial 

damping, however, an intermittent supply can be advantageous. 

The degree of mtermittency is measured by the ratios Jjj  and t\   , where 

r  _ Time air valve is open 
^j-        wave period ) 

) 
) 

Time air valve is closed ) 
Time air valve is open ' ....(10) 

and Fig 9 shows the relationship between u and h for various value of -fe- 

The graph illustrates that it is best to use as low a value for J__   as 
V> b      T 

possible, when — = 0-75, the intermittent supply with X. = 1 required 50% H T 
of the total air of a continuous supply, and the supply  j£. - 2 required 66%, 

Fig 10 shows the comparison of total air flows. 
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TYPICAL DESIGN CALCULATION 

Suppose we wish to examine the feasibility of using a bubble breaks 

water in deep water to reduce a range of incident wave heights to a trans- 

mitted height of 3 feet. Three feet is assumed to be the maximum height 

that unloading and berthing operations can take place within the breakwater. 

By 'deep water' we mean that the air pipe on the sea bed is at least H. 

below the surface. Then, taking an incident wave height of 10 feet for the 

first calculation, and atmospheric pressure r , as 33 feet of sea water, 

Eq.9 gives lA 

15 vV + U*J= 16
^ T ^<W    x • ... .(ID 

If a wave steepness ratio of 0-03 is assumed, A = T—^r_-£?   3M-0 feet, and 

substituting this value m Eq.ll gives 

^2        £=•       1 .  (12) 

As indicated earlier at these long wavelengths the quantity of air for 

partial suppression is virtually equal to the quantity for complete suppression, 

The next step is to calculate U-or from Eq.8, and use this value to find 

^ih*)t from Fig 7. This part of the calculation follows closely the method 

given in section 3. From Eq.3, 

<L   = 0-32.33 ^fc. ll0
3

+
3  
33 = 19-2 ft. 

Then, 
o^       __340   s 2.82> 

7.   " 2Hx 25-7 

and from Fig.5     °^ t\\ ~    2-1 . 

Substituting in Eq.8 gives Qj=    t76 cusecs per ft. 

M     10 drtHy 
Also, r = J~   =    0-03, and from Fig. 7 -~2  = 1- 

A   oW dor 
for complete suppression, Qy^^   = 571 cusecs per ft. 

W    10 $rt»ay 
Also, r    = „T-Z   =    0-03, and from Fig. 7      ——-  = 1-2,    so that the air quantity 

A        oW ^ «<cv" 



BUBBLE BREAKWATERS 1011 

Then, from Eq.12, 

GLj = 34,260 c.f.m per foot of breakwater. 

The quantity of air required is seen to be vary large. If the break- 

water is operating against the same incident waves, but m only 50 feet of 

water, the quantity is almost doubled. For this condition Eq.3 gives 

A **M       340     _ ..„ 
and   —  " 27Tx 9-63  " 5 62- 

d    -    0-32.33  L<^e l?_x_33 _ 9.63ft#! 

1 
M 

z: 
From Fig. 5 <X —1-3, and substituting in Eq.8 gives 

b(-  = 830 cusecs per ft. 

T = 0-03, as before, and from Fig.7  ., * = 1-2, 
A <*ar     .   n 
so that the air required for complete suppression, H^u = 996 cusecs per ft. 

and, from Eq.12, 

K0 = 59,700 c.f.m. per foot. 

Similar calculations for continuous and intermittent supply produce the 

curves shown m Fig It , which apply to an air pipe set in 50 feet of water. 

PRACTICAL CONSIDERATIONS 

a.  Wave height outside breakwater 

When the breakwater is operating successfully there is a marked 

build-up in the height of the incident waves just before they break 

over the counter current. Judging by the results of trials with 30 ft. 

wavelengths, an increase in wave height of up to 4 times could be 

expected, combined with a length decrease of 30%.  This means that for 

an incident wave tram 10 ft in height, wave heights immediately off- 

shore of the breakwater might be 40 ft, and wave lengths reduced, for 

example, from 340 ft to 240 ft. These figures check with the accepted 
40 

steepness ratio for unstable waves of 0*14 (since -rr   = 0-16). 



1012 COASTAL   ENGINEERING 

A = 460 

5 
lt>0«IO 

IU 
A. 

CONT NUOU > 
a. L/ / 

/ / 
o 
a u. 
U 
lu 

5   80x10* 

' / 
/ 

I 
—L-L 

7     ' 
1 

540' 

/   1 
/ 1 
/ 

o 

40x10 / / 
/ 

2fe0/ 
7/ 
A 

0 
^^ 

ss 
x 

\ 
iNTe( IMITT! •NT 

4 8 
H 

II FEET 

FIG  II 



BUBBLE BREAKWATERS 1013 

In these conditions it would be difficult for a small vessel to 

approach the breakwater from the seaward quarter.  It would be necessary 

to sail around and approach from leeward.  Similarly, a lighter or small 

craft leaving the breakwater could not sail out across the bubble curtain 

without considerable hazard. 

b   Surface currents within the breakwater 

There would be a considerable conflux of surface currents within the 

breakwater.  In the range of breakwater designs considered in section 7, 

these currents would be at least 12 knots, and might cause difficulty 

in mooring and controlling small craft. 

c. Air supply 

It was demonstrated above that to reduce waves 10 feet high, 

340 feet long to a height of 3 feet requires a continuous air supply of 

34,260 c.f.m. per foot of breakwater. This is under ideal conditions 

when the depth of water is 170 feet (In 50 ft. of water a supply 

of 59,700 c.f.m per foot is needed).  At best then, the output of 57 

large commercial compressors is required for every foot of breakwater, 

alternatively there are very large engine driven centrifugal compressors 

available commercially with a capacity of 30-40,000 c.f.m. , but these 

weigh over 20 tons and consume 215 gallons per hour of fuel.  On this 

basis a 500 yard long breakwater would cost about £100,000 per day in 

fuel and involve a capital expenditure for air supply of £20m. 

d. Intermittent supply 

An intermittent supply can save air, but the engineering problems 

in providing one could be difficult to solve.  Interrupting the supply 

from the compressors seems a less likely solution than directing the 

air along lengths of pipe alternately by means of a valve system. Care 

would be needed to ensure that the air feed lines to these valves were 

clear of the hull of any vessel within the breakwater. 
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8.  CONCLUSION 

The experimental and theoretical studies during the past 25 years have 

made it possible for a reasonably accurate estimate to be made of the air 

quantity required to operate a bubble breakwater. The quantity is astron- 

omical and costly to supply. The practical difficulties of operating a 

full scale system are immense.  It is doubtful whether any novel ideas of 

bubble formation and size can produce economies, and high cost is bound to 

be the basic feature of any apparatus of this type which is designed to 

combat the energy of the sea. 
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Notation 

C velocity of travel of waves 

M, thickness of current 

K. height of transmitted wave 

k coefficient in formula for current velocity 

t\ ratio of time air valve is closed to time it is open 

p time air valve is open 

Vn, surface velocity of current 

V critical stream velocity 

V*m surface current velocity to completely suppress waves 

0     depth of manifold below surface 

H  height of incident wave 

P  atmospheric pressure expressed as head of water 

Q    quantity of air emerging from orifices, per foot of pipe 

(X0   quantity of free air delivered by compressors, per foot of pipe 

^Y- quantity of free air to produce ^n, , per foot of pipe 

(J^^quantity of free air to completely suppress waves of finite 
height, per foot of pipe 

&,j   quantity of free air supplied intermittently per foot of pipe 

T  wave period 

Z      <ty/v£ • 

<KW minimum value of ot 

A  wavelength 

<T~    speed of orbital motion in radians/sec 
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ABSTRACT 

The pattern of vertical velocities induced by an orifice dis- 
charging air into water can be represented by Gaussian distribu- 
tion curves with a linear spread in the vertical except for the 
regions near the orifice and close to the free surface. An 
analytical treatment considering the momentum-flux increase 
due to the buoyancy of the air together with experimental 
information about the spread of the velocity profiles and the 
mean rising speed of the air bubble stream, which has been 
obtained from velocity and density measurements over a wide range 
of conditions, leads to a complete description of the flow field. 
The ratio of the water volume flux to the air discharge rate, 
which has been proposed as an efficiency criterion, is now at 
hand as a function of depth and air supply for both single 
orifices and rows. The experimental evidence supports the analysis 
well and suggests that extrapolation to larger water depths and 
air supplies should be permissible, which would allow approximate 
predictions of the volume flux for any air-bubble system. 

INTRODUCTION 

In recent years, air-bubble systems have been applied successfully 
as breakwaters and barriers against spreading of oil, salt water 
intrusion and ice formation. However, all attempts to correlate 
results from model tests and from field investigations have failed, 
because no analytical framework is at hand which suits both model 
and prototype. In a first attempt to close this gap, the vertical 
velocity field of the air-water mixture above an orifice has been 
measured and analyzed. The flow pattern produced by an air jet 
entering vertically into sideways unlimited water shows certain 
similarities to a submerged water jet [ll which suggest a similar 
analytical treatment with proper consideration of the momentum- 
flux increase with height due to the buoyancy of the air [2] . 

1016 
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ANALYSIS 

The air bubble stream 

Consider an air jet discharging vertically upward at depth h 
below the water surface through a nozzle of diameter do at a 
mass discharge rate Qo , pressure po and density fa • If *o is 
defined to be the volume flux corresponding to Q0 at atmospheric 
pressure, then the momentum flux is given by 

M  - ( ?"•     M>) qtm / ?alm\  Vq , , 
lo~f°<rrd*A+     " Y*   Wo/^dlT^ {) 

or, in terms of a theoretical (loss-free) exit' velocity U0 and a 
discharge coefficient Cj , by 

M0 - cD U0 fa°*w V-o (2) 
The continuous air stream discharging through the orifice quickly 
expands according to the sudden pressure drop across the nozzle 
and breaks up into bubbles of discrete size. It has been 
shown [5] that the bubble size distribution depends solely 
upon the discharge rate and varies neither with the fluid 
properties nor with the orifice diameter for all practical cases. 

The speed of rise of the bubble stream rapidly approaches some 
terminal mean velocity u^. Pig.2 gives an indication of the 
extent of the "initial region", in which the local conditions 
at the orifice influence the flow pattern. Beyond this region, 
the bubble stream rises with a mean velocity U-u determined by the 
bubble size distribution and concentration, which are both 
functions of the discharge rate -¥0 only. Therefore, u^ should 
be a unique function of -¥0 independent of the local orifice 
conditions, which is confirmed by the experiments. 

Extensive measurements on single bubbles so far have shown no 
evidence that the speed of rise vanes considerably with the 
depth of submergence, although the change in bubble volume with 
depth or pressure would suggest so. But, except for very small 
bubbles, the speed of rise changes only gradually with the 
bubble diameter, which in turn changes only with the third 
root of the bubble volume or the local pressure. It is therefore 
considered a satisfactory approximation to assume the average 
rate of rise u^ of the bubble stream to be independent of 
height. 

The increment in buoyant force exerted upon the water by the 
air bubbles contained in a horizontal slice of thickness dx 
is given by the product of the air volume contained and the 
difference in specific weight. With 

h* = h +TWrw (3) 
the air density at cross section x can be expressed as 
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and the increment in buoyant force is given by 

The buoyant force acting between the orifice and cross 
section x is then (with -yw - fa s&J^) 

F(x} - ?aim Vo 
Ub 

d*     ?a-^MnM-x/h*) H* - x      ub 

and the total momentum flux at cross section x is now given 
by the sum of initial momentum flux and buoyant force, 

K(x) = p^mcDU0Vo -^sh^lnft-x/h*) (4) 

It is seen that the buoyancy term grows rapidly with distance x 
from the orifice while the contribution due to the initial 
momentum soon becomes negligible. The term M0 can be neglected, 
if 

I ?q m \ 
Wm / _Patm ^°[n(<-x/h»)    ~ \paVm/   * / h* 

Since, from the ideal gas law, 
palm /pf" = 9T?T M 90 ooo [mVs

2] 

and since tF0 cannot exceed the speed of sound (333 m/s), CQ 
is roughly 2/3, and uD is of the order of magnitude of 1 m/s, 
this condition results in 

«*      or x ^^55" (5) 5oo X 500 

So, for instance, for Mo to be less than 2 % of M(x), x must be 
larger than h*/l0, which is a limit usually within the initial 
region. Beyond this lower limit, the momentum flux can be 
approximated by 

KW- - ?atlYo ln(<-x/Vi») (6) 

The analysis is based on two assumptions about the form of 
the velocity profiles : firstly, that the velocity profile at 
any horizontal section can be described by a Gaussian 
distribution curve, . ,  „ 

-r2/Z<sz 

U.(r,x)  = U^(x)e 
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and secondly, that these profiles are similar with respect to 
an "analytical origin" located at x0, 

The "analytical origin" results from an analytical extension of 
the established-flow pattern into and beyond the limits of the 
initial region. This origin does not necessarily coincide with 
the location of the orifice because of the markedly different 
conditions in the initial region; in fact, it may be expected 
always to lie below the orifice because of the faster expansion 
rate m the zone of flow establishment. 

The similarity criterion requires a linear spread of the 
Gaussian profiles with distance from the analytical origin, 

<S = c(x + x0) (7) 
and hence 

 TT = S (8) 

If the density defect due to the air bubbles is also described 
by a Gaussian distribution curve similar with respect to the 
analytical origin 

-r2/2<x2-c2(y+y0)
2- 

(the rate of spread of the bubble stream and of the mixture 
velocity profiles being proportional to each other) there 
results 

From the equation of continuity for the air bubble stream 

Qc -^- =JA?(r,y) 2Trrdr = Z^ro^^^^Yof Af^) 
0 

follows that 

*ftt") -f?f") *o L      v-o 
?w  "V ?w /2iw*c.zub(*+y0y2. ~ 50 ubCx+x0)2. 

since the density ratio is about 800 and the rate of spread 
(ac) of the bubble stream is of the order of magnitude of 0.1. 
From this expression and eq.(9) it is therefore seen that the 
mixture density can only differ considerably from the water 
density for air supply rates -¥omuch larger than the product 
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tJ-b (x + xo) . However, ub is of the order of magnitude of 
1 m/s, and outside the initial region (x + x0) is usually larger 
than 1 m. Hence significant density variations are to be expected 
only for air supply rates much in excess of 1 m'/s, which is 
far beyond any practicable limit. Outside the initial region the 
variations in density can therefore be safely neglected. 

The assumed velocity profiles can now be integrated to yield 
the mass flux 

f f -rVZc^x + XoV2 

au) = 2TT?W U^(X) C
Z
(X4X0)2- 

and the momentum  flux 
oo 

N\(x) =|fm(r,y)u.V,x) Ztrr dr = ^?w  u£(x) cZ(x+X0)
2 

(  (10) 

(11) 

Comparison of the expressions for the momentum flux in eqs.(6) 
and (11), based upon the assumption of negligible pressure 
differences in the zone of established flow, leads to an 
expression for the centerlme velocity 

1 -Pat• Vo u*<*>« cz^yv^^-x/h*) (12) 

and substitution of eq.(12) into eq.(10) gives the volume flux 
ratio 

Q(*)/.?w 
= 2irc(x-+Yo) 

"yf?w u-b V0 

tn(J-x/h*) 

(Ao 
•=-(^-V 

Ufa\^ 

(13) 

with the mass flux ratio being about 800 times as large. The 
momentum flux ratio is given by 

(W) 

Row o£_2Si£ices_^two-dimensional_case) 

A two-dimensional slot of width b0, representing the limiting 
case for a row of orifices, can be treated in an analog manner. 
If the mass flux per unit length is Q0 and the corresponding 
atmospheric volume f]ux -*o, then the initial momentum is given 
by 

Mo - 5 a \-pr/-b7 = c*> U0 ?Q V0 (15) 



1022 COASTAL   ENGINEERING 

and the buoyant  force "by 

Fm = - Ta-V° ln(< -x/H*) ub 

The total momentum flux is now 

M'cx)-^ UO pf Vo -£^°-ln(<-x/h*) (16) 

where the contribution due to the initial momentum flux can 
again be neglected within the same limits as before. 

The assumption of Gaussian velocity profiles similar with 
respect to the analytical origin XQ yields 

u'(M.y) _ -y2/2c'a(xH-x£f (17) 

and similarly the density defect is given by 

',  *   „' , v -V2/2<x'*c'2(x+x^)2 
A?(v,x) = A?<t(*)e  ' 

Prom the equation of continuity for the air bubble stream 
,       CO 

Of- = 2JA?'(V.X) dy = V^it7 ^(x)ot'c'(x-v^) 
0 

there results, with the density ratio being 800 and the rate 
of spread (ct'c1) in the order of magnitude of 0.1, 

A^VfPa")       Ve 1_    Vo 
Pw   ^ ?w I ft? c*'c'ub(x+x<;) ~ 2oo CTbCx+x^) 

and hence 

Pw  "   Pw 2°° ubCx*xi)
e 

Since the discharge rate -¥o will never reach values much larger 
than u"b'(x + x0), which is of the order of magnitude of 1 17s 
outside the initial region, it is seen that the variation in 
density can again be safely neglected. 

Integration over the assumed velocity profiles gives the mass 
flux 

r,     ,   ,      „   ,   7-Mich***?, 
Q (s)  =2j?m(<j,x) u(y,y)dx = 2?wut(x)je dy 

; (is) 
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and the momentum flux 

tt'w = 2 
n          2. 

Pmtv.x) u'(y,*)dx =Vlf'?w u'*b0 c'(^+Xo)        (19) 

For negligible pressure differences, the expressions for the 
momentum flux in eqs. (16) and (19) yield the centerlme 
velocity 

ULW^J-^I^-*'^   ' (20) 

which leads to the volume flux ratio 

and the momentum flux ratio 
Vb   ]/        9w ut Vo 

mentum flux ratio 

J^Oa.^-)j|!^_ln«-x/h») (22) 
Ko       VPaW   UbVb 

The assumption of similar Gaussian velocity profiles has thus led 
to expressions describing the flow in which only the rate of 
spread c of the profiles, the location XQ of the analytical 
origin and the average rate of rise u^ of the bubble stream are 
yet to be determined by experiment. 

EXPERIMENTS 

In a basin of 8 x 280 x 4.70 m, vertical velocities above 
single orifices were measured by Ott current meters. The 
orifice was located at a depth of 4.50 m  and hence 0.20 m above 
the basin floor xn most tests, but some measurements have also 
been made with an 0.2 cm orifice at a depth of 2 m (elevation 
above floor = 2.70 m) and again at 4.50 m with a false floor 
around the orifice (zero elevation above floor). Orifices from 
0.05 to 0.5 cm in diameter were tested at air discharges up to 
6 200 cm3/s. Since the flow is subject to considerable 
fluctuations, it was found necessary to measure over a period 
of 5 min at each point. Profiles have been taken along the jet 
axis (for an example, see Fig.4) and in normal planes at various 
heights (Fig.6). 

In the same basin, a row of 0.1 cm orifices spaced 7-5 cm apart 
was tested. The air pipe with a total length of 4.50 m was 
located 4.30 m below the surface. The velocities were measured 
at midsection. In addition, a row of 0.1 cm orifices spaced 
10 cm apart has been investigated in a basin of 1 x 10 x 2 m 
with the air pipe (total length 1 m) located 2 m below the 
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surface at the basin floor. Fig.5 shows velocity profiles along 
the jet axis for discharge rates up to 10 000 cm'/s'm. 

The 'average rate of rise u^ of the "bubble stream in sideways 
unlimited water was evaluated from density measurements by 
means of radioisotopes. If a flat, horizontal volume is chosen 
such that all bubbles have to pass through it, then ufe can be 
determined from the mean density, the dimensions of the volume 
and the known air supply rate. Figs.11 and 12 show the mean 
rising speed of bubble streams from various orifices as functions 
of the air supply for single orifices and rows, respectively. 
At small air supply rates, for which density measurements become 
unsatisfactory, but visual observation is possible, time-length 
measurements have been made. 

DISCUSSION OF RESULTS 

Gaussian distribution curves are seen (Fig.6) to fit the 
experimental data well. The standard deviation of the least- 
square fits increases linearly with height for both single 
orifices (Fig.7) and rows (Fig.9), which justifies the assumption 
of similar Gaussian velocity profiles. 

From the variation of the standard deviation with height as 
shown in Figs.7» 8 and 9, the location x0 of the "analytical 
origin" results from an extension beyond the initial region. 
Since x0 is an artificial aid to compensate for the untraceable 
conditions in the initial region, it can be expected to depend 
upon the local orifice geometry and especially to vary with 
the orifice elevation above the floor (Fig.8). For the normal 
test arrangement, x0 was found to be about 0.8 m, independent 
of the air supply rate. The value of x0 seems to increase 
slightly with water depth; however, the measurements allow only 
an estimate with possible variations of several tenths of a 
meter. Nevertheless this information is sufficient, since x0 
appears only in the combination (x + x0) with x always larger 
than the extent of the initial region, and therefore small 
variations m x0 are of little influence upon the results. 

The rate of spread c of the velocity profiles, which is 
determined by the conditions in the region of established flow, 
is seen to vary with the air supply rate (Fig.10). The parallel 
shift of the straight lines in Fig.8 shows that it is independent 
of the local orifice geometry, and Fig.10 indicates independence 
of orifice size and spacing. The rate of spread increases for 
both single orifices and rows approximately with the air supply 
rate to the 0.15 power. 

The mean rising speed ttt, of the bubble stream is shown in 
Figs.11 and 12. In spite of considerable scatter the results 
give an indication of the magnitude of u^ at least for higher 
air supply rates. Independent of orifice size, u^ increases with 
the air supply to about the 0.15 power for both single orifices 
and rows. 
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Fig.14 Volume Flux Eatio for a Row of Orifices 

With the experimental information ahout x0, o and ut at hand, 
the analysis gives expressions for the centerlme velocities 
and the volume flux ratios which can now he compared with the 
direct experimental results. 

For a single orifice, the centerline velocity varies with the 
air supply rate to the 1/4 power and shows, after a rapid 
initial growth, a slight decrease with distance from the orifice 
(Fig.4). The volume flux ratio (Fig.13) increases more than 
linearly with height and shows a decrease with the air supply 
rate to the -0.4 power. 

The centerlme velocity for a row of orifices increases with 
distance from the orifice at an ever decreasing rate (Fig.5) 
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and grows with the air supply to the 1/3 power, which is m 
agreement with the heat-flow analogy "by Taylor [6] and 
experimental findings of others [3,7] • The volume flux ratio 
(Fig.14) shows a slightly less than linear increase with 
height and varies with the air supply to the -1/2 power. 

In both cases, the measured velocities deviate from the 
analytical profiles in the initial region and near the free 
surface, as was to "be expected, "but m the region of 
established flow experimental points and analytical curves 
show good agreement (Figs.4 and 5). Also, the volume flux 
ratios as determined from integration of the measured velocity 
profiles and predicted by the analysis show a fair fit for 
both single orifices (Fig.13) and rows (Fig.14) even close to 
the orifice. 

CONCLUSIONS 

Measurements of vertical velocities m the flow field above an 
orifice discharging air into water show that profiles in 
horizontal planes can be represented by Gaussian distribution 
curves with a linear spread m the vertical. This permits an 
analytical treatment of similar Gaussian velocity distribution 
curves with proper consideration of the increase m momentum 
flux with height due to the buoyancy of the air bubble stream, 
which leads to a description of the flow pattern except for the 
regions near the orifice and near the free surface. It contains 
three experimental parameters: the location x0 of the analytical 
origin below the orifice, the linear rate of spread c of the 
velocity profiles, and the mean rising, speed UD of the air bubble 
stream. 

''/hile the location x0 of the analytical origin was found to be 
0.8 m independent of the air supply rate, but with possible 
variations of several 1/10 of a meter due to depth of 
submergence and local orifice geometry (mainly orifice elevation 
above the floor), the rate of spread c of the profiles is 
independent of orifice size, spacing and geometry. Both the 
two-dimensional and the axisymmetric rate of spread increase 
with the air supply to about the 0.15 power. The mean rising 
speed uD of the bubble stream seems to grow also with the 0.15 
power of the air supply independent of orifice size. 

With the experimental information about the parameters x0, c 
and u"t) available, the analysis describes the flow pattern 
completely and yields in particular the volume flux ratio, 
which is a criterion for the efficiency of an air-bubble system, 
in terms of location, water depth and air supply rate. For both 
single orifices and rows the measured vertical velocities and 
the volume flux ratios obtained therefrom by integration agree 
well with the analytical predictions, and it is supposed that 
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extrapolation to larger water depths and air supplies is 
permissible. In first approximation this analysis should allow 
predictions of the volume flux for any air-bubble system, and 
as a first step towards an analytical framework it may 
ultimately contribute towards providing a means of correlating 
model tests and field investigations on air-bubble flows. 
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SYMBOLS 

Subscript "o" refers to conditions at the orifice. 
Primed symbols refer to the two-dimensional case. 

d (b_) orifice diameter (slot width) oo 
c rate of spread of velocity profiles 

c-rs discharge coefficient 

h water depth 

h* h + Patm/ Tw 
p pressure 
r(y) radial (sideward) distance from orifice 

u(u<t) vertical (centerline) velocity 

u, mean rising speed of air bubble stream 
x vertical distance above orifice 

x location of analytical origin 

P buoyant force 

M momentum flux 

Q mass flux 

E gas constant for air 

T absolute temperature 

U theoretical exit velocity 

•¥ volume flux 

a ratio of expansion rates for air bubble stream 
and water jet 
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T   (Ta•)   specific weight of water (air at atmospheric 
pressure) 

?w ( Patm)   density of water (air at atmospheric pressure) 

Ay<k      density defect at centerline 

(y        standard deviation of Gaussian distribution 
curve 
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CHAPTER 66 

DISSIPATION OF DEEP WATER WAVES 
BY HYDRAULIC BREAKWATERS 

by 

12 3 R. E. Nece,   E. P. Ridiey,   and V. Seetharama Rao 

ABSTRACT 

Experimental results axe presented for a laboratory study of the 
effectiveness of hydraulic breakwaters in dissipating deep water waves. 
Test data are reported for a range of wave steepnesses for wave length: 
water depth ratios ranging from 0.375 to 1.343. 

It is shown that the effectiveness of hydraulic breakwaters depends 
upon the steepness of the incident wave and upon the ratio of the momentum 
of the opposing surface current created by the breakwater to the momentum 
of the incident waves. Results also are compared with the theoretical 
predictions of Taylor which are appropriate to deep water waves. 

Data are presented in a form allowing the determination of hydraulic 
breakwater manifold discharge characteristics in order to achieve specified 
attenuation for a particular incident wave. It is concluded that while 
the hydraulic breakwater is better adapted to deep water waves than to 
shallow water waves upon which prior studies of the device have concen- 
trated, it is generally inefficient for most practical cases because of 
excess power requirements. Some possible field applications are indi- 
cated. 

INTRODDCTION 

The hydraulic breakwater is a device which uses a series of hori- 
zontal water jets to generate a surface current opposed to the direction 
of propogation of incident waves; the surface current produces attenuation 
and/or breaking of the waves. Hydraulic breakwaters have been studied 
rather extensively by means of laboratory experiments. Quite logically, 
experimental data have emphasized the behavior of these devices in 
intermediate-depth water waves (2 < L/d < 20), because it has been 
considered that this type of wave attenuating device would be most useful 
in installations near the coast. Representative laboratory studies of 
hydraulic breakwaters have been reported by Evans (1955), Straub et al 
(1958), and Williams (1960); while some data for deep water waves (L/d < 2) 
are included, these are very limited. The above listing is not a complete 
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one, and is restricted to two-dimensional wave tank studies. Williams 
and Wiegel (1963) examined the effect of a surface located hydraulic 
breakwater on wind generated waves, and found that shorter, steeper 
wave components were attenuated to a greater degree than were the longer 
wave components. 

Growing interest in such structures as floating bridges and pontoon- 
type marinas which might be located close to shore but which are still in 
a deep water environment so far as surface waves are concerned has prompted 
further consideration of the possibility of using hydraulic breakwaters 
for attenuation of deep water waves. The structures mentioned commonly 
have plane vertical sidewalls of finite depth which can cause reflection 
of the incident waves. A suggested application of the hydraulic breakwater 
is to attach xt outboard of such structures in order to attenuate the 
incident waves before they reach the structure and hence minimize wave 
reflections which may be undesirable. Currents created by the hydraulic 
breakwater are confined to a thin zone near the water surface, and for 
deep water waves the wave energy likewise is concentrated near the surface. 
It has been agreed generally that hydraulic breakwaters should be expected 
to provide their best performance in deep water; for shallow water waves, 
the device has been found relatively inefficient. 

The actual physical mechanism by which the breakwater's opposing 
surface current modifies a wave still is not fully understood. If the 
incident wave is originally steep and if the current is strong, varying 
degrees of wave breaking may occur. On the other hand, waves may be 
damped without breaking taking place. Guidance for the predicted effective- 
ness of hydraulic breakwaters in deep water is given in the theoretical 
solution of Taylor (1955). The solution, which is based upon linear wave 
theory and therefore does not consider the effect of wave height, predicts 
the longest wave length that may be propogated against a surface current 
having a finite thickness and a velocity varying linearly from a maximum 
at the surface to zero at the bottom edge of the current. 

Because Taylor's theory considers only the complete stopping of 
waves and therefore does not consider less than complete wave attenuation, 
and because previous experimental data were very limited for deep water 
waves, an experimental program was conducted to study the effectiveness of 
hydraulic breakwaters in deep water waves. 

EXPERIMEOTAL APPARATUS AND PROCEDURE 

Wave Tank - A schematic drawing of the wave tank used is shown in 
Figure-!"! Pertinent dimensions were: length (excluding forebay), 
35 ft. 5 in.; width, 24 inches; depth, 35 inches. The effective length of 
tank measured from wave generator to absorber beach was 27 ft. 3 in. The 
tank was a laboratory flume which was converted to a wave tank for the 
breakwater study. Because the tank was relatively short for wave studies 
it was equipped with an absorber beach consisting of aluminum turnings 
loosely packed in wire mesh baskets, with the baskets on the sloping 
portion of the beach located on an impervious plane support. This type of 
arrangement has been discussed by Hsu (1965). The reflection coefficient 
of the beach was approximately 5 percent. 
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Generator - *Che flap type generator, made frcm 1/2-inch aluminum 
plate, was hinged to the bottom of the wave channel. Both the frequency 
and the stroke amplitude could be changed in discrete steps. For the 
experiments presented in this paper the water depth was maintained constant 
at 32 in. (2.67 ft.), and waves of only four periods were tested, each with 
a number of discrete wave heights (therefore, steepnesses). The properties 
of the waves tested are given in the following table; the measurements 
were made with the manifold removed from the tank. 

Period,T Length, L L/d Height, H Steepness 
(Sec.) (ft.) 

0.375 

(ft.) H/L 

0.45 1.00 0.046 0.046 
.074 .074 
.095 .095 

0.53 1.42 0.532 0.049 
.078 
.100 
.152 

0.035 
.055 
.071 
.107 

0.67 2.33 0.875 0.050 
.077 
.102 
.146 
.180 

0.021 
.033 
.044 
.063 
.077 

0.84 3.58 1.343 0.044 
.072 
.094 
.139 
.178 

0.012 
.020 
.026 
.039 
.050 

Breakwater - the cylindrical manifold completely spanned the wave 
tank. The manifold was constructed of 1-1/4 in. O.D. plastic tubing with 
a 1/8-in. wall thickness, and contained 93 circular orifices of 
0.04-in. diameter at 1/4-in. spacing. The breakwater discharge was 
supplied to the manifold by a single inlet pipe at mid-channel. The large 
number of discharge ports was selected in order to develop a 
two-dimensional current as close as possible to the manifold. For all 
runs reported the submergence depth y  (Figure 2) of the manifold 
centerline was 0.1-ft., sufficient to nave the jets discharging submerged 
for all waves tested; jet discharge was horizontal. 

Discrete flow rates q, in terms of cfs/ft of tank width, were: 
0, 0.002, 0.004, 0.005, 0.006, 0.00725. Discharges were measured with a 
calibrated orifice located in the recirculating loop. 

Wave Height Measurements - Have heights were measured by resistance- 
type wire gages, the outputs being obtained on a recording oscillograph. 
Accuracy of measured wave heights was + 0.002-ft. 

Because of the relative shortness of the wave tank the following 
procedures were adopted for wave height measurements. All waves were 
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measured at the gage location shown in Figure 1. As indicated above, 
values of the incident wave height (Figure 2) were determined with the 
manifold removed from the channel. For the case of the manifold in 
place but not discharging (q = 0), as with the determination of H, the 
heights of a number of waves were averaged soon after regular waves 
were sensed at the gage. For the transmitted waves H. with the manifold 
discharging, the finite size of the tank necessitated the following 
procedure. The breakwater discharge was started, and then the wave 
generator. The average of the first three or four waves was taken 
immediately after recorded wave heights at the gage had reached their 
maximum and when the heights of successive waves were approximately the 
same. Tests were repeated to check for reproducibility, but all data 
points are presented as separate values and not as averages of a nuanber 
of runs. As noted by previous investigators, the value of H. never reached 
a constant value; part of this could be due to randomness associated with 
the interaction between incident waves and turbulent surface currents, 
and part to recirculation patterns resulting in the finite-sized tank. 
Further, for the longest wave tested the gage was less than two wave 
lengths behind the generator, which could put it in the area in which the 
waves reforming after passing the manifold still might be regaining 
amplitude. 

Measurement of Breakwater Current Velocities - Currents were measured 
in the absence of waves. A 1/8-in. O.D. Prandtl tube mounted so as move 
longitudinally and vertically was used as the sensor. Data reported were 
taken on the channel centerline, but separate checks indicated the flow 
patterns to be satisfactorily two-dimensional. The Prandtl tube was used 
in conjunction with a differential pressure transducer and an X-Y plotter 
for recording data? the static calibration corresponded to a range of 
velocities from 5 to 28 in. per second. Velocity values reported were 
tine-averaged values existing approximately 1 - 1-1/2 minutes after the 
breakwater current had been started in initially still water; this time 
coincided with that during which the values of H. were measured in the 
attenuation runs. 

EXPERIMENTAL RESULTS AND ANALYSIS 

Breakwater Currents - Some results of the velocity measurements in 
the surface currents created by the breakwater manifold are given in 
Figures 3-6. These results are discussed briefly. 

Figure 3, which applies for the largest manifold flow tested, illustrates 
the variation in velocity profile with distance from the manifold. The 
vertical location of the maximum velocity is seen to rise with increasing x, 
so that at x = 12 in. (x/D = 12/1.25 = 10) the maximum velocity occurs at the 
surface; this behavior, for an initially submerged jet, has been documented 
by Mross (1960). For x > 12 in., the velocity profiles do become quite 
linear. 
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Figure 4 incorporates data in the "fully developed" region for 
three discharge rates; all data have been put in ncxi-dimensional form 
and compared to the normal distribution equation, 

v max 
e"Y/2s2 (1) 

where S is defined as the depth y below the free surface at which the 
velocity is equal to 0.605 V_^, with v^ occurring at the free surface. 
Thus, the current is seen toTKve a typical turbulent jet mixing profile 
following the relationship (Bq. 1) used by Albertson et al (1950). It is 
seen also that the velocity profile could indeed be closely approximated 
by the linear velocity distribution incorporated in the theory of Taylor. 

Figure 5 illustrates, again for three discharges, the growth of the 
nominal current thickness h with distance. The rate of growth of h with 
x in the fully developed region is 1:8, which is nearly the same as that 
measured by Williams for a manifold discharging at (not below) the free 
surface and containing relatively fewer and much larger discharge ports. 
The 1:8 spread ratio is also consistent with values for the vertical 
spread of single neutrally buoyant jets reported by Jen et al (1966). 

Finally, Figure 6 indicates that horizontal momentum is indeed 
conserved in the surface current created by the jets discharging from 
the manifold, at least for x - distances within which the current's effect 
on the incident waves was observed. Again, results are compared with those 
of Williams. The value of the momentum flux per foot of width in the jets 
leaving the manifold was calculated by: 

M  = qpg_ - g^p (2) 
a   a o   o 

-4 2 
where for the experiments described a = 4.05 x 10 ft /ft, the total 
area of orifices per foot of width. Because the orifice diameter was 
only 0.04-in., compared to the 0.125-in. wall thickness, the orifices 
could be treated as tubes flowing full at exit. Values of the current 
momentum M at the various stations were obtained by integration of the 
velocity profiles. 

Momentum Correlation of Attenuation Results - The foregoing results 
have been reviewed as justification and background for correlating the 
wave attenuation data on a momentum basis. Various manifold geometries 
could produce the same momentum flux magnitude at the same x - distance 
from the manifold; consequently, initial energy and power inputs to 
identical surface currents created by the hydraulic breakwaters could 
vary. Currents created by manifolds of different geometries have been 
seen to be comparable and well-behaved from a momentum standpoint. The 
momentum of the jets leaving the manifold usually may be estimated readily. 
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Accordingly, the initial jet momentum M has been selected as one of the 
independent parameters. (It might be noted that Taylor implies the wave 
stopping ability of a surface current to be dependent upon its 
"flow of inertia" - i.e., momentum flux). 

Lamb (1932, Section 250) has shown that surface waves of finite 
amplitude possess momentum which is directed parallel to the direction of 
wave propogation. For deep water waves in still water the following 
expression is given: 

2 
Man/wave length/unit width = itpa c (3) 

where a is the wave amplitude and c is the celerity. If Eg. 3 is 
multiplied by (wave length/unit time) in order to express results in 
terms of average momentum/unit time/unit width, the result is 

2 2 2 M  = irpa c ,c. = wpac 
w        lI/       L 

For deep water waves, where c = • gL/2n substitution gives 

Vl^   = pga2  * pgH2 (4) 

2      8 

where a is assumed to be one-half the wave height, H. 

It is noted in passing that M as given in Bq. 4 is equal to 
the total energy density computed front small-amplitude wave theory and 
is twice the "radiation stress" defined by Ionguet-Higgins and Stewart 
(1964) as the excess flow of momentum due to the presence of small 
amplitude waves. 

Without proceeding through a formal dimensional analysis, for a 
given manifold configuration (i.e., size, submergence, and initial 
direction of discharge) the wave attenuation can be expressed as 

"K &'!'§» (5) 

where:       n = H-H., the wave attenuation 

tr 

=- = wave steepness 

M 
O 

% 
relative momenta of current and waves 

- H 

s 
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Far deep water waves it might be anticipated that 

n - n(j£, |) (6) 

only, as I/d should no longer be significant, itiis hypothesis 
mast be examined in light of the test data. 

Typical experimental data for one particular value of I/d 
(here, 0.375) are shown in Figure 7. These results show the effects of 
variation in manifold discharge (hence, current mcmentun) for different 
arplitude waves of the sane wave length. Trends in the data are 
different at low discharges from those at higher flows. Finite 
attenuation occurs at zero discharge, due to the finite-sized circular 
manifold submerged just below the free surface. This result differs 
from the potential flow solution of Dean (1948), which predicted no 
difference in atplitude between incident and transmitted waves at great 
distances on either side of a submerged circular cylinder. As noted, the 
wave gage was not "far" from the manifold. However, at zero discharge 
the greatest attenuation took place for the snorter waves which in turn 
would have had a relatively longer distance in terms of wave length in 
which to reform after passing the manifold. At zero discharge and at the 
lower manifold discharges there is relatively greater attenuation for the 
larger (steeper) waves. When the manifold was discharging, distinct 
reduction in wave heights occurred upstream from the manifold, so for 
q>0 the entire attenuation is credited to the action of the surface 
currents. Phase shifts occurred as the waves reformed on the lee side of 
the manifold; as previously noted, the gage may have been too close to the 
manifold for the longer wave lengths so at the larger I/d values tested 
the experimental values of n could be somewhat large. For the higher 
discharges, greater attenuation is obtained with the waves of smaller 
amplitude; wave steepness no longer appears to be as significant as wave 
amplitude. For a particular I/d, as typified by the data of Figure 7, no 
consistent trend of attenuation with respect to wave steepness is apparent. 

Results for all the wave attenuation tests are given in Figure 8, 
in which n is plotted against the relative momenta, M', defined as 

Mo     fir,2 

M' - =£ « 23  (7) 
\       ga/ 

Within reasonable limits and for significant non-zero values of M', n 
is dependent upon wave steepness but independent of I/d. The 
hypothesis of Bq. 6 is justified. For a given M", the steeper the 
wave the greater the degree of attenuation. Or, for complete "stepping" 
(i.e., n « 1.0), waves of decreasing steepness require relatively 
greater values of momentnn in the surface current. 
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The overlapping results for small values of both M' and n can be 
attributed' to experimental error and to the presence of the manifold 
cylinder. In light of the possible sources of experimental error, the 
greatest validity is attributed to the data showing the larger values 
of n. Further, these larger attenuation values are the ones of 
practical interest in possible applications of the hydraulic breakwater. 
For these significant values of n, which also can be attributed entirely 
to the surface current without consideration of the size of the manifold 
obstruction, the dependency of n upon H/L is shown further in Figure 9. 

Figure 9 is a replot of the curves of Figure 8, with consideration 
limited to n>0.3. The curve for n = 1.0 is shown as a dashed line to 
indicate that it is an approximation obtained by extrapolation of the 
curves of Figure 8 to n = 1.0; these extrapolations shown on Figure 8 
are used and not the test values for which n = 1.0 because runs were 
made at particular discrete values of g and flows were not adjusted in 
an attempt to find the lowest manifold discharge which produced complete 
wave attenuation. 

As H/L approaches the 0.142 value which is the theoretical steepness 
at which breaking occurs for deep water waves of finite amplitude, the 
values of M' do indeed decrease to small values for the 0.3-1.0 range of 
n shown. For decreasing wave steepnesses there is a monotonic increase in 
M' required for the same degree of attenuation. Also, for smaller H/L 
values, the range of M' required to achieve the 0.3-1.0 range of n is 
much greater than for the steeper waves. 

Comparison with Prior Theory - The results of Taylor's theory for 
the complete stopping of waves by an opposing surface current of finite 
thickness and linearly varying velocity can be surtmarized in terms of the 
critical relationship between two parameters, a- and Z~, defined as 

25v"m,v  = ^VS = v^ 

and Z. 2 

(8) 
'max • ~"    max 

for deep water waves 

If a- is defined as the value of o, for the case where deep water 
waves are completely stopped by the opposing current, a plot of 
a^ vs. Z2 as prepared from Taylor's results divides the o^ - Z, plane 

into two regions, the region below the curve where waves are completely 
stopped by a surface current described by Z, and the region above the 
curve where the opposing current does not stop the waves. Figure 10 
shows the results of the theory. 



1040 COASTAL   ENGINEERING 

Seme experimental data for the present study are shown on Figure 10; 
these data were obtained for runs during which complete wave attenuation 
("stopping") occurred. Results are subjective, because the criterion 
used for selecting the station at which the critical stopping current 
was present was to select by visual observation that station closest to 
the breakwater beyond which a particular wave would not advance. Because 
both Z, and a_^ were evaluated frcm measured current velocities in still 
water at the ST- distance so selected, the test points plotted in Figure 10 
must be looked on as subjective. 

•Che limited test data do not match the theoretical prediction. In 
addition, the present deep water results deviate further from Taylor's 
theory than do the results of Williams which are shown also on Figure 10, 
and the smaller the value of L/d the greater the deviation from the 
theory. The inference to be drawn from the values shown on Figure 10 is 
that the maximum wave length that can be stopped by a given current is, 
based on experiment, considerably shorter than predicted by Taylor's 
theory. However, because the theory neglects the wave height (which has 
been shown to be significant and is incorporated in both M' and H/L) it 
must be considered as an initial guide only as it predicts performance 
which is considerably better than the experiments indicate to be possible 
with hydraulic breakwaters. 

CONCLUSIONS, CONSIDERATION OF 
POSSIBLE FIELD APPLICATIONS 

The significant quantitative findings of this study are shown in 
Figures 8 and 9. The wave attenuation performance of hydraulic break- 
waters has been correlated on the basis of the relative momenta of the 
breakwater's surface current and of the incident waves. Previous 
investigators (Straub et al, Williams) have demonstrated that the Froude 
scaling law may be applied to experiments on hydraulic breakwaters. 
Further, the results of Figure 9 can be used in initial design calculations 
in which the feasibility of using hydraulic breakwaters under specified 
wave conditions can be considered. An illustration is given below. 

The example selected is based on a particular prototype situation 
which suggested the study; physical characteristics of the site have been 
detailed by Richey (1968). A floating highway bridge spanning a lake was 
observed to cause undesirable reflected waves, and a hydraulic breakwater 
attached outboard of the bridge was considered briefly as one possible 
method of reducing the amplitude of the waves reflected from the structure. 
A typical wave encountered on the 200-foot deep lake has a length of 20 feet, 
corresponding to a wave period of approximately 2 seconds; a wave height 
which could be considered a significant wave is a value of H = 2 feet, 
although infrequent waves of greater height do occur at the location in 
question. The wave steepness is W/L = 2/20 = 0.10. Two degrees of 
attenuation (n = 1.0, n - 0.5) will be considered. Less than complete 
attenuation should be considered because the decay with travel upwind of the 
reflected waves may reduce them to more acceptable heights. The calculations 
tabulated below assure nozzles of the diameters specified spaced at 
1-foot centers. 



D - in 
o 

aQ - ft
2/ft 

0.00545 

q - cfs/ft vo-fps 

77.0 

HP/ft 

1 0.42 4.38 
2 .0218 0.84 38.5 2.19 
3 .0492 1.26 25.6 1.46 
4 .0872 1.68 19.2 1.10 
1 .00545 0.27 48.6 1.10 
2 .0218 0.53 24.3 0.55 
3 .0492 0.80 16.2 0.37 
4 .0872 1.06 12.1 0.27 
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Fran Eq. 4, for the 2-foot wave, M » 31.2 lb/ft for the fresh water 
situation. Then, using the results of Figure 9: 

n = 1.0, M' = 2.0, MQ = 62.5 lb/ft 

t\   = 0.5, M' = 0.8, MQ = 25.0 lb/ft 

Considering the nozzles to discharge full-sized streams with no contraction, 
the following figures result: 

1.0 

0.5 

The complete attenuation requirement for the specified wave leads to 
large power requirements, but the n = 0.5 case gives requirements which are 
more reasonable. In this regard it must be noted that losses in the piping 
system necessary to supply the breakwater manifold have not been included. 

On the other hand, the "2-second" wave considered above is much shorter 
than the maximum wave lengths observed at the site in question. Waves of 
period T = 3 seconds are not uncommon and will be considered here, again 
for the 2-foot wave height H. For H/L = 2/46 = 0.0435, the following are 
obtained frcm Figure 9: if n = 1.0, M' = 9.5; if n s 0.5, M' = 5.5 Assum- 
ing 4-inch nozzles at 12-inch spacing (a » .0872 ft /ft) and a wave attenua- 
tion of n = 0.5, the following values result: q = 2.77 cfs/ft, v = 31.8 fps, 
jet power =4.94 HP/ft. The power requirement is unrealisticallyTiigh. 
Further, it may be noted that the M' = 0.8 value which provided n = 0.5 for 
the 2-second wave is virtually useless and insignificant for the 3-second 
wave. 

It has been demonstrated that counter current producing breakwaters 
(if it may be assumed that essentially comparable results apply for the 
pneumatic as well as for the hydraulic devices) follow the general trend of 
other breakwaters, i.e., being most effective for shorter, steeper waves. 
Used as a breakwater in the conventional sense, the hydraulic breakwater 
appears too inefficient and costly for deep water as well as for shallow water 
waves. However, if reflected waves which lead to cross-wave patterns which 
in turn may be very undesirable and can be considered a form of water pollution, 
then as with other types of water pollution the costs inferred frcm the 
foregoing sample calculations might be acceptable if there is sufficient 
demand to eliminate the "pollution." One possibility would be the installation 
of hydraulic breakwaters around entrances to pontoon-type marinas for which 
fixed wave attenuators or energy absorbers might not be feasible and where 
elimination of reflected waves is desired in order to increase the safety and 
maneuverability of small boats operating in the near vicinity; in such a 
situation, intermittent operation of relatively short hydraulic breakwaters 
might be justified. 
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CHAPTER 67 

A FLOATING BREAKWATL'R 

A. J. HARRIS  Senior Partner, Harris & Sutherland, 
London, Great Britain 

N. B. WEBBER  Lecturer, Civil Engineering Department, 
University of Southampton, Great Britain 

The breakwater consists of a floating slab of 
breadth comparable to the length of the wave to be ob- 
structed.  Performance is improved by various arrange- 
ments of slots and mass-damping.  The breakwater acts 
primarily by inhibiting the vertical component of orbital 
motion; there is a secondary action of energy dissipation 
by wave-breaking and eddy-making; there is also a degree 
of reilection.  Mooring forces are small; it seems that 
on an exposed ocean coast, forces of the order of 0.5T 

per ft. lin. should be catered for.  The following series 
of tests have been carried out; the basic measurements 
being of wave reduction and mooring force; typical results 
are shown in diagrams. 

1) On models of lengths 3*-4' in the Southampton 
University tank using wind generated waves. 

2) Do.  Do.  Using .paddle generated waves of 
lengths up to 8'.  Series (l) and (2) comprised observations 
on some forty different configurations. 

3) In the National Physical Laboratory tank 
using a model hZ'   x 30' overall and waves of lengths 
up to 35'•  Bending strains and vertical displacements 
were measured. 

k)     A model has been installed in Queen Mary 
Reservoir, Staines of 100' x k7'   overall; gale force 
winds are awaited which are expected to produce waves 
of the order of ko' 1. 

5) A 1/100 scale model has been installed in 
a harbour model at the Franzius Institute, Hanover, 
where the effect of the breakwater in a scaled-down 
natural site has been investigated. 

6) Tests in development of (l) and (2) above 
are being carried out at the laboratories of Messrs. 
Taylor Woodrow Ltd. at Southall, London. 

1049 
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MODEL  UNDJiK   CONSTRUCTION   FOR  TESTING  AT   N.P.L. 



FLOATING BREAKWATER 1051 

WIND GENERATED WAVE TEST AT SOUTHAMPTON UNIVERSITY 
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The following conclusions have been drawn. 

a) Performance is most sensitive to the area 
of solid slab per foot length of breakwater, but is 
sensitive to a lesser degree to overall breadth i.e. 
with a given area performance is improved if it be 
expanded over a larger breadth.  The area per foot 
length has in consequence been chosen as the principal 
parameter; moreover, this value is closely related to 
cost.  It will be referred to as solid breadth. 

b) Proportional reduction of wave height is 
independent of wave height. 

c) Mass damping either by structural mass or 
by enclosed or entrained water improves performance. 

d) Mooring forces are at their maximum in the 
range wavelength/solid breadth = 1.0 - 2.0.  The upper 
limit of the design range is likely to fall within these 
values.  Beyond 2.0, the forces diminish abruptly; on 
certain models a tendency to move to seaward has been 
detected.  This aspect is important from the point of 
view of security. 

e) Mooring forces are impulsive and the force 
at a real anchor will result from the interplay of 
energy of wave, location and magnitude of vertical 
surfaces, mass of breakwater, length and flexibility 
of mooring cables, etc.  Cables in all tests were 
effectively inextensible and weightless. 

f) Mooring forces are affected primarily by 
the sum of vertical surfaces facing the waves. 

g) Performance is not affected by variation 
in the stiffness of the mooring system. 

h)  Performance is not greatly affected by 
stiffness of structure.  A drop in proportional stiff- 
ness from 1000 (effectively inflexible) to 1 (very 
flexible) gave a reduction in performance of approxi- 
mately 50$. 

i)  The indications are that bending stresses 
do not increase with waves longer than the solid breadth 
but tend rather to diminish. 

j)  Performance is also improved by a high value 
of the ratio of depth of flotation to height of free- 
board. 
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The following matters are now under investigation; 

1)  Closer estimate of mooring forces. 

ii)  Optimisation of slot shapes. 

iii)  Optimisation of structure for various employ- 
ments e.g. temporary protection for contractor's works; 
incorporation in permanent harbour works; transportable 
protection for mineral extraction, etc. 

IV)  Closer examination of effect of mass damping 
on performance, mooring forces and structural bending. 

Patent protection has been applied for. 
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FLOATING BREAKWATERS 

by 

A. Brebner 
Professor and Head, Department of Civil Engineering 

and 

A.O. Ofuya 
Research Assistant, Department of Civil Engineering 

Queen's University at Kingston, Canada. 

ABSTRACT 

The general objective of this investigation is to determine 

the wave damping characteristics of model floating breakwaters designed 

to reduce incident wave heights by processes of wave reflection, wave 

interference, forced instability of incident waves and turbulence action. 

Of most interest is the attempt to determine the method and the extent 

to which the requirement of large mass may be usefully replaced by large 

moment of inertia of mass in the development of floating breakwaters. 

Experiments are conducted in a two-dimensional wave channel. Reflection 

coefficients, transmission coefficients, breakwater motions and mooring 

forces are determined by experiments. It is found that the range of 

effectiveness in wave attenuation of floating breakwaters depends on 

several factors including breakwater design, incident wave properties, 

depth of water and the motion characteristics of the structures, it is 

remarkable that the 'A' Frame Breakwater exemplifies that the range of 

effectiveness of a floating breakwater can be increased by a large 

increase of its radius of gyration involving only a slight increase of 

its mass. The mooring forces are of reasonable magnitude. Experimental 

measurements and observations indicate that the 'A' Frame Breakwater 

1055 
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is stable throughout the range of model tests. 

INTRODUCTI ON 

Floating breakwaters offer numerous advantages as compared to 

fixed structures such as the rubble-mound and caisson breakwaters in 

certain engineering applications involving the provisions of temporary 

harbours for seasonal or transient marine activities, the development 

of marinas for recreational purposes, and in the protection of reclaimed 

lands. Marinas built in certain inland bodies of water may require 

breakwaters which can be installed during the summer months but are 

removed during the winter months due to ice formation. The important 

features of floating breakwaters include mobility, short erection time, 

freedom from silting, scour and foundation problems, and comparatively 

small initial and maintenance costs, especially for deep water locations. 

The development of floating breakwaters by investigators has been 

influenced by certain features including large masses and hence long 

natural periods of oscillation, small amplitudes of oscillations of 

massive structures subjected to waves of small periodicities and 

large damping. A summary of previous investigation on transportable 

breakwaters is given by Bulson (I). Results of laboratory tests on 

floating rigid breakwaters can be found in Marks (2), Hom-ma et al (3) 

and Kato et al (4). 

Description of Floating Breakwaters 

Fig. (I) shows the basic unit of the 'A' Frame breakwater 

developed by the Department of Public Works of Canada, and Figs. (2a) 

and (2b) show variations of the basic unit. The 'A' Frame consists 
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essentially of a central rigid curtain of wood, and two aluminum 

cylinders symmetrically located and rigidly connected to the curtain at 

intervals. The mass radius of gyration of the structure about a lateral 

axis through its centre of gravity (axis parallel to wave crest) may 

be varied by altering the cylinder spacing. The lower cylinders in 

Figs. (2a) and  (2b) are 50%  porous.  In Fig. (2a) the upper and lower 

cylinders are connected by a series of chains. In Fig. (2b) the cylinders 

are welded. The 'A' Frame Breakwaters are shown in Plate (I). The Pontoon, 

Fig. (3) is a massive unit of rectangular cross-section. The Doubte 

Module breakwater shown in Fig (4) consists essentially of two massive 

units of Prismatic cross-sections. The depths of submergence of the 

Double Module and Pontoon depend on their masses. The properties of 

the breakwaters are shown in Tables I and 2. 

Dimensional Considerations 

The physical factors which influence the transmission coefficient, 

reflection coefficient and the horizontal components of the mooring forces 

of the 'A' Frame breakwater are considered. The analysis refers to the 

'A' Frame shown in Fig. (I). 

The transmission coefficient H. ,,,  is expressed as 

K+ = H+/H| = f (H,, L, L|, h,, h3, d,7Tb, Yw, ys>         (la) 

Hence  K = f ( ^j_ , I  , N_ ,_d_ , h3 , Yw , Ts )   (lb) 
L  Li L  L  L   Yb  Vw 

The condition for no wave breaking over the structure is expressed 

as 

h3 > Ah + li   lr 

(2) 
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Radius of Metacentnc Natural Natural 
Gyration height Period of Period of 

2 d, 
Wt. 
lbs. 

K2 
ft. 

GM 
ft. 

Heaving 

Th 
Sees. 

Rol1ing 
T 
r 

Sees, 
r 

PONTOON 

0.45 45 .475 1.023 .52 .52 1.0 

.58 58 .47 0.814 0.591 0.579 1 .022 

0.92 92 0.468 0.556 0.744 0.696 1.068 

DOUBLE MODULE 

.32 19.6 .539 1 .6 .441 .472 .935 

.44 27.0 .53 1.182 .518 .540 .96 

.48 29.4 .528 1.073 .542 .565 .96 

TABLE I Properties of Pontoon and Double Module 
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Hal f- 
Cy 1inder 
Spacing 

Ll 
(ft.) 

Wt. of 
Breakwater 

W. 

(lbs.) 

Radius of 
Gyration 

K2 

(ft.) 

Meta- 
centric 
Height 
GM 
(ft.) 

Angle of 
Heel 
(degree) 

Natural Period of 
Rol 1 mg Motion 

T 
r 

(sec.) 

1 . 17 16.4 1 .01 2.92 2.5 0.655 

1 .87 5.0 0.82 

1.92 17.08 1.58 7.65 1.5 0.63 

5.06 3.0 0.778 

1.41 16.64 1 . 19 

0.54 15.9 0.53 

h( = 1.17 ft. 

TABLE (2)  Properties of the 'A' Frame Breakwater 
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where T\ and ^\ are the instantaneous elevations of the incident 

and reflected waves, respectively above still water level and Ah is 

the rise in still water level given to first order approximation 

by     Ah =     H.2  Coth Kd 
_j  

L 

For a given breakwater system »w and Os    are constant, and if the 

condition expressed in Eq. (2) obtains,expression (lb) can be simplified 

by combining  l/L and d/. to give 

K, = f, (^i_ , 17. ,  ^_) .... (3) 
T   A L     Ll  d 

Since    T   = f ( L/. ) , 
n     o   L, 

K.  = f, ( !j_ » J3_ »  hl > • • • • (4) 
T     ^  L    T     d 

For deep water waves ( d >_ L/„ ) and for values of h. = L/„, 

L    L, 
(5) 

= f  (^_ ,  Tn/T ) 
0       L 

|_l 

Similarly the reflection coefficient _r  is expressed as 
H 

i 

K  = Hr/Hj = f  ( \_  , _L_ , \  ) .... (6) 
r °  L    L   d 

and may be simplified to give 
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= f7   <HL >-L- > 

= f.     (Hi   ,  Tn  )     (7) 8      r     — 

The horizontal component of the mooring -force is expressed as 

F    =    <|>  (H  ,  H  ,   L,   L     ,   h   ,   d     Yw,    }fb,    Vs)  (8a) 

Hence    F.h,              .       ,H        H             .          V           V        h,   . ,..,  [_    =    <|)   .   (_j_ ,     r     ,     L     ,    Pw  ,       t>s   ,     I   )                     (8b) 
Y   u  2, L        H L. Y, Yd tfw H    L i I *b ew 

For deep water waves and  for values of  h.     -  L/„ 

F-hl =    <f>?   (Hi   , Hr. ,   U.    )  (9) 

"W    I I 

The left hand term of expression (9) is termed the mooring force function 

and its denominator is proportional to the wave energy per unit width per 

wave length of the incident waves. The wave energy dissipated / "d \    by 

wave breaking and other sources may be obtained from the equation 

of conservation of energy, 

2 

fflf 

Gr-©-®" 
fq ( !j- . LV . !ll)  do) 

L      I  d 

Experiments 

The experiments were performed in a two-dimensional wave channel 

100 ft. long x 2 ft. wide x 4' deep. Near one end of the channel is 

located a hinged type wave maker with suitable adjustments for varying 

its pitch. An efficient, mildly sloping, low reflection beach is located 



1062 COASTAL   ENGINEERING 

at the end of the channel distant from the wave maker. A filter located 

about 15 ft. from the wave generator is required to smooth the waves by 

reducing the irregularities which may arise due to the motion-of the 

wave paddle. The available space for experiment is about 65 ft. between 

the filter and the beach. 

Two wave probes containing the active electrical elements 

through which the wave profiles are measured are mounted on carriages, 

one of which can roll along two rails fixed on the top of the channel. 

Outputs from the electrode system are fed through a bridge circuit into 

a Sanborn D.C. Amplifier Recorder where the wave profiles are recorded. 

The mooring cable of the breakwater is a 1/16 inch diameter 

steel cable which passes under a fixed frictionless pulley and is 

attached to a calibrated linear compression spring connected to a rack 

which can actuate a spur gear controlling the slider of the potentiometer 

in a bridge circuit. The motion of the breakwater causes a displacement 

of the slider from its null position and the resulting voltage changes 

are recorded by a Sanborn Recorder. A schematic representation of the 

experimental set up is shown in Fig. (5). Plate (2) shows the force 

meter and Plate (3) shows a sample record of the transmitted waves and 

mooring forces. 

Procedure 

The wave length of the incident waves was computed from the 

relationship 

L = qT2  tank kd   (II! 
2 IT 
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The metacentnc height (GM) of the 'A' Frame breakwater was determined 

by experiment in still water. The natural period of rolling is obtained 

from the expression 

  (12) n =    2 IT K2 

/ g   (GM) 

where T  = natural period of rolling in still water 
n r 

K_ -     radius of gyration of breakwater 

g = acceleration due to gravity 

The incident and reflected wave heights were obtained from the measured 

wave height envelop of the wave form seaward of the breakwater. 

That  is, 

W+%\   max*      ki     + 4r| 
2 

Ht    =ki   + *lrLx~   K.   +Ylr|   mm 

~ "i   *-r | max i L i  -r v i |  mui 

2 

  (13) 

2 

Due to wave breaking, the incident wave heights given by expression (13) 

sometimes differed from those obtained by measurement without the breakwater 

in the wave channel. The latter values were used in the evaluation of the 

reflection and transmission coefficients and mooring forces. 

Sea Ies 

The model waves and breakwaters were designed in accordance 

with Froude's principle. The scales were. 'A' Frame, 1:11; Double 

Module, 1:12; and Pontoon, I-14.  The breakwaters were 23i inches wide. 
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RESULTS AND DISCUSSION 

Double Module and Pontoon 

Both breakwaters depend mainly on the criterion of large 

mass for their effectiveness. The double module possesses the additional 

feature of large radius of gyration for a given mass as compared to the 

pontoon. The wave damping characteristics of the module and pontoon 

are shown in Figs. (6) and (7) respectively. Harmonic components in the 

response characteristics and interference effects seem to increase the 

wave energy transmission at certain frequencies. These breakwaters 

may be useful in practical applications where breakwaters may also serve 

as floating piers. 

'A' Frame Breakwater 

Effect of Wave Steepness 

Fig. (8) and (9) show the effects of wave steepness on 

transmission coefficients as a function of the ratio of wave length 

to cylinder spacing, L/, . Fig. (10) and (II) concern the reflection 

coefficients. A simple relationship does not seem to relate either 

K or K and I/. , as a function H , . But generally steep waves appear 
T    r     i_, i/L 

to experience greater attenuation than those of smaller steepnesses. 

Figs. (9) and (II) show the influence of frequency, as expressed in 

L/. , on K.  and K . 
L.'    t     r 

Depths of Vertical Curtain 

The 'A' Frame breakwaters in this series have equal masses 

and approximately equal radii of gyration. Fig. (12) shows that the 
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effect of the depths of the vertical curtain is slight for deep water 

waves, provided _l_ is about 0.25. The influence of depths would be 
d 

significant for shallow water waves. 

Effect of Moment of Inertia 

Fig.(13) and (14) show plots of K, against I/, for 

various values of L, ,  and for two different depths of water. The 
'd 

ratio L. , , kept constant for each of the curves, specifies the 
'd 

spacing of the cylinders and the radius of gyration of the structure as 

shown in Table 2. The similarity of trends of the behaviour of the 

'A' Frame breakwater for different depths of water is evident. 

Minimum K, seems to exist at certain values of L/, and increases with 
t d 

increasing values of L , .  If a value of K, = 50$ is arbitrarily 
Ud T 

defined as cut-off of wave transmission the range of effectiveness of 

the 'A' Frame is increased by a factor of about 1.7 for a threefold 

increase of the radius of gyration. It is of interest that the masses 

of the breakwaters differ by only about 1%. 

Fig. (15) shows the wave attenuation characteristics of 

the "4" Cylinder 'A' Frames.  Better efficiency is achieved by the 

welded cylinders. Wave generation by the lower cylinders of the 

chain-connected unit impairs its performance. 

Energy Balance 

Fig. (16) shows an energy blance curve, Eq. (10). The 

figure shows the importance of energy dissipation through the various 

se-urces including wave breaking and damping as compared to the 
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reflected wave energy. 

Mooring Forces 

Figs. (17), (18) and (19) show plots of Fhl  against L/Ll for 

different 'A' Frame breakwaters. The influence of water depth on peak 

mooring forces is shown in Figs (19). Fig (20) concerns the 

forces involved in mooring the double module. A typical frequency 

distribution of the mooring forces of an 'A' Frame breakwater is shown 

in Fig.(21). From a design standpoint, the peak forces are of most 

interest, but the average horizontal force component, which refers here to the 

mode of a force record of at least seventy cycles of loading, is 

important from considerations of the fatigue characteristics of the mooring 

rope.The plots of Figs.(17) to (20) show definite trends.The scatter in the 

results may be partly attributed to the influence of wave steepness, 

relative depth of water and the response characteristics of the moored 

breakwaters to the wave forces. 

Effect of Elasticity of Mooring Line 

Table (3) shows the effect of the elasticity of the mooring line on 

both the coefficient of transmission and the mooring forces. Springs of 

different spring constants were incorporated in the mooring lines as 

shown in columns (4) and (5).  Larger mooring forces are obtained 

in the system with a stiffer spring. The transmission coefficients vary 

only slightly except in the welded 'A' Frame, probably caused by wave 

generation and interference effects on the harbour side of the breakwater. 
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Observations and Measurements of Motions: 'A' Frame 

The effects of resonance were neither apparent from the force 

records, measurements of motions nor from observations of the motions 

of the 'A' Frame breakwater. 
Y 

Fig. (22) shows a plot of the maximum displacement, m/H , in 

sway motion against the maximum displacement in heave motion, m/H , of 

the centre of mass of the 'A' Frame. The trends of the relationship 

X       F between m/H. and m/H. depends on L/L. but no simple description is 

evident. 

For short incident waves regular pulsating motions of the breakwater 

were observed The breakwater would oscillate for a short time, then halt 

and again commence its oscillations. The angles of heel and the 

mooring forces during these oscillations were small. Since the metacentric 

height is found to depend on the angle of heel, it seems difficult to define 

a unique natural period of oscillation. The influence of added mass, 

added moment of inertia and dampinq increases the complexity of the 

problem. 

Cone I us ions 

The damping of water waves by the Double Module and Pontoon 

Breakwaters depends largely on the criteria of large mass. They 

may be useful in situations where transportable breakwaters may 

be required to serve as floating piers. 

The 'A' Frame breakwater exemplifies that an effective floating 

breakwater system can be developed in which large moment of 

inertia of mass is the dominant factor rather than the mass. 
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The reduction of wave heights is effected through the 

processes of wave reflection, dissipation and wave 

interference. 

3. The reflection and transmission coefficient of the breakwater 

system are influenced by incident wave steepness, but no 

simple relationships are apparent. 

4. For deep water waves the effect of the depth of the vertical 

V curtain on transmission coefficient is small provided   'd 

is about 0.25. 

5. A definite trend is indicated by the plot of the horizontal 
F.h 

force function ., L  against L/L .  The scatter in the 
iiW H , L ' 

result may be due partly to the influence of reflection 

coefficient, wave steepness and the response characteristics 

of the breakwater. 

6. The peak forces are about 1.5 to 2 times the average forces. 
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NOMENCLATURE 

d       Depth of water 

F       Horizontal component of mooring force per foot width 
of breakwater 

h Draft of 'A' Frame Breakwater 

h. Height of vertical curtain above still water level 

H Incident wave height 

H, Dissipate wave height 

H, Transmitted wave height 

H Reflected wave height 

K Wave number, -j— 

K.,K, Spring constants 

K„ Radius of gyration 

K Reflection coefficient 
r 

K, Transmission coefficient 

L Wave length 

L. Distance of cylinder from vertical curtain 

L, Distance between cylinder centres 

T Period of incident waves 

T Natural period of oscillation of breakwater 
n v 

X Maximum displacement in sway-motion 
m v ' 

Z Maximum displacement in heaving motion 



FLOATING BREAKWATERS 1071 

J,    Unit weight of breakwater 

V    Submerged unit of weight structure 

*jf    Unit weight of water 
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CHAPTER 69 

FLEXIBLE POROUS FLOATING BREAKWATERS 

*7 

R.J. Kennedy 
Professor of Civil Engineering 

and 

J. Marsalek 
Postdoctoral Fellow 

Queen's University at Kingston, Ontario 

ABSTRACT 

Observation of the effect of towed rafts of pulpwood 
on lake and ocean waves led to a systematic investigation 
at model scale.  An empirical equation compatible with 
wave theory was devised and lines representing this 
equation together with points representing experimental 
results are shown for different conditions.  An example 
of the application of the equation to prototype wave 
action is given.  Four box booms with porous fronts, 
arranged m series, were substituted for the model pulp- 
wood gam and proved to be effective m damping waves. 

INTRODUCTION 

Towed rafts of loose pulpwood, m which the logs are 
often two or more layers deep, effectively damp lake 
and ocean waves.  Observation of this process led to 
consideration of the use of a mass of logs, confined 
between boom sticks, as a floating breakwater.  A series 
of experiments by Farrell (ref. 1) using model logs 
m a wave basin, Figure 1, demonstrated that log jam 
breakwaters do cause significant attenuation over a 
wide range of conditions. 

Notation    The meaning of the symbols employed is 
illustrated m Figure 2.  The only designation not m 
common use is d, the depth from the water surface to 

1095 
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the mean "boundary of the bottom of the mass of logs. 

EXPERIMENTS WITH MODEL BREAKWATERS 

Most of Farrell's experiments were carried out m 
a 50 feet "by 50 feet subdivision of the large University 
wave basin in 21.25 inches of water.  Tests m differing 
depths of water indicated that the coefficient of trans- 
mission was not significantly affected by variations 
within the range of .3d to -7d, although the forces on 
the moorings increased at smaller depths.  His data 
were regular and repeatable but in some instances 
difficult to explain.  Later analysis of these data 
on a somewhat different basis led to revised relationships 
which gave a strong indication of a resonance effect 
when X/A , the length of the jam divided by the wave length, 
was an integer.  Since it seemed possible that some of 
Farrell's measurements had been affected by multiple 
reflections it was decided to conduct additional experiments. 

The large wave basin being unavailable, the 
writers carried out a series of two-dimensional tests m 
a 3 feet by 60 feet flume in 16 inches of water.  The 
relationship between period and length of wave was 
checked photographically and found to depart very little 
from first order deep water theory.  The beach was made 
of layers of fibre matting according to Farrell's design 
and had a coefficient of reflection of about .07. Wave 
heights were measured by two resistance probes and traced 
out by a multiple pen recorder. 

The data from these experiments are shown as points 
m Figures 4, 5 and 6.  The resonance effect mentioned 
above seems to be confirmed by the points m Figure 5, 
although slightly masked by the scatter in one of the 
series.  The increase m the value of 0•, the coefficient 
of transmission for waves of small height was unexpected 
but definitely confirmed by several series of tests of 
which two are shown in Figure 6. 

The coefficient of reflection, Cr, taken as the 
ratio at a position in front of the breakwater, of 
the wave height with the breakwater m place to that 
with no breakwater present, was small, seldom exceeding 
.10.  There was no evidence of substantial change m 
Cr with change m the wave steepness, H/X , but some 
indication of larger values when x/X had a value m the 
vicinity of .5, 1.5 etc. 
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be deslgned mto the breakwater system, If It IS to meet the strmgent 
requlrements gLVen m the IntroductlOn 

It IS eVldent that the moormg arrangement mfluences the "roll
mg"motLOn and hence the waves generated behmd the breakwater Con
sequently, an optimum moormg arrangement must be devlsed whereby 
motion 1S mmlmlzed wlthout sacr1flce of m1mmum moormg-hne force 
Flgure 32 shows several moormg arrangements that m1ght be conslder
ed The top system has already been tested The others show prom1se 
of restrammg motion They should be studled as physlcal systems sub
Jected to osclllatory force mputs to determme whiCh 1S hkely to produce 
the least rolhng mohon The best of these should be tested m the two
dImensiOnal tank to determme the most effectiv~ moormg arrangement 

The next step m evaluatLOn IS to determme the effectiveness of 
the bottom of the breakwater m reducmg mohon The two-dlmensLOnal 
experlments at Webb were made wIthout a bottom whlle the CERC study 
mcluded both a perforated and sohd bottom The sohd bottom appeared 
to reduce the waves more, but eyes are not to be trusted A study of 
dlfferent bottoms (for the best moormg arrangement) should reveal 
another aspect of mohon and wave reductiOn that wllllllfluence the fmal 
deslgn 

The last phase of deslgn optimlzatLOn for the floatmg breakwater 
mvolves perforatmg the back wall (as m the case of the flxed breakwater) 
to further reduce rollmg Thls wlll be assoclated Wlth the best condl
tLOns ach1eved m the precedmg tests The net result WIll be a fmal 
basIc deslgn for the umt breakwater that hopefully combmes achleve
ment of wave reductLOn, as speclfled, with a substantial force reductwn 
m the moormg hnes as compared wlth the sohd breakwater It goes 
wIthout saymg that two-dlmensLOnal tests should be made to vertfy the 
expected performance 

Once the optimum deslgn for the breakwater umt IS determmed, 
It 1S essenhal to evaluate ItS performance as an operahonal enhty Thls 
means testmg of 5 umt breakwaters m a three-dlmensLOnal tank. such 
as at Stevens Inshtute of Technology ThIs would lllclude a varlety of 
wave condihons, and. 1f physLCally posslble. at least one varlatLOn m 
direchon of mCldent waves. In parhcular, a serles of lrregular wave 
forms correspondmg to dlfferent states of sea. should be used From 
thIS data, spectral analysls wlll reveal the nature of structural and 
wave damptng effechveness m moderate and storm cond1tions, without 
regard to the nonhnear1ty of the system 

If such a program IS successful, It W1ll culmmate m a fmal 
bas1c desIgn for the complete breakwater system (flxed and floatmg) m
cludlllg all aspects of breakwater geometry and moormg arrangement 
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It was assumed that the kinetic energy dissipation 
would be related to x/x also and that m addition it 
would be proportional to the fraction of the total kinetic 
energy present in a top layer of water which could be 
affected by the jam.  The fraction of the kinetic energy 
present m a top layer of specified thickness,  z, 
for a wave of given dimensions was designated R(KE)  and 
eventually the equation 

KE = 1.4-7 R(KE) (K/\   )-5 

was evolved. Eor numerical evaluation of R(KE), the 
following expression (ref. 2) was employed. 

R(KE) sinh 2kS x 100% 
sinh 2kh 

where h is total depth 

and S = h - z - d 

Evaluation of this expression was carried out by 
computer for a range of values of h/W , and is shown 
on Figure 10. 

Of course a means of evaluating S for given physical 
conditions is necessary. Assuming that z is at least 
related to the thickness of the boundary layer, and that 
the thickness of the oscillating boundary layer below the 
extremely rough lower surface of the jam is proportional 
to the thickness of the turbulent boundary layer formed 
next to a smooth plate, the following relationship was 
postulated. 

z oc ( V/U )1/'5 x 4/5   where 

U  ot TtH/T CX7CH/YS  , and 

x «* TEH 

Thus z ot H"   A'  and, choosing a constant on the 
basis of fit,  z = .025 H-6 Jv1. 

Crp, as predicted from the equation, is shown by the 
lines on Figures 4-, 5 and 6. 

PROTOTYPE PERFORMANCE 

The one set of field measurements obtained showed that 
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waves of length 31 feet and height 1.8 feet had a trans- 
mission coefficient of .17 through a jam about .8 feet 
deep and 300 feet long.  The equation indicates a value 
of .173 for these circumstances hut the test is not within 
the range of practical interest (x = 10A ) and, while 
reassuring, should he regarded as inconclusive. 

Using the equation it may he predicted that in deep 
water a wave of length 75 feet and height 3 feet would 
have a transmission coefficient of .589 through a log 
breakwater 200 feet wide and 1.5 feet deep.  Such a 
breakwater would contain 200 cords of wood for each 100 
feet of length and the transmitted wave would have a 
height of  (.589)2 3-0 = 1.05 feet.  If the breakwater 
were 300 feet wide the transmission coefficient would be 
.468 and the height of the transmitted wave .66 feet. 

HEW DESIGN 

Since a porous floating breakwater of logs is 
effective m damping waves and is relatively easy to anchor 
because of its low reflection characteristics and the 
fact that it acts on both sides of the wave crest at once, 
it is worthwhile to consider other methods of constructing 
such a device. 

As a beginning tests were carried out using 
box booms .2 feet deep with open top and one porous 
side as shown m Eigure 8.  The booms were more effective 
and also had lower coefficients of reflection when the 
porous side faced the approaching waves.  During testing 
the outer booms of the group were anchored m position 
using chains of length equal to 5 times the depth of 
the water.  The group was effective in damping the 
waves only when the tension in these anchor lines was 
sufficient to maintain the centre to centre spacing. 
The action of a group of 4- box booms m series is shown 
in Figure 8, while the coefficients of transmission 
recorded for the same booms are set forth on Figure 7- 
It appears that such a wave damping device is most 
effective when the centre to centre spacing of the booms 
is equal to one half wave length. 

CONCLUSION 

A flexible porous floating breakwater extending 
over 2 or more wave lengths can greatly attenuate waves 
of moderate length.  Such a device has two important 
advantages over most other breakwaters; its action is 
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concentrated near the surface where most of the wave 
energy exists and it tends to dissipate the energy of 
each wave over a time and space interval, thus avoiding 
the creation of large shock forces. 

It seems probable that breakwaters designed on 
this principle could be used to create economical 
temporary harbours for many purposes, including defence, 
short term commercial operations and summer recreational 
facilities. 
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FIGURE 1.  Farell's Apparatus 

FIGURE 2.  Notation Sketch 

FIGURE 3.  Wave Damping "by Log Jam 
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CHAPTER 70 

MODEL STUDIES OF A PERFORATED BR<-JKV.'ATER 

•by 

12 3 
F.L.  Terrett  .   J.D.C.  Osono     and G.H.   Lean 

ABSTRACT 

The breakwater proposed for a yacht harbour on the Sussex 
coast of England comprises a solid base up to the level of low 
water and a cellular structure, having a perforated front wall 
and solid backwall, above low water level. 

A model of the breakwater (scale 1:48) was tested m a 
flume at the Hydraulics Research Station, Wallmgford, and 
measurements were made of wave reflections and wave forces. 

For comparison force measurements were also made on a 
solid faced breakwater. 

The reflection tests were carried out with waves of 
normal incidence and at 1+5 to the breakwater for waves 
(prototype) m the range h  to 15 seconds and up to 15 ft. in 
height.  The results are presented in graphical form and a 
simplified analysis Is put forward to explain them. 

The force measurements were made for 7 and 10 second waves 
(prototype) up to 22 ft. in height.  The results are presented 
as a non-dimensional plot with envelope curves of maximum force. 

The results are also given of stability tests on a rock 
mound against the solid base of the breakwater. 

INTRODUCTION 

In some situations where armour stone is not readily 
available rubble mound breakwaters may turn out to be expensive; 
vertical breakwaters although more economical in materials 
reflect a large proportion of the incident wave energy.  An 
alternative solution is the perforated breakwater, originally 
suggested by Jarlan (ref.l), an example of which has been 
built at Bale Comeau, Quebec. Nevertheless, design information 
is still rather scanty and further model tests have been made 
to investigate the performance of a particular type of 
perforated breakwater for a yacht marina. 

1. Partner    ) Lewis and Duvivier, 

2. Associate  ) Consulting Engineers, London, England. 

3. Principal Scientific Officer, 
Hydraulics Research Station, Wallmgf ord, England. 
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Basically the perforated 'breakwater consists of a screen 
with openings, which may be a series of slots or holes, placed 
La  front of a solid vertical face.  '.aves incident on the 
screen are partly reflected and partly transmitted, energy being 
lost mainly due to eddying at the perforations.  The transmitted 
wave is reflected from the back face, again suffering energy 
loss and reflection in its passage through the screen. The 
superposition of these waves results in standing v/aves being 
set up m the chamber between the screen and back face and also 
outside, the amplitudes of the waves being dependent on the 
losses in the screen and the distance (L) between the screen 
and back face.  If the reflection coefficient (R) IS defined 
as the ratio of the reflected wave noight (HR) to the incident 
wave height (Hj), the maximum height of the standing waves 
outside is (l + R)Hj. Reduction of R will therefore reduce 
wave activity and navigation risks for craft m the immediate 
harbour approaches. 

The maximum energy loss (R minimum) will occur when the 
velocity induced by the standing wave system is a maximum at the 
screen.  It may be conjectured that this will occur when 
L = ^z/h  approximately (Az = wave-length m the chamber) or an 
odd multiple of this distance.  On the other hand when the 
system is such that it induces zero velocity at the screen, 
the energy loss is zero, the screen is inoperative and 
reflection occurs from the bacK face essentially as though the 
screen were absent.  Thus occurs for waves such that L = A^/2 
or an even multiple of Aj/k.  Thus with a fixed length of 
Chamber the performance of the breakwater m suppressing 
reflections will be sensitive to wave-length (or period) of the 
incident waves. 

Clearly the reflection will also depend on the resistance 
of the screen; if the screen is very resistive the transmitted 
wave will be weak and the incident wave will be nearly wholly 
reflected from the screen.  Conversely if the screen is very 
open nearly complete reflection will occur from the back face. 
There is evidently an optimum porosity of the screen for 
minimum reflection. Also, since the resistance of the screen 
is proportional to the square of the velocity through the 
openings whilst the orbit velocity is proportional to the wave 
height it is easy to see that the optimum porosity depends on 
the height of the incident wave (H..). Boivin m tests on a 
horizontal slotted screen found the optimum porosity was 
about one-third and for this ratio the reflection decreased 
almost linearly with wave steepness for 0.01<H,./A,<0.05 
(A, being the length of the incident wave) (ref.2). 
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WAVE REFLECTION 

(l) Experimental Work 

A section (scale l:h8) of the proposed design of breakwater 
(Fig.l and Plate I) of porosity 31% above low water level 
was tested in a flume 10 ft. wide. The results have been 
analysed on the basis of Froude' s Law, but the important 
turbulent energy loss at the perforations in the screen 
clearly depend upon Reynold's Number (R ), which, for the flow 
through the screen in the model,  was about 5000 and 
consequently should have been sufficient to develop fully 
turbulent conditions. 

In the first test all the cells of the breakwater were 
of the same size, the distance from the front face of the 
screen to the backwall being 3Uz ft. (proto.). Wave heights 
varied from 1 to 5 ft. and periods from k to Ik seconds 
(proto.). The reflection coefficients were derived from the 
amplitude of the waves at the node (b) and antinode (a) of 
the standing wave pattern seaward of the breakwater by means 
of the formula R = (a-b)/(a+b).  The height of the incident 
wave was taken as (a+b) /2.  These expressions are strictly 
only valid for sinusoidal waves. Difficulty was experienced 
in producing stable conditions in the flume due to the 
re-reflection of waves reflected from the breakwater and with 
steep waves repeatable results were not obtained. 

The reflection coefficients derived from these tests 
showed a marked sensitivity to wave period, especially for the 
lower waves, with a minimum at ji  seconds and a maximum at 
k seconds wave periods (Fig.l.). 

One of the objects of the tests was to develop a design 
which would not give reflections across the harbour entrance 
in moderate weather conditions when waves of k to 6 second 
periods are dominant. The breakwater was therefore modified 
by reducing the depth of alternate cells to 20 ft. measured 
from the face of the perforated screen to the backwall. This 
was done by inserting a secondary backwall in every second cell. 
This modification reduced the reflection of the lower and 
shorter waves at the expense of some loss in performance with 
higher and longer waves.  (Fig.2.). 

Since the wave crests in nature will not normally be 
parallel to the breakwater and the performance of the breakwater 
with waves approaching from an angle was m doubt reflection 
coefficients were measured with the breakwater at 1+5 to the 
wave crests. The model was installed across the corner at the 
end of the flume with an opening in the opposite wall so that 
most of the reflected waves escaped into a large basin adjacent 
to the flume. This arrangement involved some loss of incident 
wave energy through the gap and also resulted in a small 
transverse wave in the flume. For these and other reasons 
the wave heights varied along the face of the breakwater.. 
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Consequently the results of the experiment are subject to a 
greater degree of error than those with normal incident waves 
hut nevertheless are considered to give a reasonable indication 
of the performance of the breakwater with oblique waves. 

The wave heights were measured along a traverse at 90 
to the face of the breakwater.  The results (Fig.3.) show 
that reflection is generally less than for normal incident 
waves with a minimum coefficient for waves of about 6 seconds. 

(2)  Theoretical Treatment 

For comparison with the experimental results discussed 
above the reflection coefficients shown in Figs 2 & 3.  have 
been calculated by means of an analysis which is given in the 
Appendix and assumes that the incident waves are low and 
long enough for the approximations of the linear theory of 
long waves to be applicable.  The only energy loss considered 
is that due to resistance of the2screen which is proportional 
to the (water particle velocity) .  This has been approximated 
by a fictitious resistance term which is proportional to the 
velocity, the constant of proportionality being chosen to give 
the same energy loss per wave period.  The acceleration through 
the screen also introduces a "virtual mass" effect or a head 
difference across the screen which is in phase with the particle 
acceleration. This effectively increases the length of the 
chamber and hence the wave period with which the chamber will 
resonate. The linear theory while giving generally similar 
coefficients near resonance clearly predicts greater reflection 
for the higher and longer waves. At an incidence of 1+5 the 
discrepancies are more marked even for low waves. 

HORIZONTAL FORCE MEASUREMENTS 

Preliminary structural analysis of the breakwater indicated 
that the governing factor m the design would be sliding on 
the foundations or shear in the material immediately below 
the foundation rather than overturning or crushing of the 
foundation strata.  Only horizontal forces were therefore 
measured, no attempt being made to record either vertical 
forces or the height of the thrust line above foundation level. 

Two central bays of the model were fixed together and 
suspended from a stiff parallel motion spring system with strain 
gauges attached and of high enough natural frequency to enable 
the force variation to be followed. 

Measurements were made with waves of 7 and 10 second 
period (proto.) both on the breakwater with the perforated 
front wall and with the perforations covered over with a 
plain solid face extending up to parapet level. For the 
larger waves, which broke in front of the breakwater, the 
resulting variable reflections caused the wave heights in the 
flume to vary, and a range of observations of wave height and 
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force was therefore obtained from any one setting of the wove 
generator.  In each run a continuous record of forces 
(F and F. - Pig.3») and wave height at the wall (H ) for 50 
or more waves allowed the highest forces relative to the wave 
height to he measured. 

For low waves the forces on the breakwater were regular 
and only slightly higher than that induced by the hydrostatic 
pressure variation. 

For larger waves considerable variation of peak force 
occurred between one wave and the next, and the highest waves 
frequently did not produce the largest forces.  The force 
coefficient curves m Pig. k  are the envelopes of numerous 
points derived from the records. 

The maximum force coefficients in the record increased 
up to a wave height of about 12 to 15 ft. when the waves 
started to break and the face of the breakwater began to be 
overtopped.  For further increase m wave height although the 
force coefficients diminish the maximum force remained 
sensibly constant up to the maximum waves (22 ft. proto.) that 
were recorded.  Similar experiments with a plain face showed 
that for 7 second waves the peak positive force coefficients 
(in the direction of incident wave propagation) were about 
double those on the perforated breakwater.  For 10 second 
waves the coefficients were similar for the perforated 
breakwater and the plain face,  the maximum forces in this case 
being of the order of 1-g- tons per sq. ft.  These results confirm 
the measurements of Marks v/hich showed that generally the 
largest horizontal force reductions were to be expected for the 
lower period waves (ref.3). 

STABILITY OF TOE MOUND 

Although the perforated face of the proposed breakwater 
will not extend below low water level and will have a solid 
base below, scouring of the hard chalk on which it is to be 
founded is not expected.  It is proposed, however, to place a 
low rock mound against the base near the harbour entrance to 
reduce wave reflection at low tide.  Tests showed that with 
the most destructive waves that could be generated in the 
flume, which broke on the toe mound, armour stone of hf tons 
average weight (proto.) was stable at a slope of 1 vertical to 
li  horizontal.  2|- ton stone at this slope was drawn down and 
the slope flattened to about 1 in 2\, 
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CONCLUSIONS 

The design criteria established by the investigation are:- 

1. The length of the wave cnamber should not be more than 
about one third the wave length of the shortest dominant wave 
to be catered for. With a porosity of 30;?., provided the 
longest wave ol significant height is not more than twelve 
times the chamber depth a maximum coefficient of reflection 
of 0.5 may be assumed. 

2. Lower force coefficients were obtained with the perforated 
face than with a plain face for 7 second waves, but were little 
changed with 10 second \'avcs. However some reduction in the 
forces is obtained at both wave periods due to the fact that the 
height of thfc waves at the wall is reduced as shown by the 
reflection tests. 

It is evident from these two conclusions that the require- 
ments for reduction in ''ave reflections and reduction m wave 
forces tend to conflict.  ' hile the 7 second period wave, which 
is about 7 times as long as the depth of the breakwater cells 
gives acceptable force coefficients, the 10 second period wrve 
(length about 11>- times the cell depth) tends to fill the cells 
and the breakwater then behaves like a solid structure.  In 
practice it would seem that waves of length between 3 and 8 
times the cell depth can be absorbed by a sturcture of the type 
tested; if longer waves of significant height (HK/h>0.2) 
are expected then a wider breakwater is necessary, m order to 
incorporate a greater cell deptn, if the structure is not to be 
subjected to forces nearly as great as those which would be 
imposed on a solid breakwater. 

R7FY5a"TCES 

1. Jarlan, G.E.  Application of acoustic theory to the 
reflective properties of coastal engineering structures, ^uart 
Bull 1965, Wat. Res. Coun. Canada (l) 1965, 23-63. 

2. Boivm, R.  Comments on vertical breakwaters with low 
coefficients of reflection, Dock 3.  Harbour Authority June 1961|, 
U5 56-61. 

3«  Marks, ,V.  A perforated mobile breakwater for fixed and 
floating application, Proc. 10th Conf.  Coastal Sng. 66, Tokyo II 
1079-H29o 



1110 COASTAL  ENGINEERING 

Appendix 

Analysis 

(i)  Normal Incidence 

We suppose that waves are incident normally on the screen at 

x = 1, the back face being situated at x = 0 (Pig. 5 )•  In 

front of the screen the depth is constant (h-^) and the particle 

velocity u, wave elevation n; hehind the screen the depth is 

h2 and the particle velocity u ,  wave elevation r\ 

The linearised equations of motion for the flow are 

If+ \ H = ° <i> 

If + g J£ = 0, for x > 1; (2) 

^ ft" + h2 Ix1 = 0 (3) 

ff + g |n = 0, for 0 < x <    1 (4) 

It is convenient to assume that r\,  u etc. are proportional 
to exp(iat) in which we will eventually reject the imaginary 

part, a being the angular velocity of the waves 2ir/T, T being 

the wave period. 

Equations 1-4 are satisfied by 

n = A exp ik,x + B exp-ik^x (5) 

u = - . °        A exp ik x - B exp-ik.,x , x >1  (6) 

and 

n = A exp ik_x + B exp-ik„x (7) 

-^- I A exp ik x - B exp-ik2xj,0<x<l u1 = - •£-£- | Axexp ik0x - B-^exp-ik^x | ,0<x<l  (8) 

with o2/kx
2  =  gt^ = Cx

2 (9) 

and a2/k2
2 = gh2 = C2 (10) 
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and  k-j^ = 2TT/L13 k2 = 2ir/L2 (11) 

L,, Lp being the wave length in front of and behind the screen. 

A, B are constants representing the amplitudes of the incident 

and reflected waves in front of the screen and A ,  B represent 

the transmitted wave and its reflection from the back face. 

To determine the constants we have the boundary conditions 

that at the back face x = 0, u =0 and hence 

A1 = B1 (12) 

and at the screen x = 1, we have from continuity and from the 

momentum balance 

h-jU = h2u
1 (13) 

and g (n-n1) + k^u1^1! + a1 |^ =0 (14) 

where a ph2 is the effective virtual mass introduced by the screen, 

p being the water density, and k* is the drag coefficient of the 

screen. 

In order to proceed we have linearised the friction term 

in (14) by the usual Lorentz approximation to give 

g (n-n1) + (f + a1ia)u1 = 0 (15) 

where f = 8kHlu
1/3ir (16) 

in which u is the amplitude of the particle velocity at the 

screen (x = 1). 

We may now substitute for n,n ,  u,u from equations (5)-(8) 

in (15)and (16) to determine the constants and after some 

manipulation we find the reflection coefficient R = |B|/|A| as 

R2 = N1/D1 (17) 

where 2 
T       i ~|2  / f _ 

Nl = 
T       !   .   "12  /!_ _ _i\   2 coskpl-a kpSinkpl  + I c?  k J sin k 1 

and 2 

r       i       i2 (L. h\   o Dl  =       I   cosk2l-a k2sink2lj    +1 c2 + k2J sin k2l 
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with 

% = h  k* t,     2sink2l/Dl (18) 

The latter being an implicit equation to determine f/c? in terms 

of the incident wave height. 

We note that R = 1 when k?l = 0, ir .. etc. or the length 1 

is a multiple of half the wave length.  Also if we assume for 

the moment that f is constant, minimum values of R occur at 

cotk2l = a k„ (19) 

and      R2 mm (f/c2-k1/k2)/(f/c2+k1/k2) (20) 

with R .  =0 when f/c0 = k,/k„. mm 2   12 

To estimate the reflection coefficient we need to estimate 

the drag coefficient of the screen k* and the virtual mass 

coefficient a .  For the former it has been assumed that a 

vena contracta is formed at the perforations of area 0.6 times 

the area of the openings and that the velocity head through the 

vena contracta is lost. 

Thus if s is the area of the openings and S is the area on 

the downstream side of the screen up to high water, the head 

loss across the screen is given by 

so that  k* = |R oT^i) _1J (22) 

In the present case s/S = 0.37 and hence k* = 9-5. 

There is little guide from theory for the effective value 

of a .  Trial calculations were made of the wave periods to 

give minimum reflection coefficients with different values of a 

and a value selected (a = 6 ft) which gave agreement with 

experiment for a uniform chamber length 1 = 3^.5 ft.  This value 

was used in the calculations of R for the smaller length, 27i ft. 
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(ii)  Oblique incidence 

For waves incident on the screen at an angle 0 between 

the normal to the wave front and the normal to the screen, the 

equations of motion outside the screen (x > 1) are satisfied by 

TI = A exp i(k-,cos8x + k-,sin6.y) 

+ B exp i(-k-,cos6x + k,sin6y) (23) 

u ="°cgs9 "A exp i(k1cosGx + k^inOy) 

- B exp iC-k^osex + ^sineyjj (24) 

v ="°s^n9 .A exp i(k1cos6x + k1sin6y) 

+ B exp i(-k,cos6x + k-jSinOyjJ (25) 

In which n is the surface elevation and u, v are the velocity 

components normal and tangential to the screen Ox. 

and   a/k. = c1 as before. 

In these equations B is the amplitude of the reflected wave 

and xt has been assumed that the angle of incidence and 

reflection are equal. 

Behind the screen (0 < x < 1) the elevation (n ) and the 

normal velocity (u ) are again given by (7), (8) and (12) and 

to satisfy continuity and friction loss across the screen we 

again suppose equations (13) and (15) to apply.   Substituting 
for u, n from (23) and (24) in these equations gives after some 
manipulation 

R2 = N0/D0 (26) w2'"2 

where 

N~  = [coBkgl-a^BinkglJ + (f- - i^e) sin2k2l 

D2  = [coB^l-a^sink^j + (f- + ¥^)  sin2k2l 

which is similar to equation (17) but with k-, /k„ cos 9 substituted 
for k,/k2.   If f is taken constant to a first approximation, we 

note that R is a minimum when cotk?l = a k„ as for the case of 

normal incidence, so that the angle of incidence has no effect on 
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the selectivity of the breakwater to wave period.  This is 

in agreement with the experimental results. 



PERFORATED BREAKWATER 
1115 

A IIHIi 
A llllll 

UJ 

ft  5 
UJ i/i 

U  UJ 
o 

tig 

o 
o c: 
2 u 
S UJ I" 
^£ 
ft 2 
Uj UJ 
'     O I 
2 
CO 

uj 
8 

u_ o 
2: o 

? Uj 
a. 

Uj 

<* 
~J 
a. 



1116 COASTAL   ENGINEERING 

Perforations 2-5 x 1-25 

1-0 

§08 

It 
Uj 
O0-6 

o 
o 
UJ 

§02 

Experimental  Results 
Wave Chambers   34^ft deep 

WAVE  PERIOD   (sec) 

10 12 14 16 

WAVE LENGTH (ft) 

100 200 300 400 500 

FIG   I REFLECTION    COEFFICIENT -   NORMAL    INCIDENCE 



PERFORATED BREAKWATER 1117 

10 

08 

I 
^0-2 

1 0 r 

0-8   - 

I 
hi 
p: 
£ 0-2 

Experimental Results 
v\fave chambers alternately 

347 and 20ft deep. 

Linear -long wave theory 
Wave chamber depth   27'/4ft 

WAVE PERIOD (sec) 

6 8 10 
WAVE LENGTH (ft) 

12 14 16 

100 200 300 400 500 

FIG 2. COMPARISON OF EXPERIMENTAL AND   THEORETRICAL 
REFLECTION  COEFFICIENTS-NORMAL INCIDENCE. 



1118 COASTAL   ENGINEERING 

^08 

O 
£06 

o 
^04\- 
o 
o 

0: 

°0 
7-0 r 

g 0Q 

Uj 06 o o 

5  0'4 
o 
Uj 

^0-2 
ft: 

Experimental results 
wave  chambers alternately 

341/2   and 20 ft deep 

Linear long wave theory 
wave  chamber depth 27h ft 

WAVE PERIOD (sec) 
8 10 12 14 
WAVE LENGTH (ft) 

16 

100 200 300 400 500 

FIG 3     COMPARISON  OF EXPERIMENTAL  AND 
THEORETICAL REFLECTION  COEFFICIENTS 

-45"INCIDENCE 



PERFORATED BREAKWATER 1119 

A » area of tact of breakwater 
below still water 

V . specific weight of water 

—i 1 1 r—i 1 1 1 1— 
10 20 

mve HEIGHT AT mLL   Hw (ft) 

Hw/h 

i 
3: 

4 

i x 
i" 

1                  \ 

\         / \      /' 
\   // \ /' 

OK 
/1 / / ^, 

10 SEC PERIOD 

•——"'  ^'" 

 1 , , -f, , , r 1 1— 

mVE HEIGHT AT mil  Hw (ft) 

Hw/h 

ENVELOPE OF PEAK HORIZONTAL FORCE 

FIG 4 



1120 COASTAL  ENGINEERING 

Uj 
O 

UJ 

1 
U. 
O 

| 

Q: 

u: 

h 



CHAPTER 71 

EXPERIMENTAL STUDIES ON A 
FIXED PERFORATED BREAKWATER 

Wilbur Marks 
Executive Vice-President, Oceanics, Inc. 

Technical Industrial Park, Plainview, N. Y. 

Gerard E. Jarlan 
Associate Principal Scientist, Oceanics, Inc. 
Technical Industrial Park, Plainview, N. Y. 

ABSTRACT 

Model tests on a perforated breakwater system were carried 
out to evaluate effectiveness in different states of sea. Force 
measurements were made in three long-crested irregular wave 
systems and, by spectral analysis, the full-scale statistical 
characteristics of force were obtained.  The effect of perforating 
the back wall was studied to determine the extent of further 
reduction of force on the structure. An interior perforated 
wall was also added for force reduction but was not as effective 
as the perforated back wall.  The system was mounted on piles 
and imbedded in sand for a quasi-quantitative study of scouring 
in regular waves.  In this case, the elevation of the breakwater 
walls above the sandy bottom was varied.  Both the perforations 
and the elevation contributed to significant reduction in 
observed scour.  The end result of these experiments is to 
provide information on the kind of improved performance that 
might be expected as each variation is introduced which, in 
turn provides input to design for particular applications. 

INTRODUCTION 

OCEANICS, Inc. has been engaged in development and 
evaluation of a design concept for a portable breakwater that 
comprises a perforated front wall with a solid back wall. As 
a floating system, the chief virtue that is claimed for the 
perforated breakwater is that it affects a considerable reduction 
m the height of the incoming waves without paying a penalty in 
excessive forces on the mooring lines. When the perforated 
breakwater is fixed to the bottom, it is purported to dissipate 
sufficient wave energy to cause it to be structurally sound for 
long periods of time. Furthermore, it is believed that the 
front wall porosity is an important factor in maintaining 
stability of bottom sediment such that scouring is minimized 
and the probability of structural damage and overturning is 
greatly reduced. 

1121 
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The first phase in the evaluation of the perforated 
breakwater was aimed at determining whether it was generally 
more satisfactory than a caisson of the same dimensions for 
fixed and/or floating operation.  That is, do the perforations 
result in less force on the structure than a solid wall, when 
the structure is fixed to the bottom? And, when floating, does 
the perforated breakwater reduce the waves more and still 
experience appreciably less force?  If the perforated break- 
water is superior, what is its optimum geometry? 

In general, the Phase I study reported by Marks (1966) 
revealed the following: 

1. The fixed perforated breakwater experiences less force overall 
than the solid breakwater.  Greater effectiveness was usually 
found at lower wave periods except for the very important upward 
vertical force where the solid breakwater experienced forces 
greater than 11 times that of the perforated breakwater, at the 
design wave (13 seconds, 15 feet). 

2. The breakwater geometry specifying:  4-foot diameter holes, 
4-foot wall thickness, and 40 feet between front and back wall 
was found to be most effective, as predicted by theory. 

3. For the floating case, the perforated breakwater experienced 
less force in the 4 mooring lines.  Again, the degree varied 
being just slightly less m one instance and one-tenth of the 
force in the mooring line of the solid breakwater in another. 
At the design wave, the mooring lines in the perforated break- 
water experienced less force by about a factor of 2. 

4. The motion of the breakwaters as measured by horizontal and 
vertical accelerations showed no clear superiority and this was 
reflected m wave reduction behind the breakwaters. 

5. The excessive vertical forces on the face of the solid fixed 
breakwater caused a layer of sand 3 inches high and one foot 
in extent to be completely cleared away from the foot of the 
breakwater. The perforated breakwater produced little or no 
scouring. 

On the basis of the results achieved in the first phase 
of the study, it was considered to be more practical to pursue 
the development of the more promising fixed perforated breakwater. 
Thus, the essence of the work reported here deals with examination 
of certain variations in breakwater design that are aimed at 
further reduction of force on the system (fixed to the bottom) 
without vitiating its wave reduction prowess.  The force on 
the basic structure is developed theoretically and then measure- 
ments at model scale are described.  Additional measurements 
were made with such variations as perforating the back wall and 
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inserting a perforated interior wall.  The effect of scour at 
the base was also examined and is reported here.  There is 
evidence that the perforated breakwater is admirably suited 
for amphibious operations. 

PHYSICAL CHARACTERISTICS OF BREAKWATER 

The basic purpose of any breakwater system is to present 
an obstacle to the oncoming waves that will cause the wave height 
(hence energy) to be substantially reduced on the shoreward 
side, without compromising the functional efficiency of the 
breakwater system during the required time of operation.  The 
perforated breakwater has been specifically designed for such 
a mission.  The original concept of a perforated breakwater was 
developed by Jarlan (1965). 

The dynamic processes that result from the incidence of 
waves on the perforated breakwater can best be visualized by 
considering that as the wave impinges on the porous front wall, 
part of its energy is reflected and the remainder passes through 
the perforations. The potential energy in the wave is converted 
to kinetic energy in the form of a jet, upon passage through 
the perforation, which then tends to be partially dissipated 
by viscosity in the channel and partially by turbulence in the 
fluid chamber behind the perforated wall.  As the water in the 
fluid chamber flows back out of the holes, it encounters the 
next oncoming wave and partial energy destruction is accomplished 
even before that wave reaches the breakwater.  If the walls 
were not perforated (e.g. a caisson), total reflection would 
occur on the face of the wall with resultant high impact forces 
and scouring at the base, if it is fixed to the bottom.  If the 
breakwater were floating and anchored, part of the incident 
wave force would be transmitted to the mooring cables and part 
would be directed to oscillating the breakwater thus inducing 
it to make waves on the shoreward side.  In the case of the 
perforated breakwater, that part of the incident wave energy 
which is dissipated internally in the form of heat and eddies 
is not available for such deleterious activity. 

To understand more fully what happens when a wave is 
incident upon a breakwater, consider the following development. 
The forces exerted by wind-induced gravity waves on a vertical 
obstacle extending from above the surface to the sea bottom, 
at a given depth d, are: 

1. The weight of the obstacle, 

2. The hydrostatic under pressure, 

3. The hydrostatic pressures exerted on both vertical 
sides (horizontal pressures), 
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4.   The dynamic uplift pressure. 

Assume that the breakwater is a caisson-like structure 
of concrete block resting on a stone foundation placed at the 
bottom and is subject to oscillatory forces.  Although the base 
of the structure may be in contact with the foundation over 
about 50% of its surface, it is generally assumed that an apparent 
weight must be accounted for and that the hydrostatic pressure 
exerted on the base of the breakwater affects its entire area. 

Since the surface of the clapotis (standing wave due to 
reflection from vertical wall) is alternately above and below 
still water, the accompanying pressure changes due to this 
vertical motion will increase or decrease the hydrostatic 
pressure by an amount 

H 
. 2itd 

cosh —=— 
(1) 

where p  = specific gravity of water (slugs), H = amplitude of 

the clapotis, and L = wave length at depth d (in feet). 

As the wave crest reaches the wall (Figure 1), the pressure 
at the toe on the sea side is greater than on the shore side by 
an amount equivalent to AB. Since the pressure is transmitted 
under the structure at approximately the velocity of sound, an 
uplift pressure will develop under the breakwater according to 
a triangular distribution. It is assumed that the head losses 
in the stone mound on which the breakwater is resting are linear. 

A similar phenomenon applies m the opposite direction 
when the trough of the wave is present on the sea side.  It 
must be mentioned that these uplift pressures act in the same 
direction as the forces exerted on the vertical wall, thereby 
increasing the overturning moment.  It is possible to calculate 
the moment generated by the forces involved and from this to 
deduce the stabilizing moment due to weight.  With a triangular 
distribution of the uplift force the resultant cuts the base 
at the edge of the middle third. 

To determine the resistance against sliding, it is necessary 
to multiply the effective downward force on the structure by a 
coefficient of static friction.  This result is then divided by 
the horizontal wave pressure, assuming a friction coefficient 
of about 0.5.  The factor of safety should not be less than 2. 

The foregoing is a brief review of the procedure generally 
followed when designing an ordinary vertical wall breakwater. 
The resultant of the forces per unit length of wall (R) and the 
moment (M) about the base are given by the formulae 
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R = | (d+H+hQ) (pd+P) - pi- (2) 

M = | (d+H+hQ) (pd+P) - pi- (3) 

where P = pressure due to wave, p = 62.5 lb.ft.-3, h  is the wave 

set-up (calculated by the relationship h = ^=— coth ——  , where 

L = wave length).  The existence of this set-up results from the 
fact that a pile-up of water, due to orbital motion and mass 
transport, occurs at the wall, raising the mean sea level by an 

d    H2 amount h  which is a function of =- and -=- ; h  defines the mean o L     L    o 
level of the clapotis. 

In the case of the perforated breakwater, two phenomena 
modify the situation encountered in the case of a plain-wall 
breakwater.  Firstly, the porosity of the system reduces the 
reflection, thereby diminishing the amplitude of the clapotis 
which then becomes a partial clapotis.  Secondly, the dissipation 
of the energy is such that about 65% of the incoming wave energy 
is dissipated through jet diffusion in the back chamber.  The 
energy transferred to the system is thus about 35% of the total 
energy.  Assuming this energy to correspond to a given wave 
height, the following relationship holds. 

|H2l2 

Hence, H„« 0.6H. (equivalent wave height of the non-dissipated 

energy) .  For the design wave, H. = 15 feet and H_ = 9 feet. 

On the other hand, one may assume a reflection coefficient 
of about 30% yielding for the amplitude of the clapotis a value 
H = 9 feet.  The total height of the partial clapotis is then 
18 feet while the full clapotis would have a height of 30 feet. 
Under these conditions, when H = 15 feet, T = 13 seconds, 
d = (40 + 10) feet (height of the breakwater 50 feet) a value of 
the resultant of R«25,000 lb. is obtained by substitution in 
Equation (4).  In the case of the perforated breakwater, h « 1 ft. 

for the considered initial conditions corresponding to a partial 
clapotis of 18 feet.  The moment is then from Equation (3) 
M- 589,000 ft.-lb.  If for stability against overturning, it is 
required that the resultant of wave pressure and weight must 
fall within the middle third of the base, then assuming uplift 
(triangular distribution) the width of the caisson is found to 
be about 46 feet and the weight per linear foot is 49,000 lb. 
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From these simplified calculations, it is seen that the 
design wave can produce very large forces which are diminished 
considerably by the perforations.  The width of the breakwater 
is commensurate with the design width required for maximum 
efficiency and the calculated weight is reduced by supporting 
the breakwater on piles driven into the bottom.  The experiments 
described here are aimed at further reducing the force on the 
breakwater by inducing additional energy dissipation through a 
perforated back wall and through insertion of an inner perforated 
wall. 

The effxciency of energy dissipation, in the breakwater 
principle proposed here, depends on the geometry of the system 
which in turn is determined by the nature of the design wave 
conditions.  From the laws of fluid motion in the chamber, the 
following design criteria are obtained: 

1. Ratio of chamber width to wave length. 

2. Ratio of wall thickness (channel length) to hole diameter. 

3. Ratio of perforated to unperforated areas (solidity ratio), 

The theoretical development leading to the establishment of the 
above criteria, for particular wave inputs, was presented by 
Jarlan (1965) and Jarlan and Marks (1965). 

MODEL EXPERIMENTS 

The model experiments were two-dimensional and were 
carried out in the ship model towing tank (100 ft. x 10 ft. x 
5-feet deep) at Webb Institute of Naval Architecture. As in 
the previous tests reported by Marks (1966) the tank was modified 
to simulate shallow water by installation of a flume with sloping 
beach 1:16 (Figure 2).  The models were mounted in the shallow 
end of the flume so that at a scale of 1:45, the models are 
essentially in 45 feet of water. 

The tests were conducted in long-crested irregular waves 
to simulate, as near as possible, actual conditions.  There were 
three sets of waves employed corresponding to low, moderate and 
high waves.  The wave spectra are shown in Figure 3 and the 
statistical characteristics for each are given in Table I. 

Table I. Statistical Characteristics of Irregular Waves 
Used in Model Tests. 

Wave Spectrum H (ft.) H (1/3) H (1/10) 
Low      (I) 4.5 7.1 9.0 
Moderate (II) 6.d 11.1 14.1 
High   (III) 8.6 13.8 17.5 
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In Table I, H is the average wave height (in feet); H (1/3) is 
the average of the one-third highest waves (significant height) 
and H (1/10) is the average of the one-tenth highest waves. All 
of the numbers in the table correspond to full-scale conditions. 

For each of the breakwater variations tested, the force 
on the structure (vertical and horizontal) was measured as well 
as the irregular wave pattern.  The breakwater models were mounted 
so that the back wall was rigidly fixed to a force transmitting 
bar that extended across the flume.  The front wall was fastened 
to the back wall by 6 rods and both walls were free of the bottom 
and sides (by very small clearances) and extended above the design 
height so that all of the force on the structure would be communicated 
to the bar without loss.  The force transmitting bar passed through 
the steel side walls of the flume and was fixed rigidly at both 
ends to the force-measuring strain-gage systems.  The strain gages 
(horizontal and vertical) were mounted rigidly to the steel side 
walls.  Thus, the deflection of the bar relative to the rigid 
steel sidewalls is a measure of the force exerted on the breakwater 
by the waves. 

DISCUSSION OF RESULTS 

The model tests produced a number of records of vertical 
and horizontal force.  These records were converted to appropriate 
force spectra (Figures 4 and 5) and from these outputs total 
force calculations were made. 

Forces on Prototype Breakwater 

The first set of force measurements was made on the basic 
perforated breakwater.  The results are shown in Table II where F 
is the average force and the other symbols correspond to the 
definitions given in Table I. 

Table II. Statistics of Total Force (pounds per foot) on 
Perforated Breakwater. 

Wave Spectrum F F (1/3) F (1/10) 
I 200 320 407 
II 240 384 288 
III 282 450 572 

Table III shows the same force statistics when the breakwater 
is not perforated. 

Table III. Statistics of Total Force (pounds per foot) of 
Solid-Wall Breakwater. 

Wave Spectrum F F (1/3) F (1/10) 
I 444 710 903 
II 510 814 1035 
III 604 965 1230 
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It is seen by comparison of Table II with Table III that the 
perforations reduce substantially the force on the breakwater. 
In this case, the reduction is more than 50% which is in line 
with theoretical prediction. 

Perforated Interior Wall 

A perforated wall was placed halfway between the front 
and back wall in an effort to induce further internal energy 
dissipation.  The results are given in Table IV. 

Table IV.   Statistics of Total Force (pounds per foot) of 
Perforated Breakwater with 10% Perforated 
Interior Wall. 

Wave Spectrum F F (1/3) F (1/10) 
I 425 680 842 
II 497 795 1020 
III 575 920 1170 

Comparison of the statistics m Table IV with those m Tables II 
and III indicate that the interior perforated wall is relatively 
ineffective in dissipating wave energy.  Moreover, it appears 
to substantially decrease the effectiveness of the outer per- 
forated wall.  There is no evidence that optimizing the geometry 
of the interior wall will improve performance materially. 

Perforated Back Wall 

A perforated back wall was installed to further reduce 
wave force.  However, in this case, it was necessary to observe 
wave formation on the shoreward side of the breakwater and to 
ascertain that the outpouring did not exceed 10 feet which is 
assumed to be the maximum stand-off distance for a ship, when 
the breakwater is used as a pier.  It was impossible to make 
precise measurements, so visual observations had to suffice. 
Tables V and VI show the results of a perforated back wall.  In 
the case shown in Table V the back wall was 20% perforated; 
regular and irregular waves were used. 

Table V.    Observed Outpouring from 20% Perforated Back Wall. 

Regular Waves 

Period (sec.) Height (ft.) Distance (ft.) 
7 10.2 1.87 

10 11.2 0.94 
13 4.3 0.94 
13 10.2 1.87 
16 7.0 1.87 
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Irregular Waves 

Average Distance Maximum Distance 
LOW 1.98 5.63 
Moderate 2.25 6.75 
High 2.82 6.75 

It appears that the stand-off distance of 10 feet is relatively 
safe under the conditions tested here.  Furthermore, for the 
design wave period (10 seconds) at an incident wave height of 
10.2 feet, the waves on the shoreward side of the breakwater 
were only about 1/5 the height on the seaward side. 

A second experiment was carried out by inserting an 
interior wall with 10% perforations. The results are shown 
in Table VI. 

Table VI. Observed Outpouring from 20% Perforated Back Wall 
with 10% Perforated Interior Wall. 

Period (sec.) 

Regular Waves 

Height (ft.) Distance (ft.) 
7 10.2 0.47 

10 11.2 1.87 
13 4.3 0.94 
13 10.2 3.75 
16 7.0 1.98 

Irregular Waves 

Average Distance Maximum Distance 
Low 0.94 2.34 
Moderate 0.94 2.34 
High l.S 3.75 

Here the stand-off distance is in no danger of being 
violated and the waves on the shoreward side are again only 
about 1/5 the height of those on the seaward side.  The interior 
wall appears to have an overall beneficial effect for this 
application. 

Scour at Base of Structure 

Modeling erosion problems is quite complex if precise 
quantitative measurements are required.  In this case, however, 
it was desired first to establish that perforations reduce scour 
and then to determine generally how the scour was effected by 
varying the distance between the bottom of the breakwater and 
the sand bottom in which it was installed. 
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Figure 6 shows a schematic drawing of the general scour 
experiments.  A sloping bed of fine sand (dashed lines) was 
spread under the model which was supported on piles resting 
on "bedrock".  The incident waves were regular with periods 
of 7, 10, 13 and 16 seconds.  The wavemaker was stopped, after 
the sand deformation appeared to reach a state of equilibrium. 
Measurements were made of prominent mound locations and depths, 
as indicated in Figure 6, and from these measurements, the 
profile of deformation was reconstructed, for each case.  In 
addition, notes were taken on the condition at the base of the 
piles.  Figures 7-9 show some of the results of the scour 
experiments. 

Figure 7 deals with a caisson-type breakwater (solid 
front and back wall) in which the bottom of the breakwater is 
on the sand bed.  It is seen that the solid-wall breakwater 
resting on the sand bed is very vulnerable to erosion; the 
effect increases with wave period, as expected.  At 13 and 16 
seconds, the erosion under the walls is down to bedrock and 
would probably have extended deeper if there was more room. 
When the breakwater is raised off the sand bed (not shown) the 
effect of scouring diminishes, but is still somewhat pronounced 
even when the breakwater is 13 feet from the bottom.  Equally 
significant is the observation that the base of the piles was 
considerably eroded even when the distance to the bottom was 
a maximum. 

When the front wall was perforated (Figure 8), the sit- 
uation was altered significantly.  That is, the front wall 
sustained very little erosion, while the back wall suffered 
considerably.  Again, the scouring increased with period, but 
in this case there was no significant difference. 

In the final test, both front and back wall were per- 
forated (Figure 9), but only the case of the breakwater resting 
on the sand bed was treated.  As expected, the erosion effects 
were least, of all the cases tested, and at no time was "bedrock" 
reached for any wave condition.  It is likely that raising the 
breakwater off the sand bed would have produced still better 
results as was evidenced m the prior cases. 

CONCLUSIONS AND RECOMMENDATIONS 

As a result of the experiments reported here and the 
supporting analytical work, the following conclusions are drawn: 

1.   There is a substantial force reduction achieved by 
perforating the front wall of a vertical-wall breakwater. 
For design purposes, it is likely that a force of 1000 
lb./ft. may be adopted with relative safety under most 
environmental conditions (Tables II and III). 
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2. The use of an interior perforated wall shows little 
evidence of being effective in reducing overall force 
on the structure and is not recommended for such an 
application. 

3. The perforated back wall serves a useful function. 
Although force measurements were not made, it is obvious 
that relief of pressure on the back wall must be 
beneficial.  It is important to note that the perforated 
back wall does not interfere with using the breakwater 
as a pier.  Nor does it permit waves of any appreciable 
height to form on the shoreward side. 

4. Scouring at the base of the breakwater can be a severe 
problem.  The perforations on front and back wall have 
an astonishing effect on stabilizing sediment transport 
and reducing erosion, even at the base of piles.  It is 
likely that a relatively small distance between the bottom 
of the breakwater and the sea-bed will be even more 
useful in preventing erosion. 

There is now adequate evidence that the perforated break- 
water can perform a service that is sorely needed.  If further 
evidence is required, it is recommended that a 1/4 scale model 
be erected and installed at a suitable locale (Chesapeake Bay, 
Long Island Sound) where it can be instrumented and observed 
for one winter season.  Adequate data could thereby be collected 
to justify construction of needed systems. 

ACKNOWLEDGMENTS 

The authors wish to extend their appreciation to the 
following people for invaluable assistance at various stages of 
the program.  Bob Romandetto participated m the experiments; Bert 
Kieffer also participated m the experiments and, in addition 
constructed the models and drafted all the figures; Al Raff assisted 
m the data analysis; Lois Savastano typed the manuscript. 

REFERENCES 

Marks, W. (Sept. 1966).  A Perforated Mobile Breakwater for Fixed 
and Floating Application: Proceedings Tenth Conference on 
Coastal Engineering, Vol. II, Ch. 64, Published ASCE. 

Jarlan, G. E. (April 1965).  The Application of Acoustic Theory to 
the Reflective Properties of Coastal Engineering Structures: 
DME/NAE Quarterly Bulletin No. 1965(1), National Research 
Council of Canada. 

Jarlan, G. E. and Marks, W. (March 1965).  Optimum Hydrodynamic 
Characteristics of a Stable Ocean Platform for Deep-Sea 
Operations: OCEANICS, Inc. Tech. Note No. 65-07. 

Longuet-Higgins, M. S. (March 1953).  Mass Transport in Water 
Waves: Philosophical Transactions, Vol. 245A. 



1132 COASTAL   ENGINE EKING 

Inner Edge 

Weight 

R, is the resultant of the horizontal 
pressure (hydrostatic and dynamic) 

R~ is the uplift pressure 

R3 is the resultant of the initial pressure 
(hydrostatic) 

Figure 1  Wave forces on vertical-wall structure. 
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0  7.5' 15 

T = 10 sec. 

16 sec. 

Figure 7   Scour at base of solid-wall breakwater resting initially 
on sand bed. 
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0     7.5'   15 

T  =   10   sec. 

T  =   13   sec. 

T  =  16   sec. 

Figure 8 Scour at base of perforated breakwater  resting initially 
on sand bed. 
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T = 10 sec. 

T = 13 sec. 

16 sec. 

Figure 9 Scour at base of breakwater with perforated front and 
back walls resting on sand bed. 



CHAPTER 72 

SOLID AND PERMEABLE SUBMERGED BREAKWATERS 

T. Milne Dick 
Assoc. Res  Officer 

National Research Council 
Ottawa, Canada 

A Brebner 
Head, Dept. of Civil Engineering 

Queen's University 
Kingston, Canada 

ABSTRACT  The behaviour of thin and rectangular solid submerged 
breakwaters is re-examined.  Dean's theory is found to be correct 
for a thin barrier in infinitely deep water.  An empirical and 
theoretical relationship for the reflection coefficient of a thin 
breakwater across the wave number spectrum is proposed.  Rectangular 
solid breakwaters have a maximum reflection when the incident wave 
has the same period as a standing wave on top of the breakwater and 
with a wave length equal to the crest width.  A submerged permeable 
breakwater for depths of submergence greater than 5%  of the total 
depth transmits less wave energy than the solid over a certain 
frequency range.  The minimum is transmitted when the criterion 
above for solid breakwaters is also met.  Both permeable and 
solid rectangular breakwaters cause a substantial loss in wave 
energy and at least 501 of the incident energy is lost to turbulence. 
A substantial proportion, 30 to 601 of the energy transmitted is 
transferred to higher frequencies than the incident wave. 

INTRODUCTION 

In many locations, submerged breakwaters offer a potentially 
economic solution to coastal engineering problems.  Complete protec- 
tion from waves is often neither necessary nor desirable and it is 
in these situations a submerged breakwater becomes feasible.  Submerged 
breakwaters have been used to protect harbour entrances, to control 
wave action at inshore fishing grounds and to reduce the rate of 
littoral drift  Most applications have been designed on the basis 
of ad hoc experiments since there is no  substantiated body of 
theoretical or experimental work to permit reliable or safe design 

NOTATION 

The notation on Fig  1 is largely self-explanatory.  H. 
and H3 are the incident and reflected wave heights respectively 
The transmitted wave in theory is denoted by H2 and refers to the 
height of a sinusoidal wave.  In the tests however, except for the 
thin breakwater, the transmitted wave was not simple but the resultant 
of a basic carrier wave with the same frequency as the incident wave 
and waves of higher frequencies.  It is believed that the latter were 
usually harmonics of the incident wave  The total transmitted wave 
energy was therefore represented by a wave having the same frequency 

1141 
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as the incident wave and a wave height defined by 

where 

2/2 Heq   = ^T     f     ^^   dt (1) 

T is the incident wave period (sees) 
n is the displacement of the water surface from 

the mean water level (ft) 
t the time coordinate. 

Hg or HEQ 

7777777777777T77777T77T7777777777777777T77T 

Fig. 1.  Notation for Breakwater 

The imaginary sinusoidal wave of height Heq is called 
the equivalent wave and contains the same energy as the actual 
transmitted irregular wave. A useful idea adopted by most 
authors is the transmission and reflection coefficients defined 
by 

CT = H2/Hi or Hgq/Hi CR = f^/f^ 

Wave energy losses occur at the breakwater and if these 
losses are made equivalent to a wave of height HL of the same 
period as the incident wave and the depth of water is h then it 
is readily shown by the conservation of wave energy flux that 

C' + C„ + Cf = 1 (2) 

where CL = HL/HJ. 

SOLID BREAKWATERS 

Thin Breakwater-  Dean (1945) developed a theoretical 
expression from linear wave theory for CT and CR for a thin lamina 
extending from infinite depth to some distance d ft below the still 
water surface.  Later Ogilvie (1960) obtained a solution for very 
long waves m depth h.  Solutions for waves occurring m the 
intermediate zone between shallow water waves and deep water waves 
are non-existent and recourse must be taken to empirical studies. 
These two theories cited indicate that the important parameters for 
the thm breakwater are the relative depth of submergence d/h and 
the ratio 2nd A],. 
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Rectangular Breakwater  An expression for C-y  was 
obtained by Jefferys (1944) for the case of shallow water waves 
A deep water solution was found by Newman (1965) provided the 
width of the barrier was great compared with the wave length. 
Takano (1960) obtained a series solution for a rectangular 
barrier embracing all wave lengths and widths but unfortunately 
the solution did not converge rapidly and since 19 simultaneous 
equations must be solved to obtain the 1st three terms the 
solution was very cumbersome.  However the theories show that 
d/h and AVi/b or Ad/b are important parameters. 

An engineering approach to the problem considered the 
flux of wave energy and assumed that energy being propagated 
above the crest level passes over the breakwater and reappears 
as a wave on the lee side  This approach was proposed by Johnson 
et alii (1951) and in that paper is attributed to Fuchs.  Their 
equation is , ,, 

r r i   2k(h-d) + SINH 2k(h-d) 1 
bT =  L    2kh    + SINH 2kh    J 

where   k = 2TT/ A^ 
h = depth of water in front of breakwater 
d = depth of water over breakwater crest 

Xjj = wave length in depth h. 

Apparatus.  The tests were run in a wave tank which was 
3 ft wide and contained 2 ft of water.  Waves were absorbed by a 
permeable beach which had a coefficient of reflection of the order 
of 51   The test breakwater was located 110 ft from the wave 
machine and 35 ft from the beach.  Waves were measured in front of 
the breakwater by a movable probe which was not moved more than 17 
ft from the breakwater.  Transmitted waves were measured by a probe 
fixed at a distance of 25 ft from the breakwater face.  The wave 
probes were the capacitive type and employed #22 gauge teflon 
covered wire. 

Test Procedure   In nature, a wave striking a submerged 
barrier will result in some of its energy being reflected offshore 
where it is ultimately dissipated by wind and internal stresses. 
In the laboratory flume the reflected wave strikes the wave paddle 
and is almost totally reflected.  In turn the reflected wave is 
again partially reflected at the submerged barrier and so on.  The 
net result is a wave system which differs considerably from the 
simple model in nature, that is assuming monoperiodic waves could 
occur in nature.  In the tests done for this study the wave machine 
paddle was set in motion very quickly producing a reasonably short 
wave front.  After the primary reflection of the full sized wave had 
passed the movable probe in the negative direction, the latter was 
moved to pick up the wave envelope.  The waves a short distance in 
front of the barrier are the sum of the incident and reflected wave 
trains.  Where the waves were exactly in phase then the measured 
wave height was HMAX = H1+H3 and where exactly out of phase by TT

C 

then the wave height was HMIN = H1-H3.  Once HMAX an(i HMIN were 
measured then Hi and H3 were easily calculated.  The transmitted 
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wave H2 or HeC[ was derived from the fixed wave probe record. 

RESULTS 

Thin Breakwater-Deep Water Case:  The coefficients of 
reflection and transmission were obtained for wave lengths of 2 
and 4 feet which complied with the deep water condition   In 
these experiments the transmitted wave height was measured 
directly as H2 and not by equation 1, since there was little 
distortion of the sinusoidal wave  This was only true if the 
trough of the waves in front of the breakwater did not fall 
below the crest level  When this occurred irregularities and 
harmonics were superimposed on the transmitted wave.  Tests were 
run for depths of submergence d = 0.10, 0.15, 0 20, 0.30, 0.40 
and 0.60 feet.  Varying wave steepnesses were employed  All the 
test results have been plotted on Fig. 2 on which has also been 
drawn curves calculated from Dean's theory.  When Dean published 
his results he evaluated Cj  and CR only to 2Trd/A0 _<  0.25 because 
approximate methods were valid up to that point.  We have however 
extended the numerical solution with an electronic computer.  Our 
measurements of Cj  and CR contain the effect of viscous wave 
attenuation but we have made a correction only to Cj as shown in 
Fig. 2.  Manifestly, the theory and experiments are in good 
agreement and one can conclude that Dean's theory for a thin 
breakwater in infinitely deep water is sensibly correct 

Thin Breakwater-General Case  As for the deep water 
case values of Cj  and CR were obtained for incident wave lengths 
of 6, 8, 10 and 12 feet.  All the results for Xn = 2 to 12 were 
plotted using as parameters Ajj/h and d/h.  In Fig. 3 is shown a 
typical plot' of the test measurements upon which has been super- 
imposed Dean's, Ogilvie's and Fuchs' theories.  The experimental 
points have fairly well defined trends and average curves for Cf 
and CR were sketched in carefully as indicated by the dotted lines 
in Fig. 3.  All these trend lines have been assembled in Fig. 4 
which indicates a theoretical and experimental relationship for 
CR, d/h and 2ird/Aj, across the wave number spectrum.  For knh > 3 14 
Dean's theory is assumed to hold and it has been replotted here in 
another form.  For very small wave numbers, i.e. knh < 0.35 Ogilvie's 
theory has been drawn in by interpolation from his published solution. 
In the intermediate zone for 1.0 < kfth < 3.4 the experimental trend 
lines are shown dashed.  We have also indicated by a dashed-dot line 
a possible correction to the present empirical trend lines.  The 
remaining gap for 0.35 < khh < 1.0 remains unknown but we have 
hazarded that it may be of the form indicated. 

At the top of Fig. 4 are plotted the theoretical values of 
C^ but it was found that the experimental results, because of losses 

1 There is insufficient space here to show all the experimental data 
This can be found in detail in "Solid and Permeable Submerged 
Breakwaters", T.M. Dick, Civil Engineering Research Report, 1968, 
Queen's University, Kingston, Ontario. 
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at the breakwater did not accord with the theory.  Consequently, 
the empirical curves for Cf have been plotted in Fig. 5.  We 
have indicated a dashed line as a correction for d/h = 0.10 to 
make it comply with the other experiments.  The transmitted wave 
heights as measured deviate from forecasts made by the theory. 
It seems that because of energy losses at the breakwater the most 
reliable method for estimating transmitted wave heights will be 
from empirical graphs. 

Rectangular Breakwater-General Case  A rectangular 
breakwater was constructed which had a crest width of 2 feet and 
three depths of submergence, namely, 0.1, 0.2, and 0.4 feet.  Wave 
lengths of 2 to 12 feet with varying wave heights were employed. 
The transmitted wave height was generally not a simple wave but was 
distorted by varying degrees.  Hence the transmitted wave energy 
was evaluated from equation 1.  The reflected wave height was 
obtained in the usual way.  A typical test result1 is shown in Fig. 
6 with the trend line sketched through the points.  In order to 
compare the variations caused by the depth of crest submergence, 
the trend lines have been gathered together in Fig. 7 and 8.  It 
is readily seen that CR undulates with An/b but the same tendency 
is not so evident in C^.  We believe that when the reflection is 
small, the higher wave which tries to pass over the breakwater is 
eradicated by turbulence and breaking on the crest.  In turn when 
the reflection is high the lower wave which is transmitted tends 
to pass over the breakwater with less breaking and relatively more 
energy is transferred.  The net result is that Cj is smoothed out. 
The loss coefficient CL was calculated from equation 2.  The major 
role played by the wave breaking and turbulence in destroying the 
incident wave energy is quite evident and was one of the rather 
unexpected results in the investigation.  In the solid case the 
losses account for greater than 50% of the incident wave energy. 

Examination of the maxima exhibited by CR in Fig. 7 
enabled Table 1 to be drawn up. 

TABLE 1.  Parameters at Maximum Reflection 

d/h 

0.20   0.10 

CR(MAX) .40 .60 

Ah/b 3.4 4.9 

xd/b 2.1 1.9 

From Table 1, it seems that the maximum reflection occurs 
when the length of the wave on the breakwater crest equals twice 
the crest width.  Or, restating, the maximum reflection occurs 
when the period of a standing wave of length b on top of the 
breakwater has the same period as the incident wave.  A substantial 
proportion of the transmitted energy is found at frequencies higher 
than the input frequency.  The fundamental wave height Hp was 
abstracted by obtaining the amplitudes of the Fourier coefficients 
corresponding to the frequency 2m/T from the same portion of record 
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used to establish Heg.  Defining Cp = Hp/Hi the experimental 
trend lines1 are shown in Fig. 8.  As would be expected the 
value of Cp is always less than Cj  but remarkably the ratio 
CJ,/CT does not vary greatly with d/h for constant A^/h.  The 
ratio Cp/Cf has also been plotted on Fig. 8 and lies in the 
range 0.6 < Cp/C^ < 0.8.  This means that between 36 to 64$ 
of the transmitted energy is being transferred to waves with 
a greater frequency than the incident wave  In nature one 
might expect these higher frequencies to be less of a problem 
than the incident swell or significant storm wave.  Consequently, 
the useful attenuation in the wave height may be somewhat greater 
than that indicated by the equivalent wave height method of 
calculation. 

PERMEABLE BREAKWATER 

The possibility of improving the effectiveness of a 
submerged breakwater by increasing turbulence and wave interference 
seemed interesting.  It was decided to construct a permeable 
rectangular structure, composed of nested tubes which had their 
axes parallel to the incident wave direction.  A rigid horizontal 
flat plate was placed on top of the tubes.  This arrangement had 
several objectives.  Firstly, the waves passing over the break- 
water would continue to lose energy by breaking.  Secondly, turbu- 
lence and friction would tend to reduce the effect of the pulse 
passing through the breakwater and lastly, the wave passing over 
the breakwater could be out of phase with waves caused by the 
pulse through the tubes.  If the latter could be achieved and the 
phase difference was it then the waves would tend to cancel   In 
addition since the component wave periods would be the same, the 
beat phenomenon would not occur.  The effect of the permeable 
breakwater on the reflected wave energy was not known but it 
seemed likely that reflection would be less.  Reflected energy 
was considered to be controlled by the amount of solid surface 
constituting the forward face of the breakwater.  This factor was 
defined by the porosity (p) given by, 

Area of apertures within selected zone 
" "      Total area of selected zone 

We are also assuming that the porosity is uniformly distributed 
over the forward face of the breakwater. 

TEST RESULTS 

The model breakwater which had a porosity of 0.72 was 
composed of nested 1" D aluminum tubes which had the mtertubular 
instertices plugged with plasticene.  Other porosities of .18, 0.40 
were obtained by placing a 1/8 plate perforated on the same centres 
as the nested tubes with 1/2" and 3/4" D holes respectively.  In 
order to take matters to the limit, a number of tests were run by 
removing the tubes entirely, leaving only the top plate in place so 
that the porosity = 1.0.  Tests were run as for the solid rectan- 
gular breakwater.  A typical result1 is shown in Fig. 9.  A trend 
line has been carefully sketched through the experimental points 



SUBMERGED BREAKWATERS 1147 

obtained for CT, CR and Cr so that equation 2 was satisfied. 
In Figs. 10, 11, 12 all the trend lines have been gathered 
together for varying porosities and the results for the solid 
breakwater p = 0 added for comparison.  It can be concluded 
from Figs. 10, 11 and 12 that the permeable breakwater behaves 
differently from the solid and that all the permeable break- 
waters have sensibly the same behaviour.  In Fig. 10 the 
permeable breakwater transmits slightly greater waves and as 
the wave length increases the solid type is consistently better 
Concomitantly the waves reflected from the permeable type are 
less than the reflection from the solid structure.  Losses at 
the permeable breakwater are slightly larger. 

11 and 12, the behaviour changes and 
tain wave length range that the 
ides a substantial improvement in 
d structure  This is especially 
also quite evident that the value of 

th the variable A^/b and that Cx 
when CD IS a maximum.  In order to study 
t width a series of tests were run using 
as representative of the permeable type. 
3 00 feet were selected. 

However in Figs, 
one finds that over a cer 
permeable breakwater prov 
attenuation over the soli 
marked in Fig. 12 It is 
CR fluctuates in value wi 
passes through a minimum 
the influence of the cres 
only the submerged plate 
Crest widths of 1.25 and 

It was found that the minimum Cx gradually increased 
with crest width and that the breakwater behaviour was very 
similar.  However the minimum Cx or maximum CR occurred at 
various values of Aj,/b.  These maxima or minima were picked off 
from the plotted results1 and the parameter 
The results are tabulated below in Table 2. 

= 27tb/Aj calculated. 

TABLE 2.  Lag Angle B for Horizontal Plate in IT Radians 

b 

d/h 

.05   .10   .20 

1.25 
2.00 
3.00 

3 00 

CT MINIMA 

1.2    .9    .8 
1.6   1.1    .9 

1.1 

CT MAXIMA 

2.1   1.75 

The parameter B is a lag angle which represents the time taken 
for a wave to transit the crest of the breakwater.  In the table 
minimum transmission occurs when B - nc and maximum transmission 
when 6 z   2TTC.  It can be shown from physical reasoning that these 
results are compatible and confirm one another.  Hence for minimum 
energy transmission 

2irb —— ; ir    or  A 
*d 

2b 
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In the same way as for the solid case, the height of the 
fundamental wave was abstracted from the Fourier series which 
was equivalent to the analogue wave trace.  The results1 were 
sensibly the same as for the solid breakwater. 

CONCLUSIONS 

1. Dean's theory for the transmission and reflection of waves 
at a thin barrier in infinitely deep water has been confirmed 
provided the trough of the incident wave system does not fall 
below the crest level. 

2. A relationship across the wave energy spectrum for the 
reflection coefficient at a thin solid submerged breakwater has 
been proposed in Fig. 4. 

3. In both breakwaters a major portion of the wave attenuation 
results from energy losses caused by turbulence and breaking at 
the breakwater. 

4. Of the energy transmitted between 36 to 64% has been trans- 
ferred to frequencies higher than the incident wave.  Both break- 
waters have about the same characteristics in this regard. 

5. The transmission coefficient for the permeable breakwater 
passes through a minimum and over a certain range transmits a 
smaller wave than the solid breakwater with the same dimensions. 
At very shallow depths of submergence both breakwaters are similar 
in behaviour. 

6. The maximum reflection coefficient for the permeable and solid 
breakwaters occurs when the incident wave has the same period as 
a standing wave on top of the breakwater.  The solid breakwater 
has no well defined minimum transmission coefficient because 
turbulence and breaking eradicate fluctuations.  However, the 
permeable breakwater has a well defined minimum coefficient of 
transmission. 
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DESIGN CRITERIA RECOMMENDED FOR MARINE FENDER SYSTEMS 

by 
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USA 

ABSTRACT 

This paper summarizes the world-wide effectiveness of marine-fender sys- 
tems  A design criteria is recommended as a result of an extensive research 
and development program executed at the U S Naval Civil Engineering Labora- 
tory, Port Hueneme, California, under the sponsorship of Naval Facilities En- 
gineering Command 

Pertinent information includes analytical treatment and experimental 
investigation of the effects of berthing impact on the design of berthing struc- 
tures, definition, function, and types of fender systems, advantages and disad- 
vantages of various fender systems, cost-effectiveness and design procedures 
for different marine environment and exposure conditions. The energy absorp- 
tion characteristics, berthing velocity, and virtual mass of ship are discussed 
in detail   Energy capacity requirements for marine fender systems are illus- 
trated in both graph and monograph forms. This paper is intended to provide 
guidelines to coastal engineers who may be involved in design of fender systems 
for waterfront and offshore structures 

INTRODUCTION 

As the trend prevails toward the design and construction of offshore struc- 
tures to serve large vessels and construction barges in exposed seas, it is con- 
sidered necessary to assess and update the design criteria for marine fender 
systems 

A marine fender system is a protective installation designed to prevent 
direct contact between ship and dock so that mechanical damage caused by impact 
and abrasion can be reduced to a minimum. An ideal fender system offers a 
sensitive response that increases proportionally to the excitations induced 
by a berthing or moored ship. Such a system absorbs high energy with low load 
transmission at reasonable construction and maintenance costs  Cost-effectiveness 
is an important criteria to be considered, including the expected loss of effec- 
tiveness because of physical and biological deterioration 

*Kormer!y Research Hydraulic Engineer, U S Naval Civil Engineering Laboratory, 
Port Hueneme, California 
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This paper summarizes the world-wide effective fender systems, investi- 
gated at the Naval Civil Engineering Laboratory, Port Hueneme, California, 
including the studies by contract (Lee, 1965a, b, 1966a, b, 1967, Risselada and 
van  Lookeren Compagne, 196't; Thorn and Wilson, 1966) 

Based on the method of construction, the fender systems can be categorized 
into three classes defined as follows 

1 A fender system attached to a dock is a system designed for directly 
protecting ship and dock by absorbing impact energy, thus reducing lateral ship 
thrusts (Figure la). 

2. A fender system detached from a dock is a system for indirectly pro- 
tecting a dock by absorbing lateral ship thrusts, tending to permit a lighter 
dock design (Figure lb). 

3. A breasting-platform fender system is a series of independent breast- 
ing dolphirfs(pile clusters) or platforms independent of a dock and is a vari- 
ant of the detached fender system (Figure 1c). 

ANALYTICAL TREATMENT AND EXPERIMENTAL INVESTIGATION 

The mathematical treatment of berthing ships was not systematically 
presented until Prof Vasco Costa published his paper in the Journal of Dock 
and Harbor Authority on "Berthing of Ships" in July 196't, and further discussed at 
the NATO Study Institution held in Lisbon in July, 1965, the Analytical Treat- 
ment of Problems of Berthing and Mooring Ships.  Pertinent recommendations 
based on simplified analytical treatment have been made on how to maneuver a 
large ship to reduce berthing impact (Vasco Costa, 1968) 

The complex nature of the berthing and mooring of ships can be well 
illustrated diagrammatically in the docking process of a ship (Figure 2). 
During the initial stage, the skills of the captain and pilot, together with 
the assistance given by the tugs and crew in mooring lines, all influence 
the berthing maneuvers. 

Vasco Costa (196*1, 1968) derived the dynamic equations based on the prin- 
ciples of conservation of angular momentum with respect to the point of contact, 
and of conservation of kinetic energy. The first principle permits the evalu- 
ation of the angular velocity (u) with which the berthing ship will rotate 
about the point of contact  The energy equation will determine the effective 
kinetic energy to be absorbed by the fender system 

Conservation of angular momentum of kinetic moment with 
respect to point of contact  (See Figure 3.) 

M'U a Sin B + M'k2w = M'(k2+a2) la (1) 

(i) = 

U asin B + k2 u 
o 

k +a 

Conservation of kinetic energy. 

(2) 

Eeff = ^'"o2 + ¥'k\2  ' ^'<~k2+a21  "2 (3) 
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Fig    1       Definitions  of fender systems  from dock 
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(a)  time at initial contact 

Fig. 3  Berthing impact instants 

By substituting the value given in equation (2) into (3), we obtain 

ff 

(22   1 kz+az lo-ti 
,2. 2 
k +a 

2 2 
+ 2" Mo 7FT k +a 

M'U (0 o o 
ak Sin 

7^ w 

The general equa 
which is dependent on- 
in translation motion, 
(d)ship velocity in ro 
ship, k, (f) point of 
above equations do not 
motions by mooring 1 i rn 
any. Furthermore, the 
freedom motion - sway 
pitch are ignored. Th 
is on the conservative 
unchanged for sway mot 
or about the point on 

tion CO is the energy absorbed by the fender system 
(a) virtual mass in sway motion, M1, (b) ship velocity 
U , (c) direction of velocity of translation, B. 
tational motion, to , (e) radius of gyration of berthing 
impact relative to center gravity of ship, a. The 
take into account the energy consumed in resisting ship 

es between land and ship or between tugs and ship, if 
above analytical treatment is based on two degrees of 

and yaw. Other motions such as surge, roll, heave, and 
erefore, the energy absorbed by the fender so determined 
side  Assumption is made that virtual mass of ship remains 
ion and for rotational motion about the center of gravity 
impact, respectively 

Soon after the ship makes contact with the fender, the ship may move in 
a simple mode of motion, i.e , the two limited cases  (a) translation without 
rotation, and (b) rotation without translation 

Special Case 1•  Ship Motion with Translation Only (without rotation) 

(5) 
2 2   2 

r     ' MI,i 2 k +a Cos E„„ = -s- M'U    =—=— ett  2   o     ,22 
k +a „ 

When |3 - 90°,E £r = 4M'
U
 
2 —-- eff  2  i , 2^ 2 k +a (6) 

where —=—5- is an eccentricity coefficient 
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Special Case 2. Ship Motion with Rotation Only /without translation) 

k +a 

In this case, the energy to be absorbed by fender can be expressed as 
a function of the velocity at the point of contact, which is 

Vo " V W) 

Eeff = IM'Vo27272- 0) 
k +a 

The motion of a berthing ship has been treated as a dynamic problem of 
three degrees of freedom by Hayashp and Shirai (I963)  sway, yaw, and roll 
The kinetic energy of the berthing ship is absorbed by the following modes 
(a) elastic deformation of fender system, berthing structure, and ship hull 
due to sway motion, (b) swing of ship due to yawing motion, and (c) heeling 
of ship due to rolling motion  The dynamic equations are 

Sway      y + (2_) y + a6 + h<j> = 0 (10) 

k a 
Yaw      8 - (-S-s-) y = 0 (11) 

M'HT 

Wh        k h 
Roll      <(,+ (_!!») ^ . ( e j      0 (]2) 

M'lC       'M'lC 

By solving the above equations with given initial conditions, one can ob- 
tain the maximum overall deformation (ymax) of fender system, berting structure, 
and of ship hull at the point of contact  Then the effective energy to be ab- 
sorbed by the fender systems can be determined  The overall effective spring 
constant, ke, consists of elastic characteristics of fender system, berthing 
structure, and ship hull. The values of 9 and cj> represent angle of yaw and 
angle of roll, respectively. The values of h and hm represent the vertical dis- 
tance from center of gravity of ship to point of contact between fender and ship, 
and the height of metacenter of the ship, respectively  Ship displacement is W 
The value of a is the distance between point of contact and center of gravity of 
ship along the longitudinal axis. K is the radius of gyration of the ship 

Water wave effect on berthing ship was studied by Wilson (1958)  Wave 
effect would be minimum if berthing operation is made on a head sea, but the 
force will be considerable if berthing is in beam sea  The type of berthing 
structure is particularly important  For an open-type structure, waves will 
be transmitted without sensitive reflection but for a closed-type structure, 
a standing wave system will be formed to effect the berthing ship. Wilson de- 
rived formulas for berthing ship under wave action on impact with both open and 
closed type structures when impact is at the center of gravity of ship, during 
which sway motion is only concerned. 
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1   „.[,,        Ag  Sinh kd  -  Sinh ks  Sin kB/2] 
Open-type structure        E

ff = 2 M [Uo + 5D  Cosh kd kE7T~J (13) 

1   UiL    J-  2Aq  Sinh  kt  -  Sinh  ks  Sin2  kB/2J 
=  2 M  lUo      "of Cosh  kd kB/2    J 

2  ,„/ol2 1 1 7Un   sinh   kr   -   Sinn   KS   sir      '-«'•• 
Closed-type structure   E-, 

2ir 
where A -  wave amplitude, 1 = wave length, k = —r- wave number, d = water depth. 

S = wave slope, B = ship beam, D = ship draft, a = —; T = wave period, g = 

gravitational acceleration  Unfortunately, yawing and rolling motions are not 
considered  However, this can easily be taken into account based on Vasco Costa's 
fo rmu 1 a s . 

The mathematical treatments of the berthing ships described above are 
quite complicated for practicing engineers  Major difficulties are due to 
the fact that the dynamic equations involve several undefined parameters such 
as hydrodynamic masses, wave forces, vertical moments of inertia of ship, 
and ship velocity in translation and rotational motions  When the fender 
system is having non-linear elastic characteristics and the effects of natural 
excitations from winds, waves, and currents are taken into account, the situa- 
tion becomes worse, if not hopeless, for mathematical solutions  Keeping 
these factors in mind, and being realistic in dealing with berthing problems 
involving human factors also, it is considered feasible to design fender sys- 
tems by a semi-theoretical and semi-emp1rical approach which will be discussed 
in this paper   In view of the fact that semi-emp1rical approach seems satis- 
factory only when proper engineering judgement is achieved, pertinent informa- 
tion is furnished in this paper on the relative merits of different fender 
types, the choice of design berthing velocity, hydrodynamic mass, cost-effect- 
iveness, and other factors as related to local marine environment and navigation 
cond1tions 

Model experiments and full-scale observations or measurements have been 
used to supplement the mathematical treatment. Statistical approach has also 
been used for the purpose of finding ways to improve berthing operations  In 
Great Britain, the British Petroleum Company (Saurin, 1963 and 1965) and the 
Hydraulic Research Station, Wallingford (1961, 1962) are the major contributors, 
berthing forces of large tankers are assessed to establish a realistic design 
criteria based on semi-empirleal approach   In France, the Port of LeHare con- 
ducted model experiments on the berthing energy of ships with both translation 
and rotation motion of ship due to wind effects (Giraudet, 1966)   In the U S , 
this author conducted full-scale investigations of berthing impacts and evalua- 
tions of a Hydraulic-pneumatic floating fender (Lee,1966a)  In Norway, field 
measurements were made of berthing forces of a ferry boat (Tryde, 1965)   In 
Japan, Shiraishi (1962) conducted field tests from which an approximate solu- 
tion of berthing impact force was recommended 

GENERAL TYPES OF FENDER SYSTEMS 

Standard pile-fender systems  This type of fender system employs piles 
driven into the ocean bottom along a wharf face  Impact energy is absorbed 
by deflection and limited compression of the pile  Energy absorption capacity 
is dependent on size, length, penetration, and material of the pile  It is 
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determined on internal strain-energy characteristics (Figure 't)  The energy 
absorption capacity is very limited; it declines rapidly as a result of bio- 
deterioration and mechanical damage (Figure 5).  Steel piles are occasionally 
used for fendering in water depth greater than ^tO feet or for locations where 
very high strength is desirable.  Regular reinforced concrete piles are un- 
satisfactory.  In some cases, prestressed concrete piles with rubber buffers 
at deck level have been used with success. 

Retractable fender systems' This type of fender retracts under impact, 
thereby absorbing energy by action of gravity and friction.  Energy absorp- 
tion depends on (a) effective weights, (b) the maximum amount of retraction of 
the system, and (c) the angle of inclination of the supporting brackets. 

The use of composite inclined planes of supporting brackets and proper 
selection of the maximum retraction are the most feasible means for attaining 
design energy-absorption capacity  (See Figure 6 )  Deterioration of timber 
frames does not materially reduce energy-absorption capacity, nor is capacity 
dependent on internal strain energy as with timber piles. 

Rubber fender systems: Rubber fender systems consist of rubber-in 
compression, rubber-in-shear, and rubber-1 n-bending buffers  These resilient 
units are normally installed behind standard fender piles so as to increase 
the energy absorption capacity. 

Energy absorption of the rubber-in-compression system is achieved by a com- 
pression of the rubber tubes or solid blocks in axial or radial directions 
The capacity may be increased by using multiple layers; thus also keeping the 
resistance force to dock or ship at a reasonably low level. 

The rubber-in-shear system consists of a series of rubber pads bonded 
between steel plates to form a series of "sandwiches" which are mounted 
firmly as buffers between a pile-fender system and a pier  The improved version 
of the so-called "Raykin" buffers have been designed to have a 100 percent 
overload capacity. This type of fender is most suitable for berths designed 
for servicing large tankers because of its high energy absorption capabilities. 
It is capable of resisting direct and glancing impacts.  Because of its stiff- 
ness and lack of suitable responsiveness to widely varying amounts of impact, 
it is unfit for servicing vessels varying widely in size at a berth 

The rubber-in-bending system, so-called "Lord" flexible fender, consists 
of an arch-shaped rubber block bonded between two steel plates  Impact energy 
is absorbed by bending and compression of an arch-shaped rubber column  When 
an impact force is applied, it will build up a relatively high load with small 
deflection, buckle at a further small deflection, and maintain a virtually con- 
stant load over the range of buckling deflection (Fig  7)• 

Rubber-in-torsion fender is a rubber-and-steel combination fabricated in a 
cone-shaped compact bumper form, molded into a specially-cast steel frame and 
bonded to the steel.  It absorbs energy by torsion, compression, shear, and 
tension.  However, most energy is absorbed by compression (Lee, 1965a) 

Gravity type fender systems.  Gravity fenders are normally made of con- 
crete blocks suspended from a heavily constructed wharf deck  Impact energy 
is absorbed by moving and lifting the heavy concrete blocks  High energy 



MARINE FENDER SYSTEMS 1167 

15 

10 

Energy Absorption 
Correction Factor 

Greenheart       3 40 

Gum                    1  53 
Cvpress             1  10 
Douglas fir or 
Southern pine 1  00 ^^ 

\£ 
GitJ*"- n»tt^ 

fr****00* 

JLiSl^ 
jMSJ*^ 

i^^aai^ 

^ Average length of the pile is approximately 
1 2 times the supported length     The total 
length depends on the depth of penetration 

depth 

The curves are based on Douglas fir or 
Southern pine 
iiii. 

30 ko 50 60 
Supported  length of pile   (ft) 
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Overload 
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Fig. 6      Operation of modified  retractable  fender system 
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The part number 2F-212   is  defined as  a "Lord"  rubber 
fender having an energy-absorption  capacity of 21,200 
foot-pounds  at  full   deflection of  16   inches. 

Fig    7      Load-deflection  and energy-absorption  characteristics 

of Lord flexible  fender 
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absorption is achieved through long travel of the weights  The movements may 
be accomplished by (l) a system of cables and sheaves, (2) a pendulum, (3) trun- 
nions, or (4) an inclined plane  The type of gravity fender suited to a given 
situation depends on tidal conditions, energy-absorption requirements, and other 
load environmental factors such as exposures to wind, waves, and currents  For 
example, heavy vertically-suspended gravity fenders are commonly used in ex- 
posed locations with large tidal ranges 

Pneumatic fender systems  Pneumatic fenders are pressurized and airtight 
rubber devices designed to absorb impact energy by compression of air inside a 
rubber envelope  These pneumatic fenders are not applicable to fixed dock- 
fender systems but are feasible for use as ship fenders or shock absorbers on 
floating fender systems  A proven fender of this type is the pneumatic tire- 
wheel fender  This system consists of pneumatic tires and wheels capable of 
rotating freely around a fixed or floating axis  Energy-absorption capacity 
and resistance load depend on the size and number of tires used and on ini- 
tial air pressure when inflated 

Hydraulic and hydraulic-pneumatic fender systems. This system consists 
of a cylinder full of oil or other fluid so arranged that when a plunger is 
depressed by impact, the fluid is displaced through an invariable or variable 
orifice into a reservoir located at a higher elevation  When the ship impact 
is released, the high pressure inside the cylinder forces the plunger back 
to its original position, and the fluid flows back into the cylinder by gravity 
The system is non-floating  Its most common use is in locations of severe 
wind, wave, swell, and current conditions 

,Flf! 

Hydraulic-pneumatic floating fender system  This system consists of 
a floating rubber envelope filled with water, or with water and air, which 
absorbs energy by viscous resistance and/or by compression of air  This 
fender seems to meet certain requirements of the ideal fender but is considered 
expensive in combined first and maintenance costs 

A new patented (Figure 8) concept has been 
developed by this writer to overcome the 
existing deficiencies of both pneumatic and 
hydraulic fenders by combining the pneumatic 
and hydraulic principles within a single 
marine fender  As shown in Figure 8, the 
system employs a pair of inflatable rubber 
bags, one being an exterior bag and the 
other being a smaller interior bag which 
is located within the exterior bag  The 
interior bag which is sealed when in use, 
may contain air or foam cushion and is suf- 
ficiently smaller than the exterior 
bag so as to define a chamber therebetween 
for containing water  A conduit means may 
be connected to the exterior bag so as to 
communicate the water chamber with the 
exterior body water  The marine fender 
will absorb high impact loading without 
bursting because of pressure relief caused 
by the escaping water through the conduit 
means  After berthing, the fender will 
provide even improved cushioning over the 
pneumatic type fenders since the water 
discharge effect will minimize the high 

-11- A new concept of hydrauli 
pneumatic fender 
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rebounding effect of the pneumatic bag  It is expected that the new fender 
is particularly feasible for use as separators between ships or small crafts 
It is sensitive to both berthing and moored vessels. 

Torsion fender system. This is a new concept developed by Mr. Turner 
and Prof. Baker of the Cambridge University Engineering Laboratories. The 
so-called "Cambridge" finder has been tested with success in both laboratory 
and field installations  It employs the principles of energy absorption by 
plastic deformation of metals  The system consists of a plastically de- 
formable torsion and a mechanism transforming the berthing impact into the 
shock absorber 

timber pile 

I; rubber fender 

hydraulic- , 
'pneumatic/ 

Fender Deflection (Inches) 

Fig 9  Load-deflect ion characteristics 
of various fender systems 

To assist the practicing en- 
gineers in the selection of the 
desirable type of fender system, 
Table 1 is prepared summarizing 
major advantages and disadvan- 
tages of various fender systems 
described above.  Load-deflection 
characteristics are compared in 
Figure 9 

For case histories and detailed 
comments on each system, see U S 
Naval Civil Engineering Labora- 
tory's technical reports   (a) 
"A Study of Effective Fender 
Systems for Navy Piers and Wharves," 
R-312, March 1965, and (b) "Re- 
view of 'Report on the Effective 
Fender Systems in European Countries' 
by Risselada and van Lookeren 
Campagne," R-376, October 1965 
(Lee, 1965 a, b) 

DESIGN CRITERIA RECOMMENDED FOR MARINE FENDER SYSTEMS 

General. A variety of factors affect the proper selection of a fender 
system. These include local marine environment, exposure of harbor basins, 
class and configuration of ships, speed and direction of approach of ship 
when berthing, available docking assistance, type of berths, and even skills 
of pilots or ship captains.  It is considered impractical to standardize fender 
designs since local conditions are rarely identical. Previous local experience 
in the application of satisfactory fender systems should be considered, parti- 
cularly cost-effectiveness characteristics. 
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Design Procedures 

1. Examine local marine environment and exposure conditions  Local 
natural environment and the degree of protection of harbor basins are important 
factors in fender system selection  A classification of marine environments and 
navigation conditions is shown in Table 2  Designers may determine local 
navigation conditions based on local marine environment. 

2 Determine the displacement tonnage of ship  The fender capacity 
for any ship depends not only on its size, but also on its frequency of arri- 
val  Average size of ships using the berth (i.e , one-half to two-thirds the 
maximum) should be selected for design. Displacement tonnaae is used in measur- 
ing the size of ship  For design of general -cargopiers and wharves, 20,000 
long-tons may be considered as design displacement. 

3 Determine the berthing velocity, V. Berthing velocity is determined 
with due consideration of(a) the size of the vessel, (b) the berthing method 
(broadside, approach with angle to dock face, with or without tug assistance, 
(c) navigation condition, and (d) type of dock  Figure 10 shows the range of 
berthing velocity which may be selected for design ships up to 200,000 long- 
tons displacement 
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Fig. 10  Berthing velocity vs. ship displacement. 
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]/ Navigation conditions {Risselada and van Lookeren Campagne, 1964) 

2/ Navigation conditions (Baker, 1954) 

1 Good approach and sheltered 
2 Difficult approach but sheltered 
3 Moderate approach but exposed 
4 Good approach but very exposed 
5 Difficult approach and very exposed 

If the fender system 
is designed for ships 
of 20,000 long-ton 
displacement, berthing 
speed recommended is 
shown in Figure 11 

Fig  11  Ship approach speeds recommended 

A.  Determine the effective mass or virtual mass of a vessel  When a 
ship approaches a dock, the berthing impact is induced not only by the mass of 
moving ship, but also by the water mass moving along with the ship  The 
latter is generally called the "hydrodynamic" or "added" mass  In determin- 
ing the kinetic energy of a berthing ship, the effective or virtual mass (a 
sum of ship mass and hydrodynamic mass) should be used  The hydrodynamic mass 
does not necessarily vary with the mass of the ship but is closely related to 
the projected area of the ship at right angles to the direction of motion 
Other factors such as the form of ship, the water depth, the berthing velocity, 
the acceleration and deceleration of the ship would have some effect on the 
hydrodynamic mass.  Taking into account both model and prototype experiments, 
the hydrodynamic mass can be estimated as 

= ChM 2 (D/B) M (15) 

Thus, the virtual mass 

M'=M + M, =(1+2 D/B) M = C M 
h m 

(16) 
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where 
M. = hydrodynamic mass 

C, = hydrodynamic coefficient 

M = s hip ma s s 

B = beam of ship 

M1 = virtual mass or effective mass 

C = virtual mass coefficient m 

D = draft of ship 

Adopting Vasco Costa's formula, a graph (Figure 12) of Cm versus vessel size 
(long tons) has been plotted, using dimensions of some 70 U S Naval vessels 
in the 2,000-20,000 long-tons class  The virtual mass coefficient as predic- 
ted by Vasco Costa's formula is adequate for ships berthing at moderate to 
high speed  Caution should be exerted when design speed is low (Lee, 1966a) 

2.6 
Cm = 1   + 2 D/B) 

rafter 
D=dra 

Vasco tasta(.!9bf 
ft           B=beam 

1.1 

. '      . 
1.8 *     *.• * " ** 

 ••-"• "TV  '• JT«- 

1.1 

• , . • 
• 

i n u\ 4 8 1 2 1 6 2( 

Ship Displacement (Long-tons) 

Fig 12  Virtual Mass Coefficient versus Displacement 
(Thron, 1966) 

5  Determine the kinetic energy (E) of berthing ship 

,2 
E = M

1 

E = 0 209 C WV (17) 

where 
E = kinetic energy of berthing ship in inch-tons 
W = ship displacement in long-tons 
V = berthing velocity normal to dock in feet per second. 

6   Determine effective berthing energy of ship to be absorbed by fender 
system 

E'„ff= CE = 0.209 C C WV2 err m 

C = C  C  C , C (18) e g d c v ' 
where 

E'eff
= kinetic energy to be absorbed by fender system in inch-tons 

C = berthing coefficient 
C = eccentricity coefficient e 
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C = ship geometric coefficient 

C, = ship deformation coefficient 

C = berth configuration coefficient 

Eccentricity coefficient, C , is expressed as C 
k2 

e     2^.2 
a + k 

where a = distance between the point of impact and the center of gravity of the 
ship 

k = ship radius of gyration about the axis - frequently 0 20 to 0.29 
times the ship length 

The value of C varies from 0 1h  to 1 0 
e 

Geometric coefficient, C , depends upon the geometric configuration of the ship 
at the point of impact 9lt varies from 0 85 for an increasing convex curvature 
to 1 25 for concave curvature  Generally, 0 95 is recommended for the impact 
point at or beyond the quarter points of the ship and 1 0 for broadside berth- 
ing in which contact is made along the straight side 

Deformation coefficient, C ., corrects the energy reduction effects due to 
local deformation of the ship's hull and deflection of the whole ship along 
its longitudinal axis  The energy absorbed by the ship depends on the relative 
stiffness of the ship and the obstruction. The deformation coefficient varies 
from 0.5 for a nonresilient fender to nearly 1 0 for a very flexible fender 

Berth configuration coefficient, Cc, provides for the water cushion effect 
between pier and ship.  It is recommended that 0 8 be used for a closed 
wharf, 0.9 for a semi-closed type, and 1 0 for an open pier 

The berthing coefficient, C, is frequently assumed to be 0 5 where insufficient 
information is available to allow evaluation of individual coefficients  A 
higher coefficient must be used if broadside berthing is always involved 

7   Nomograph. A published nomograph (Fig 13) is reproduced on the fol- 
lowing page to facilitate the determination of the energy-absorption require- 
ment of a fender system 

8. Compare the energy-absorption capacity requirements determined from 
(7.) above or with Figure lion the following page if the fender system is de- 
signed for ships up to 20,000 long-ton displacement for a specific navigational 
condition 

9   Select the final energy-absorption capacity of the fender system, 
taking into account frequency of berthings, probability of accidents, and 
expenses that may be involved in the construction, repair or replacement of 
the main berthing structure, the fender system, and the ships. Cost-effective- 
ness should be studied in order to determine the feasibility of selecting a 
high-energy absorption fender system, particularly as compared with existing 
systems  An example is given in Appendix A 
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HYDRODYNAMIC     BEAM      HYDRODYNAMIC     EFFECTIVE EFFECTIVE VELOCITY* ENERGY BERTHING ENERGY TO BE 
MASS FT/SEC FT KIPS COEFFICIENT ABSORBED BY FENDERS 
ME=MH+MV V E CB FT KIPS 

Velocity normal to pier at point of impact 

Fig.   13      Nomograph - Energy absorption   requirements   for marine  fender systeir 

(Courtesy of Lord Mfg    Co.) 
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OTHER RECOMMENDATIONS PERTINENT TO FENDER TYPE SELECTION 

Selection of a fender system for a given installation is based on the 
following factors. Pertinent recommendations are given as follows: 

1 Exposure conditions  In exposed locations or in areas subject 
to seiche, a resilient system such as a rubber fender system, should be 
used.  In sheltered basins, a standard timber-pile system, a hung system, 
or a retractable system is generally used. 

2 Berthing ship versus moored ship 

(a) For locations where berthing operations are hazardous, stiff 
fender systems with high energy-absorption characteristics are 
advisable. 

(b) For locations where the behavior of the already moored ship is 
the governing factor, soft fenders with soft mooring ropes are 
feasible in minimizing mooring forces and ship motion. 

(c) Where berthing operations and the behavior of moored ships seem 
to pose problems of equal importance, it is best to choose a 
fender of intermediate type that can act stiffly during berthing 
and softly when the ship is moored  Hydraulic-pneumatic fender 
systems meet such requirements 

3.  Acceptable lateral load to docks  At berths for vessels up to 
20,000 long-ton displacement, the acceptable lateral loading to dock should be 
kept within 3,000 to 3,500 pounds per linear foot of berth. Special tanker 
berth may be acceptable for higher lateral loading 

li.      Acceptable hull loads. For vessels from 15,000 to 20,000 tons, hull 
pressure of 35 psi is acceptable in general, with overloads of up to 50 psi 
as an upper limit. 

5   Maximum allowable distance between moored ships and dock face 
The maximum limit is 4 to 5 feet for general cargo berthNo problem exists 
if the fender system is for a tanker berth involving fuel supply only. 

6. Pier type as related to fender system selection 

(a) Open pier. Any type of fender system may be applicable. 

(b) Solid pier This type has little resilience. Consider use 
of resilient or retractable fenders to minimize vessel damage. 

7. Miscellaneous factors related to fender system selection 

(a) Resistance to tangential forces 

(b) Reliability in operation. 

(c) Cost of maintenance. 

(d) Evaluation of systems that have given satisfactory service 
at or near the proposed installation. 
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(e) Resistance to longitudinal component of berthing force 

(f) Ease and economy of replacement 

(g) Available docking assistance 

(h) Skills of pilots and  captains during docking 
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APPENDIX A 

EFFECTS OF BIOLOGICAL DETERIORATION AND PHYSICAL DAMAGE ON THE 
EFFECTIVENESS OF TIMBER FENDER SYSTEMS 

Biological deterioration and mechanical damage by berthing and moored 
ships have significant effects on energy-absorption capabilities of 
conventional timber piles  The fender effectiveness depreciates hyperboli- 
cally as the treated and untreated piles are attacked by molluscan and 
crustacean borers such as Teredo, Bankia, and Limnona  Therefore, most 
timber fender systems in existence are weakened, having a lower energy- 
absorption capacity than originally designed.  Considerable efforts and 
money would have to be expended to maintain the existing systems to an 
acceptable level in order to meet their performance requirements.  In some 
cases, annual cost or capitalized cost seems considerably higher than 
generally realized. To evaluate the cost-effectiveness characteristics, 
Lee (1966b) conducted on-site investigations and subsequent technical and 
economical analyses of existing timber fender systems at 10 representative 
United States Naval stations and shipyards, covering a total of approxi- 
mately 200,000 linear feet of berth.  Discussions included  cost- 
effectiveness aspects, relative merits of creosoted versus untreated 
fender piles of Douglas fir, Southern pine, oak, gum, cypress, and eucalyp- 
tus, extent, cause, and possible solution of fender problems, distribution 
of fender damage by biological deterioration and ship damage to sound or 
weakened piles, and physical factors such as marine environment, birth 
usage, and other navigation conditions as related to above 

Cost Effectiveness Analysis Criteria  In formulating criteria to 
evaluate cost-effectiveness of an existing fender system in a particular 
environment, effectiveness and cost must be considered on a long-term basis 
Therefore, the initial values are not necessarily the control factor. The 
most effective fender system must meet not only service requirements 
initially, but also maintain its effectiveness during a substantial life. 
The most economical fender system must offer the lowest combined initial 
and maintenance costs over an extended period.  An ideal fender is a system 
which is most effective and most economical over its lifetime  A fender's 
effectiveness is measured by (a) system serviceabi1ity, (b) system 
reliability, and (c) system availability.  Lack of proper record would 
prevent a meaningful evaluation of the serviceability and availability of 
existing fender systems. Therefore, reliability may be the yardstick in 
evaluation of the effectiveness of the existing fender systems. Reliability 
is determined from energy-absorption capacities with the consideration of the 
biological deterioration and physical damage to piles.  Comparative economics 
of pile fender systems is determined by annual cost and/or capitalized cost 
methods involving an assess of the related factors such as initial construc- 
tion costs, maintenance and replacement costs, and physical life of the 
system.  Indirect costs such as demurrage costs resulting from repairing 
accidental damage to berthing ships or dock, and obsolescence costs are not 
normally considered due to unavailability of such data. The method of 
economic analysis is described elsewhere (Garbaccio et al , 1966, Lee, 1966 b) 

Energy-absorption capacity of a fender system is determined from the 
summation of the total initial strain energy of the total fender piles in 
action over a 150-foot berth length which represents the normal contact 
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length of a 20,000-ton cargo transport      Effectiveness  can be  reduced  to 
as  much as  28% and as   low as  99% of the original   capacity,  depending 
on  the efforts exercised  in  fender maintenance and  replacement   (Fig     15) 
The fender effectiveness  can be determined from a well-kept pile 
deterioration and  replacement   record.     The annual   cost  can be computed 
from cost data collected over an extended period.     The   life of existing 
fender systems should be determined  from actual   pile  replacement   records 
As  shown   in  Fig     15,   it seems  apparent  that  the  fender  life   is   closely 
related to berth usage and  to the extent of mechanical   damage by ships 
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CHAPTER 74 

HI-DRO CUSHION CAMEL-a new floating fender concept 

by D B Ford, P. t.,  Research and Design Engineer 
B 0 Young, P E , Research and Design Engineer 
G M Walker, P E., Chief Engineer 

John Rich Enterprises, Inc , Sacramento, California, U.S A. 

ABSTRACT 

A new floating fender devise designed to absorb berthing energies of ships 
against piers or harbor structures is described  The principles governing the 
design and operation of the Hi-Dro Cushion Camel are reviewed  The materials 
used in construction and the results of testing on the prototype are also ex- 
plained and illustrated. Cost data and other information are given to permit 
evaluation and economic comparison with other systems. The Hi-Dro Cushion 
Camel consists of rectangularly arranged thin-walled plastic cylinders 
grouped in clusters in a sandwich between two structural diaphragms  The 
cylinders are submerged in water and are completely enclosed except for an 
air vent hole and pressure regulating orifice  The orifice controls the 
pressure build up and water release as the tube walls are pushed together at 
varying velocities. The ability of the device to adapt to variations in 
vessel displacement, pier flexibility and berthing velocities, is also dis- 
cussed 

HISTORY OF DEVELOPMENT 

In November and December, 1967, a new floating fender system called a Hi- 
Dro Cushion Camel was constructed and tested at Treasure Island U.S Naval 
Station in San Francisco Bay. Encouragement for development of this new 
device came from officers at Treasure Island after witnessing the effective- 
ness of the Hi-Dro Cushion cells [see Figure No 1) attached in a single row 
on 12-inch centers to a small-boat marina pier. The cells effectively cush- 
ioned a five-ton liberty boat being berthed at speeds which normally are un- 
safe, without causing damage to the boat or pier  Previous to the Treasure 
Island Boat Marina demonstration, reviews and studies of literature on berth- 
ing and mooring forces of ships (3,4,b) available to the writers and coupled 
with experience obtained in highway safety experiments on this new system 
(1,2) confirmed that a heavy marine application of the Hi-Dro Cushion cell 
system was feasible both structurally and economically  Adding to this the 
interest of U.S Naval officers, a prototype was developed which is shown in 
Photo No 1. The prototype diaphragms were constructed from available tim- 
ber pilings bolted together at the centerline position of the clusters. To 
these bolts, 3/8-inch diameter wire cables were strung in a diagonal lacing 
pattern to resist the longitudinal stresses that would be transmitted from 
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the ship to the pier. The Hi-Dro Cushion Ca- 
mel prototype contained eighty-four (84) 36- 
inch long cells grouped in four clusters. 
No provisions were made in this camel to 
overcome the bouyancy so as to completely 
submerge the cell cluster chambers; however, 
allowances were made in the orifice design 
for air voids in the cells. Ideally for most 
efficient use of the cells, they should be 
completely submerged without air voids. The 
prototype was designed to absorb the energy 
of a 100 ton vessel berthing at a velocity 
of 6 feet per second or a 1,000 ton vessel 
berthing at 2 feet per second. Tests on the 
Hi-Dro Cushion Camel revealed that this ob- 
jective was reached. 

THE WATER-FILLED PLASTIC CELL 

'/4- - 

Instrt 
permanently  bonded 

to Cell 

Frf 
l/8"Air V«nt 

Orifice 

.d« 

3? 
{Size is dependent 
on impulse of Vessel) 

Figure HI-DRO   CUSHION   CELL 
DETAIL 

The use of a plastic cell filled with 
water and containing orifices to absorb 
energy was originally developed under patent 
by John W. Rich of Sacramento, California 
for use on automobiles. The automobile water bumper is essentially a horizon- 
tally mounted Hi-Dro Cushion cell mounted at front and rear of a car to provide 
energy absorbing protection. The effectiveness of this system to reduce damage 
and injuries in automobile collisions is presently becoming more clearly estab- 
1i shed. 

The plastic material makes an ideal container in that it can be molded or 
extruded in various shapes and sizes. The six-inch diameter cylinder was found 
to be well suited for use in clusters formed to protect rigid highway hazards 
such as lighting poles, bridge piers and abutments. The wall thickness and 

Photo No. 1.-Hi-Dro Cushion Camel Prototype. 
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Figure No.  2.- The Hi-Dro Cushion Floating Fender system. 

diameter can be varied to suit the stress capability of the plastic material for 
a specified dynamic pressure     The plastic material used in the prototype camel 
is made from high quality vinyl  resins of a high-molecular weight homopolymer 
combined with totally primary plasticizing systems     This plastic possesses the 
ability to remain plastic at low temperatures and resist distortion at high tem- 
peratures      The plastic contains stabilizers that inhibit ultra-violet harden- 
ing and permit long life under exposed atmospheric conditions.    The plastic re- 
sists barnacle attachment and attack of marine organisms. 

The vinyl  plastic has demonstrated its capability to withstand numerous im- 
pacts without suffering damage.    If failure does occur, however, additional en- 
ergy is absorbed and the plastic cell  is inexpensive to replace.    The six-inch 
diameter cells tested and designed for highway applications are capable of sus- 
taining short-duration (300 millisecond) pressure peaks over 200 psi.    In marine 
uses, however, the impulse periods are longer (4 to 10 seconds).    Because the 
plastic is quite strain-rate sensitive, the ultimate strength of the plastic re- 
duces with increasing load time.    This requires the exercise of judgement in as- 
signing allowable design pressures in marine applications 

The testing on the prototype demonstrated the distinct capability of the 
plastic cell clusters to restore to their original shape     The reforming force 
of the cells refilled the clusters within a five to seven second time period 
after the collapsing load was released 
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THEORETICAL CONSIDERATIONS 

Figure No. 2 is a drawing of a Hi-Dro Cushion Camel that incorporates one 
major improvement over the prototype. The diaphragms provide a flat surface to 
bear against the cell clusters. This inhibits the buildup of uneven pressures 
in the cell ranks and makes the stresses more uniform. Because the cells are 
constructed with a given size orifice, the pressure impulse of the clusters will 
vary with the berthing velocity of the ship. The impulse equals the product of 
internal cell pressure times the area of the cell clusters in contact with the 
diaphragm times the change in time or. 

Impulse = T/g pA dt 

Where T is the displacement weight of the vessel, dV is the change in velocity 
of the vessel, g is the gravitational constant, p is the pressure, A is the area 
of contact between the cells and diaphragm and dt is the change of time. The 
kinetic energy formulas can also be used to make analysis for a given set of 
conditions. Further simplifications are possible by assuming constant accel- 
erations and applying an impact or dynamic factor to account for the force-time 
variations in the equation. The dynamic factors can be verified through experi- 
mentation. 

6 O-r-60 

u   2 0--20 

(I) Computation from 64 frames/second 
film reduction measuring 6 frame differential 

and computing deceleration at 9v*ry 4th frame 

DECELERATION 

Vessel  Displacement   300   LT 
initial   Velocity (I)    3 60 ft/sec 

500 

MILLISECONDS 

Figure No. 3.- Test No. 9-Hi-Dro Cushion Camel 
April 19, 1968- Treasure Island. 
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(1)   Computed from  64 frames par second film 
reduction   meosurlng  8 from** differential 
at  every  4th frame 

Vessel    Displacement    900 LT 

Vo *  3 00 ft/»ec 

,CELL   PRESSURE  CURVE 

I 600 2 000 

TIME - SECONDS 

Figure No. 4.- Test No. 8- Hi-Dro Cushion Camel. 

TESTS   1-9  •   10    IS 

TREASURE    ISLAND 

HI-DRO   CUSHION    CAMEL 

TEST   SITE  PLAN 

TESTS  I   THRU IT 

LOCATION TEST 

Figure No. 5.- Test Site plan. 
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HI-DRO CUSHION CAMEL TESTS 

Figure No. 5 illustrates the layout of the pier section at Treasure Island 
Station where two series of tests were conducted on the Hi-Dro Cushion Camel. 
Photo No. 1 shows pier construction which is identical to the test site. 

Tests 1 thru 9 were run on April 19 1968 using a 300 long-ton vessel 
impacting bow-on into the camel. Velocities into the camel varied between 1.5 
and 3.6 feet per second. Acceleration data were measured and computed from 
16 m.m. film shot with a Bolex Camera operating at 64 frames per second. 
Pressure measurements in the cell clusters were recorded on Polaroid film using 
a C-30 camera mounted to the face of a Tektromc Oscilloscope (2 channels) 
Type 422 manufactured by Tektromc, Inc. of Portland, Oregon. The pressure 
transducers were Teleflight Series 185 manufactured by Taber Instrument Corp. 
of North Tonawanda, New York. The transducers were located in the same cluster 
and in adjacent cells (See Figure No. 5). Although the cell clusters con- 
tained two sizes orifices, nearly identical pressures were recorded in the 
cells. The orifice sizes were distributed in a checkerboard pattern. 

Tests 10 thru 17 conducted on May 13, 1968 used a 400 long-ton displace- 
ment vessel. Velocities at impact varied between 1.6 and 3.2 feet per second. 
Acceleration and pressure measurements were recorded similar to the previous 
series. Additional Fastax film data was recorced on several hits to measure 
the fender pile deflections. Transducers were installed in separate units 
to determine the magnitude of dampening from cluster to cluster due to flex- 
ing of the diaphragms. 

The fender pilings were 12-inch nominal diameter and extended 30 feet 
from the deck to the mudline. The water depth was about 18 feet for the first 
series of tests and about 22 feet for the second series. 

In both series of tests the bows of each vessel had smooth recedinq 
curvatures that would cause the camel to sink under the bow except at the 
slower velocities. The override occurred, however, only after the camel had 
taken most of the energy out of the impact. The tug operator diring test 1 
thru 6 had difficulties in controlling the ship due to wind conditions. The 
quarter!no winds tended to cause the tug at times to hit off-center from the 
intended target. Tests 7 thru 9 were made on target (See figure No. 5 which 
shows the locations that the vessel bow initiated contact with the camel). 
In the second series, the tug was under good control; however, separation of 
transducer connections at the cells, caused some failures in pressure readings. 

TEST RESULTS 

Figure No. 3 shows the graphic results of Test No 9. The tug impacted 
the Camel at an initial velocity of 3 60 feet per second. The computed 
deceleration curve exhibited some noise or oscillations which are also 
characteristic to film reduced decelaration data obtained by Warner in 
Brigham Young University experiments (2). Warner suggests that the noise can 
be filtered by applying a regression analysis. The deceleration curve plotted 
in Figure No. 7 (a) did recognize that a computed negative peak did occur even 
though the magnitude was insignificant. No attempt was made to make special 
curve fits for the computed deceleration curves. It was interesting to observe 
that the area under the Deceleration-Time curve of 3.63 fps compared closely to 
the initial velocity of the tug measured from the film data. In analyzing the 
curves shown in this paper, please note that the pressure and deceleration 
curves are shown together for convenience. The time correlation of the two 
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VS 
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TEST  NO 16       MAY 13,1968 
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Figure No. 6 - Tests No 16 and 17- Hi-Dro Cushion Camel 
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curves is not exact, however, it does permit a comparison of the shapes and 
lengths of the curves. 

Figure No. 4 shows a similar set of curves for Test No 8. At a time 
1.100 seconds in the event an extreme negative deceleration is shown followed 
by an almost equally excessive positive peak which indicate how parallax adjust- 
ments of the operator in measuring the film data affected the curve  It is not- 
ed that the pressure wave on the oscilloscope ends near the point of maximum 
penetration of the tug against the pier  Beyond this point in time the tug 
accelerated away from the pier. The acceleration was caused by stored energy in 
the pier, and the vessel reached a maximum rebound velocity of 0.66 feet per 
second. The percentage of stored energy is equal to 100 times the squared ratio 
of rebound velocity to initial velocity. For Test No. 8, the percentage of re- 
bound was about 5 percent of the total energy. This ratio, however, ignores 
the influences of hydrodynamic mass. It is characteristic that a slight mass- 
inertia effect takes place in the early stages of the pressure readings as the 
camel is suddenly accelerated by the vessel and brought to bear against the 
pier. The magnitude of the force is small because of the large mass of the tug 
compared to the mass of the camel  However, in other tests where the mass of 
the cushion system equals the weight of the moving mass, the mass-inertia con- 
siderations influence in a large measure, the magnitude of the forces that stop 
the vehicle. In the marine application, the pressure-resistance effects of the 
Hi-Dro Cushion Cells are primary. 

The deceleration and pressure time curves in Figure No. 6 (Tests No 16 
and 17) are similar to those obtained in Tests No 8 and 9. There was, however, 
a delay in the oscilloscope trace after triggering, before pressure readings 
showed itself on the scope. This resulted in a loss of measurements of the 
mass-inertia wave mentioned previously. In these tests, only channel 1 was re- 
corded due to failure in the transducer connection to Channel 2. The curves do 
correlate in location in time of the recorded peaks. The oscillations of the 
deceleration curves after pressure effects are over can be explained largely 
by the sinking of the camel as the bow of the tug rides over the camel and pene- 
trates closer to the pier face. This condition will not exist when most ships 
are being berthed along a pier. Most ships have sides nearly vertical at the 
waterline where the loads are taken. The loads will normally be uniformly dis- 
tributed in a horizontal direction and without a significant vertical component. 

Comparisons can be obtained in Figure No 7 in the plot of deceleration and 
pressure vs time or distance. The oscilloscope pressure readings and accel- 
eration measurements were assumed to correlate on the time base curve and this 
correlation was platted on the distance base recorded on the film data. The 
areas under the time based curves are a measure of the change in momentum while 
the areas under the distance-based curves are a measure of the energy. It can 
be noted that most of the energy is absorbed before the pressure in the cells is 
zero. The area under the deceleration-distance curve between 0.25 and 3..50 feet 
is 6.12 ft.2 per sec.2 which is 95 percent of the theoretical area. Tins area 
can be computed from the measured velocity of impact, I e. A = % \r or h  (3.6)2 
= 6.50 ft.2 per sec.2 The assumption that the remaining energy would be absor- 
bed in the pier agrees with the comparison made above in Test No. 8. 

Test No. 15 shown on Figure No. 8 provided some very interesting data about 
the flexibility of the round timber diaphragms. This was the only test in this 
series in which both pressure readings were recorded without a connection fail- 
ure. Figure No. 5 shows the location of the "bow-on" impact relative to the 
location of the transducers. The bow of the tug struck the camel at the unit 
where the Channel 2 transducer was placed and the pressure in this transducer 
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Figure No    7 - A comparison of time and distance curves for 
Test No    9- Hi-Dro Cushion Camel. 
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Figure no.  8- Test No 15, May 13, 1968, Treasure Island. Comparison 
of pressure distribution between adjacent clusters 
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was measured at 23 psi The impulse pressure recorded on Channel 1 was about 
60 percent of the value obtained in the Channel 2 cluster The clusters were 
spaced uniformly on the camel. 

UNIT COSTS 

Based upon experience and data gained from installation of the Hi-Dro 
Cushion Camel tested at Treasure Island, a 45 foot camel, as shown in Figure 
2 has been designed with an energy absorbing capability of 3,455 inch-tons 
The total cost of this camel is estimated at $4,500.00 installed. The cost 
in place then equals $1 30 per inch-ton per lineal foot  The plastic cell 
clusters comprise 49% of this total cost. 

OTHER APPLICATIONS 

Figures No 9 and 10 show what can be done to use existing fender material, 
reconfigured and assembled, to overcome a present fendering problem for a 
carrier breasted out away from the pier. Figures No 11 and 12 also show how 
an existing submarine camel can be adapted to receive the increased protection 
provided by Hi-Dro Cushion Cells. A solution for a breasting or turning dol- 
phin is shown in Figures No 13 and 14 

Extensive use in Europe of retractable fender systems has been noted in the 
literature and many otner types of fender devices are being developed or have 
been tested (7,8,9.). Some of the disadvantages of these systems can be over- 
come by using the Hi-Dro Cushion system. Energy absorbing capabilities of 
some devices can be complimented by adding Hi-Dro Cushion Cells to make the 
existing fendering system less sensitive to varying ship displacements. 

. ^ ',1 s.'l .".~"i~. 

HI-DRO CUSHION CAMEL FOR AIRCRAFT CARRIER 

Figure No. 9- Hi-Dro Cushion Camel Layout- Half Plan 
(See Fig    No.  10 for side view) 
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HI-DRO   CUSHION    CAMEL  FOR   AIRCRAFT   CARRIER 

Figure No 10- Aircraft camel detail 

AREAS OF INVESTIGATION 

The promise of this new floating fender system has opened areas of research 
that are important from an economic standpoint. Plastics are relatively new 
materials. Many plastic materials and systems with varying strength properties 
are being investigated for use in marine applications. There are many plastics 
that can be produced less expensively than the plastic materials used in the 
Camel at Treasure Island, however some are prone to harden and stiffen by ultra- 
violet deterioation .when exposed to sunlight. If the cells can be kept submerged 
and removed from the sunlight, the use of less expensive materials is possible 

Research is now in progress' on strength and durability of the various 
plastic materials, especially the fatigue characteristics. It is known that 
plastics can endure many short duration high peaks without damage. These limits 
are now being investigated at Brigham Young University 

CONCLUSIONS 

The tests indicate that the impulse period is lengthened and the forces 
are reduced during impact on flexible fenders protected by the Hi-Dro Cushion 
Camel. The benefical effects of the system become apparent. The plastic 
celled system has a high degree of adaptability to velocity variations and 
changing masses. This is a distinct advantage when considering piers with 
multiple use requirements. The Hi-Dro Cushion Camel is economical to construct 
Maintenance is not expected to be costly. 

Development of high strength plastics will also prove to be advantageous. 
As design pressures can be increased, costs will decrease also. 

The construction of larger vessels makes it necessary to develop econom- 
ical fendering systems. The Hi-Dro Cushion Camel system will most certainly 
fulfill some of these needs. Harbor structures constructed without fender 
systems that are adequate to prevent damage to ships, can now be inexpensively 
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Figure No.  11,- Submarine Camel 

SECTION   VIEW 
OF 

HI-DRO   CUSHION   SUBMARINE   CAMEL 

Figure No.  12 - Submarine Camel 
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Figure No 13- Turning dolphin details. 
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SECTION   VIEW   OF   HI-DRO   CUSHION    CAMEL 
FOR 

TURNING  DOLPHIN 

Figure No 14- Turning dolphin details. 
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and effectively protected  This effect alone can reduce shipping rates by 
inviting commerce from shipping interests that avoid hazardous ports 
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CHAPTER 75 

DURABILITY  OF CONCRETE  IN 
COAST PROTECTION WORKS 

by 

R.T.L. Allen1 and F.L. Terrett^ 

ABSTRACT 

Frost action and biological attack are not important 
causes of damage to concrete in coast protection works in the 
British Isles and no cases of alkali-aggregate reaction have 
been positively identified.  Chemical attack is usually 
confined to structures containing concrete of indifferent 
quality.  Damage to exposed concrete structures due to abrasion 
by wave driven shingle is, however, extensive at many sites in 
the United Kingdom and gives rise to a considerable maintenance 
problem.  A series of experimental panels was laid in the apron 
of a sea wall at Fleetwood in 1961 in order to compare the 
performance of different concrete mixes when exposed to attack 
by the sea.  Some provisional conclusions have been drawn from 
a study of the results of this experiment, and a survey of 
coast defence works in England and Wales has provided additional 
information.  Suggestions are made for further research into 
factors affecting the durability of concrete in coast protection 
works. 

SCOPE OF PAPER 

The deterioration of concrete structures as a result of 
chemical attack, repeated freezing and thawing, and alkali- 
aggregate reaction has been extensively documented, but 
relatively little information has been published about the 
effects of abrasion on concrete structures in marine environ- 
ments.  This paper deals in some detail with this problem as 
well as considering other, better known, causes of deterioration 
of concrete structures in the coastal waters of the British 
Isles.  It also touches briefly on some aspects of design and 
construction that have a bearing on durability of marine 
structures and makes some suggestions for further research. 

1. Area Engineer for the South West, 
Cement and Concrete Association, Cardiff, South Wales. 

2. Partner, 
Lewis & Duvivier, Consulting Engineers, London, England. 
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CAUSES OF DETERIORATION 

The main causes of deterioration of concrete in marine 
conditions are: repeated freezing and thawing; chemical attack; 
biological attack; mechanical damage, including abrasion; 
crystal growth; corrosion of reinforcement. 

FREEZING AND THAWING 

Severe frost is rare in the coastal waters of the British 
Isles and freezing and thawing is therefore not an important cause 
of damage to concrete in marine structures.  It may be a contri- 
butory factor in the deterioration of any concrete that is of 
indifferent quality, especially in places such as river estuaries 
where the salinity of the water is reduced. 

CHEMICAL ATTACK 

Most marine structures on the coast of Great Britain have 
been built with concrete containing ordinary or rapid-hardening 
Portland cement complying with BS 12.  These cements correspond 
approximately to ASTM Types I and III cements, but the alkali 
and magnesia contents of British Portland cements are usually 
rather lower than the corresponding American products, the 
maximum weight of magnesia being limited by the Standard to 4%. 
In a few cases, sulphate-resisting Portland cement has been used. 
This is approximately equivalent to ASTM Type V cement; the 
content of tricalcium aluminate is limited to a maximum of 3.5% 
and magnesia to 4%, 

Experimental work has indicated that in some circumstances 
special cements may be preferable to ordinary Portland cement in 
marine structures, particularly where they are subjected to 
alternate wetting and drying but, in spite of this, numerous 
structures built with ordinary Portland cement have given 
satisfactory service.  The only cases that the authors have 
observed in which chemical attack has clearly been a major factor 
in the deterioration of concrete in sea-water have been structures 
in which the concrete was of indifferent quality:  sometimes the 
cement content was inadequate and usually the concrete had not 
been properly compacted with the result that sea-water had 
permeated the full thickness of the concrete.  Some engineers 
consider that concrete made with sulphate-resisting Portland 
cement is more resistant to abrasion than concrete made with 
ordinary Portland cement, but it is possible that some instances 
of deterioration of ordinary Portland cement concrete which at 
first sight appear to be due to abrasion may have been aggravated 
by sulphate attack affecting the surface of the concrete and 
rendering it more vulnerable to damage by the action of waves and 
shingle.  The additional cost of sulphate-resisting Portland 
cement is low (currently 32s.6d. per ton), and its use may be a 
worth-while insurance where satisfactory repairs would be 
difficult or impossible. 
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Alkali-aggregate reaction is not considered in this paper 
because very few reactive aggregates are known to occur in the 
British Isles. 

BIOLOGICAL ATTACK 

Biological attack is not likely to occur in marine structures 
as stagnant conditions are generally required for the growth of 
the microbes.  It is possible however that microbes may contribute 
to chemical attack on porous or honeycombed concrete where the 
conditions necessary for their growth may obtain in the pores of 
the concrete.  Chemical secretions from the growth of seaweed on 
concrete structures may also contribute to surface deterioration 
(Plate I). 

ABRASION 

At many places on the coast of Great Britain, abrasion of sea 
walls and revetments by wave-driven shingle gives rise to a 
considerable maintenance problem.  A particular case is Fleetwood 
in Lancashire where the foundations of the sea walls along the 
west shore are protected by sloping aprons with wearing faces of 
granite blocks and concrete which require continual repair. 

In order to compare the performance of different materials a 
series of experimental panels was constructed in 1961 (Plate II) 
and records have been kept of the rate of loss by abrasion. 
Twenty eight concrete panels each 15 ft. x 6j ft. x 6 in, thick 
were constructed over a 200 ft. length of apron, the mix designs 
being all based on the same water/cement ratio and workability. 

A control panel using rapid hardening Portland cement, with 
aggregate/cement ratio 6,6, and lj in. and f in. single size Shap 
granite aggregate and beach sand, was included in each day's work 
so that account could be taken of variations in conditions from 
day to day during construction and differences in beach level from 
one end of the experimental length to the other.  Interpretation 
of the results is complicated since each deliberate change involved 
other variations.  The average wear suffered by the six control 
panels has varied with position from j in. in 7 years at one end 
of the length to if in. at the other.  This difference has been 
taken into account by adjusting all quoted figures so as to be 
comparable with the most severely abraded control panel. 

The loss sustained by the six panels with different cements, 
which otherwise were of the same proportions and contained the 
same aggregates as the controls, has varied between j  in. of 
wear on average for high alumina cement concrete to 3j in. for 
super-sulphated cement concrete.  The high alumina cement concrete 
has decayed in patches, forming isolated cavities several inches 
deep; this may be due to "conversion", or to alkali attack from 
Portland cement concrete below the panels.  It seems that neither 
of these panels will have a life much in excess of ten years.  Of 
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the other panels, sulphate-resisting cement concrete appears so 
far to be the most durable (average wear lj in.) followed by 
ordinary Portland and rapid hardening Portland cement concrete 
(average wear if in.) and extra rapid hardening Portland cement 
concrete which has lost 2\   in. on average.  Extra rapid hardening 
cement contains calcium chloride which is incorporated during 
manufacture and its relative performance as shown by these results 
is confirmed by one of the control panels in which an admixture 
containing calcium chloride was used. 

The results obtained from changes in grading and type of 
aggregate are more difficult to compare since changes in aggregate/ 
cement ratio were required in order to maintain the same water/cement 
ratio and workability.  With the same aggregates as used in the 
panels already discussed, but aggregate/cement ratios (a/c) from 
6.2 to 7.0 and sand contents from 30% to 38%, the average loss in 
7 years has varied from 2 in. to 2j in.  At a/c = 7.0 a reduction 
in sand content from 38% to 32% gave no improvement in performance 
(average wear 2.\   in.) but with a/c = 6.2 the amount of wear has 
been slightly less on concrete with 30% of sand than on that with 
36% (2 in. and 7\   in. respectively).  The control panel concrete 
with a/c = 6.6 is apparently more durable than the best of this 
group and it may be concluded that with \\   in. maximum size angular 
aggregate little advantage is to be gained by using mixes richer 
than about 6j to 1,  A better performance was obtained by the 
substitution of a crushed granite fine aggregate for the beach 
sand, but this required a richer mix to maintain workability 
(a/c = 6.0; wear in 7 years - 1 in. average). 

Three panels were cast using a continuously graded coarse 
aggregate (lj in, to 3/16 in.) and a panel was made with \   in. 
single size granite aggregate which performed marginally better 
than the \\   in, and f in. single size or 1^ in. to 3/16 in. graded 
aggregates but required a richer mix (a/c = 5.8).  The differences 
between these and corresponding panels using \\   in. and f in. 
single size aggregates are too small for conclusions to be drawn 
at this stage. 

Several different types of aggregates were included in the 
experiment and from observation to date they may be arranged in 
the following order from most to least durable: (1) Flint gravel 
(2) Fine-grained granite  (3) Coarse-grained granite  (4) Hard 
blue limestone  (5) Limestone  (6) Pit gravel containing mainly 
sandstone (millstone grit) but also some limestone and igneous rock. 

In addition to the usual laboratory tests on the concrete and 
concrete materials, a series of abrasion tests was carried out by 
sand-blasting 12 in. cubes of some of the concretes used on site. 
In these tests, the super-sulphated cement concrete and rapid 
hardening cement concrete with high sand content (38%) were 
significantly less resistant, and two specimens of flint aggregate 
concrete significantly more resistant, than the others.  Apart from 
these four cases, no correlation has been found between the abrasion 
test results and the properties of the concrete, such as strength 
and density, or the performance in the field. 
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A full-scale experiment, but more limited than the trials 
at Fleetwood, is being carried out by the Kent River Authority 
at Dymchurch, where a sloping apron was reconstructed in 1963. 
The work consists mainly of panels of precast concrete blocks 
surrounded by ribs of ln-situ concrete, but some panels of 
granite blocks have been included for purposes of comparison 
(Plate III).  In order to compare the performance of different 
types of concrete, some of the precast concrete blocks were made 
with gap-graded aggregate and some with continuously graded 
aggregate.  Flint coarse aggregate of lj in. maximum size was 
used and in the gap-graded concrete was single size.  The 
aggregate/cement ratio was 5 and the cement ordinary Portland. 
Concrete test cubes made during the course of the work had 
crushing strengths of about 6,000 lb./in.^ at 7 days and 
7,300 lb./in.  at 28 days.  So far there has not been enough 
abrasion for any significant differences to be seen between the 
granite and the various concretes. 

Parts of another apron at Littlestone were reconstructed by 
the Kent River Authority in I960 and 1966 with ragstone slabs set 
in fine concrete.  The fine concrete jointing material used had an 
aggregate/cement ratio of 2\  using flint aggregate from Dungeness 
graded from j  in. down to no. 100 BS sieve, in accordance with the 
requirements for all-in aggregates of BS 1201.  Sulphate-resisting 
Portland cement was used with 4% entrained air, and 2% calcium 
chloride was added as an accelerator.  This jointing material 
appears to be very resistant to abrasion and the ragstone slabs in 
the I960 work are showing signs of greater wear than the jointing 
concrete. 

An interesting example of a concrete sea wall exposed to very 
severe abrasive conditions is at Sheringham on the coast of Norfolk. 
The beach material consists of a very hard flint shingle and the 
exposure is severe.  The sea wall was built in the summer of 1967 
using concrete containing a coarse aggregate consisting of 
irregular flint gravel (l|- in. maximum) similar to the beach 
material and sand from the same source.  The proportion of sand in 
the total aggregate was 34% and the aggregate/cement ratio of the 
concrete was 7.1 with ordinary Portland cement.  Precast reinforced 
concrete retaining wall units that were part of a manufacturer's 
standard range were used as permanent formwork.  These units were 
not designed to withstand such severe exposure and in places they 
have almost completely disappeared (Plate IV).  The concrete in 
the main structure is showing some signs of abrasion but is wearing 
more slowly. 
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Coast protection works at a number of places on the coasts of 
Wales and the West of England where concrete has suffered from 
abrasion have been examined.  Plate V showing a sea wall at 
Porthcawl in Glamorgan is a typical example.  In most cases the 
work was constructed fifteen or more years ago, and in much of it 
concrete having nominal mix proportions 1:2:4 by volume was used 
and the concrete was compacted by hand.  Although the performance 
of structures in different situations cannot be compared, owing to 
differences in exposure, a general inspection does suggest that the 
older structures, in which the concrete was probably not very well 
compacted and in which little quality control was exercised, have 
not proved as durable as more modern structures incorporating 
carefully designed concrete mixes with better standards of quality 
control and compaction. 

CRYSTAL GROWTH 

Salt crystals growing in cracks in concrete structures may 
exert enough pressure to cause spalling of the concrete.  This is 
particularly likely near high water level and in the splash zone. 
It has been suggested to the authors that sodium sulphate formed 
through the double decomposition of sodium chloride and gyps,um is 
more likely to cause this trouble than crystals of sodium chloride. 
One of the authors has seen some concrete sea walls in Lincolnshire 
on the east coast of England in which spalling of concrete has 
started from fine shrinkage cracks (Plate VI) and this may well 
have been due to crystal growth. 

CORROSION OF REINFORCEMENT 

It is considered that there should be at least 2 in. (5 cm.) 
of dense concrete cover to all reinforcement in marine structures 
in order to prevent corrosion, and an additional allowance should 
be made for abrasion when the necessary concrete cover is assessed. 

In the past structures have been built at a number of coastal 
sites in which inadequate compaction of the concrete surrounding 
the reinforcement has led to corrosion of the steel and cracking 
of the concrete.  Many of these structures were built before 
mechanical vibrators came into general use, and in some cases the 
trouble had been aggravated by detailing of reinforcement that 
made compaction of the concrete difficult.  This applies 
particularly near the lower edges of heavily reinforced beams. 

JOINTS 

A really satisfactory method of sealing expansion joints does 
not appear to have been developed.  Both hot-poured and cold-poured 
sealants are often dislodged by wave action and the authors have 
seen a number of sea walls in which the expansion joints are 
inoperative because the sealant has been torn out and stones have 
become wedged in the joints (Plate VII).  Extruded plastics 
sections cast into the concrete have given promising results and 
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it is suggested that ribbed neoprene strips of the type sometimes 
used in sealing joints in concrete roads might be tried for this 
purpose.  Atmospheric humidity near the sea varies relatively 
little and the annual temperature range is considerably less in 
coastal areas than it is inland, so that movements of joints should 
be relatively small; it appears that an unnecessary number of 
expansion joints are often provided.  Since coast protection works 
usually involve fairly massive structures, it is difficult to 
provide enough reinforcement to control cracking and fairly 
frequent contraction joints are therefore necessary. 

CONSTRUCTION 

A problem in the execution of coast protection works is to 
prevent the sea from washing out the surface of freshly placed 
concrete.  Formed surfaces are protected if the formwork is water- 
tight and rigidly fixed in position, but protection of the upper 
surface of a lift of concrete or a sloping apron often presents 
difficulties.  Some of the experimental panels at Fleetwood, for 
instance, suffered superficial damage by the sea during the first 
few hours after placing, and subsequently had to be cut out and 
re-cast.  In parts of the work carried out by the Kent River 
Authority at Dymchurch, the precast concrete blocks have proved 
more durable than the in-situ concrete surrounding them.  This 
may be due to better compaction of the precast concrete, but it is 
also possible that the surface layers of the in-situ concrete may 
have been affected by the sea soon after placing, 

FURTHER RESEARCH 

The most useful information will be gained from full-scale 
trials in which different materials and structures are exposed to 
similar conditions for a number of years.  Owing to differences 
in exposure conditions at various places round the coast, it is 
not possible to draw detailed comparisons between the behaviour of 
different materials and structures at different places, so that 
full-scale trials such as those at Fleetwood are the most valuable 
source of information.  The trials at Fleetwood are the most 
elaborate of which the authors are aware, but it is hoped that 
other authorities will undertake similar work since definite 
conclusions cannot be drawn from one set of results.  It has been 
established practice for a number of years in various parts of the 
world to carry out full-scale trials in connexion with highway 
design and construction, and the authors hope that similar trials 
will be carried out for coast protection works. 

It would be useful to develop an accelerated wear test for use 
under laboratory conditions, preferably using larger particles of 
abrasive material than those used in sand-blasting.  The 'rattler 
test1 for abrasion resistance of precast concrete paving flags, 
described in BS 368 might be suitable for development for this 
purpose.  The apparatus used in this test consists basically of a 
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steel box measuring about 1x1x2 ft.  A paving flag is fixed 
to the inside of each 1x2 ft. side and 1,000 steel balls ;§• in. 
in diameter are placed in the box.  The ends of the box are sealed 
and it is rotated at 60 revolutions per minute about the long axis 
for 48 hours.  The loss in weight of each paving flag is measured 
after this period. 

In view of the unsatisfactory performance of many types of 
joint sealing material, there is also a need for experimental work 
on this subject.  The performance of a number of poured sealants 
is very susceptible to inadequate preparation of the surface of 
the joint and, because of the difficulty of obtaining clean dry 
joint surfaces in concrete structures between tide levels, a 
sealant material that would adhere satisfactorily to a damp surface 
would be very valuable.  Apart from this, the authors would like to 
see some trials carried out with plastics or neoprene sections as 
suggested above. 
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Plate I - Surface deterioration possibly 
due to seaweed growth 

Plate II - Experimental wearing panels at 
Fleetwood 
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Plate III - Aprons at Dymchurch with granite and 
concrete blocks as wearing surfaces 

Plate IV - Sea Wall at Sheringham constructed with 
precast concrete retaining wall units 
as permanent formwork 
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CHAPTER 76 

FIELD INVESTIGATION PRACTICES OF COASTAL STUDIES IN JAPAN 

Masashi Hom-ma 
Professor Emeritus, University of Tokyo 

Tokyo, Japan 

ABSTRACT 

This paper is a brief reveiw of the publications on the 
field studies carried out in Japanese coasts.  Japan has many 
projects of coastal works in relation with the development of 
industrial area, the protection of coastal land from disaster 
and some other purposes.  Before the execution of these projects, 
the agencies in charge of them make field investigations for 
their necessary items.  The results of investigations in detail 
are reported in their official publications and sometimes the 
abstracts of them are reported at the annual meeting of coastal 
engineering held by the Japan Society of Civil Engineers.  As 
the official publications of the governmental organizations 
are distributed in strictly limited circles, they are not well 
known by scientists and engineers outside these organizations. 
The author intended to collect some of these official reports 
and selected some additional reports on field study from the 
proceedings of annual meetings of coastal engineering, and 
tried to make a classification of the contents and to give a 
brief review of them. 

Art. 1 

Japanese engineers have devoted their great efforts to 
solve numerous coastal problems in order to promote the nation- 
wide coastal development and to extend the coastal protection 
works against waves and coastal erosion.  It is needless to say 
that the primarily important practice for attacking the practi- 
cal problems is to obtain the knowledges on the general features 
of coastal phenomena qualitatively and quantitatively as much 
as possible.  From this point of view the field investigation 
techniques have been developed worldwidely by engineers and 
scientists during the last decade in many aspects.  The aim of 
this paper is to review and summenze the important practices 
actually applied in the Japanese coast and to contribute to 
find the future directions of the coastal investigation. 

In this country the results of such field investigations 
are sometimes published in an abstract at the annual meetings 
on coastal engineering which were held by the Japan Society of 
Civil Engineers.  However the obtained Results described in 
detail are generally available only for strictly limited circles. 
Beside it, considering the fact that almost all of those 
publications are written in Japanese language, the author intends 

1213 
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to give a brief review of them and to make clear the agencies 
where the correspondences are possible about those reports. 

The purpose of a coastal investigation for an engineering 
project is in most cases to study the stability of coastal 
structures against waves and littoral drift or to predict the 
effect of the structures on wave action and the stability of 
coastline.  Therefore waves and sediment movement can be said 
to have the largest importance in many coastal studies.  The 
coastal phenomena, especially beach erosion or sand deposition, 
are investigated in two aspects; they are macroscopic aspect 
and detailed (or microscopic) aspect.  The former is, for 
example, to investigate the morphological changes over a wide 
area for many years, sometimes for hundreds or thousands years. 
The latter is the studies in detail.  They are; the grain 
analysis of sediment, tracing the movement of sediment and other 
dynamical problems.  The literatures listed at the end of this 
paper contain the reports of these sorts of investigations 
applied in the Japanese coasts.  From the contents of those 
literatures the author made a rough classification of the field 
practices in the following; 

1. Geographical and morphological studies of the district 
which covers the coastal area to be investigated. 

2. Mineral analysis and grain size analysis of beach 
sediment. 

3. Observations of wind and waves.  Survey of littoral 
current. 

k.     Tracing the movement of bed materials using tracer. 
Observation of suspended sediment in wave and measure- 
ment of wind drift sand. 

5.  Establishing hydrographic survey periodically in order 
to make the maps of sea bottom topography.  Examination 
of coastal morphology by aerial photogrametry. 

Art. 2 

Discussion on the shore process of present topography 
helps the investigation on the future process of the coast.  In 
the literatures 1-3 and E-l Dr. Shiraishi describes the process 
of development of Tomakomai coast in Hokkaido during the past 
four thousands years and makes an estimation of the volume of 
deposited sand.  The coasts of Nugata and Ishikawa are well 
known for its receding character.  In 2-1 and 2-8 there are de- 
scriptions about the historical development of coastal dunes 
which are now being eroded.  It is also suggested that relative 
rise of sea level took place during a period not so long and it 
caused beach erosion in these coasts. 

There is an example of a sudden crast movement which de- 
stroyed the equilibrium in shore process.  In the case of Kanto 
big earthquake in 1923, there took place ground rise of approx- 
imately one meter along the coast of Sagami Bay (Fig. 1). 
After this accident the beach is being eroded under the wave 
action and by very gradual subsidence of ground (3-5» E-3). 
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Sometimes the cause of beach erosion is attributed to river 
improvement works.  In Japan many kinds of river works have been 
carried out over the whole land for about seventy years.  As the 
result the amount of debris carried by flood flow took a de- 
creasing tendency which accelerated the recession of sand beach. 
A notable example is seen at Nugata coast (Fig. 2).  Since the 
floodway of Shmano River was completed about fifty years ago, 
there appeared a wide deposit of sand at the mouth of floodway. 
At the same time beach erosion was remarkably accelerated at 
the west coast of Nugata city which is located at the mouth of 
Shinano River. 

Art. 3 

Petrographic studies have been carried out in many coasts 
by geologists.  The examples are found in the literatures 2-7 
for Nugata, in 2-9 for Ishikawa, in 3-7 for Tokai coast and in 
3-5 for Sagami Bay.  The practices applied to these coasts are 
not proper in Japan.  However many beaches in Japan are nourish- 
ed by debris poured out with flood flow from rivers and the 
petrographic studies are generally very useful ways to investi- 
gate the source of sediment supply.  The common items of the 
investigation are as follows; 

1. Gram diameter analysis (the biggest gravel diameter, 
median of diameter, uniformity and skewness of diameter 
distribution, etc.). 

2. Size analysis of gravel (flatness, etc.). 
3. Rock composition of sediment. 
k.      Mineral composition of sediment; content of heavy mineral 

in 3-7, and content of magnetic mineral in 2-9. 

A part of the literature 2-9 was published by Prof. Aramaki at 
the 10th Conference on Coastal Engineering in 1966 (E-6). 

Art. k 

The wave gauge commonly used in Japan is that of water 
pressure type developed at the Ministry of Transportation. 
Step-resistance wave gauge was also applied at some coasts in 
Japan.  A more simple system for the observation of wave height 
was developed by Mr. Utai (1-1),  In this system a transit with 
special attachment is used to trace and record the movement of 
buoy set at a proper location in the sea.  The results of ob- 
servations by these systems are found in 1-15, 2-1, 3-1 and 3-3. 
The literature 1-2 shows an example of wave observation by stereo- 
photography. 

Concerning the measurement of wave direction, an adequate 
method must be chosen according to the site and purpose of 
observation.  The literature 1-9 shows a direct measurement of 
water motion using electro-magnetic current meter, while l-l^ 
gives the record of wave direction estimated from the simul- 
taneous data of some wave gauges.  2-6 shows the results of 
observation used a rador system which makes possible the routine 
observations of wave direction at fixed places off the shore. 
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There are two sorts of method for the measurement of litto- 
ral current.  One is to set a current meter at the site (to set 
on the bottom or to suspend from a moored ship), and the other 
is to trace the floating buoy which is transported by the current. 
In the Nugata coast a current meter was set in a frame fixed 
on the sea bottom and buoys were trajected from the shore by a 
special trajector (2-3). 

Art. 5 

In order to examine the local movement of bed sand, radio- 
lsotope or fluorescene are often used as tracers.  A compiled 
description on the application of tracers in Japan is found in 
the Proceedings of the Symposium "Radioisotope in Hydrology", 
1963»  The results of recent observations by these tracers are 
found in the literatures 1-5, 1-11, 2-3, 2-4, 2-5, 3-10, 3-H 
and E-5.  To estimate the sand movement near the shoreline, test 
barriers or test groins are sometimes constructed.  The litera- 
ture 3-12 shows the estimation of littoral drift along Kashima 
coast from the observed data obtained at the test barrier.  The 
maximum scoured depth during a storm was measured using a simple 
apparatus (Fig. 3) at Nugata coast (2-4). 

Concerning the field observation of suspended sediment in 
sea water, it is required in many cases to know the average 
condensation over a ceraain extent of time.  For such a purpose 
Professor Fukushima developed a simple sampler made of bamboo. 
The results of its application are found in 1-4, 3-4, 3-7 and 
3-12.  The reports on the field study of wind drift are in the 
literatures 2-7 and 3-4. 

Art. 6 

Repeating of sounding survey carried out over a certain 
area with a definite interval of time is very useful to know 
quantitatively the change of sea bottom.  In Japan the contour 
map of the sea bottom is made approximately every six months 
over the area where a project is in progress.  Comparison of 
two contour maps of succeeding times makes us known the change 
of sea bottom which took place during one typhoon season or one 
winter storm season.  In Nugata west coast the comparison of 
bottom profile of present time with that of about fifty years 
ago shows that the bottom was eroded over the area of water 
depth less than 35m (2-2).  An example of the seasonal change 
of bottom profiles at Tokai coast is found in 3-7> (Fig. 4). 

The literatures 1-16 and E-7 are the reports of the study 
on the recession of coastal cliff by means of aerial photo- 
graphy.  The use of aerial photogrametry will be developed for 
wide applications in the future coastal studies. 

Art. 7 

Literatures from the Proceedings of Annual Meetings on 
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Coastal Engineering, Japan Society of Civil Engineers. 
(Published in Japanese) 
1-1  G. Utai:  Measuremtnt of wave height using a transit, 

1955. 
1-2  T. Ijima & others:  Wave characteristics in surf zone 

observed by stereophotography, 1956. 
1-3  N. Shiraishi:  Observation of littoral drift for the works 

of harbour construction, 1957. 
1-k     H. Fukushima & M. Kashiwaraura:  Sand drift and its 

observation, 1959. 
1-5  T. Ijima, S. Sato & others:  The characteristics of wave 

and littoral drift on the coast of Fukue, I960. 
1-6  N. Sakamoto, T. Ijima & S. Kimura:  Characteristics of 

wave along the Pacific Coast due to typhoon and their 
estimation, 1961. 

1-7  F. Kakmuma:  Size distribution of beach sand along Ozu 
coast in Atsumi Bay, 1961. 

1-8  H. Fukushima & others:  Study on littoral drift along 
Hidaka coast, (l), 1962; (2), 1963. 

1-9  Y. Nagata:  Observation of wave direction by electro- 
magnetic current meter, 1963. 

1-10  H. Fukushima & others:  Study of Ishikari River mouth, 
196^. 

1-11  T. Ijima & others:  Study on the littoral drift along 
Kashima coast, 1961*. 

1-12  Y. Iwagaki & others:  Investigation of the coefficient 
of bottom friction at an actual beach, 1965. 

1-13  T. Arata &  R. Koh:  Morphological study of Iwafune Harbour, 
1965. 

1-1^  T. Ijima & others:  Observation of wave direction by 
using wave gauges, I966. 

1-15  J. Itao & others:  Wave characteristics in the coast of 
Japan Sea, (l), 1966; (2), 1967. 

1-16  K. Horikawa & T. Sunamura:  A study on beach-cliff re- 
cession by using aerophotography, 1967. 

Literatures from governmental and other agencies. 
(Published in Japanese) 

a.  Reports for the coast of Japan Sea. 
2-1  Beach erosion at Nugata coast, i960. 
2-2    "      "    "     "      "  , (Continued), 196^. 

Civil Engineering Section, Niigata Prefectural 
Government;  Gakkomachi, 1-602, Niigata. 

2-3  Report of the investigation of Nugata coast, {k), 1966. 
2-k "        "        " " "     »      »  , (5), 1967. 
2-5     "   "   "        "       "  Sakata Harbour, (k), 1966. 
2-6     "   »   "        »       »  Kanazawa Harbour, (5), 1967. 
2-7  Report of the study on beach sediment in Nugata coast, 

1962. 
The First Harbour Construction Bureau, Ministry 
of Transportation; Hakusanura 1-332, Nugata. 

2-8  Report of the wind drift at the Nugata East Harbour, 196^. 
Niigata Harbour Work Office, Ministry of Trans- 
portation; Irifunecho ^+-3778, Nugata. 
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2-9  Report on the mouth of Shimbori Outlet, 1962. 
Kaga-Sanko Reclamation Office, Hokuriku Agri- 
cultural Bureau, Ministry of Agriculture and 
Forestry; Hirosaka 2-2-60, Kanazawa. 

b. Reports for the Pacific Coast. 
3-1  Observation of wave by wave gauges, (Report Vol. k),   195^- 
3-2  Investigation of littoral drift by radioisotope, (Tech. 

Memo. No. 5), 1963. 
Port and Harbour Research Institute, Ministry of 
Transportation; Nagase 3-1-1, Yokosuka. 

3-3  Observations of wave at Onahama Harbour, 1967. 
The Second Harbour Construction Bureau, Ministry 
of Transportation; Takashima 1-2-5, Nishi-ku, 
Yokohama. 

3-^  Report on the sand movement by wind and wave at the 
estuary of Tone River, 196^. 

The Lower Tone River Work Office, Ministry of 
Construction; Sawara l-Jn^j Sawara, Chiba 
Prefecture. 

3-5  Report on the investigation for the protection of Katase- 
Kamakura Beach, 1958. 

3-6  Report on the investigation of Sagami River Mouth, 1961. 
Civil Engineering Section, Kanagawa Prefectural 
Government; Nihon Ohdori 1, Naka-ku, Yokohama. 

3-7  Report of the investigation of Tokai coast, 1962 (JAP 
Memo. 1). 

3-8  Investigation on the distribution of suspended sediment 
at Tokai coast, I963, (JAP Memo. k). 

Japan Atomic Power Co. Ltd.; Ohtemachi Big., 
Ohtemachi 1, Chiyoda-ku, Tokyo. 

3-9  Report of the investigation of Tomakomai Harbour, i960. 
The First Scientific Research Laboratory, 
Hokkaido Univ.; N. 12, W. 8, Sapporo. 

3-10  An investigation on littoral drift, relating harbour 
construction, 1963. 

Port and Harbour Research Institute, Ministry of 
Transportation; Nagase 3-1-1, Yokosuka. 

3-11  On the natural features of Kashima coast, Vol. 2, 1962. 
3-12  On the natural features of Kashima coast—on the littoral 

drift, 196^. 
The Second Harbour Construction Bureau, Ministry 
of Transportation; Takashima 1-2-5, Nishi-ku, 
Yokohama. 

c. Reports published in English. 
E-l  N. Shiraishi:  The measurement of littoral drift at shore- 

line harbours, Coastal Engineering in Japan, Vol. 2, 
1959. 

E-2  H. Fukushima &  M. Kashiwamura:  Field investigation of 
suspended sediment by the use of bamboo samplers, 
Coastal Engineering in Japan, Vol. 2, 1959- 

E-3  M. Hom-ma, K. Horikawa & C. Sonu:  A study on beach 
erosion at the sheltered beaches of Katase and Kamakura, 
Japan, Coastal Engineering in Japan, Vol. 3» I960. 
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E-k     T. Furuhata:  New electric ocean wave recorder, MR-MARK 
III--for the coastal station, Coastal Engineering in 
Japan. 

E-5  S. Sato:  Sand movement at Fukue coast in Atsumi Bay and 
its observation by radioactive glass sand, Coastal 
Engineering in Japan, Vol. 5, 1962. 

E-6  M. Aramaki:  A petrographic study on littoral drift in the 
Ishikawa coast, Proceedings of 10th Conference on Coastal 
Engineering, 1966. 

E-7  K. Horikawa & T. Sunamura:  A study on the erosion of 
coastal cliff by using aerial photographs, Coastal 
Engineering in Japan, Vol. X, 1967< 



1220 COASTAL   ENGINEERING 

"KANAZAWA 
TOKYp   YTOKAI 

IKASHIMA 

SAGAMI   BAY 

PACIFIC 
OCEAN 

Fig.   1     Sites   of   coastal   observation  appeared   in   the   report. 

0      20     40 
i—.—i—•—i   km 

Fig.    2     Nugata   coast   and   Shmano   river. 
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CHAPTER 77 

THE ATLANTIC COAST OF LONG ISLAND 

Frank L. Panuzio, Chief, Engineering Division 
Department of the Army, New York District 

Corps of Engineers and Fellow ASCE. 

SUMMARY 
The south shore of Long Island, located on the northeast coast of the United 

States, consists of 120 miles of headlands and harrier beach which is breached by 
inlets that interconnect the coastal bays with the Atlantic Ocean.  The shore is 
subject to severe changes due to constant attack of the ocean, rising level of the 
ocean and severe storms. The predominant, east to west littoral drift moves from 
300,000 to 600,000 cubic yards of sand along the shore annually. The affected 
area encompasses a million people and is valued at $2.5 billions. Improvements 
have been authorized for 110 miles of shore, and involve sandfill, feeder beaches, 
groins, jetties, sand bypassing, and inlet barriers  The estimated cost for the 
entire shore improvement is $188 million. The annual charges are about $10 mil- 
lion. The annual benefits are $16 million. The implementation of the authorized 
work includes the design and model testing of several sections and the completed 
work m several sections, such as sandfill, feeder beaches, and groins. The com- 
pleted work shows considerable effect on shore processes. Overall evaluation must 
await completion of the total improvement in an integral section of the shore. 

GENERAL 
Location. Long Island is a long, narrow island at a significant indentation of 

the northeastern coast of the United States, and is bounded on the south and east 
by the Atlantic Ocean and on the north and west by the mainland, Figure 1. 

Objective is to present the history, the problems, the constructive actions and 
current results dealing with the critical condition of shore recession and erosion, 
unstable inlets, and coastal inundation. 

GE0M0RPH0L0GY 
The island is part of the Atlantic Coastal Plain province. Glaciation and the 

attendant effects of ice cover and ice movement mask the original topography. The 
island consists of glaciated deposits of sand and gravel to depths of over 100 
feet. These deposits rest on the remnants of an old, submerged coastal plain. The 
glacial outwash plain slopes southward from an altitude of about 200 feet above 
mean sea level at the north shore of Long Island and occupies the entire width of 
the island, Figure 2. Rising above the plain are two belts of terminal moraine 
deposits of a later glacial stage. The southernmost, the Ronkonkoma moraine, 
located in the middle of the island, forms the crest of the southern peninsula, 
and terminates in the cliffs of Montauk Point. Southward of this moraine and 
superimposed on the basal outwash plain is a second outwash plain of the same age 
as the Ronkonkoma moraine. This plain consists of a thin sheet of sand and gravel 
and slopes to the south. Originally, the south shore of the mainland of Long 
Island was determined by the intersection of this gently sloping outwash plain 
with the ocean. 

The submerged extension of the coastal plain forms the continental shelf with a 
width of 80 to 100 miles and with a gentle slope that dips to the southwest, 
Figure 3- The shelf surface shows characteristic features of underwater erosion, 
wave formed shores and coarse grain material, as are found close to low water 
shorelines. Crossing the continental shelf to the southwest is the submarine 
valley of the Hudson River and Hudson Canyon and to the southeast is the Block 
Canyon. 

PHYSIOGRAPHY 
Significant sections. The south shore of Long Island is divided into two 

1222 
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FIG. I LONG  ISLAND, NEW YORK, USA. 



1224 COASTAL   ENGINEERING 

FIG. 2 ONSHORE    TOPOGRAPHY — LONG   ISLAND,   NEW YORK 
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sections, Figure 2. The headland section extends 33 miles from Montauk Point, the 
most easterly point of Long Island, to Southampton.  The harrier heach section 
covers the remaining 87 miles from the mam island at Southampton to Rockaway Inlet, 
the most westerly point of Long Island. 
Headland section. Submarine shoals lying about two miles off Montauk Point indi- 

cate that the land may have extended farther eastward.  Westward from Montauk 
Point, ten miles of bluff lands, formed by the erosion of the southerly face of 
the Eonkonkoma moraine, rise abruptly from scanty beaches of coarse sand and gravel 
to 60 feet or more above mean sea level. From this point westward to Southampton, 
there are four miles of lew, narrow sandy beach, often awash under hurricane tides 
and waves, and 19 miles of sandy beach with abutting continuous dunes reaching to 
over 20 feet above mean sea level.  Included in this section are several small 
ponds and bays which have been cut off from the ocean by littoral drift material 
moving westward and forming barrier beaches. 

Barrier Beach section consists of four islands, two peninsulas, and six inlets, 
and separates the shallow interconnected tidal bays to the north from the Atlantic 
Ocean.  These bays vary from a few hundred feet to five miles m width and are 
separated from each other by promontories except for Jamaica Bay which is not 
joined to the bays to the east. The long and narrow barrier islands and peninsulas 
were probably formed as westward growing spits and as wave built barrier bars 
rising above the submerged portion of the gently sloping outwash plain. These 
barrier bars and peninsulas are paralleled by a submerged offshore bar. 

The barrier islands and peninsulas with widths from one quarter of a mile to 
more than a mile, are breached by six inlets. The ocean beaches with an average 
width of 100 to 200 feet, vary in width from none at the eastern end of Long Island 
to over 500 feet in localized areas. On the landside of the beach from Southampton 
to Fire Island Inlet is an interrupted belt of eroded dunes with crests up to 30 
feet above mean sea level. Westward to Rockaway Inlet the natural dune physiog- 
raphy has been greatly altered by extensive recreational, commercial, and residential 
developments. 

Inlets. The inlets from east to west, Figures 1 and 2, are Shinnecock, Moriches, 
Fire Island, Jones, East Rockaway, and Rockaway. The latter four inlets predate 
the earliest available surveys of 1825 and 1835, Table 2.  The remaining two in- 
lets were recently formed. All inlets migrated until arrested by jetties and 
revetments and by navigation dredging, Table 2. The jetties offered temporary re- 
lief in stabilizing the inlet until the compartments updrift of the jetties became 
filled. Then, drift bypassed the jetties and built up within the inlets so as to 
affect not only navigability of the channel but also downdrift feeding of the shore. 

LITTORAL FORCES 
Waves. Along the south shore of Long Island from the south-southwest through 

the east quadrants, fetches of great length would permit the development of large 
deep water waves. A statistical study of deep water wave height, frequency of 
occurrence and direction of approach for a station off the entrance to Hew York 
Harbor, based on hmdeasting technique and use of synoptic weather charts for the 
period of 19^8-1950, showed that about 72 percent of all deep water waves approach 
from the directions east-northeast through south-southeast. The largest computed 
waves were between 25 and 30 feet in height. 

In general, wave height is lessened as the water shoals across the continental 
shelf and the offshore. Study of the hydrographic charts of the shore and conti- 
nental shelf, indicates that the refraction coefficients for a given deep water 
wave period and direction should generally be about the same for any point along 
the shore from Rockaway Inlet to Montauk Point. Hence, the wave action will be 
generally the same for the entire south shore of Long Island, although local con- 

ditions may be expected to introduce differences at particular points. 
The important factor for the design of shore protection structures is the size 

of the maximum wave height that can occur within a certain time period. Calculations 
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TABLE 1 - VARIATION OF LITTOEAL MATERIALS AT 
FOR SOUTH SHORE OF LONG ISLAND 

MID-TIDE 

% So sk 
Values Individual Cluster    Individual  Cluster Individual Cluster 

MONTAUK POINT TO SHINNECOCK INLET 

High 
Low 
Mean 

2.00 
0.33 
0 54 

1.79       1-99       1.77 
O.38       1.17       1.19 
0.59       1.32       1.30 

SHINNECOCK INLET TO MORICHES INLET 

4.30 
0.90 
1.43 

1.26 
0.90 
1.02 

High 
Low 
Mean 

1.22 
o.4i 
0.68 

0.53        1.51       1.^3 
0.35        1.13       1.27 
0.47     1.35    1.37 

MORICHES INLET TO FIRE ISLAND INLET 

1.24 
0.95 
1.10 

0.99 
0.91 
0.95 

High 
Low 
Mean 

0.78 
0.32 
0.42 

0.53       1.68      1.59 
0.29       1.12       1.21 
o.ia     1.30     1.35 

FIRE ISLAND INLET TO JONES INLET 

1.21 
0.82 
1 00 

1.24 
0.87 
1.06 

High 
Low 
Mean 

0.30 
0.30 
0.30 

0.48       1.26       1.59 
0.21        1.26       1.14 
0.33        1.26       1.32 

JONES INLET TO EAST ROCKAWAY INLET 

1.01 
1.01 
1.01 

1.28 
0.95 
1.05 

High 
Low 
Mean 

0.26 
0.13 
0 20 

0.28       1.50       1.28 
0.26        1.25       1.25 
0.27        1.36       1.27 

EAST ROCKAWAY INLET TO ROCKAWAY INLEl 

1.25 
0.50 
0.94 

1 o4 
o.99 
1.02 

High 
Low 
Mean 

- 
0.62        -         2.21 
0.28         -         1.25 
0.42        -         1.68 

- 1.62 
0.83 
1.12 

M^ = Median diameter is 50 percent point by weight on accumulative size 
distribution curve. 

1. 

So = (Qi/Q^)2 = Sorting coefficient. 

t>k = RlQ3/(%)2p = Skewness coefficient. 

where: Q-j_ = first quartile diameter equal to 25 percent point by 
weight on accumulative size distribution curve. 

0„_  third quartile diameter equal to 75 percent point by 
weight on accumulate size distribution curve. 



1228 COASTAL   ENGINEERING 

x> XI 

& & 
H H 

LT\ O 
LT\ •=J- 
ON ON 
H H 

-P 
H -P -p 

ir\ .p H J- 00 O -P H J- x> rH ON 
LT\  CD s UN * ON <D s * ^o 

ON d IA 
ON 

H   <H 

a) 

H H H <M m H H m rH 

H O CM ir\ J" O r- C^ CO >> ro 
Lf\ CO H LTN LT\ CO t- -P ro LTN -p 1A 
ONH -p ON ON ON\X) -P ON ON +5 <J\ 
H    i -p 

0 
H H H H cu 

rj 
H H CD rH 

,—s 
nJ -P 

H 
H ir\ -P H -=r -^ -P CO -p XI X) 
ir\ -p 
ON  0) 

tr\ a) 
ON <u 

0 UN 
ON 

CO  0) 
ON  0> 

ITN   0) 
ON  0) c* c^ 

H ,0) 

X) 

H   <H H H   <iH .-1   <H H H 

ONO a CM J- O J- O 4 J- 
roo Jt  UA H ir\ CAJ  00 CO O CO CO 
Owo ON H -P ON ON O ON LTN ON ON 
H H -P 

1-D 

H H  CO H  CO H rH 

tf 
CD 

X)    W ON -P ^± -P ^t"  -P 4-  -P 3 -=t- d"  4= +3 CO 
CO o •d"    CD CM   a> co flj CO   CU ro CO   CD CO 
ONH ON <D ON a) ON  0) ON   <D 0 ON ON  CD ON 
<-t O H ^ H tH H   ^H H  tH m H H    >rl (5 H 

O -P ro O ON ir\ ^ O *D  O it 
tu 

CO 30  O H5 

•8 

rH 
ON a) en co 

ONt-- 
CO^f- CO o CO CM in CO 

33 ON CO ON \r\ ONJ- o\ ON.=r ON 
H CO HMD H H H rj H H CM r= H 

-P 
1H 
H 4 

-P 

H £ 
+3 
C(H 
rH fe fe H ^ •H ji 

U 2 fn ^ h rl fH fl PI to O PI CO O n w O n w O a w 0 Q TO  O 
O   d> 
ON   p. 

Ti O CO -P TJ O ON -p •rj  O ^D -P Ti O OD -P •d O X) -P tj  O 
H ^ O m a) H fn O O   d> H rl  O CO   0) H rl O CO   0 H rl   O CM   CD H ^  O 

X) o 
H B gl o" 

ON  CD 
H <H 

OS 
ri £ CD 

ON  0) ce 
rl So" ON  0) B s O 

ON  0) fi SO" 
ON CD 
H    "rl 

CD So" 
i   -P o O O in I o O l o lr\ 1 0 „3 1 O 0 

O    CD -p o ro H O -p o CO co ir\ -p o\o ON O -p O UN ONO +3 CM O -P 0 J- 

X)  d 
•p H ro OJ -p H t- t- -p H & a •p H O  CO -p •H 

ONC- 
-P H 

H ,Q ON co H rQ CO <H H £t H ,D O\\0 H ,o H & 
H  H l-H 3 H 1-3 r^ H   LT\ Kl 3 H  CO l-H ^ H  CO hH 3 rH  <M l-H 3 

o O O o O O 

tJ TJ 
a) 

o  w fe <D 
H   W si CO -P si ON -P ri ON -p ri CM -p fe 

ir\ o -p NO CO  o -P C- t-  <D •p ^OJ o   CU •P ir\ O   <D -P \C0 Q   CD 
ON CD 

-P WO 
X> H 01 -P ONH CO -P C- CO   <D w -P   rH ON   CO CQ •P ro ON 0) W -P E>- CO -p 0 
H O ,s> <D-d" H O ^ CD rH H <1H (U CU OJ H   *H & CD H H   «*H J? Cl) H rH   <rl SI CD CM 
i s a) l |S <D i is CD := CD !3 0) \s CD 

o\ -P <4H ON -P q-r .4-  ITN Crl ON O U ONO CH t-O <rl 
no <u a CO   d) a CO CO £ C~- ON a t- CO a 1^ ON a 
33 o 33 o CO vD O GO CO o X> H 0 X> H 0 

•H H H  LTN H rH  CO H H   LTN H rH   UA •H 
H +3 H •p -P •P •P -P 

B w 
w ro B B w 

rl   IA g B M   ON B CO 
fH   ON 

w> aJ rH 60 05 CM M IS H no oS c- no cd ON 60 Oj  ON 

ON a) g £ ON 0 
H 
S R J-  -P s HH «, "^ 

ON <U s! R ON 43 g R t-  CU 
H 
g R 

co pi CO  fl CO  d> l>-   <D t-   0) ^  CD 
x> o H XI O rH X)   0) H CO   <H rH CO   (t) rH CO  <H H 
H IS H CS H fH C« H cd H   tH CCS rH oj 

i -P -p 1   -P -P -p LTN i   O -p o 1 -P O 1    O -P 0 
ON CD o -p ON CD o +3 o LT\ O O -p  OJ IA0O   O •p CM IA O 0 •P l>- IA CO O -P H 
CM H 
JO a 

EH 0 s <M rH 
x> d 

EH 0) LTN co ir\ EH d>  CO COCO  EH CD t- 00 CO EH 0) O CO O EH CD J- 
0 CD OJ x> o 0> -=Hr X)  CO CD o CO  ON 0 E>- X> O CD O 

H H C« rH  H 1H J" H CO <H   OJ •H    i | CH H H t- HH   H H H cp CM 

-p 
-P 
0 

-P 
0) 

3 
a) 

3 -P 
a) 

3 
H 

M 
•P 

CD 
H 3 •3 -P {? 3 
o 
o 

H 

w 
a 
oS 

rH 3 r^ 
O 

H 

o CD w H 0 
CD ,3 

O 
H 

w PS 

i H CD CD -p 
H SH !H a w 0 
,3 O H o S 0 
CO g |5H h> uq w 

<N   <H 
O    O 

|    g 
O    O 
•P     +> TO     TO 
gl   60 

H    H 

H N a 
-d  id 0 

H 
cS    cS -p 

3 3 B 
CO     CO hll a  a H 
H    H fl a  a 
0  0 i>! 
PH   PI rH 

!H 
rl      rl CD 
0      0 -p 

1/1 
!H    U 01 
It      fH CD 
cS    cS 

,Q   fi CO 

!H fH T) 
£1 J3 a 
-P -p H 

X H c/) 
cd crt a 
CD CI> a 
H ^ H 

PH PJ g 



COAST OF LONG ISLAND 1229 

involving sand movement and littoral drift are best correlated with the amount of 
potential energy transmitted forward and onto the beach by the wave. Calculations 
of this energy for the station at the entrance to Hew York Harbor indicate that 50 
percent of the energy comes from waves from the east-northeast, 25 percent from 
the east and the remainder from the quadrant between east and south. 
Wave height observation from underwater pressure gages which operated intermit- 

tently from 1950-195^ between Fire Island and Jones Inlets, showed a mean wave 
height of 1.2 feet, a maximum height of 13.U feet, and an occurrence of 2 feet or 
greater waves for 20 percent of the time and of 10 feet or more for 1 percent of 
the time. Visual observations at Jones Inlet from 195^ to 1957, showed that the 
predominant wave direction was from the southern quadrants with 99 percent of the 
surf wave height below 6 feet. The maximum observed surf wave height was less 
than 10 feet even though waves as high as 20 feet were reported in the deeper 
water offshore. This demonstrates that as storm waves approach the shore, the 
characteristics are modified by friction along bottom, change m water depth, and 
local hydrographic conditions. 
Tides are semi-diurnal and vary with a mean range of ^-.7 feet at Rockaway Inlet, 

the westerly end of the island, k.l  feet at East Eockaway Inlet, k.2  feet at Jones 
and Fire Island Inlets, and 2.0 feet at Montauk Point, the easterly end of the 
island. The tide in the interconnected bayshave a range of 1.0 to 2.0 feet except 
Jamaica Bay where the range is U.9 to 5.k  feet. 

Sea level changes. The relative position of land to sea level in this area 
since the retreat of the last glacier, about 10,000 years ago, shows that the 
level of the sea has risen about 25 feet or 0.25 feet per century. However, since 
the early 1930's, the rate of rise m the sea level has been at the average rate 
of 2 feet per century. 
Winds. The prevailing winds along the south shore are from the northwest to the 

southwest quadrants. At sea, the winds from the westerly quadrants prevail. Wind 
velocities, approaching 100 miles per hour, have been reported at points along the 
island with gust winds reported to 135 miles per hour. 

Storms. The south shore of Long Island lies m the Atlantic Ocean storm belt, 
Figure 1. The most severe storms are hurricanes originating m the equatorial 
calms during the months of August, September, and October. In most cases tropical 
storms have moderated considerably before reaching the south shore of Long Island 
with a few notable exceptions. Eecords show that about 239 storms of all types 
have affected the area since 1635.  Of these storms, five storms were unusually 
severe, 19 storms were severe, 50 storms were moderate and 6k  storms threatened 
the area. On this basis the frequency of the unusually severe storm is 3 per 100 
year, the severe storms is 22 per 100 year, moderate storms is 8l per 100 year and 
storms threatening the area is 103 per 100 year. 

LITTORAL MOVEMENTS 
Shore effects. High water shoreline changes in recent years indicate a fairly 

stable shore east of East Hampton, a shore eroding from 6 to 10 feet per year from 
East Hampton to Fire Island Inlet and about 3.5 feet per year from Fire Island 
Inlet to Jones Inlet, a transition shore from Jones Inlet to East Eockaway Inlet 
with accretion adjacent to the inlets and erosion in-between up to 7 feet per year, 
and a shore accreting at a rate of about 10 feet per year from East Rockaway Inlet 
to Rockaway Inlet. The shore movement west of Jones Inlet has been modified by 
groins, breakwaters and sandfill. Profile slopes from mean low water in the fore- 
shore vary from 1 on 8 to 1 on 35 and in the offshore from 1 on 25 to 1 on 600. 
Littoral drift varies with seasons of the year but is predominantly from east to 

west. This predominance is evident from the impoundment of littoral material on 
the east side of groins and jetties, westward migration of spits and inlets, the 
dominant westerly alongshore components of wave energy as developed by refraction 
studies and the progressive decrease in gram size and mineral content of sediments 
from east to west. The computed annual littoral drift to the west m cubic yards 
increases from 300,000 up to as high as 600,000, Table 2. 
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Littoral sediments. Along the entire south shore, the littoral sediments are 
generally coarse to fine sand with varying mineral content. These sediments are 
subject to variations of particle size distribution laterally along the shore and 
onshore and offshore as measured by the descriptive parameters of median diameter, 
the coefficient of sorting and skewness. The median diameter (M<j) identifies the 
middle size of cumulative particle sizes. The coefficient of sorting (S0) is a 
measure of the dispersion of the particle sizes. The skewness (Sj,.) describes the 
symmetry of the cumulative particle size distribution with respect to the median 
diameter. The variation in size of littoral sediment laterally along the shore is 
demonstrated by the tabulation in Table 1 of these comparative parameters for 
samples taken at midtide. 
Inlet migration. The general position, size, and number of inlets have remained 

constant since 1834, although for a long period of time, the two most easterly in- 
lets were closed. There is a pattern to inlet migration downdrift along an off- 
shore bar or barrier island. Not all of the littoral drift is deposited on the 
updrift side of the barrier bar. Some of the drift is drawn through the inlet and 
forms the inner bar or shoal and is thus removed from the littoral flow. Another 
portion of the drift forms the outer inlet bar or shoal.  The remainder of the 
drift finds its way across the inlet by transport across the outer bar or by grad- 
ual transfer from updrift to downdrift side of the inlet by tidal action. During 
storms, sudden updrift shift in position of channel through the outer bar trans- 
fers a large volume of sediment across the inlet. Such a drift regime results in 
the growth of the updrift side m a downdrift direction and a retreat of the down- 
drift side in the same direction. 

If the volume of sediment feeding the updrift side is sufficiently great and the 
tidal exchange small, so that the updrift side grows more rapidly than the down- 
drift side retreats, the inlet will close naturally. Shinnecock, Moriches and 
Jones Inlets are representative of this regime, Figure k.    The more complex inlet 
migration involves the continued growth of the updrift side until it overlaps the 
downdrift side while the inlet remains open and forces the tidal exchange to flow 
parallel to the barrier beach before entering the ocean. Fire Island, East Rocka- 
way and Eockaway Inlets are examples of this regime, Figure h.    In this type of 
inlet the migration is complicated by the size of tidal prism through the inlet, 
volume of littoral drift at the inlet, and natural bypassing of littoral sediments. 
A history of the migration at each inlet are given in Table 2. 

ECONOMIC CONSIDERATIONS 
Development on the barrier beaches and mainland vary from heavy to scarce settle- 

ment for residential to recreational use. The ownership of the shore is 37 percent 
private, 45 percent non-Federal, and 18 percent Federal.  The people affected by 
shore erosion and inundation are estimated at up to two million  The real value 
of the affected property is estimated at about $2| billions. Damages for the 
largest flood levels experienced in either the hurricane of September 1938 or the 
hurricane of September i960 amount to over $175 million with an average annual 
damage of about $10 million. 

PROTECTIVE MEASURES 
Involvement by the Federal Government in beach erosion protection started with 

the Congressional Act of 1930, and in hurricane protection with the Congressional 
Act of 1955 Under these authorities, the 120 mile ocean coastline of Long Island 
was Federally studied  Beach erosion and hurricane proiects have been approved 
for 95 miles of the shore from I\re Island Inlet to Montauk Point and from East 
Rockaway Inlet to Rockaway Inlet; and a beach erosion project for 15 miles of shore 
from Fire Island Inlet to Jones Inlet. A beach erosion and hurricane study is 

underway for the 10 miles of shore from Jones Inlet to East Rockaway Inlet 
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Description. The authorized projects consist of sandfill and dunes, feeder 
beaches, groins, levees, jetties, sand bypassing, and harriers across inlets, 
Figure 5. The projects as currently estimated will cost about $188 million of which 
$110 million is Federal cost and $78 million is non-Federal cost. The allocation 
of costs to Federal and non-Federal interests is based on separable costs between 
beach erosion and hurricane and equitable division of the joint costs in accord- 
ance with the benefits  The apportionment of cost is based on Federal law and 
policy governing beach erosion and hurricane protection. The projects would have 
annual charges of about $10 million and would return annual benefits of about $l6 
million. 

DESIGN CRITERIA. 
Hurricane surge is built up as the hurricane passes over the open water of the 

ocean not only by the force of the wind and the forward movement of the storm wind 
field but also by differences in atmospheric pressure accompanying the storm. The 
storm surge is further increased by a gradually shoaling ocean bottom and by the 
counterclockwise spiraling of the hurricane winds. 

Storm levels were computed based on transposition of the highest energy hurri- 
canes having occurred in the area to critical paths with critical wind speed, 
central pressures, radius of storm and forward speed. The September 19^A hurri- 
cane so transposed with a maximum wind speed of 116 miles per hour, with a central 
pressure range from 27-55 to 27.95 inches of mercury, with a normal pressure of 
30.12 inches, with a radius to maximum winds of 30 nautical miles, and with a 
forward speed of ItO knots per hour, produced a standard project hurricane surge of 
12.3 feet for the westerly half of Long Island and 13.1 feet for the easterly half 
of Long Island. 
Based on similar parameters except for a wind of 135 miles per hour and central 

pressure variation of 27.0 to 27.^5 inches of mercury, a maximum probable hurricane 
surge was computed as 15-3 feet for the entire south shore. Transposition of the 
September 1938 storm to a critical path produced a surge of 8.9 feet. The maximum 
surge recorded in the westerly half of Long Island was 8.2 feet for the extra- 
tropical storm of November 1950. 

Design elevations. The optimum practical design level for ocean protective 
structures was taken as the maximum surge of a standard project hurricane of 12.3 
feet on mean sea level plus a wave runup of 5.2 feet for a total of 17.5 feet 
rounded to 18.0 feet above mean sea level for the shore west of Fire Island Inlet. 
For the shore, east of Fire Island Inlet, the standard project surge for ocean pro- 
tective structures was taken as 13.1 feet on a mean high tide of 1.6 feet above 
mean sea level plus a wave runup of 5-3 feet for a total of 20 feet above mean sea 
level. 
Beach Erosion and Hurricane Section. The need for a protective beach has been 

demonstrated during severe storms along the south shore of Long Island. In loca- 
tion where dunes were of sufficient height but the beach was of insufficient width, 
breaks occurred in the dunes because scour at the base of the dunes caused their 
collapse. In a series of experiments in a wave tank, it was developed that a mini- 
mum wave and wave runup occurred at the dune when the beach section had a foreshore 
slope of 1 on 20, a beach berm height above mean sea level equal to the design 
surge and a beach berm width of 100 feet at the base of dune having a 1 on 5 slope. 
With a beach berm at Ik  feet above mean sea level, a surge of ll+ feet produced 
waves of only one foot in height at the base of the dune with a runup of only five 
feet on the dune. This design was used along the easterly section from Fire Island 
Inlet to Montauk Point, Figure 5- Similar analysis was used in developing the 
design sections for the westerly section from Fire Island Inlet to Roekaway Inlet, 
Figure 5. 
Barrier design. The height of the barrier was made equal to the height of coastal 

dunes and walls. The barrier openings were sized to produce no significant effect 
on tidal prism of the bays during normal tunes. The barrier openings were gated to 
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permit closing during storms so as to dampen storm surges into the bay area to the 
degree required to produce no significant damage to developments along the bay's 
shores, Figure 5. 

PROJECT IMPLEMENTATIONS 
Model tests are underway to develop the design for a stable navigation channel 

and a sand bypass system using commercial plant for Fire Island Inlet and Moriches 
Inlet. Model tests are underway on the barrier to be placed across Rockaway Inlet, 
Figure 5, to determine the widths of the fixed and gated openings so as to produce 
no changes in tidal prism of Jamaica Bay during normal operations and the desired 
changes in storm surges during storm operations. 
Groins. The initial work for the beach erosion and hurricane project from Fire 

Island Inlet to Montauk Point was the construction of 11 groins at a critical 
reach of the barrier island at Westhampton, Figure 5. This reach between Moriches 
and Shinnecock Inlets has been frequently breached by storm action. Similarly, 
two groins were constructed at East Hampton between Shinnecock Inlet and Montauk 
Point where the dune section was being heavily eroded. From March 1965 to October 
1966 the groins about 550 feet long were constructed at about 1,200 to 1,500 feet 
on centers along the critical sections of the shore to determine if a satisfactory 
beach and dune section could be developed without the need of placing the dune and 
beach fill. 

Sand dike. To relieve pressure and heavy erosion on the north side of Fire 
Island Inlet, a sand dike spit was constructed in 1959 as a part of the feeder 
beach operation west of Fire Island Inlet, Figure 6. This dike was placed to 
divert the erosive inlet currents from the erodible shore on the north side of 
the inlet. 

Beach nourishment. Beach nourishment was accomplished in 1959 and in 196^ for 
Fire Island Inlet to Jones Inlet reach as a beach erosion measure to offset the 
trapping of the littoral drift by Fire Island Inlet, Figure 6. Each time, about 
two million cubic yards of sand was placed on the feeder beach which was located 
downdrift of the nodal point of littoral drift movement. The sand was dredged 
from the shoal material in Fire Island Inlet and pumped about 15,000 feet to the 
feeder beach. 

Sand inventory. The source of sand to construct the initial phases of the proj- 
ects is the inlet shoals and inner bays. Because of the conflict with fish and 
wildlife interest, consideration must be given to obtaining future sources from 
the ocean. The current projects require 65 million cubic yards initially, and 
about two million cubic yards annually. Therefore, geophysical sonic surveys and 
core borings are being made of the offshore area along the entire south shore of 
Long Island to develop the availability of sand. 

RESULTS TO DATE 
Groin field. The shore conditions at the groin field areas were significantly 

affected by construction of the groins. The accretion and erosion, the advance 
and recession of the high and low water shorelines and the minus 12-foot contour 
are graphically shown on Figure 7 for Westhampton. Interesting observations are 
evident. 
For the two years before the groin construction, the 300,000 cubic yards of 

littoral drift material moving predominantly from east to west showed an accreting 
and advancing shore except from mean low water to the minus 12-foot contour in the 
vicinity of what is now the location of groins 10 and 11. In the following two 
years including the construction period, the high water and low water shorelines 
became realigned so as to build up on the updrift side and to erode on the down- 
drift side with no advance of the average low and high water lines within the groin 
field because littoral drift material was being cut off at the updrift groins. But 
from the low water shoreline to minus 12-foot contour there was accretion and 
advancement due to material being diverted seaward by the groins so as to move in 
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this zone. The total effect above the minus 12-foot contour was accretion. 
For the period of 18 months after the completion of the groin field, the pattern 

was one of erosion and recession west of groin 8 and accretion and advance east of 
groin 8. The recession and erosion is most significant west of groin 1 because of 
the trapping of the drift by the updrift groins, Photos 1 and 2. The compartments 
east of groin 11 and between groins 10 and 11 are filled to capacity. The littoral 
drift spilling over and bypassing these compartments is moving westward and has 
reached as far as the compartment between groins 6 and 7• 

It is apparent that the filling of all compartments and reestablishing of the 
east to west littoral drift is several years away and that the downdrift shores 
will continue to erode and recede unless protected and nourished. Within the down- 
drift section of the groin field, there is a reversal in the direction of the 
littoral drift due to trapping and filling at the updrift groins. Intermediate 
measurements taken since completion, show the drift to be from west to east from 
May through August and from east to west from September through April as shown by 
the comparative photographs on Photo 1. 

Similar studies were made for the two groins at East Hampton, Figure 6 and 
Photo 1. The groin field has resulted in accretion and advancement of the shore- 
line. The predominance of the east to west littoral drift is small here so that 
the buildup on both sides of the groins is fairly equal. The downdrift erosion 
and shore recession is evident, but compartments between groins and east of the 
east groin are almost filled so that downdrift feeding west of the groins is 
being reestablished. 

Severe changes in shorelines will occur m and adjacent to a large groin field 
until all compartments are filled and the predominant littoral drift is reestab- 
lished so as to feed downdrift beaches. To minimize these shoreline changes, the 
compartments between and updrift of the groin field should be filled as soon as 
construction of groins allows, thus permitting an earlier reestablishment of down- 
drift movement. As an interim measure a large feeder beach could be placed down- 
drift of the groin field to minimize the shore changes in the downdrift shore. 
The severe shoreline changes could also be prevented if the shore was first re- 
stored with sandfill and then groins constructed within the sandfill if found 
necessary. 
Beach nourishment. Sand dike has been successful in diverting the erosion 

currents from the north shore of the Fire Island Inlet. The construction of the 
dike modified the drift pattern on the westerly side of the inlet so that the 
feeding action to west from the first placement of feeder beach was not fully 
effective. To compensate for this, second placement of feeder beach material was 
moved about 2,000 feet west of the first feeder beach placement. However, peri- 
odic surveys have shown that the nodal point of the westerly drift movement is 
still farther west and that the feeder beach material is moving both east and 
west. The feeding material moving to the west is still insufficient to restore 
the eroding shore. 
Placement of fill at spot locations along the shore and in breaks in the off- 

shore bar have been used to try to stabilize weak spots in the shore.  Future 
feeder beach placement is planned farther to the west. Of the material placed 
in the feeder beach about 25 percent moved in the first six months. About eight 
years after the initial placement, about 55 percent of the sand is still in place 
with about 50 percent above and 50 percent below mean low water. 

Current observations indicate that the feeder beach must be located farther to 
the west to produce positive and strong downdrift movement if nourishment is to 
be effective. Badly eroded shores should be restored by direct sandfill place- 
ment prior to nourishment. Nourishment should be designed to maintain a suffi- 
cient flow of material downdrift so as to offset loss from shore due to littoral 
movement. 
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EVALUATION 
Findings• It is too early in the project to evaluate completely the overall be- 

havior of the treatment of a significant section of the Atlantic Ocean shoreline 
of the United States. 
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CHAPTER  78 

DESIGN OF A SMALL TIDAL INLET 

Morrough P. O'Brien* and Leonardo Zeevaert** 

ABSTRACT 

Estero Punta Banda on the Pacific Coast of Baja California was 
to be improved and stabilized as a small boat harbor by the construction 
of twin jetties. The throat area-tidal prism relationship at this 
entrance agreed with that of other inlets on sandy coasts in equilibrium. 
This throat area was retained in the jetty spacing. The major question 
to be resolved was whether to retain the entrance in its present position 
at the north end of the lagoon or to cut a new entrance at the south end. 
The former position was chosen. 

Estero Punta Banda is a small tidal lagoon located along the shore 
of the Bay of Todos Santos on the west Coast of Baja California, about 
sixty miles south of the Mexico-United States border and seven miles south 
of the Port of Ensenada. This lagoon is formed by a sand spit (Punta 
Estero) which extends northward from the headland (Punta Banda) which 
forms the south boundary of Bahia Todos Santos. Fig. 1 is taken from the 
survey of the U. S. Ranger, made in 1886. Fig. 2 is an aerial photograph 
of the lagoon and adjacent beaches. Fig. 3 shows the existing entrance 
channel and the sand spit to the south. 

The generally good weather and warm waters of Southern California are 
favorable to all-year boating, and the boat population has grown rapidly 
in recent years. The number of small boats based south of Santa Barbara 
is estimated to be more than a quarter of a million. Berths for small boats 
are scarce; most of the land adjacent to the small boat harbors has been 
subdivided and developed as building lots. Attractive overnight, cruising 
opportunities are limited, by weather and sea conditions and by the avail- 
ability of harbors, to the shore and offshore islands between San Diego 
and Point Conception. Extension of the convenient and safe boating area 
southward along the coast of Baja California, ultimately as far as La Paz, 
is a development which would benefit both Mexico and the United States. 
Estero Punta Banda is within small boat day-cruising range of Southern 
California. 

The Port of Ensenada has been developed primarily for fishing and 
general cargo. A breakwater gives full protection of the anchorage area 
and wharves against waves from north through west. Protection against waves 

^•Professor of Engineering Emeritus, College of Engineering, University of 
California, Berkeley. 

#*Professor of Civil Engineering, University of Mexico. 
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from the south-westerly quarter is adequate for large vessels but not 
for small pleasure craft. The area available for anchoring or berthing 
small boats is limited; the commercial harbor may be enlarged in the 
near future to accommodate the increasing traffic and tonnage of cargo 
ships and this will further decrease the area available for pleasure 
craft. 

Estero Punta Banda is- the first inlet south of the International 
Border suitable for development as a small boat harbor. The entrance 
channel, which has not been improved, is used infrequently because the 
bar channel shifts position and the controlling depth is inadequate. A 
small resort hotel at the north end, a gun club near the south end, and 
farms along the mainland side of the bay are the only developments of 
consequence in the adjacent area. The proposed development, of which the 
improvement and stabilization of the inlet channel is an essential feature, 
included a yacht anchorage and marina, a 288 room resort hotel, and a sub- 
division of waterside building lots. Fig. 1+ is the immediate plan for the 
development of the bay. 

The objective of this study was to develop a design which would improve 
and stabilize the entrance channel into Estero Punta Banda, preserve the 
existing interior channels which are in good condition, and avoid both 
erosion of the shoreface of the sand spit, Punta Estero,.and wave damage 
to the developed property at the north end of the lagoon. The shores of 
the lagoon are almost completely undeveloped and a coordinated plan of 
development could both increase the low water area and the tidal prism 
and could also increase the usable upland; the proportions of the entrance 
channel should be such as to provide a navigable depth of h m below MEW 
with the present tidal prism and later to accommodate an increased tidal 
prism. Circumstances of financing and jurisdiction make it desirable to 
design the channels and structures so as to require a minimum of maintenance. 

Estero Punta Banda Use at the seaward edge of the Maneadero Valley 
which was formed by submergence of a block lying between the rocky peninsula 
of Punta Banda and the upland north of the inlet. Scarps still mark the 
location of the two fault lines. The valley was once a deep embayment 
which has been filled in an earlier geological era by sediments from the 
San Carlos and San Miguelito water-sheds. These streams rise in forested, 
mountainous areas, where the run-off is substantial, but their flowa are 
almost completely absorbed by strata of fissured and permeable extrusive 
igneous rocks in their lower reaches. There is no evidence of substantial 
flow into the bay in recent years and consequently, no provision has been 
made in the plan to divert flood flows and sediment, as has been found 
necessary in similar inlet developments in Southern California. 

Punta Estero, the sand spit enclosing the bay, has grown northward 
from Punta Banda during recent geological times. Evidence of this growth 
is discernible in Fig. 2 which shows dune lines and vegetation marking 
earlier positions of the inlet. The north end of the sand spit is pressing 
the inlet channel against the consolidated upland on its north side, which 
is formed by the cliff of the northern fault line of the Valley of Maneadero. 
The shoreface of the spit, Punta Estero, appears to have reached an equilibrium 
position, but historical surveys are not available to substantiate this 
conclusion. 
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The north face of the headland Punta Banda, extending seaward 
perpendicular to the base of the sand spit Punta Estero, is being eroded 
and is supplying boulders, coarse gravel, and fine sand to the base of 
the spit. Fig. £ shows the shoreface of the spit at its junction with 
the headline. Fig. 6 shows the size of the beach surface material as 
a function of position along the beach. A study of the most frequent 
diameter with very little variations on either side of the entrance channel. 
However, a slight reduction in diameter of the surface material occurs at 
the sharp bend of the sand spit beach close to Punta Banda Peninsula at 
points 3, 1* and 5, Fig. 6. At these locations gravel and boulders are 
evident on the beach surface, Fig. 5. The wave refraction diagrams show 
that wave acti'  is considerably less active in this area (see Fig. 1). 

The configuration of Todos Santos Bay is such that the Punta Banda 
inlet is exposed to waves between N 55° W and S 57° W, Refraction diagrams 
were drawn for waves approaching in this sector for wave periods of 15, 
10, 8 and $  seconds. From these diagrams the directions of the waves at 
the inlet were determined for each assumed sea and swell wave direction. 
It was found that the bottom contours around Todos Santos Island would 
cause some focusing and intensification of waves. In order to select the 
direction of the jetties to stabilize and protect the entrance to the 
lagoon, the available data-*- were reviewed. Wave directions considered in 
this study were: 

a). Extraordinary strong wave action N 73° W 
b). Medium and strong seas N 61° W 
c). Medium and strong swells N 65° W 
d). All wave action N 62° W 

This study yielded N 68 i 5° W as the best alignment for small-boat opera- 
tion of the jetties at the entrance channel to the lagoon. This direction 
coincided with the direction of the dominant wind and it is very nearly 
perpendicular to the general alignment of the sand spit. 

There is no natural trap or other means of measuring the annual volume 
of littoral material reaching the base of the sand spit, Punta Estero. The 
headland is eroding slowly and must be contributing some material to the beach, 
but the rate of loss has not been established quantitatively. In addition 
to the wave data on the Sea and Swell Charts there were available wave 
hindcasts for an ocean station NW of Point Conception (Lat 35° 30' N, 
Long 122° W), about ^00 miles distant from Estero Punta Banda. Using these 
data and the refraction diagrams, the northward and southward components 
of littoral transport were computed for points on the shore at the inlet 
and at the base of the sand spit . The results were as follows: 

1 Atlas of Sea and Swell Charts Northeastern Pacific Ocean. Published by 
the U.S. Navy Hydrographio Office under the Authority of the Navy. 
H. 0. Publ. No. 799-D. 

"Wave Statistics for Seven Deep Water Stations Along the California Coast." 
Scripps Institute of Oceanography, La Jolla, California. 

Caldwell, Joseph M. "Wave Action and Sand Movement near Anaheim Bay, Cali- 
fornia." U.S. Army, Corps of Engineers, Beach Erosion Board, Tec. Memo. 
No. 68, February 19§6. 
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Gcmputed I&ttaral Transport (m-V year) 

Location            Northirard      Southward Net Annual 

South end of sand spit 273,000         U0,000 233,000 North 

Estuary entrance      273,000        2U7,000 26,000 North 

These results are approximations because the relationship between wave 
energy and littoral transport is not known precisely and the probable 
error is large, the wave data available pertained to a distant station, 
and the refraction effect of Todos Santos Islands is considerable. How- 
ever, two conclusions do seem to be justified, namelys 

1) Sand movement northward along the sand spit at its junction with 
Punta Banda is not negligible, and this conclusion agrees with 
the evidence from materials on t he beach and from the erosion 
of the headland. 

2) Net annual northward movement at the location of the existing 
entrance is small. 

Local wind data were not sufficiently detailed to permit calculation 
of the movement of sand from the beach into the lagoon. Winds are generally 
light, but even a light wind moves sand wherever vegetation has been 
removed. As an indication of the magnitude of wind drift, a wind of 16 mph 
at 5 m above the beach blowing 1 hour per day would transport 1U,000 cu mts 
per year across the length of the sand spit. The actual net drift into 
the lagoon may be several times this figure. 

The area of the lagoon is 2.6 Km2 at mean lower low water; 10.7Ife 
at mean higher high water. The maximum dimension, of the lagoon is 11.5 
kilometers. The average diurnal range of tide in the ocean is 1.6 mj 
the minimum range, 0.7 m; the maximum range 2.6 m. Tide staffs along 
the channel in the lagoon, reading maximum and minimum levels on each 
tide, showed the ratio of the tide range in the lagoon to that in the 
ocean to be 1.03. The computed lag in tide between the mouth and the upper 
end of the lagoon, using C = J g x dav" is lj.6 minutes at MLLW. The observed 
lag of low water, between gages near the mouth and near the upper end was 
U3 minutes. These facts about the ratio of ranges and the velocity of ad- 
vance show that the tide proceeds through the lagoon as a solitary wave 
with little reflection from the upper end and little effect of either fric- 
tion or storage. 

Surging or seiche action is a problem at many small-boat marinas. 
At Estero Punta Banda, there are no continuous tide gage records which 
would show the existence of absence of surging. The survey party which 
made the hydrographic surveys and observed the tide staffs in the months 
of June and July 196U, saw no indications of surging. The basic period 
of oscillation along the long axis of the lagoon is approximately 103 
minutes at MSL. Transverse periods of oscillation range from 19 seconds 
near the entrance to 281 seconds at the pond at the upper end. Thus, some 
part of the lagoon might be in resonance with a wide range of exciting 
frequencies. 
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The Jidfl prism of the lagoon, the volume between MHHW and MLLW is 
8.1i5 x 10° w?.    At the gorge, the area of the existing minimum flow 
cross-section below MSL is 520 m^j the width at this section is 95 m 
at M1XW and 370 m at MHHW; the maximum depth at the gorge is 7.5 m below 
MLLW. 

An important feature of the configuration of the estuary is that a 
preponderance of the surface area is located at the south end, especially 
at low stages. The tidal prism of this area must traverse most of the 
length of the channel during each tide, and this fact accounts for this 
very good natural channel and its maintenance. 

Current velocities were measured at the gorge section by means of 
floats to determine the maximum surface velocity and to compare this 
velocity with the mean velocity across this section at the tide range and 
flow areas existing at the time of measurement. On a diurnal range of 
tide, the maximum surface velocity at the gorge is on the order of l.llt 
m/sec and the mean velocity, 0.70 m/sec. 

Hydraulic Design. Experience in similar situations in Southern California 
indicated that twin jetties would be required to stabilize the entrance 
channel to Estero Punta Banda. 

There are two feasible locations for the entrance, one at the north 
end of the lagoon near the existing inlet channel and another, at the south 
end, adjacent to the headland Punta Banda. A choice between these two loca- 
tions depends primarily on the magnitude and direction of the littoral 
transport of sand and the consequent condition of the shoreline after the 
jetties were in place, but other factors were considered. The advantages 
and disadvantages of the two locations were: 

South End; Closing the entrance at the north end would, permit access 
to the sand spit, Punta Estero, by road directly south from Ensenada 
without circling the bay. The refraction diagrams showed wave action 
to be lighter at the south end than at the existing entrance. Dredg- 
ing the inlet channel would be more costly here because it would be 
longer and be dug in gravel and cobbles; more dredging would be re- 
quired to create an adequate anchorage near the entrance. Although 
the; rate of littoral transport from Punta Banda is probably small, 
the storage area south of the south jetty would also be small and 
would soon be filled, permitting whatever sand movement there is 
to enter the entrance. Furthermore interruption of sand movement 
by jetties at the south end would disturb in some degree the equili- 
brium of the sand spit. The tidal regimen of the interior channels 
would be altered drastically. 

North Endt Locating the improved channel at the north end, in sub- 
stantially the natural location, would bring the least disturbances 
of the regimen lagoon and inlet. The improved channel must be moved 
a short distance south from the present location to protect the 
developed shore on the north side. Erosion either of the spit south 
or of the upland north is not likely, but if there is a greater 
littoral transport than expected, the adverse effect on the shoreline 
would be least with the entrance located here. This location is 
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closer to the quarry for jetty stone if a trestle is built across 
the inlet. Somewhat greater intensity of wave action will occur 
here. Access to the spit by road around the lagoon is a disad- 
vantage. 

The choice was made to locate the entrance channel at the north end 
of the lagoon on the basis that this location involved a lesser change in 
the existing regimen of shore and lagoon. 

The specifications underlying the hydraulic design were: 

1) A stable, safe entrance channel with a controlling depth of U mts 
of MLLW. 

2) Tidal currents should preserve the outlet channel between the jetties 
and the bar with little maintenance dredging; the interior channels already 
in satisfactory condition should require only minor maintenance. 

3) The stabilized inlet should permit an increase of depth at a later 
date, if the tidal prism is increased as recommended. 

U) Waves entering between the jetties should be dissipated by an 
absorbing beach to minimize local wave action inside the jetties and to limit 
surging in the bay. Adequate space must be provided for a wave-absorbing 
beach. 

5) The sharp turn in the navigation channel near the gorge should be 
increased in curvature. 

6) The developed water front north of the entrance should not be ex- 
posed to waves entering the inlet. 

At a location approximately 6f>0 mts south of the present channel (see 
Fig. 7) the inlet channel could be connected to the estuary bay channels 
by a gradual transition. This location has the disadvantage that the exist- 
ing channel must be closed after the jetties are built and the channel 
between them dredged, but this choice of location best meets the design 
specifications enumerated and justified the added cost as compared to 
improving the channel in its present location. 

The flow area of the gorge of the existing inlet fits almost exactly 
on the curve of tidal prism versus flow area which has been found to be 
generally applicable to tidal inlets on sandy coasts3. The tidal prism of 
8.U5 x 10 m3 could be expected to maintain a channel flow area of $75 m 
below MSL at the minimum point. The desired depth of the navigable channel 
below UWH is k mts; the centerlines of the jetties were made almost parallel 
and 160 mts apart. Fig. 7 shows a cross-section of the jetties at their 
outer ends and the entrance channel between. The actual channel will probably 
have a somewhat greater maximum depth and the best channel will probably lie 
north of the centerline. 

3 O'Brien, M. P., "Equilibrium Flow Areas of Tidal Inlets on Sandy Coasts." 
Proceedings of Xth Conference on Coastal Engineering, Tokyo, Japan, 
Sept. 1966. Vol. 1, p, 676. 
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The interior shores of the lagoon are almost devoid of improvements 
which would interfere with a coordinated plan of improvement which could 
both increase the tidal prism and also the usable upland area. It was 
recommended that a bulkhead line be established approximately along the 
position of the Hflf line and that dredging in the inter-tidal zone be 
used to fill landward of the bulkhead line. If this plan were followed, 
the tidal prism could be increased to 12 x 10° m3 and the minimum flow area 
at the entrance channel would be increased to 780 ur. To match this increase 
in cross-section area, the channel would deepen to about 6 m; the jetties 
should be extended about 500 mts to stabilize this greater depth. Dredging 
of the interior channels to 5.5 m near the entrance and H.5 m at the southern 
end would be desirable to make these depths consistent with the deeper 
entrance channel; once deepened by dredging these deepened channels should 
require little maintenance. 

Storm waves will enter the channel; bottom friction, diffraction and 
refraction against the jetties will reduce their heights but the largest 
wave will retain appreciable amplitude at the inner end of the jetties. 
Nevertheless, the high spreading of the waves crests after passing the 
jetties will permit interior navigation even in medium large swells, Fig. 7. 
A wave absorbing beach, Fig. 7, will be located on an arc centered on the 
entrance and will be graded to a flat slope to cause breaking and full 
dissipation. 

Structural Design: Exposure to wave action at Estero Punta Banda is similar 
to that of the coast of Southern California, where many tidal inlets have 
been improved and stabilized by means of twin jetties. The design of the 
jetties at Estero Punta Banda follows the same practices as have proved to 
be adequate in California. 

Studies were made from the economical point of view, of various types 
of armor for the jetties. The elements studied were concrete cubes, tetra- 
pods, tribars, quadripods, akmon and some other armor units. The most econom- 
ical solution was found to be the use of igneous rocks found in the area. 
The criteria used to determine the weight of the stones for the armor units 
of the jetties was Hudson's investigations^, using a wave height corres- 
ponding to the highest possible breaking wave in front of the jetties. The 
seaward ends of the jetties were designed for 0? damage and the adjacent 
section along the sides of the jetties far 10? damage. The weight of the 
stones was reduced gradually to one half of this weight at the beach. The 
inside slopes of the jetties were protected with lighter stones, as shown 
in the design drawing, Fig. 7» 

The choice among possible construction methods and sequences will be 
made by the owners and the contractor and will be determined by costs. Under 
any construction plan adopted, it is important that the inlet be kept under 
control during the construction and that the old channel be closed as soon 
as the new one is opened. Fig. 8 shows the ultimate configuration of the 
jetties and channels. One feasible sequence of operations is to build a 
trestle across the existing channel to transport stone from the quarry, 

k Hudson, Robert X., "Laboratory Investigation of Rubble-Mound Breakwaters." 
U. S. Army Engineer. Waterways Experiment Station, Vicksburg, Mississippi. 
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build the two jetties to full ultimate sections across the beaoh, dredge 
between the jetties and, as this cut nears completion, begin closure of 
the old channel by dumping stone from the trestle and by depositing 
dredged material on the north side of the north jetty. In this matter, 
the flow would be diverted to the new channel. Most of the dredging in 
the lagoon and the construction of the wave absorbing beach would be 
deferred until the new flow regime had been established. 

The authors wish to acknowledge the collaboration of Ing. Arturo 
Bello M. who made the field studies and who was responsible for the cal- 
culations and the figures presented in this paper. The study was sponsored 
by Programa Nacional Fronterizo, Mexico. 
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DUBAI CREEK ENTRANCE 

H.Ridehalgh, F.I.C.E. 
Partner,Sir William Halcrow and Partners 

Consulting Engineers 
Newcombe House, 45 dotting Hill Gate, London W.H 

INTRODUCTION 

The paper describes the works carried out to improve and stabilise 
the entrance to the Creek at Dubai.  The Creek which is about eight 
miles long discharges through a heavily charged littoral zone m which 
large volumes of sand are transported across the entrance from west to 
east. 

The works were required urgently and this coupled with financial 
restrictions prevented a study of the problem on an hydraulic model or 
the collection of comprehensive site information before construction of 
the work commenced. 

In the event the works were carried out in stages - succeeding 
stages being planned and designed after the effects of the previous 
stages on the regime had been established. 

The paper presents the results which were achieved using the proto- 
type as a model and traces the effect of each stage on the Creek and 
littoral regimes from the commencement of the works. 

GEOGRAPHICAL LOCATION 

Dubai is situated on the south eastern shores of the Arabian Gulf 
and on the north western coast of the Musandam peninsular at approxi- 
mately parallel 25 north.  Pig.l. indicates the geographical location 
of Dubai. 

HISTORICAL 

The State of Dubai is one of the seven Trucial States so called 
after the truce with Britain in 1820.  A thriving entrepot trade has 
been built up over the years based on the Creek, and the desire to 
improve the entrance to the Creek was manifested in 1955, in order to 
facilitate further expansion of the State's trade.  The improvement 
works required were essentially to deepen and stabilise the entrance 
to the Creek so that unrestricted access at all stages of the tide and 
during most weather conditions would be possible.   The works were 
commenced in 1959 and completed in 1961/62. 
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WEATHER 

The weather can be divided into the two seasons - winter and summer. 
The winter is characterised by temperate conditions with light winds 
mainly from the N.W.  Squalls of short high intensity, with wind 
strengths up to force 7 and sometimes greater are experienced. In the 
summer, high temperatures persist with fairly strong constant winds from 
the 11.W.      In the afternoon this wind is normally about force 5 or 4 on 
7O/0 of the days.  The wave front conforms with the prevailing wind. 
What little rainfall there is usually falls m the winter, otherwise 
arid desert conditions prevail. 

PHYSICAL FEATURES 

Fig.l. shows the general boundaries of the Creek which is about 
eight miles long.  The southern shores are generally steep sided and 
ringed with soft sand or sand dunes, whilst the northern shores are 
generally gently shelving and almost devoid of soft sand, indicating 
that the Creek traps most of the wind borne sand. 

The bed of the Creek varies from hard layers of cemented sand and 
shells to deposits of fine grey sand.  In general the hard layers are 
only a few inches thick and exist at various levels in the Creek, over- 
lain by sand where accretion is taking place and exposed where erosion 
is dominant.  The hard layer effectively prevents further erosion. 

Fig.2. indicates the configuration of the entrance at about the 
time when the Author first became involved.  At that time the ebb 
flowed away eastwards through several small unstable channels in a 
shallow coastal zone with the velocity of about half a knot. 

The sea bed outside the Creek consists of sand, cemented sand and 
small areas of live coral, although the area immediately outside the 
old entrance was predominantly mobile sand. 

The coastline is generally flat and sandy with a coastal barrier 
of sand dunes penetrated by a number of inlets connecting to lagoons 
behind the barrier. 

The inlets are all unstable and appear to evolve cyclically; the 
entrance to Dubai being one such inlet.  The coast is generally low 
lying and extensive areas of salt flats exist in association with the 
lagoons behind the barrier of sand dunes. 

The direction of littoral drift is from west to east and longshore 
currents of up to one knot have been recorded off the entrance. 

The tidal range in the open sea is of the order of five feet and 
that within the Creek was about three feet before the works were con- 
structed, high water and low water generally lagging behind those of 
the open sea;  low water lagging approximately twice as much as high 
water. 
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THE WORKS AND THEIR PERFORMANCE 

The first phase works consisted of dredging a channel some 3>000 
feet long and down to six feet below low water through the sand spit 
as far as the one fathom (six feet) contour in the open sea and the 
closing of the 1954 and 1957 channels by the construction of a 
training wall some 1,000 feet long aligned to encourage both ebb and 
flow to follow the same path.  At the same time a groyne was con- 
structed with the intention of protecting the entrance and encouraging 
accretion on the eroding Shindagah foreshore, as well as to prevent 
bar formation across the entrance.  Fig.3. indicates these proposals. 
The dredgings were used to raise the level of the low lying area behind 
Shindagah. 

The dredging was limited to six feet below low water by reason 
of the presence of a hard layer of cemented sand just below this 
level, the cost of removal of which would have been out of proportion 
to the benefit received. 

It was decided at that time that the quickest and most economic 
form of construction in these conditions for the groyne and the 
training wall would be a steel sheet piling and this has remained 
the case up to the present day. 

Even though Creek discharge velocity increased to about three 
feet per second, these works were only partially successful, and Fig. 
4. illustrates the conditions existing at their conclusion, from 
which it will be seen that further works were necessary. 

The bar across the entrance was formed largely as a result of 
bed and bank erosion within the Creek itself.  In particular, large 
quantities of sand were eroded from the bank at Has Daira due to the 
realignment of the entrance and the increased current velocities. 
The littoral drift naturally contributed to the bar formation, but 
probably more to the shape than to the size of the bar.  At this 
stage the Shindagah foreshore some distance upstream was beginning 
to erode due to the influence of the groyne. 

Conditions at the entrance which remained navigable for about 
nine months deteriorated suddenly as a result of a prolonged storm 
during which the bar was supplemented overnight by an accretion of 
approximately 100,000 cubic yards, and it became imperative to 
supplement the works already completed. 

It was decided, therefore, to extend the groyne seawards into 
deeper water in an attempt to reduce the effect of the drift and 
further protect the entrance. At the same time the training wall 
was extended inland to encompass the eroding bank at Daira, and so 
prevent the transport of material from this particular bank to the 
entrance and, at the same time, it was extended seawards to direct 
the discharge further out into the littoral drift. By this means 
discharge velocity was increased to about five feet per second. Fig. 
5. shows the Phase II proposals which, in the event, proved most 
successful and the conditions at the entrance after completion of 
the work are shown on Fig.6. 
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The groyne was successful in arresting the drift, and this may- 
well have been fundamental to the success of the scheme in that 
shelter from the weather and littoral drift facilitated the completion 
of the rest of the works and enabled the transport of sediment from 
the Creek to take place under relatively stable conditions without 
conflict with the littoral stream. 

The entrance condition as it stands today is quite stable. The 
velocity has been improved to a maximum of about five knots and the 
shoal shown on Fig.6. has moved further east improving access to the 
entrance.  The groyne is now full and material is passing across the 
entrance to the shoal on the eastern side of the entrance. 

SIDE EFFECTS 

The Phase II works having been completed and a permanent feature 
of the coastline having been formed, several side effects appeared. 

The principal effect was the erosion of both the Shindagah fore- 
shore and that of Ras Daira. 

v/hilst the main groyne was able to halt erosion immediately adjacent 
to it severe erosion took place some distance upstream along the beach. 
Four concrete groynes were erected which effectively controlled the loss 
and eventually sufficient accretion was encouraged to replace the beach 
previously lost. 

Eventually it was found necessary to increase the number of groynes 
to cover a distance of approximately one mile westwards along the beach, 
i.e. sufficiently far to be outside the effect of the new entrance. 

Erosion on the beach further downstream did not manifest itself until 
some time after the Phase II works were complete.  Erosion of the beaches 
much further east of Dubai has been going on for many years and will event- 
ually become a problem, although at the present time this area of the coast 
is uninhabited.  The beach in this area is subjected to waves from a more 
northerly direction, due to the influence of the entrance and refraction 
by the beach contours.  The submerged offshore bar comprising the cut-off 
remains of the old sand spit effectively prevented erosion until the bar 
itself was eroded, whereupon shore erosion became progressively worse. 
Four groynes have been erected as an interim measure which have, to a 
large extent relieved the situation. 

The increased discharge velocity of the Creek undoubtedly contributes 
substantially to the freedom from shoaling at the entrance but, in addition, 
it is thought that the very high salinity in the upper Creek induces a 
reversal of normal estuarine flow conditions which also contributes to the 
absence of bar formation. 
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It is thought also that the orientation of the end section of the 
groyne in relation to the normal wave front is such as to produce a 
small inshore current which tends to hold back the drift.  Further west 
along the coast where the effect of this current is no longer felt, there 
appears to be some accretion of the beach which might well be the begin- 
ning of a new sand spit. 

GENERAL 

The stage development followed, when using the prototype as a model 
has, in fact, produced a result of the classical style resulting when a 
discharge takes place into or through a littoral stream. Accretion and 
some denudation has taken place on the upstream side and erosion has 
become evident on the downstream side.  There are signs also that some 
of the accretion on the upstream side is now beginning to find its way 
into the entrance, although the discharge velocity is still able to main- 
tain a channel free from shoaling. 

It could well be argued that the works have made no contribution to 
the solution of the problem, and that further extensions seawards of both 
groyne and training wall will be necessary. 

This may be true but should be considered in relation to the economic 
advantages gained by building the entrance m its present form.  Trade 
into the Port has increased four-fold as a result of the new entrance, 
and has produced a very substantial revenue.  Further, considerable sums 
of money have been derived from the sale of reclaimed areas within the 
Creek, and it could be said that the scheme has already proved its 
economic viability.  In addition there has been a financial and time 
saving due to using the prototype as a model. 

The income derived as a result of the new entrance, together with 
newly acquired oil revenues, have resulted in a decision to build a new 
deep water artificial port, approximately two miles upstream of the 
original entrance.  An hydraulic model has now been built to determine 
the effects this new port will have on the coastal regime, and consider- 
ation will be given during these investigations to the desirability or 
otherwise of maintaining the present entrance and protecting the adjoining 
coastal areas. 

It is hoped that it will eventually be possible to discharge the 
Creek through the new Port, in which case any coast protection works 
built now to safeguard the position resulting from the construction of the 
present entrance would either be redundant or inappropriate. 
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High Water — 
Low Water — 
Transient Sand 

FIG. 2 DUBAI ENTRANCE BEFORE COMMENCEMENT OF WORKS 
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FIG. 3    DUBAI CREEK ENTRANCE PHASE  I  PROPOSALS 
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FIG. it DUBAI CREEK ENTRANCE AFTER COMPLETION OF PHASE I WORKS 
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FIG.  5    DUBAI CREEK ENTRANCE PHASE  II PROPOSALS 
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High  Water 
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FIG. 6 DUBAI CREEK ENTRANCE AFTER COMPIETIOK OF PHASE II WORKS 



CHAPTER 80 

RIVER MOUTH TRAINING IN NEW SOUTH WALES,   AUST. 

BY 

C.   D.   FLOYD, 

Inspecting Engineer Investigation, 

Harbours and Rivers Branch,  Public Works Department 

of New South Wales. 

ABSTRACT. 

A summary is given of the results of training sixteen 
rivers in an endeavour to increase bar depths for navigation.    The bars 
are of simple crescent formation fed by littoral drift. 

Whilst the training works have improved conditions for 
navigation they have not resulted in any appreciable increase in bar 
depths. 

Despite the complex mechanisms involved in bar formation 
a consistent simple correlation is found to exist between channel and 
bar depths.    This correlation seems to apply to all rivers and inlets 
with simple bar systems and extends over a range from a bar depth of 
two feet to 60 feet.    The correlation holds for rivers elsewhere and-- 
with varying climates of exposure 

1267 
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RIVER MOUTH TRAINING IN NEW SOUTH WALES.  AUSTRALIA. 

INTRODUCTION. 

1. 1 New South Wales has a coastline running roughly north 
and south from latitude'28°10'S to latitude 37 30'S a distance of about 
650 nautical miles. It faces the South Pacific Ocean and Tasman Sea. 
Numerous rivers and coastal lakes enter the ocean through sand beaches. 

1. 2 Sixteen river mouths have been trained to some degree for 
navigation.    These vary in size but all have extremely variable fresh 
water flow.    This variation in the case of the largest,  the Clarence River, 
is from zero to 600, 000 cusecs (170,000 cu. meters/sec) and for the greater 
part of the year the flow is less than 1, 000 cusecs (28. 3 cu. meter/sec). 
Tidal flow through the entrance however is about 88,000 cusecs 
(2, 500 cu. meter/sec) at mean spring range (4. 4 feet (I. 3m) ocean).   Other 
rivers have similar characteristics on a smaller scale and the mouths and 
lower reaches are in tidal regime.    When floods do occure the loss of 
flow to storage on the flood plain is such that very few floods result in a 
flow through the mouth much above maximum tidal flow for extreme spring 
tides. 

TRAINING WORKS. 

2. 1 The rivers became centres of communication early in the 
history of the State's development as the most convenient and rapid means 
of transport was by water.    Starting with the Hunter River in 1810 training 
works were constructed to provide safe navigation.    The majority of the 
work was carried out in the period 1880 to 1910 with minor changes and 
additions to some schemes in the period 1910 to 1930.    Commencing in 
the 1950's a major training scheme was started on the Clarence River and 
also a programme of development of small river entrances for fishing craft. 

2. 2 Prior to development all river entrances was unstable and 
changed with changing weather conditions.     In all cases the location of the 
saddle across the ring bar was variable and often difficult to find or such 
that a vessel would have to cross a shallower area.    The positions of some 
river mouths also moved up and down the coast over limited distances. 

2. 3 Training works to improve navigation are conventional and 
fall into two categories,   internal training walls and entrance training 
jetties.    Both types are in all cases of tipped quarry stone or stone and 
concrete blocks. 
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2.4 The internal training walls served two functions; the 
improvement of channel alighments and depths and the fixing of the point 
of entry into the ocean.    The training jetties at the entrance were 
constructed to serve three functions; to improve the alignment of the 
entrance,  stabilise the bar location and increase depths across the bar. 

TRAINING JETTY GEOMETRY. 

2.5 The geometry of all trained river entrances is shown in figure' 
1.    Most are approximately at right angles to the general coastline adjacent 
to them and facing about due east.    Of these four have two jetties of 
approximately equal length and six have two jetties of unequal  length. 
Those having unequal length j'etties are again divided into two with 
projecting jetties on the northern side and four on the southern side. 
Another three have single j'etties only,   two of them are on the northern 
side and one on the southern. 

2. 6 Four entrances are aligned in a north easterly direction, 
two have two training jetties and two have one only with a reef in effect 
acting as a second. 

LITTORAL DRIFT. 

3. 1 With the exception of Newcastle no measurements have been 
made of littoral drift past any of the entrances.    The drift rate at this 
location is estimated to be about  100, 000 cu. yds.  per year with between 
10,000 and 30,000 cu. yds passing through what would normally be the bar 
area. 

3. 2 Prevailing ocean swell  is from the south east and coastal 
features all  indicate a littoral drift from south to north. 

3. 3 There are no known permanent ocean currents past any of the 
entrances. 

3. 4 Sand grain sizes are generally in the range 0. 2 to 0. 3 m. m. 
median. 

3. 5 Although no quantitative data are available the indications 
are that the volume of littoral drift increases from south to north. 
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RESULTS OF WORKS. 

4. 1 The results obtained in attempting to stabilise and 
deepen the river entrances have been satisfactory to a limited degree. 
With a few exceptions the aim of providing a static entrance has been 
achieved.       Navigable depths on lines of access over the bars have in most 
cases been improved but in only a few has the depth of water over the 
bar "saddle" been increased or the bar removed.    The improvement gained 
has generally taken the form of inducing the "saddle" to remain 
approximately in line with the trained entrance channel.    Where a greater 
bar depth has been obtained it has been accompanied by a deeper entrance 
channel resulting from narrowing or improved flow characteristics. 

SINGLE TRAINING JETTIES. 

4.2 Single jetties have proved almost worthless except for 
two cases which cannot be regarded as typical.    At Nambucca and Manning 
single jetties on the down drift side of the entrance cannot be said to 
serve any useful purpose.    The entrances are unstable and so far as can 
be seen from old records no better than when untouched.    Port Macquarie 
(Hasting River) at one stage in its development had a single jetty on the 
up-drift side and under these conditions it also had an unstable entrance. 
The two successful single jetty entrances will be discussed later in para. 4. 10. 

TWO TRAINING JETTIES - perpendicular to shore. 

a) Equal Projection. 

4. 3 The effects of two equal  length j'etties has been to move 
the bar seaward and improve navigation by causing the bar saddle to 
align approximately with the channel.    Where the depth over the saddle 
has increased it seems to be related to an increase in channel depth 
resulting from decreasing the width of the channel.    The position of the 
saddle moves with changes in weather conditions resulting in a decrease 
in navigable depth and occasional dredging is required. 

b) Unequal Projection. 

4.4 Where the up-drift jetty projects a large shoal area forms 
in its lee and the channel  is unstable at the outer end fluctuating in 
direction over an arc which may be as much as 90 .    At times more than one 
channel may form and the ruling bar depth then decreases.    A direct approach 
across    the bar and into the channel  is only possible for short periods. 
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4. 5 Usually the flood tide tends to concentrate around the end 
of the shorter jetty. Breaking waves on the shoal area seem to provide a 
larger volume of sand for inward transport than would be available for an 
entrance with equal length walls (this has not been checked by measurement). 

4.6 Where the down-drift jetty is the longer the channel  is stable 
in location and the bar behaves much as it would with two equal lengths jetties. 
The depth over the bar seems to be much the same as can be expected for equal 
length jetties. 

4.7 The main disadvantages seem1   to be the lack of shelter in 
the outer channel and an apparent increase in sand feed into the entrance 
channel. 

Entrance angled down-drift. 

4. 8 Four entrances are angled down drift.    Three of them have 
no bars and the fourth a deeper bar than would normally be expected. 

4.9 At Newcastle (Hunter River) training works were started prior 
to 1810 and completed in 1913.    Detail surveys of early conditions are 
not available but it seems that a bar did exist.    The bar was removed 
early in the training process and the entrance has remained bar free. 
There is however a mound shoal on the line of the northern jetty.    Depths 
over this mound are only a little less than in the channel between the 
jetties.    Although not certain it seems that the original bar was fed 
mainly by a local inshore reversal of sand drift in the lee of Nobby's 
Island and reef.    There is only a small sand feed past the end of the 
present jetties,  the majority of the littoral drift being apparently deflected 
by the reef.  (ref. 3.)   Channel depth between the ends of the jetties was 32ft. 
below I. S. 1_. W.   but has recently been increased to 36ft.  by dredging.    The 
shoal varies between 30 and 32ft. 

4. 10 Crookhaven and Bermagui are somewhat similarly located but at 
Crookhaven a headland and at Bermagui a reef takes the place of a training 
jetty.    As in the case of Newcastle the original bars seem to have been 
fed by a local  inshore reversal of littoral drift.    Since construction of 
the training walls no bar has formed at either entrance.    Crookhaven has 
been like this for over 60 years and Bermagui for 10 years.    There is however, 
a rock bar near the outer end of the entrance channel which perhaps could 
take the place of a sand bar at Crookhaven. 
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4. 1 1 The other entrance facing away from prevailing wave ac 
Evans Head. In this case, however, there is no adjacent reef and two 
are used, the up-drift one projecting slightly. Since completion in 19( 
bar has existed although at a greater depth than would be expected for 
existing channel depths. Recently, there were signs that the bar was 
becoming unstable and tending to become more shallow. This however 
lasted only for a few months. 

Comparison of Results. 

4. 12 The data in Table I indicates that there is a relationship 
between bar depth and channel depth. Sufficiently detailed surveys are 
available in all cases to obtain an accurate cross section and calculate 
mean channel depth. For ease of comparison therefore, the maximum d 
the entrance channel has been taken. The location at which this depth i 
measured is shown in figure 2. In some cases greater depths occur ups 
caused by geometry and irregular flow patterns,   these have been ignon 

4. 1 3 In some cases flow through the entrance channel  is not 
symmetrically distributed and an eccentric cross section occurs.    This 
in a greater maximum channel depth than for symmetrically distributed f 
Comparison of available detailed cross sections indicates that for unifor 
distributed flow the following approximations hold. 

D = 13D =  1   3   •£ 
Max l,J        Mean        ' *J   W (1) 

and for eccentric flow 

DMax        " '-*5     °Mean <2> 

A is cross sectional area of inlet char 
in sq.  ft. 

where D is the depth below mean tide I 

and W is width at mean tide level. 

4. 14 When an eccentric cross section exists it has been assume 
it is equivalent to a section with uniformly distributed flow having a deptl- 
0.8 of that existing. 

A natural plot of bar depth against maximum channel depth is in figure 3. 
Although there is an appreciable scatter there appears to be a simple 
relationship between bar depth and channel depth despite the complex 
associations involved.    The relationship seems to be the same for trained 
and natural inlets. 
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4. 15 Some comment on the points showing the greatest departure from 
the general trend is possible.    Points labelled (R) are for the Richmond 
River.    The bar here is notoriously unstable and the survey from which the 
data is taken for the trained condition records a period of good depths.    A 
depth of 1 1 feet is not uncommon.    Possibly the untrained river survey was also 
taken at a good period as it also was reported to be very unstable.  Point (E) 
represents conditions at Evans River some four years after construction; 
there have been signs of instability and a tendency to a reduction in depth, 
although the present depth is as shown.    Point (F) is for untrained conditions 
at Forster.    The survey is rather sketchy and these may have been two 
outlets across the bar. 

4. 1 6 A second plot of distance from the start of channel expansion to 
the crest of the bar is in figure 4.    Although the scatter is greater there 
is a visible trend. 

4. 17 The rather remarkable correspondence between channel and bar 
depth might be thought to result from similar conditions along   a relatively 
short length of coastline.    To check this such data as could be obtained from 
published charts was collected for other Australian rivers.    These were also 
found to follow the same pattern.    A number of river entrances throughout the 
world and taken  from such charts were available were also added.    These 
are listed in Table II,  and plotted in figure 5.    There will be some error in 
the assumption made that depth at mean tide level represents regime depth. 
For depths considered the percentage error would be small. 

Conclusions. 

5. 1 Despite the complex mtei—relationships of wave climate,   tidal 
currents and littoral drift involved there seems to be a simple correlation 
between channel depth and bar depths for an inlet which is in tidal regime. 

5.2 As has been shown by Bruun & Gerntsen (Ref. 1) and O'Brien 
(Ref. 2) the cross sectional area of an inlet channel is related to tidal flow. 
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Approximately 

A    =     Qm 
3 

(3) 

where     A   =   cross sectional area of inlet 
channel  in sq. feet. 

Qm maximum discharge in cusecs for 
a tide of mean spring range. 

from figure 3 or figure 5 the minimum bar depth to be expected 
would be given by 

w 
A 

1.3 
W 

2 D 

where 

or 

D„ 0.21 Qm 
W 

=    maximum channel depth below 
the surface when Qm occurs. 

«    depth over bar saddle at the 
same time 
(both in feet) 

(5) 

5.3 It also seems that other than in exceptional circumstances it is 
not possible to remove a bar by training jetties and that the best depth 
across the bar can only be increased to the same degree as it may be 
practicable to increase the depth in the channel.    This of course applies only 
to the conditions examined which are that littoral drift depends only on 
waves and wave induced currents,  no appreciable ocean currents are present, 
and off shore contours are regular and entrance alignment is approximately 
perpendicular to the coastline. 

5.4 There  is perhaps an indication that bar depths would be less 
with training jetties angled down drift.    This needs more examination. 

5.5 As the effect of jetties is to in effect bodily move the bar 
formation to another location there is perhaps an inference that littoral 
drift is only temporarily interupted unless permanent dredging of the bar 
is involved. 

5.6 Detailed examination of littoral drift behaviour in the areas 
adj'acent to the entrances where bars have been removed   would probably 
reveal some interesting information. 
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TABLE II - INLETS ELSEWHERE THAN N. S. W. 

INLET CHANNEL DEPTH        BAR DEPTH 
at M. T. L. at M. T. L. 

feet feet 

(Natural) 136 

(Part - 42 
trained) 

(Natural) 21.5 

TASMANIA 

Port Dalrymple 

Macquarie Hbr 

George Bay 

QUEENSLAND 

Urangan (Natural)       29 

Morton Bay Boat Chi.     (Natural)        11 

NEW ZEALAND 

Otago (Trained)      69 

Whangerei Hbr. (Natural) 88 

Paterson Inlet (Natural) 81 

Aotea Hbr. (Natural) 24 

Waikato Hbr. (Natural) 24 

MISCELLANEOUS 

San Francisco (Natural)     117 

Columbia River (Trained)       78 

Cuama (Mozambique)       (Natural)        39 

Porto de Quelimane (Natural)       41 

76 

18 

10.5 

17 

5 

37 

53 

43 

12 

15 

53 dredged (2nd saddle 39) 

51 some dredging 

15 

18 (2nd saddle 17) 
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TABLE 1 - N. S. W .   INLETS 

BAR RIVER CHANNEL 

Width 

feet 

Max. Depth 

feet 

Dist. from 
chl. throat 

feet 

Depth at 
Saddle 

feet 

Original 
Navigable 
Depth 
feet 

Tweed (Trained) 
(Natural) 

300 
360 

14.5 
21 

1000 9 
13 6 

Brunswick (Tr) 
(Na) 

200 
250 

12 
9 

300 
600 

8.5 
6.5 5 

Richmond (Tr) 
(Na) 

1200 17.75 
16 

1200 
1000 

15 
12.5 10 

Clarence (Tr) 
(Na) 

1200 
Not available 

33 1800 17 
- 

Evans (Tr) 
(Na) 

200 
180 

10.5 
9.75 

300 
600 

9 
7.25 5 to 7 

Bellinger (Tr) 
(Na) 

300 9 6.25 
6 

Nambucca (Tr) 
(Na) 

300 13 

* 
1200 7 

7 

Macleay (Tr) 
(Na) 

650 
1000 

24(19. 
21 

2) 1200 
1500 

11.25 
12 8 

Hastings (Tr) 
(Na) 

400 19(15. 
18 

2) 1200 9.75 
7(2 saddles)7 

Camden 
Haven 

(Tr) 
(Na) 

400 21 
17 

1800 
900 

11.5 
10.5 7.5 

Forster (Tr) 
(Na) 

440 22.75 
19 

1900 
1200 

10.5 
6 5.5 

Manning (Na) 19 1200 11 

Hunter (Tr) 1200 39 no bar 15 

Su ssex Inlet (Na) 300 9 600 5 

Crookhaven(Tr) 
(Na) 

31 
23 

16. 75(roc 
14.5 

:k) 
14 

Moruya (Tr) 
(Na) 

480 20 
25.5 

1500 
850 

10 
8.5 9 

Wagonga     (Na) 

Bermagui    (Tr) 

Menmbula  (Na) 

Note: Depths are measured below mean tide level as being 
the level of maximum ebb discharge. 

* Figures in brackets are corrected for eccentricity. 

250 

200 
190 

200 

16.5 

11 
10.75 

11 

1000 

no bar 
300 

300 

8 

7.5 

7.75 

approximately 

5 to 7 
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EXPERIENCE WITH SELF-DREDGING HARBOUR ENTRANCES 

by 

P. Donnelly, Head, Marine Structures Section, Department of Public Works 

and 

/. Maclnnis, Atlantic Region Coastal Engineer, Department of Public Works 

ABSTRACT 

About 7 years ago, the Department of Public Works of Canada requested the 

assistance of the National Research Council to devise a means of reducing 

sediment deposition in the entrance to a small harbour at Dmgwall, Nova Scotia. 

Siltation of this harbour entrance, which opens to the Atlantic, was so severe 

that on occasions it was completely blocked by sand at low tides. 

The desired objective was to devise a layout of structures which would main- 

tain an entrance depth of 12 feet at low tide. Model studies were carried out and 

a breakwater configuration was evolved which appeared to have some "self- 

dredging" characteristics. The recommended structures were built in 1962 and 

to date have been successful in maintaining minimum depths of 5 feet at low 

tide which is adequate for the fishing fleet using the harbour. While falling 

somewhat short of the original objective this performance has been very satis- 

factory when compared with the conditions which existed before construction. 

Similar installations have since been built at two other locations in Nova Scotia 

Which are on the Gulf of St. Lawrence. Indications so far are that similarly 

satisfactory results have been obtained. 

This paper describes the installations, makes some tentative suggestions 

concerning the mechanisms involved m their operation and provides data on 

their performance. 

PURPOSE AND SCOPE 

Designers of harbour entrances in areas where littoral drift is a problem are constantly searching for 

solutions which they hope will minimize maintenance dredging problems. The Department of Public 

iVorks has, during the past six years, completed three installations of a harbour entrance configuration 

which was developed for the department by G.E. Jarlan at the National Research Council of Canada 

and which appears to give promise of a certain measure of success in combatting harbour entrance 

siltation All three installations have been at small fishing harbours in the Atlantic Province of Nova 

Scotia. The purpose of this paper is simply to give a very brief description of the design of the entrance 

and of the results which have been obtained since this concept could perhaps be used to advantage at 

other locations. 
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TYPICAL SITE CONDITIONS 

The typical site conditions for these installations are 

(a) entrance exposed to moderately heavy ocean, or sea, wave climate, 

(b) entrance provides access from open sea to inner harbour or lagoon through a sand bar or beach, 

(c) depths required at low tide are about 5 to 6 feet to accommodate small fishing vessels, 

(d) littoral drift heavy enough to make necessary almost continuous maintenance dredging 

DESCRIPTION OF HARBOUR ENTRANCE 

The concept of the entrance configuration is illustrated diagrammatically in Fig   1 

{f'(t "("A ' 'It' '{•'""<««<< rVr-r-QMfe 

INNER     HARBOUR 
OR 

LAGOON 

'//>/'/S >>/»>»»w>y>>>»,?>>))>> ))»)»>»' 

FIG. 1      SPECIAL  ENTRANCE CONFIGURATION 

Rubble mound breakwater construction has been used for structures A, B, C and D   Typical lengths of 

these structures are 

Structures A and C - 240 ft 

Structures B and D — 325 ft 

The entrance width is approximately 100 feet 



1286 COASTAL   ENGINEERING 

The design was developed from model studies about 1960 at the National Research Council of Canada, 
for the fishing harbour at Dingwall, Nova Scotia, shown in Fig 2 Shoaling of the entrance of this 
harbour was so severe that it was often possible to walk across the harbour entrance in rubber boots 
within a few months of completion of dredging to a depth of 13 feet 

Prior to the studies which resulted in the design described herein, an attempt had been made to reduce 
the siltation problem by connecting the harbour with the "North Pond" (See Fig 2) to channel a larger 
tidal prism through the harbour entrance  This, however, failed to solve the problem 

The model studies, which didnot include tidal effects, showed that the entrance configuration, depicted 
in Fig. 3, produced a self-flushing action under wave attack Although interesting theoretical explan- 
ations of this phenomenon have been proposed (Ref 1), subsequent attempts which were made (Ref 2) 
to reproduce this self-flushing effect in a laboratory experiment were not very successful The effec- 
tiveness and performance of the design can best be judged by consideration of the results of a prototype 
installation over a period of 6 years 

EXPERIENCE TO DATE WITH PROTOTYPE INSTALLATIONS 

Harbour entrances based on this design have been installed at Dingwall, Inverness and Pleasant Bay 
in Nova Scotia Their location is shown in Fig 4. Some of the physical conditions prevailing at these 
sites are summarized in Table I. 

TABLE I - PHYSICAL CONDITIONS 

Location 
Spring 
Ttdal 
Range 

Area 
of 

Lagoon 

Area 
Harbour 
Entrance 

at 
High 

Spring 
Tide 

Tidal 
Prism 

Annual 
Dredging 
Prior to 

Improvement 

Typical 
Sand 
Size 

Dingwall 

Inverness 

Pleasant Bay 

(Ft.) 

4.6 

4.5 

4.0 

(Sq. ft.) 

1,700,000 

1,300,000 

243,000 

(Sq. ft.) 

1725 

1250 

1575 

(Cu   ft.) 

7,820,000 

5,850,000 

972,000 

(Cu. yds.) 

50,000* 

5,000 

New 
location, 
no data 

Fine sand 

Very fine sand 

Shingle beach. 
Particle size 
up to 3" 

* This was for a dredged depth ofapprox. 24*. 
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FIG. 2       AERIAL    PHOTOGRAPH   OF  DINGWALL, N.S. 
APPROX. SCALE 

The installation at Dingwall was completed in 1962, and the entrance between the heads of the break- 

waters was dredged to a depth of 12 feet. The design has been successful in maintaining an entrance 

channel for a minimum depth of 5 feet at low tide which is satisfactory for the fishing fleet using the 

harbour. No dredging has been required since 1962. Future periodic dredging will be required but this 

was anticipated. 

An indication of developments at the harbour entrance is given in Fig. 5 which compares surveys made 

in 1959 (before construction), 1963 and 1967. Profiles through the centre line of the harbour entrance 

for 1961, '62, '63, '64, '65 and '67 are shown in Fig. 6. 

It is evident that the action of the structures has enabled an undetermined combination of wave action 

and tidal currents to bypass the littoral drift on a bar in front of the entrance while maintaining a 

minimum depth of 5 feet as compared to almost complete blockage before the structures were con- 

structed. The tendency of the bar to advance into the harbour entrance (Fig. 6) is anticipated to be 

controllable with a very mod erate amount of dredging. 
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FIG. 3    PHOTOGRAPH   OF HYDRAULIC   MODEL 
SHOWING   GENERAL   LAYOUT   OF   STRUCTURES 

The conditions recently prevailing at Inverness which was built in 1965 are shown in Fig. 7. The 

shoal areas in the channel (min. depth 3 feet) are in all probability derived from "caving-in" of the 

steep sloped banks of the channel. Dredging to remove these shoals has recently been completed. 

Construction of the third prototype installation at Pleasant Bay was completed in 1967 and no perfor- 

mance data is yet available. 

THE SELF-FLUSHING ACTION 

While tidal currents undoubtedly play a part, it seems that this entrance configuration serves to 

harness the mass transport aspect of wave motion to produce a periodic seaward directed current 

through the entrance. The incident waves, entering through the gap between the outer breakwaters, 

transport a certain mass of water into the harbour. As the bulk of the incident wave energy which 

enters the harbour is spent on the two inner breakwaters and in the shallow areas to each side of the 

central channel, a hydraulic head is built up within the breakwater system and the consequent return 

flow is directed seaward in the form of a periodic flushing current through the gap in the outer break 

waters. This effect is illustrated diagrammatically in Fig. 8. 

The existence of a seiche either in the harbour or within the breakwater system, brought about by the 

disturbing force of the incident waves impinging on the harbour entrance, has not been proven. If such 

a seiche does exist it could be a factor contributing to the flushing effect. 
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FIG. 4      LOCATION  OF PROTOTYPE  INSTALLATIONS 

NAVIGATION CONSIDERATIONS 

This type of entrance has good navigational characteristics because it allows vessels to make a 

direct entry with no exposure to beam seas. It also is highly effective in reducing wave agitation in 

the inner harbour 
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SHOREWARD   •   SEAWARD 
•< K • 

RETURN 
£_>* MASS TRANSPORT 
_____ EFFECT OF 
 •*• INCIDENT WAVES 
RETURN 
FLOW 

I 
w 

INCIDENT RETURN   _      FLUSHING 
WAVES        +       FLOW       ~      EFFECT 

FIG. 8     TENTATIVE ILLUSTRATION OF SELF-FLUSHING ACTION 

CONCLUSIONS 

While the benefits of these installations could not in any sense be considered spectacular, they have 
made it feasible to maintain these small fishing harbours in existence without the need for practically 
continuous dredging in entrance channels exposed to heavy wave action, which presents obvious dif- 
ficulties  The concept may offer a solution in other comparable situations 
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FIG. 5        CONTOUR    CHANGES     AT    HARBOUR    ENTRANCE 

DINGWALL,    NOVA SCOTIA     1959-1967 
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CHAPTER 82 

CASE HISTORIES  OF  TWO  ESTUARIES 

by 

C.H. Dobbie, B.Sc, C.Eng., F.I.C.E., M.I.W.E., F.G.S. 
Senior Partner, C.H. Dobbie & Partners 

ABSTRACT 

The coast of Great Britain has many interesting examples 
of the interaction between tidal estuaries of rivers and the 
littoral drift of the coast.  These have been described with 
historical detail mainly by geographers (ref.l).  Two cases 
coming to the author's firm for action have interest for 
coastal engineers.  For the River Spey m the Moray Firth of 
Scotland, a famous and vigorous river, unusual works have 
been undertaken with success.  For Dawlish Warren, a sand 
spit m the Exe Estuary of Devon m South West England, a 
scheme of works is being prepared which has novelty in regard 
to British practices. 

THE RIVER SPEY 

The River Spey, famous for its whisky distilleries and 
for its reputably piratical capture of the headwaters of 
other rivers, is a vigorous, rejuvenated river.  As a young 
river it cannot, of course, have a fixed bed m the valley 
floor and locally this is recognised together with the bio- 
logical analogy by a saying: "The Spey is like a bad woman 
who winna' keep to her own bed". 

At its junction with the Moray Firth, a large inlet 
from the North Sea, it meets a littoral drift of sand and 
shingle of intensive movement preponderantly m the one 
direction westwards.  The combination produces an extensive 
shingle spit resting on sand below.  This spit has the 
common cyclic history of such circumstances and this has 
been traced back to 1724.  The westward growth of the spit 
diverts the river mouth westwards until the hydraulic resis- 

1295 
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TIDAL RANGE 

Spring Tides  5.32 M. 
Neap Tides   1.65 M. 

Fig.l: Location Plan 

tance of the prolonged passage builds up sufficiently m 
river spate to cause a burst through the eastern end of the 
spit.  In the last century the owner of the land and of the 
salmon fishery caused new channels to be cut at intervals to 
protect his interests. 

The chronological order of events is: 

1650 - Charles II landed from Holland and was carried 
ashore (hence the name Kingston) 

1724 - Mouth 1555 metres west of Tugnet. 
1829 - Year of famous Moray floods. 
1860 - New cut brings mouth 232 metres west of Tugnet; 

old mouth 1555 metres west. 

1870 - Mouth is 104 metres east of Tugnet. 
1885 - New cut made. 

1897 - New cut made 232 metres west of Tugnet. 
1903 - Cut still in position of 1897. 

1905 - Mouth 457 metres west of Tugnet. 
1928 - Mouth 674 metres west of Tugnet. 
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1933- New cut 232 metres west of Tugnet. 

I960- Mouth is 1311 metres west of Tugnet. 

In 1961 the Moray County Council became involved as the 
Coast Protection Authority.  The lands that had flooded were 
m numerous ownerhip and the valuable salmon fishery had 
passed to the Crown. A further complication was that 
extensive commercial abstractions of shingle had been made to 
the westward of the spit. Two cottages m the village of 
Kingston had been washed away and more buildings were 
threatened.  Direct protection of the village was rejected 
by the consultants and a recommendation was made for a new 
cut.  This was accepted and the consultants had a scheme 
carried out to induce the River Spey to do most of the work 
itself.  The design procedure has been described m consider- 
able mathematical detail related to Lacey's and other formulae 
for river regime (ref.2). 

OPEN  SEA 

POSITION OF MOUTH 
IN 1961 

TUGNET 

Fig.2: Estuary m 1961 

The works included a gabion groyne, various excavations 
and fillings along the banks and a row of gabions through the 
spit at the selected site of the new mouth. 
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OPEN SEA 
POSITION OF MOUTH   NEW CHANNEL CUT 
IN 1961 IN 1962 

TUGNET 

TEMPORARY - 
GABION GROYNE 

Fig.3:  Works to induce new cut. 

In July 1962 a flood of 424 cumets did m fact excavate 
91,750 cubic metres of shingle and took the selected route 
out to sea.  The old mouth did seal up again In 1965 and the 
new mouth has started off again on its migration westwards. 
By 1967, after 5 years, it has moved at an average rate of 
92 metres per year and at this rate no further action will be 
needed for 15 years.  Surveys of the spit are available for 
various years as are oblique aerial photographs illustrating 
the general problem. 

A comment has been offered that the flood of 1962 would 
have taken the designed course regardless of the prepared 
works, and that the elaborate design procedure and exercises 
in fluvial coastal hydraulics were lllusionary.  To the 
consulting engineers who had responsibilities, the answer is 
that the flood would more likely have entered the gravel 
workings west of Kingston and have caused a great deal of 
damage generally. 
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OPEN SEA 

POSITION OF MOUTH 
IN 1963 

KINGSTON 

• 

Fig. 4: Estuary 1963. 

DAWLISH WARREN 

Dawlish Warren is a double sand spit across the mouth of 
the estuary of the River Exe.  The outer spit has been 
suffering erosion for some time and has been studied since 
1872 (ref.3).  The Great Western Railway, which runs along the 
perimeter of the Estuary and along the sea shore, did m the 
past carry out protective works on the landward root of the 
spit, but little work has been carried out on the Warren itself. 
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t 

TIDAL RANGE 

Spring Tides 3.72 M 
Neap Tides  1.46 M 

Fig. 5:  The Estuary of the River Exe. 

The photograph of a model shows the various surveys 
made since 1787.  Some of the surveys were for the south 
eastern frontage only, hence the esturial frontage of the 
model are for these surveys shown by a series of semi- 
circles . 

Fig: 6 Model showing the Warren from 1787-1962. 
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In July 1965 the Devon River Authority obtained a report 
on the Warren by the Hydraulics Research Station, and m 1966 
the author's firm was asked to write a feasibility report on 
carrying out the works recommended m the report.  The 
consultants reported that the Warren was m danger of dis- 
appearing thus losing a valuable amenity area much used by 
holiday makers. Esturial conditions would change to the 
detriment of land protection, of fresh water flooding and 
navigation. 

Fig. 7:  Dawlish Warren 1962, 

The Hydraulic Research Station proposed a large groyne 
at the distal end of the spit together with other groynes, 
extensive beach replenishment by pumping from offshore and 
longitudinal works.  The consultants produced a modified 
Hydraulics Research Station Scheme with more conventional 
groynes and leaving out the controversial large groyne. 

Administrative difficulties having been overcome, the 
author's firm is now instructed to prepare the scheme m 
more detail.  The scheme now being prepared is for groyning 
the frontage and protecting the weakest length of beach 
crest by longitudinal works.  A second stage is for beach 
nourishment.   The whole of the Exe seaward estuary is a 



1302 COASTAL ENGINEERING 

massive sand complex as can well be seen on a sunny day at 
time of low water.  The Hydraulics Research Station's idea 
was to pump sand from the Pole Sands, but the consultants 
preferred to pump from the Bull Hill Sands which are much 
more protected from sea action, and this was the basis of 
their first report.  This involved a permanent pipe line 
underneath the navigation channel and a booster station for 
distribution on the Warren frontage.  Subsequent thought is 
that it may be possible to obtain supplies from the estuary 
closer to the Warren without crossing the navigation channel. 

The consulting engineers were asked to give an assess- 
ment of beach nourishment and reported: "It is, indeed, a 
difficult task to give a reasonable assessment of the average 
annual addition needed to keep the beach in good condition. 
From a geomorphological viewpoint the whole structure is 
ephemeral, but in the context of everyday coastal engineering 
to keep the Warren in existence it is necessary to make the 
best estimate possible of periodical volumes of beach nourish- 
ment so that financial provision can be made.  Even if the 
average volume of nourishment is assessed reasonably accurately 
the annual variations due to weather conditions must be very 
great. 

"Some guidance can be found in the past history of the 
Warren and Kidson in his paper to the Geological Society m 
1964 (Vol.75, part 2) gave the following tables of sand loss 
above H.W.O.S.T. on the Warren:- 

Period Volume Annual rate 
(cubic metres) (cubic metres) 

1949-59 100,157 10,015 
1959-62 63,458 21,140 

1949-62 163,615 12,577 

"This gives a loss of 12,577 cubic metres per annum above 
H.W.O.S.T.  It is reasonable to assume on an ordinary sand 
beach profile that the loss above H.W.O.S.T. is equal to the 
losl between H.W.O.S.T. and I.W.O.S.T. so that the annual 
volume lost above L.W.O.S.T. was approximately 25,230 cubic 
metres per annum. 

"To restore the status quo then an average of 25,230 
cubic metres should be pumped onto the landward end of the 
Warren Beach.  This is further complicated, as under the 
modified Hydraulics Research Station Scheme the frontage is 
to be groyned and the rate of littoral drift will be reduced. 
The reduction is again a matter of great difficulty with 
little data. A figure is necessary and perhaps 25,230 cubic 
metres could be reduced to 19P-14 cubic metres. 
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"Unfortunately, it is well-known that on any frontage 
pockets of erosion develop without any obvious cause or, 
over the years, without any obvious pattern.  These should 
be filled with sand when pumping the basic replenishment. 
If the volume is taken as 3,823 cubic metres the total 
becomes 22,937 cubic metres and this is the figure taken." 
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THE BRISTOL CHANNEL BARRAGE PROJECT 

by 

Eric Montgomery Wilson, Reader in Civil Engineering, University 
of Salford, England. 

Brian Severn, Chief Engineer, Tidal Power Consultants Ltd, 
Montreal, Canada. 

Martin Carson Swales) Postgraduate research students at 
Donald Henery     ) University of Sheffield, England. 

Abstract: The paper outlines a proposal to barrage the Bristol channel 
between Cardiff and Weston-supermare. The benefits from energy generation 
and to road communications are assessed in detail and m monetary terms. 
Benefits to navigation and drainage are discussed but not assessed. The 
effect of the barrage on tidal range, siltation and sediment movement is 
considered and a suggestion, previously made by others, for a larger 
international airport on land reclaimed from the enclosed area, is 
developed. 

Cost estimates for the proposal are made and it is shown that the 
benefit/cost ratio is greater than unity even when only energy and 
traffic are considered. 

1.  Introduction 

The Severn Estuary and the Bristol channel together form a deep 
cleft in the western coast of England and Wales extending about 
125 miles (200 km) from the Irish Sea in a generally N.E. direction 
towards the Midland region of England. 

The tides of the Irish Sea are accentuated as they move up the 
channel, partly by resonance and partly by the convergence of the 
estuary sides, so that the mean tidal range in the upper part of the 
inlet is about 30.5ft (10 m)« 

This exceptional tidal range made possible the development of 
Bristol, Cardiff and Newport as ports since large, deep-draught ships 
were able to penetrate far up the channel. It has had disadvantages 
in making bridge building difficult and keeping large amounts of silt 
and sand in suspension, which foul the waters and silt up the navigation 
channels. 

The estuary* has grown in importance over the last 20 years* The 
new Severn Bridge, linking S.W. England with Wales and cutting 81 miles 
(130 km) from the journey between Bristol and Cardiff, was opened two 
years ago. Three nuclear and three fossil-fuel power stations have been 
built on its shores. Large steel and chemical plants are to be .found on 

* The term 'estuary' is used to describe both the Bristol channel and 
the River Severn estuary. 
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BRISTOL CHANNEL 1305 

toth sides of the channel. Yet its disadvantages are at the same tame 
more evident than "before. With the advent of really big ships, its 
narrow navigation channels and swift currents make it less attractive 
to bulk carriers and oil tankers. New port developments are proposed 
but they are on a smaller scale than their neighbouring Continental 
developments at Le Havre, Dunkerque ana Europort. 

The regional area which includes the estuary has excellent 
communications by rail and road with S.E. England and the Midlands 
but is relatively lightly populated and capable of substantial further 
development. 

The large tidal range has prompted proposals for the generation of 
tidal energy m the past, notably in 19331 and 19452 on government 
initiative and by several private investigators. None of these schemes 
has proceeded beyond the report stage, primarily because, with the 
exception of the 1933 scheme, they were not considered as multi-purpose 
developments and the entire project costs were levied against energy 
production. 

It is now proposed to build a barrage across the estuary on the 
line shown in Pig 1 from Lavernock Point on the Welsh shore, through 
the island of Plat Holm to Sand Point on the English shore, a length 
of 9 miles (14.6 km) excluding the island. This barrage equipped with 
navigation locks, roadways and turbogenerators would provide benefits 
in the form of improved communications, improved shipping access to 
ports and large amounts of electrical energy* 

2.  Geology and Hydrography 

There is little information available about the geology of the 
sea bed. Donovan? suggests that considerable areas have been swept 
clear of superficial deposits,though there is such cover to the 
underlying New Red Sandstone and Jurrasic formations on both flanks* 
There is at present a regular removal of sand from the barrage line near 
Plat Holm by suction dredgers. The quantity being removed annually is 
of the order of Ai million tons. 

There are large working quarries in Carboniferous Limestone near 
the barrage on both sides of the Channel and in the Blue Lias (yielding 
limestone and shales) at Lavernock Point. There seems to be no shortage 
of suitable rockfill and armourstone within economic transport distance 
of the proposed line. 

There is no present evidence of soft muds or silts in the areas 
proposed for embankment and foundation structures but further survey 
and investigation on this point is needed. 

The amplitude of the principal tidal constituents varies widely 
from the Irish Sea along the Bristol Channel and into the River Severn. 
The mean tidal range is 20.5 ft (6.2 m) at Swansea, 27.8 ft (8,5 m) at 
Cardiff and 30.5 ft (9-3 m) at Avonmouth (Port of Bristol), At Cardiff, 
which is the nearest observation point, the flood takes an hour less 
than the ebb on spring tides, the two being nearly equal at neaps. At 
Avonmouth this disparity is more marked and during spring tides the flood 
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is nearly 2 hours shorter than the ebb* The effect of the barrage and 
its operating regime on the tides and siltation in the estuary is 
discussed in section 7. 

3.  Description, of the Barrage 

The principal components of the barrage are the power station, the 
refill sluices and the dam sections and typical cross-sectioos through 
these components are shown in Figs 2, 3 and 4 respectively* 

The powerhouse portion of the barrage consists of cellular caissons 
of composite prestressed - and reinforced- concrete construction. The 
substructure of each caisson houses four horizontally-mounted axial-flow 
turbine-generator units, side by side in individual venturi-shaped water 
passages* 

The barrage above the turbine water-passages is formed by vertical- 
lift sliding gates, set in sluiceways (referred to here as "oversluices") 
between piers* The piers are set midway between turbines: two in each 
caisson are larger, and accommodate access wells serving a turbine-generate 
unit on each side* Travelling cranes for servicing or dismantling 
purposes can also be lowered through these wells, on to tracks commanding 
all four machines in a caisson. The access wells, the oversluice gates, 
and all stoplog or gate slots, are commanded by gantry cranes travelling 
on the bridges supported by the piers* 

The caissons are to be founded on a prepared bed of rock fill which 
in no case would exceed 20 ft in depth, so that settlement is unlikely 
to be appreciable. The alignment and levelling requirements for the 
machines seems unlikely to be very severe and precise levelling of each 
caisson would not be required. After sinking of the caissons the void 
compartments would be ballasted with sand and lean concrete. Scour 
protection of the rockfill foundation is to be by asphaltic concrete 
placed underwater. Total length of the power station would be 6,750 ft 
(2060 m) with 120 straight flow turbines of 30 ft (9.15 m) runner diameter, 
housed in 30 caissons. 

The venturi sluice caissons will each contain four 40 ft square gates 
which will normally operate fully submerged. A discharge coefficient of 
1.6 has been adopted for these waterways based on the laboratory tests of 
similar sluices proposed for Passamaquoddy'% The overall dimensions of 
the sluice caissons are 123 ft long by 205 ft wide by 112 ft high. There 
are to be 30 such caissons with an overall length of 6150 ft. The principle 
of pre-fabrication, flotation, sinking and ballasting on a prepared rock 
rubble foundation has also been assumed for these units. 

The remaining length of the barrage will consist of a sand and 
rockfill structure constructed by bottom dumping from barges, hydraulic 
sand-pumping and with scour and wave protection by armour stones or asphaltic 
concrete, or both. In this length a navigation lock system will be 
installed. This will probably have two locks* the larger of which will be 
1500 ft long by 150 ft wide with sill level at - 55 0.D* The operational 
research study into the optimum locking system is not completed so 
£8 million has been allowed in the estimates for the two locks. The locks 
will be equipped with 2 lifting bridges each so that road traffic can 
always pass. 
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Roadway 

TYPICAL       EMBANKMENT     SECTION 

SEA gAsja 

•and   fill 

Hydraulically   Operated    Wheel   Gate 

FIG  3 PROPOSED     REFILL    SLUICE   SECTION 
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Both power station and sluice caissons carry dual-carriageway roads 
for public traffic as well as service roads. The public roads across the 
barrage will be continuous over all elements of the structure with 
alternate routes at the locks to prevent traffic interruption. As designed, 
they consist of two 26 ft wide, two-lane carriageways and inter-connection 
to the trunk road system on the Welsh side, and to M5 motorway on the 
English side is proposed. Railways are not proposed on the barrage. A plan 
of the proposed structure is shown in Fig 5. 

4.  Energy and power 

The annual output of energy from the barrage will be 10?432 GWh<t 
generated at powers between 1200 and 4560 MW. The output was computed 
using the single tide optimisation method5 on an ICT 1907* Sixteen basic 
combinations of numbers of turbines and venturi sluice areas were studied 
initially and, following a primary economic optimisation, six further 
combinations were chosen. The annual outputs for all these combinations 
are shown in Pig 6. The number of turbines and venturi sluice areas were 
selected using the economic optimisation method' and the resulting optimum 
combination is 120 turbines coupled with generators having a rated 
capacity of 38 MW and 120 submerged venturi sluices each 40 feet square. 
The generator rating was chosen by comparing the energy outputs of 
different ratings and equating them with total project cost to find the 
lowest cost of energy. The energy outputs for this analysis were taken 
from the annual power duration curve of Pig 7« 

The maximum generator rating required to utilise all the power 
developed would be 54 MW and the energy loss by installing generators 
of 38 MW capacity is only 4.3& This figure may be obtained by measuring 
the area beneath the power duration curve above the 38 MW power level. 

During the energy computations, time allowances were made for the 
turbines to start up and the generators to synchronise. The turbines 
are grouped in fours and it was assumed that two groups of four would 
be started up each minute with all the turbines discharging after 
15 minutes. The generators were assumed to be synchronised four minutes 
after the turbines began discharging. 

The refilling sluices were assumed to be fully discharging 15 minutes 
after the levels of the tide and reservoir become equal. This figure was 
applied to both the fully submerged venturi sluice and the oversluices 
which are installed in the same caissons as the turbines. Fifteen minutes 
was chosen as a compromise between expensive machinery to lift the gates 
rapidly and allowing excessive differential head to develop on the gates 
while being raised. 

The introduction of tidal energy into an existing electrical system 
requires the availability of pumped storage capacity. The relative merits 
of the different ways of achieving this have been extensively discussed in 
the literature .  For the British system which will have 1000 MW of 
pumped storage capacity interconnected by 1975, ebb-flow generation is 
likely to be most advantageous. However, the annual production of 
10,432 GWh of tidal energy will require further pumped storage capacity 
to increase the total to around 4000 MW. This will alter the load 
factors of all existing plant and alter the building priorities of new 
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stations so that the actual value of the tidal energy to the system can only be 
assessed by comparing the whole system cost with and without it, over a period 
of about 20 years, 

Since it is not practicable for the authors to undertake an investigation 
of this complexity requiring large amounts of data available only to the 
OJ.G.B. an estimate has been made of the value of the energy based on published, 
generation incremental-fuel costs for the early 1970's'. The value of the 
energy only as replacement for incremental fuel undervalues the contribution 
of tidal energy for the reasons given above and because some 35$ of it occurs 
at peak generation periods and it is entirely predictable in time and quantity. 

Fig 8 shows the Authors' estimate of power levels in 1975 and the likely 
generation incremental fuel cost then, derived from Berne and Betts. The 
position of the winter and summer minima for base loads are shown and so 
weighted values for various blocks of Bristol Uhannel energy have been derived 
and are listed in Table 1 below. 

$ Winter Summer 

55 
65 

GWh Av value 
d/kwh 

GWh Av value 
d/kwh 

1826 

3390 

0.6 

0.41 

1826 

3390 
0.42 
0.38 

Table 1. Incremental value of Bristol Channel energj. 
Mean average value per unit = 0.435 d/kwh. The annual value of the years 
output is therefore 10,432 x 106 x 0.435d = £18,92 m. 

If this value is discounted back at 6$ p.a. to 1975 the present worth of 
the electricity over the assumed economic life of the machinery (taken at 30 
years)  amounts to £276 million. 
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5.  Communications 

The Severn road bridge opened to traffic m October 1966 and 
provided a much-needed link between Wales and the west and south-west 
counties of England. In its first full year of operation (1967) the 
bridge carried 5.7 million vehicles and was showing a steady increase 
on this rate in the first half of 1968. 

It was estimated by the Ministry of Transport before the bridge 
opened that the bridge traffic would increase in time as shown in the 
lower curve of Fig 10, with full capacity reached in 1988 with 17.5 
million vehicles per annum. The data to date is shown on the same 
figure as the two points for 1967 and 1968 (4 months data only) and 
the upper curve has been drawn as a conservative revised estimate of 
traffic growth. 

In the latter half of 1967» origin and destination surveys of 
traffic crossing the bridge were made by the Severn Bridge Research 
Project team for 'light1 and 'heavy' traffic. The results of these 
surveys are given in the Interim Report published in July '68 and 
full use of the tables therein has been made. The percentage of 
total light traffic moving on an August 1967 Saturday m both 
directions was calculated from the o. and d. surveys quoted. Light 
traffic was considered as all cars and vans plus half the motorcycles. 
Heavy traffic was taken as all lorries and coaches. It had been 
separately sampled on a Tuesday (eastbound only) in the same month. 
The data was analysed as follows:- 

1. All traffic using the bridge was assumed to be moving between 
two of the 18 point/areas shown m VigS) , and the percentage 
moving between each possible pair calculated. 

2. Of the 153 possible pairs 28 were considered likely to be 
given a shorter alternative route if the barrage crossing 
existed. 

3. For each of these 28 journeys an arbitrary split was made of 
'barrage' and 'bridge' traffic depending on the mileage saved 
and the road types, conurbations etc to be traversed. 

4. This 'split' was applied to the 28 percentages affected, previously 
calculated under 1.above, and a new 'barrage' percentage only 
obtained. 

5. For each shorter route-alternative journey, the mileage saved 
was computed from road maps. It was assumed that there was no 
motorway westward of Newport and that the Weston - M4 spur 
motorway existed. 

6. Arbitrary overall journey speeds were assessed of 35 m.p.h. and 
30 m.p.h. for light and heavy vehicles respectively and the 
journey time saved for the 'barrage' traffic was found for each 
class of vehicle in percentage terms. 

7. Costs of running vehicles were taken from previously published 
data, updated by applying annual percentage increases. The costs 
adopted were £1.67 per hr and £2.33 per hr for light and heavy 
vehicles respectively. 
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8. The appropriate figures from 6 and 7 were multiplied and the 
product applied to the future estimated vehicular traffic of 
the upper curve of Pig 10 (now extrapolated heyond 1985 because 
of the barrage addition to the road crossings) for each vehicle 
class. To do this it was necessary to assume a percentage of 
total vehicles for each class. Since the Severn Bridge traffic 
has so far shown a high proportion of heavy lorries and coach 
traffic (about 24$ in,its first year) and the trend is increasing 
in the current year, the same proportion has been assumed through-' 
out the 30 year period commencing in 1975. 

9. The value of time saving on the forecast traffic was computed for 
each of the years 1975-2004 and 'discounted back' to 1975 which is 
the earliest date the barrage could be operative. The results 
are shown in the following table for the first 5 years of operation 
and for the year 2000. 

Tear 
Total number of 
vehioles/yr in 

millions 

Benefit value 
in millions £ 
(1968 prices) 

Benefit discounted 
to 1975 in millions 
£ at 6$ p.a. 

1975 10.1 3.74 3.74 

76 10.7 3.97 3.75 

77 11.35 4.20 3.74 

78 12.0 4.45 3.74 

79 12.7 4.71 3.73 

2000 30.4 13.28 2.63 

1975-2004 Cumulative totals £95.5 

It will be seen that in 2000, the traffic benefit will be over 
£11 million. However by this time both bridge and barrage 
routes will be at saturation and no further increase in traffic 
or benefit is expected. Accordingly the discounted benefit falls 
off more steeply thereafter. 

6.  Navigation 

The major ports upstream of the barrage are Cardiff, Newport and 
Bristol. Smaller ports exist at Penarth, Sharpness and I$rdney. Pig 13 
shows the mean arrival rate of ships and gives histograms of arrivals 
and net registered tonnages at these ports for 1966. Pig 11 shows the 
correlation between n.r.t. and deadweight tonnage. Table 2 shows 
relevant statistics for goods handled there in 1965 or 1966. 
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Port Imports 
Tons 

Exports 
Tons 

Principal Goods Handled 

Cardiff (1965) 2,504,000 140,000 Iron ore, Petroleum, Building materials. 

Newport (1965) 3,033,000 889,000 As for Cardiff. 

Bristol (1966) 7,563,000 1,049,000 Petroleum, Grain, Animal foodstuffs. 

Sharpness (1965) 
Lidney   (1965) 
Penarth  (1965) 

1,002,000 None - 

Table 2 

Pig 12 indicates navigational movements in the estuary before and 
after barraging. The tidal range behind the barrage after closure will 
not exceed 12 feet. Due to this reduction in range and the modified 
tidal cycle due to power generation,, there should be a time saving to 
shipping on entering and leaving the estuary. Howevers the possibility 
of queuing at the barrage locks might reduce the savings due to more 
favourable water levels. 

It had been hoped to present the results of an operational research 
study into these aspectss based on the regime of Pig 12 and the mean 
arrival and departure rates of 1966 shipping at the estuary ports shown 
in Pig 13. This study8 which should be completed shortly will assess 
the benefit to existing shipping in terms of time saving for ships and 
cargo. 
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The presence of a subtantially altered water level in the estuary 
will radically change any planned expansions for the existing ports. 
New ports and tidal jetties could be developed in the estuary utilising 
the deeper water and more stable sea-bed conditions. New navigation 
channels could be dredged and existing channels modified to accommodate 
larger vessels* Lock gates at some of the existing docks could be 
removed, permitting ships to enter and leave on any water level in the 
estuary. This would necessitate the dredging of such docks to a 
greater depth than at present, and in many cases it would be simpler 
and more economical to operate the existing dock levels for an extended 
access time* while developing new facilities without looks. 

The guiding principle behind the expansion of general cargo berths 
and facilities at modern European ports is to provide the port user with 
space to expand his activities rather than trying to rebuild old- 
fashioned layouts. The idea is to give space not only for new quays, 
but also for transport, handling and storage facilities. Dutch ports 
reclaim this land from the sea, and it is this kind of space that many 
British ports do not have and cannot get. The Bristol Channel, as yet 
relatively under-developed, has great potential in this way for 
development as a unit, rather than by piecemeal port expansion* 

The barrage proposed in this paper would present completely new 
opportunities to the estuary ports in a protected basin of low tidal 
range. 

7»  The effect of the barrage on tidal range and estuary contours 

It must be admitted that this is both the most important topic, and 
at the same time the most imponderable, of the whole proposal. Any major 
interference with the existing natural regime such as would be provided 
by a barrage will have an effect on the tidal range. Heaps9 has shown 
the effects of barraging the estuary at various places along its length 
in terms of the amplitude of the Mg constituent. The present proposal 
corresponds approximately with Heap's section 10, where he showed the 
amplitude of the ML constituent to be reduced by 1«25 ft. The other 
principle semi-diurnal constituent, the Sg, would probably have a 
pro-rata reduction giving a spring tide range of about 3.2' less than 
the present and a neap tide range of about 1.6' less. 

The present proposal however is rather far removed from complete 
closure and involves a phase-shift of about 2 hours in the discharge. 
Published results of such a regime are not available but investigations 
on this point are currently proceeding in France and Britain. The 
authors have based their energy analysis on an arbitrary assumption 
that their regime will cause a range reduction of 2.5 ft at a 36 ft range 
and 1.5 ft on an 18 ft range. The histogram of actual tides was altered 
to account for this during the computation. 

There is less information available aoout the effect of the barrage 
on sediment dispersal and movement. Like most estuaries with large 
tidal ranges the Bristol Channel has a fairly heavy silt load. This is 
to a large extent due to the current velocities produced by a large 
volume of water being released into or drained from the estuary every 
six hours. Fine material that in estuaries of lesser volumetric exchange 
would settle out is kept almost permanently in suspension in a captive, 



BRISTOL CHANNEL 1321 

oscillatory state. The coarser sediments, fine and medium sands, form 
wide flat and relatively static sand banks in certain areas while a 
considerable expanse of the sea floor is swept clear^. 

The configuration of the barrage shown m Pig 5 would lead to a 
change m the tidal current pattern and velocities. Generally the 
current velocities would reduce somewhat since there would be a 
reduction in tidal range and m volumetric exchange due to the imposed 
regime of the tidal power station,. Accordingly the trend would be to 
greater sand bank stability and a reduction of the captive, silt load. 
Locally at the barrage, current velocities might increase near the 
turbine and sluice sections while decreasing on the embankment flanks. 
Here the tendency would be to remould the loose boundary to conform to 
the new patter", ooviously giving rise to both accretion and erosion. 

It will be seen from Fig 5 that the fastest (turbine) currents 
will be m the deepest clear-swept channel and the slackest water is 
likely along the N.W. embankment between Lavernock Point and Flat Holm. 
It is from this area that sand-suction recovery vessels currently remove 
about 4 m tons per annum for use as building material. 

The amount of sediment entering the estuary has also to be 
considered. Gibson estimated that the Severn and Wye rivers together 
brought down about 650,000 tons per annum. This is fine sediment 
and may be the principal source of the captive silt m suspension. 
Most of this material would continue to be kept in suspension under the 
new regime though there might be areas of slack water where silt accretion 
would increase. If it were all to settle out evenly over the basin area 
it would form a layer about 1 mm thick per annum. Accordingly, if 
Gibson's estimate is correct the input of silt is not a problem, only 
its distribution. 

The only practicable way to find answers to the questions raised 
by the redistribution of the estuary sediment is to build loose 
boundary hydraulic models of the estuary and Channel. The indications 
seem to be that the overall picture will be better rather than worse 
though local accretion might be troublesome. 

8.  Other considerations 

(a) Drainage and coastal protection:  The low-lying land bordering 
the estuary upstream of the barrage at present is drained into deep 
drainage channels which discharge through tidal flaps at low tide. 
Since the barrage would retain a pool with a 12 ft fluctuation m the 
upper half of the present tidal range, pumped drainage of this land 
would become necessary. Estimates previously made^O for this work 
indicate annual costs less than £50,000 and no account was then 
taken of the betterment to the land through a controlled phreatic 
surface. 

The maintenance of the sea walls and embankments which now protect 
this land is more difficult to assess. The barrage would effectively 
prevent basin levels rising above about 20 O.D.  while occasional tides 
m the past have risen to 28 O.D. and the top embankment levels are 
generally above 30 O.D., some being as high as 35 O.D. while the fetch 
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length to some of the more critical places is reduced by the barrage, 
it still may be as much as 25 miles and so waves of 7 feet are quite 
possible. The Authors believe that the maintenance of sea defences 
will be made simpler and in the long run, less costly than it is now, 
but it is fair to point out that some of those most concerned, who 
have written11 about the problems which will arise, do not agree with 
this view. 

(b) Fisheries: The Severn and Wye are important fishing rivers, though 
not on a commercial scale. The passage of descending salmon smolts and 
ascending adult spawning fish might be adversely affected by an 
alteration in the natural cycle of the estuary. Marine biologists 
who have been consulted by the authors are reluctant to do more than 
speculate. However experience in Scottish rivers and power schemes 
have shown that fish may s afely pass through ataller and faster running 
turbines at higher heads than those proposed here and it is tentatively 
concluded that there should be little, if any, effect on the passage 
of existing fish populations. 

(c) Airport location: A modern international airport, if it is to 
cater for foreseable air transport requirements will need an unobstructed 
flat land area about 6 miles long by 3 miles wide, with four 4000 yd long 
runways in two pairs 2500 yds apart. The width of the noise swathe will 
extend a mile beyond the outer runways on each side, 10 miles along the 
approach paths and 8 miles along the take-off paths. Since the prevailing 
winds in S. England are S.W., a strip of air space 24 miles long by 
4 miles wide on a S.W. - N.B. axis, is required with the actual airport 
nearly central. 

To find a requirement like this in S.E. England, free from urban 
concentrations is virtually impossible and the only prospect of achieving 
it is in the suggested Foulness site where the airport must be built on 
land reclaimed from the sea with a retaining bund some 12 miles long 
subject to North Sea wave action and surge. The Foulness site would 
require the construction of road and rail links, is 50 miles from central 
London and would serve virtually nowhere else. 

If the search is shifted from S.E. England to the Bristol region a 
possible site is immediately apparent in the area contained by the 
barrage12. The proposed site is on the land known as the Welsh Grounds 
and is the required size. The take-off noise area is absolutely clear 
of habitation and so power restriction would not be required during 
take-off. The landing approach noise-area is also almost completely 
clear, as may be seen from Fig 1. The axis of the entire area as 
delineated lies 10° from true N.E. - S.W. at 35°. To surround the 
airport area would require a bund about 11 miles long but now protected 
from surges, high spring tides and all except minor waves. The main 
S. Wales - London railway line and the M4 motorway touch the N.W. corner 
of the airport site, which is therefore already served by fast rail and 
road links to London, S. Wales, the Midlands and S.W. England. Distance 
to central London is 120 m, to Brimingham 72m, Cardiff 24m and Bristol 14m. 
An Advanced Passenger Train, already designed by the Advanced Projects 
Group of British Rail has been scheduled in recent performance studies 
to cover the distance between Severn Tunnel Junction, on the northern 
extremity of the site, and Paddington in 70 min (including contingency 
time). Apart from the freedom from noise and excellent communications, 
the project has the great advantage of requiring no land. 
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9.  Pro.nect cost summary 

Detailed cost estimates for the barrage have been made and a 
summary is given below. 

Civil 

Foundations, preparation and earthworks 
Powerhouse caissons (30 no 4 machine units) 
Sluice caissons (30 no 4 gate units) 
Miscellaneous works 
Lock system 

30 770 000 
62 880 000 
36 156 000 

900 000 
8 000 000 

Mechanical 

Gates and assoc, equip, in powerhouse 
Gates and assoc. equip, for refill sluices 
Miscellaneous mechanical equipment 

16 100 000 
16 700 000 
1 962 000 

Electrical 

Turbo-generator units 
Powerhouse equipment 
Sub-station equipment 

Contingencies (10$) 

Sub-total 
Engineering and Adcimstration (6-j$) 

Total construction cost 

Interest during construction @ 
say 11# 

Gross construction cost 

% p.a. for 4i yrs 

Total project cost 

90 000 000 
14 950 000 
3 730 000 

282 148 000 
28 214 800 

310 362 800 
20 173 200 

330 536 000 

37 200 000 

£367,700,000 

Annual costs 

Amortisation over 50 years 
Maintenance £0.25/kw 
Interest on capital @ 8$ 

643 000 
1 114 000 

29 440 000 

£ 31,197,000 

Benefits discounted for 30 years to 1975 ® 6$ 

1. Electricity (on incremental fuel cost basis) 
2. Traffic (on basis of text and Pig 10) 
3. Navigation (a) shipping and cargo time - 

(b) port expansion — 
4. Riparian site values for industry and power =• 
5. Agricultural land betterment =. 
6. Amenity (a) prevention of thermal & atmospheric pollution = 

(b) recreation 

£276 million 
95 

(c) international airport site 

Total (l) and (2)  = £371 

Benefit/cost ratio >*1. 
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Many of the items listed above are difficult to evaluate though 
the authors hope shortly to publish values for 3(a), Other indirect 
benefits are not listed. These are concerned wiui wider political 
issues of new centres of population, energy from fuel paid for in foreign 
currencies* the preservation of a tolerable environment for urban 
populations and so on. 

10. Further investigation and research required 

This paper represents the results of a detailed desk study and 
inevitably it raises questions as well as giving answers. These can 
only be answered by further studies on the following points. 

(a) The quantity and extent of siltation. An estuary 
hydraulic model is needed to investigate the affect of the 
barrage on current and flow patterns;  on sediment transport 
and on the siting of locks* turbines and sluices; also for 
the siting and alignment of new port works* 

(b) The modification of natural tides due to the barrage- A programme 
of computations will be required to assess the effect of the 
barrage on the tides. If the reduction assumed in Section 4 
did not occur, electricity production could be increased by nearly 
30$ at marginal extra cost. (44Mff generators instead of 38MW). 
Initial work on these lines is currently proceeding at Liverpool. 

(c) Estuary bed surveys. A programme of bed surveys needs to be 
initiated (geophysical profiling, sampling and boring) to 
establish permeability, cohesiveness, consolidation, gradings, 
shear strengths etc to enable foundation analysis and settlement 
calculations to be made. 

(d) Turbo-generator research. The present programme of the English 
Electric Co Ltdt supported by the Ministry of Technology, covers 
the machinery stipulated in the paper. It would possibly require 
extension to consider stability under large wave conditions and 
corrosion in sea water. 

(e) Communications. More precise traffic surveys and market research 
in shipping agencies to assess the potential of a unified estuary 
port* 
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CHAPTER 84 

APPLICATION OF RISK CRITERIA IN COASTAL ENGINEERING 

ASIT K. BISWAS 

Resources Research Centre, Policy &  Planning Branch, Department of 
Energy, Mines & Resources, and Visiting Professor of Civil 
Engineering, University of Ottawa, Ottawa, Canada 

INTRODUCTION: A design of any engineering structure may be said to be 
optimum when it can meet all the necessary requirements at a minimum 
possible cost. In all cases there is a probability, however slight 
(sometimes even incalculable because of lack of data), that the design 
load can be exceeded and, thus, damages could occur. Obviously, lower 
the design load, higher would be the cost of anticipated damages and vice 
versa. Thus, from economical standpoint alone, the ideal solution would 
be when the total cost of construction and anticipated damages is at its 
minimum. Very often, however, other factors like social, political, etc., 
have to be considered, and this makes the whole process a complex decision 
making problem - sometimes completely out of the jurisdiction of the 
engineers. 

GENERAL CONSIDERATIONS: Risk is inherent in any structure, and those in 
coastal engineering are no exception. But very often this simple fact is 
overlooked. With our present state of knowledge (1968) it is impossible 
to determine the upper limit of any natural phenomenon, and design wave 
is no exception (for general discussion on the subject see refs. 1, 2, 3). 
If this concept is not accepted, one has to seriously consider the 
possibility that a wave height of x ft is possible (a maximum height) 
but a height of x + 0.001 ft is physically impossible. If the physical 
upper limit concept is abrogated, as is advocated by the author, then it 
becomes evident, as a corollary, that any design value of wave height, 
however high, is associated with some probability of occurrence, however 
small, and thus some degree of risk, however slight. This does not mean 
that risk in such a design is automatically increased; all it means is 
that if the probability of occurrence of a design wave x is P, then a 
higher value of x + dx reduces the corresponding probability to P - dP. 

RISK CRITERIA: It is not politically much expedient to use the word risk 
which, at least to the layman, immediately brings unfortunate connotations 
to mind. An attempt would be made herein to suggest two simple procedures 
for evaluating nsk for design waves by using (1) return periods, and (ii) 
'damage' functions. 

RETURN PERIOD: If a series of n Bernoulli trials are considered, each 
of which culminate in either a success or a failure having p and q as their 
respective probabilities, then the interval between the successes (or 
failures) may be defined as "recurrence interval", "return period", or 
"waiting time", and: 

P + q = 1   (1) 

1326 
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Let the hazard event have an intensity X (a random variable) with a 
cumulative probability function F(x). The failure of a future event 
may be said to have occurred when X has a value equal to or less than 
x, 1 .e•, 

F(x) = P(X j£ x) » q = 1 - p        (2) 

Let T(x) be the random variable which expresses the time 
interval between two successive 'exceedence' events (higher than x). 
The return period of a success in years is defined by (ref. It): 

T(x) = 1/p - 0/£l-F(x5)   (3) 

Novr if exceedance occurs for the first time at the ith trial, it means 
that it must have failed in the previous (i-1) trials. Hence, the 
probability P(i) is given by: 

P(i) = p.q i-l   (h) 

As the variable takes only integral values, the left limit will be 
given by l> 1   , but it will obviously be unlimited to the right as 
the event need not occur. It can be easily shown that the distribu- 
tion function of T in the present discrete case is geometric (it is 
exponential in the continuous case); and hence the cumulative 
probability P(t^ I)    that the event occurs before or at the ith 
trial is given by: 

P(T< i) = p(l+o+q2+ .... V1)-^1         {$) 

Hence, P(i) = 1- £\-l/T(x)] i   (6) 

If encounter probability E is defined as the probability of 
occurrence of an event of higher magnitude than x within the designed 
life of the structure of L years, then: 

F- 1- £F(*)J L = 1-  fl-VT (x)J L    (7) 
Equation (7) shows the relationship between return period, 

encounter probability, and the life of the structure. Figure 1 shows 
the relationship between the return period and the designed life 
period for various fixed risk criteria. 

DAMAGE FUNCTIONS: In certain cases the above procedure may not be 
advisable as it gives no information about damages. If it is assumed 
that (I) the process is stochastic with stationary independent 
increments and has time-independent average, (n) 2 or more events 
cannot occur simultaneously, and (lii) damages are restored to the 
original level after the hazardous events, then the process becomes a 
compound Poisson one (ref. 5), that is: 

N(t) 

YL L(t) =  /  Dn, fort>0   (8) 
n=l 
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Figure 1. Relation between return period and life of 
structure for various risk criteria 

where,  J N(t), t ^ 0f= a Poisson counting process (number of 
*-        hazardous events of unspecified magnitudes occurring 

during the interval o to t) 

JL(t), t ^ 0j= stochastic process of accumulated damage 
from time o to t 

lPn,n=l, 2,   ... N(t)j       « family of independent random variables 
identically distributed as a random variable D, and 

n • number of waves exceeding the intensity x0 
within the time interval. 

From the properties of a compound Poisson process £L(t), t ^ 0 
the first and second moment functions will be as follows: 

Mean        : E Q.(t)}     = i> t E [b~]  (9) 

Variance :    Var £t( t fj »Vt    E   jj)2J   (10) 

Covanance        :    Cov  £L(S),   L(t)J»^E   £D
2

.7 min Xs,$ ...  (11) 

where,      E [VJ     »    mathematical expectation, 
v       «    intensity of the process,   and    t>s>0 

The relation between variance,  mean,  and E J_D J   is given by: 

Var/Y] =      E£D
2
J-E

2
£DJ    (12) 

Equations (9) and (10) may give sufficient information 
about the loss at any time by its mean and variance, and it may not 
be necessary to estimate entire distribution of damage. 
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CONCLUSION; For economical as we]l as practical reasons it is not 
possible to design a structure which can withstand al] the critical 
conditions acting on it at the same time. Thus, if a risk is 
necessarily being taken, it is essential that the designer should 
know the extent of the risk, and if possible, it should be kept 
consistent from one place to another (other things being equal) m 
keeping with sound engineering practice. Unfortunately very little 
research has been done m this highly complex field of risk criteria 
which sometimes includes the process of decision taking. It is high 
time to start intensive research programs in this important direction. 
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ABSTRACT 

Petroleum port site selection is examined in the broad context of the 
total transportation system from production to consumption area. Basic 
systems engineering approaches are applied to the problem to formulate a 
mathematical model which permits all transportation system variables, in- 
cluding capital and operating costs, to be put in quantitative form.  An 
example of the computer solution is given, along with a discussion of the 
principal calculations involved. Unit transportation cost is selected as the 
measure of effectiveness of candidate systems. The port site associated with 
the system yielding the lowest unit transportation cost for the entire range 
of throughputs is selected. 

INTRODUCTION 

Oil and many other natural resources are found in areas of the world 
far from the centers of consumption. Many alternate routes exist between 
the points of production and consumption; however, only one route, with the 
optimum mix of vehicles, permits the lowest cost transportation of the 
commodity. 

The great tankers of today often cannot use the sheltered ports fre- 
quented by general cargo vessels, and must be moored on an exposed coast 
where depth and maneuvering room are adequate.  Thus oil port site selection 
no longer represents a choice between a few natural harbors, but rather is a 
matter of identifying an optimum transportation system and adapting a point 
on the coast to permit ship loading or discharging. The basic question con- 
fronting an engineer-economist responsible for port site selection is how to 
locate that site, or family of sites, through which petroleum can be trans- 
ported at the lowest cost. 

The systems approach enforces orderly thought and is adaptable to any 
level of study effort, ranging from a cursory review, to the precise economic 
comparison of several fully designed systems.  Of particular significance is 
that the systems approach requires that the engineer recognize and examine 
the entire petroleum transportation system of which the port site is only one 
part. 

This paper examines in successive steps: (1) the basic systems engineer- 
ing approach, (2) the elements of petroleum transportation systems, (3) sys- 
tems engineering applied to petroleum port site selection, and (4) a 
mathematical model for choosing one port site from among several candidates. 

1330 
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BASIC SYSTEMS ENGINEERING APPROACH 

A commercial need, such as moving crude oil from a producing field to a 
refxnery and then to the consumer, results xn the conception of a system 
which will satisfy the need both technically and economically. This system 
may be defined in terms of specific objectives which must be met and also 
specific constraints which must be observed.  Both the objectives and the 
constraints can be distilled into what can be termed system requirements 
which become the inputs to various alternate schemes. 

Following the determination of system requirements, alternate approaches 
are developed to satisfy the requirements.  In other words how to attain the 
stated objectives while respecting the limitations of the constraints. 

Next a trade-off study, or economic comparison, is conducted to choose 
the most promising approaches from among all of those proposed. A simple 
mathematical model is used which accounts for system cost and performance. 
In some cases only one approach is technically feasible while in other cases 
many approaches, with nearly equal merit, may be identified.  Each scheme 
which shows technical and economic promise is carried through a preliminary 
design phase so that all of its parameters may be put in quantitative form. 
This reqires that both capital costs and operating costs be defined by the 
system design. 

The evaluation of these candidate systems is made on the basis of a 
measure of effectiveness. This measure of effectiveness is the independent 
variable of an economic function, or mathematical model, which permits all 
other system parameters to be expressed as dependent variables.  It is 
essential that this type of study recognize and account for all performance 
and cost effects of a system design alternative. On this basis the most 
effective of the candidate systems is selected, resulting in a choice which 
may be defended both economically and technically. 

THE ELEMENTS OF PETROLEUM TRANSPORTATION 

The systems engineering approach requires consideration of all parts of 
the total transportation system which change with different harbor sites and 
requires understanding of both the technical and economic aspects of various 
modes of petroleum transportation and their interrelationships. 

TRANSPORTATION MODES 

Generally, petroleum is moved from the producing field to the consumer 
by a series of transportation modes. These modes are selected on the basis 
of economy and are normally pipelines on land and large tankers at sea. 
Since pipelines provide a continuous flow and ships operate as batch carriers, 
it is necessary to provide a surge, or storage, capability between these two 
modes to achieve maximum economy in the system.  The size of this storage 
facility, or tank farm, is determined by the number of products handled, by 
the method of product segregation, and the regularity with which tankers 
arrive and depart. 

A second important difference between these two widely used modes of 
crude oil transport is that with an increase in throughput, tankers can be 
added on an individual basis as required, but that a pipeline of specific 
diameter and wall thickness must be installed initially. 

Each transportation mode and its intervening surge facility may be 
thought of as a series of separate, but interdependent, links which make up 
the total petroleum transportation system. 
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THE GENERALIZED SYSTEM 

A generalized oil transportation system is shown schematically in 
Figure 1, from well head to the consumption point, indicating transportation 
modes and interfaces. The interfaces are either points where one form of 
transport is exchanged for another or where there is an interruption in flow. 
Ports, storage tanks and refineries are all interfaces. A port is an example 
of a change in transportation mode, while field gathering storage is an 
interruption in the flow along a pipeline. 

Crude is pumped from well head to field gathering storage, where gas may 
be separated from the crude or different crudes mixed together before being 
transported further. The crude then moves on to an intermediate storage 
facility before being pumped to a port for shipment by tanker or being piped 
to a refinery for processing.  If oil tankers are used, the oil is unloaded 
at the port of destination to a tank farm before being pumped to a refinery. 
With the advent of the very large tankers, which are limited to a few very 
deep ports, the use of the trans-shipment port has become more prevalent. 
At a trans-shipment port the oil is off-loaded from the large tanker into 
smaller tankers and the excess pumped to storage; or if no smaller tankers 
are present, all the oil is pumped to storage to await their arrival. 
Alternatively, some of this crude can continue its journey to a refinery by 
pipeline or other forms of transport.  From the refinery the product goes 
into product storage from which it is distributed, by any of the trans- 
portation modes, to the various consumption points. 

Figure 1 can thus be used to identify the oil transportation system for 
any given situation.  In a transportation system in which oil tankers are 
used, the choice of different routes is based mainly on consideration of 
possible port sites and on possible land transportation routes.  Sea routes 
have also to be considered but they are much more flexible than land routes. 
If it is required to select a particular facility within a transportation 
system, such as a port site, it is probably not necessary to analyze the 
entire transportation system, but only part, or sub-system.  The sub-system 
study described as an example in this paper is indicated on Figure 1. 

SYSTEMS ENGINEERING APPLIED TO PETROLEUM 
PORT SITE SELECTION 

The fundamental problem to be solved is how best to move oil from the 
area of production to the area of consumption. The systems approach provides 
a logical step by step process whereby the most efficient and economical 
method of oil transportation can be found. The port which is chosen after 
such a study may not require the least initial investment or be the least 
expensive to operate of the candidate port sites, but the transportation 
system of which it is a part will provide the most economical method of oil 
transportation from producer to consumer. Figure 2 is a flow diagram showing 
the steps by which a systems study of this type is carried out. 

OBJECTIVES AND CONSTRAINTS 

The oil port, like all other parts of the system, must be designed to 
meet the objectives of the entire system. These objectives normally include 
a definition of (a) the origin and destination of the petroleum, (b) initial 
and ultimate throughputs of the system, (c) anticipated rates of system 
growth, (d) the time scale for construction and start up, and (e) the useful 
life of the system. 

Various types of constraints must also be recognized at the outset of 
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the study. These constraints may be thought of in the broader context of the 
system "environment".  The environment can be broken down into technical, 
economic, and social environments. The technical environment covers existing 
oil transportation systems and their technical obsolescence, the present 
state of technology as it applies to oil transportation, and expected or 
possible developments in oil transportation. This would, for example, 
include a study of very large tankers in the 200,000 to 1,000,000 DWT range 
and methods of mooring, loading and unloading their oil. 

The economic environment is concerned with costs of existing and pro- 
jected systems, unit costs of material and labor, and changing customers and 
markets.  Since the transportation system chosen must operate for a number of 
years, it must be designed with the flexibility to accomodate possible changes 
in throughput and consumption areas. 

Within the social environment are considered the possible effects of 
changing political climates on the operation of the system, and the advan- 
tages of operating in one country rather than another. 

SYSTEM REQUIREMENTS 

Under the heading of system requirements all objectives and constraints 
are distilled into a compatible performance criteria for each part of the 
system.  In this step the scope of the total system is established and the 
general type of route from origin to destination is identified. 

ALTERNATIVE TRANSPORTATION MODES 

There will be a number of transportation modes (i.e. tankers, pipelines, 
railcars, etc.) which may be used to move the oil. These modes are now 
considered and alternative combinations which satisfy the system requirements 
are chosen.  In this case, one of these modes will be a form of ocean trans- 
port requiring a port. The alternative modes are then assessed by making a 
rough cut trade-off study based on the applicability of the transportation 
mode to the terrain and its use cost.  In the case used in this paper, the 
modes are pipelines and ocean going tankers. 

TRANSPORTATION ROUTES 

There are theoretically an infinite number of different routes between 
the production and consumption areas. Practically, however, only those routes 
which appear technically feasible are chosen. This choice will normally be 
made by experienced people using available topographic maps and hydrographic 
charts. Each port site may be served by several sea routes and also by 
several pipelines routes. Every different combination, even though passing 
through the same port site, represents a separate transportation route. 

SUB-SYSTEMS 

For the purpose of port site selection it may only be necessary to 
consider part of the total transportation system.  It is probable that 
geographic or national boundaries have placed several constraints on the 
candidate systems and that all systems pass some common (or nodal) point such 
as a strait, pass, canal, or cape which may, for study purposes, be regarded 
as the terminal point of a sub-transportation system.  If such sub-systems 
are in fact independent of the total transportation system they may be used 
for the optimization study and as a consequence permit a substanital reduc- 
tion in field investigation, preliminary design, and economic analysis efforts 
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Figure 3 shows the transportation sub-system discussed in this paper, and 
which is shown schematically in Figure 1. The sub-system used as a basis for 
this optimization study has as its upstream nodal point the field gathering 
facilities. Proceeding downstream, the sub-system contains the following 
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ALTERNATE      PETROLEUM      TRANSPORTATION     ROUTES 

links: (1) pipeline, (2) tank farm at the marine terminal, (3) high capacity 
ship loading lines, (4) the harbor and ship loading berths, and (5) a sea 
voyage to the downstream nodal point. This nodal point is designated as the 
nearest point to the candidate harbor sites which all ships pass. 

The accuracy required in setting the boundaries, or nodal points, of the 
sub-systems depends on the accuracy required of the study.  In the case of oil 
port site selection, the transportation route is analyzed both upstream and 
downstream from the port site until those points are identified which are 
common to all sub-systems and such that the consideration of any candidate 
port site has no effect on those portions of the transportation system out- 
side the sub-system boundaries. 
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ROUGH TRADE-OFF STUDY 

Once the candidate sub-systems have been identified a rough trade-off 
study can be used to eliminate those which are grossly non-competitive.  Sub- 
systems considered in this paper are compared m Figure 4.  Each sub-system 
has been assigned five cost variables which represent the links in the sub- 
system including: (a) pipeline (b) tank farm, (c) harbor, (d) sea voyage, and 
(e) unusual operating costs.  The last item is used to convert any unique 
annual costs not common to all sub-systems into a capital cost. 

PRELIMINARY  EVALUATION OF CANDIDATE SUB-SYSTEMS 
(CAPITAL COST BASIS  IN  MILLIONS OF  DOLLARS ) 

( FOR ANTICIPATED  MEDIAN  THROUGHPUT ) 

SUB-SYSTEM PIPELINE 
TANK 
FARM HARBOR SEA 

VOYAGE 

UNUSUAL 
OPERATING 

COSTS 

SUB-SYSTEM 
COST 

SELECTED 
PRIMARY 

CANDIDATES 

A 50 9 6 2 - 67 Yes 

B 120 10 6 2 1 139 No 

C 150 8 7 2 2 169 No 

D 55 10 7 3 - 75 Yes 

E 70 9 5 3 1 88 Yes 

ETC ETC 

ROUGH 
Figure    4 

TRADE-OFF      STUDY MATRIX 

This simple comparison of the candidate sub-systems shows that due to 
high pipeline costs for systems B and C neither could be competitive with 
A, D, and E even though the assigned costs are only approximate. Those sub- 
systems with the lowest costs are selected as primary candidates for more 
detailed economic comparison. 

THE ECONOMIC FUNCTION 

At this point in the study it is desirable to formulate the economic 
function which will be used in a more precise trade-off study for the com- 
parison of the primary candidate sub-systems.  This method of selection 
requires a mathematical model, though it may be quite simple, which reflects 
the influence of two types of quantifiable parameters — one related to 
system performance, and the other related to system cost. The accuracy of 
the study rests in the degree to which all parameters are quantifiable, 
although it is occasionally necessary to use quasi-quantifiable inputs. 

The purpose of this procedure is to set forth systematically the para- 
meters which affect the rational selection of a port site under the present, 
and foreseeable, conditions of system operation. A key part of the trade-off 
study is the selection of a Measure of Effectiveness (MOE) of all the system 
design alternatives. The Unit Transportation Cost (UTC), expressed in say 
dollars per ton, is a measure of effectiveness which permits all other 
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variables in a petroleum transportation system, or sub-system, to be express- 
ed as dependent variables in a single economic function.  It is essential 
that this type of study recognize and account for all performance and cost 
effects of a design alternative. 

The economic function 

j = n k = m 
<•—* 

y      cj (capital)   -+- y      Ck (annual) 

j=0 k=0              Eqn(l) 

Unit     Transportation     Cost    = 

contains (n) capital cost terms (Cj) and (m) annual cost terms (C^), each 
representing a quantifiable feature of a candidate sub-system. This economic 
function should be established before undertaking the design of the candidate 
sub-systems since it identifies the significant cost parameters. The economic 
importance of each term should be determined early in the study so that the 
field investigation and design effort can be devoted to the items which have 
the greatest inpact on the UTC. 

Accuracy of the Economic Function 

At this stage in the study it is also possible to examine each term of 
the economic function and make a preliminary estimate of the accuracy with 
which each can be evaluated.  From this the potential range of inaccuracy, 
or error, of the UTC can be established and in turn the required accuracy 
of all terms of the economic function can be set. 

Comparitive vs Absolute Economic Studies 

It should also be decided whether the UTC is to represent the absolute 
costs of a sub-system or whether its purpose is only to compare similar 
systems.  If absolute UTC's are desired all cost items of each system must 
be represented by a cost term in the economic function.  If comparative UTC's 
are required, as is the case if port site selection is the only objective, 
all equal cost terms common to each candidate sub-system may be omitted from 
the economic function. The omission of these common terms will reduce the 
amount of effort required to complete the study. 

It should be noted that Equation (1) represents a steady-state condi- 
tion for a given increment of system expansion.  Its formulation should not 
be confused with a dynamic analysis which examines the state of the trans- 
portation system at uniform increments of time or at each event. 

FIELD RECONNAISSANCE SURVEY 

A field reconnaissance survey is normally necessary before beginning 
the preliminary sub-system design phase, particularly when the candidate 
routes and sites are located in an unfamiliar part of the world. The first 
step is to conduct a rough trade-off study as shown in Figure 4, so that 
only the several most promising sub-systems are retained for further inves- 
tigation.  The second step is to formulate the economic function to identify 
all significant cost items associated with the sub-systems being compared. 
The field reconnaissance survey can then be planned to concentrate on those 
features of the candidate sub-systems which represent the items of greatest 
cost and about which the least is known. 
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Typical reconnaissance surveys involve continuous seismic profiling at 
harbor sites to determine marine soil conditions, estimates of quantities of 
littoral drift, scattered borings in the tank farm area to appraise foundation 
conditions, and low level flying of the pipeline routes to determine eleva- 
tions and assess the types of material to be excavated in pipeline burial. 
Data is also collected on local costs and availability of material and labor, 
duties, taxes, etc. 

DESIGN OF PRIMARY CANDIDATE SUB-SYSTEMS 

Each candidate sub-system, with its attendant port site, must be carried 
through a preliminary design phase in sufficient detail to permit all major 
cost items to be quantified. 

Criteria 

The first step in the preliminary design phase consists of establishing 
specific engineering criteria for both design and operation. This is con- 
trasted to the general system performance criteria formulated at the beginning 
of the study. 

ENGINEERING DESIGN CRITERIA 

Candidate sub-systems were selected on the basis of rough order-of- 
magnitude estimates of the physical size of the harbor and tank farm area 
needed to accomodate the ultimate throughput of the system. As a supplement 
to this selection criteria it is necessary to establish further engineering 
criteria so that alternate preliminary designs can be prepared for each port 
site. Typical items for which criteria will be required are average ship size, 
maximum ship size, water depths, ship turning radii, typical pier configura- 
tion, typical breakwater cross-sections,  storage tank sizes, and ship loading 
rates.  Since several types of loading facilities (i.e. fixed piers, sea berths 
and mono-moorings) may be considered for each candidate site, it is necessary 
to establish comparable sets of criteria for each. 

OPERATIONAL CRITERIA 

Each alternate route and port site must be studies to determine what 
environmental characteristics will affect its performance uniquely. Overland 
and sea transportation routes will be affected by temperature extremes and 
storms. Port sites are particularly sensitive to wind and wave conditions 
which delay docking or require ships to leave a berth during loading or un- 
loading operations. For each type of harbor development considered, separate 
criteria must be established for maximum permissible wave height and wind 
velocity.  In comparing the effects of weather conditions on alternate port 
sites, a quantifiable parameter is that of port closure. 

A ship turnaround time must be established which is compatible with 
demurrage-free time in port and with ship loading rates. Deballasting time 
and loading equipment capacity must also be selected to be compatible with 
ship turnaround. 

Harbor Design 

Crude oil and petroleum products are normally loaded or discharged across 
a fixed pier or through hoses to the ship in a sea mooring.  Fixed piers may 
either be in a moderately exposed location or in a horbor sheltered by a break- 
water.  Sea berths are of either the spread mooring type where the ship rides 
to the center of a set of fixed lines, or the mono-mooring type where the ship 
"weather vanes" behind a single point bow attachment. All of these types of 
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berth designs have different operational requirements and thus will show 
economic differences at each candidate port site. 

In general it can be said that a pier and breakwater design will show a 
high initial UTC since the first cost of a breakwater is great in relation to 
the throughput of the port. This assumes that the ultimate harbor area is 
enclosed initially. As the throughput increases with system expansion to the 
UTC will drop due to both the greater volume of petroleum shipped and also 
the minimal weather delays affecting a shelter harbor. 

The sea berth and mono-mooring harbors will be closed by storms more 
often than a sheltered harbor, however their UTC's may be lower due to their 
installation cost.  Also, sea berths and mono-moorings can be installed as 
needed in the course of system expansion instead of requiring a high early 
investment as in the case of a harbor sheltered by a breakwater.  A small 
craft harbor to accomodate tugs and line running launches is needed in any 
event. 

Port closure criteria assigned to these three types of harbor installa- 
tion will normally take the following form: 

Type of Harbor 

Piers with Breakwater 

Sea Berths 

Mono-moorings 

Max. Wave Max. Wind 

15 feet 40 knots 

5 feet 20 knots 

5 feet 30 knots 

Thus piers sheltered behind a breakwater can be expected to operate 
under more severe conditions. The sea berth, on the other hand, is hampered 

oo|oo 
OOOO  TANK   FARM 

oooo 

Figure    5 
TYPICAL     HARBOR      EXPANSION PLAN 
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by small waves due to the inability of line running launches to work in 
heavy seas and high winds; beam winds particularly may force the ship to 
leave the berth. The mono-mooring is also hampered by small waves since it 
must be served by line running launches but it can remain in the berth longer 
in high winds due to its ability to "weather vane" behind the mooring buoy. 

Figure 5 shows a typical harbor expansion plan for sea berths or mono- 
moorings. If we assume that this port site is exposed to local fetches and 
thus the wind and wave directions are approximately identical, it can be seen 
that substantial protection is afforded berth No.l by protruding headland and 
that protection decreases along the coast through berth No.7. This then means 
that berth No.l will be closed least because wind or waves exceeded the oper- 
ational limit and that berth No.7 will be closed the most. 

Pipeline Design 

A pipeline is a part of a petroleum transportation system which repre- 
sents a high initial investment and which is relatively inflexible once 
installed. The sub-system used for the study described in this paper includes 
a pipeline which delivers crude oil to the port.  Thus pipeline design is an 
integral part of the system design. 

Pipeline size is normally determined by the anticipated ultimate through- 
put of the system.  Figure 6 shows a typical ground surface profile and hy- 

Producing    Field 
Stations 

STAGES   OF   GROWTH 

Gradients 

Initial 
Second 
Ultimate 

Figure 6 
SCHEMATIC OVERLAND PIPELINE PROFILE 

draulic gradients at several increments of system expansion. The initial 
system consists of the pipeline, Pump Station No.l at the producing field, 
and a tank farm at the marine terminal. The hydraulic gradient decreases 
uniformly from Pump Station No. 1 at the producing field to the tank farm. 
Normally, the hydraulic gradient is kept above the ground surface thus main- 
taining a positive pressure in the line at all points. 

The second stage of growth requires that Pump Station No.3 be installed 
and that additional horsepower be installed at Station No.l. The hydraulic 
gradient steepens between stations due to velocity head losses. Ultimate 
expansion is shown in the third state with the addition of Pump Station No.2 
and increasing horsepower in Station No.3. 
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INCREMENTAL EXPANSION OF SYSTEM 

Oil transportation systems are seldom constructed to handle their ulti- 
mate capacity initially but rather to be expanded in several increments. The 
engineering design of each candidate system must be based on incremental 
expansion of the system, recognizing that failing reserves or marketing con- 
siderations could curtail expansion at any intermediate stage. 

An oil harbor can be enlarged by adding more berths, a tank farm by 
adding more storage tanks, and pipeline capacity by adding more pump stations. 
On the other hand, some parts of the system must be built initially to accom- 
modate the ultimate throughput of the system. Typical of such parts would be 
pipeline diameter and wall thickness. 

All engineering design for study purposes should be carried out on the 
basis of incremental expansion. Engineering quantities can then be associated 
with a given throughput of the system. 

Tank Farm and Loading Lines 

Designs in detail similar to those carried out for the harbor and pipe- 
line portion of the sub-system must also be completed for the tank farms and 
loading lines. Factors which must be considered are land cost, number of 
different crudes to be handled, tanker loading rates, pumping requirements, 
and the availability of labor and local utilities. 

Review of the Economic Function 

Sub-system design may reveal significant features which were not 
properly represented in the economic function. Upon completion of the design 
phase, the mathematical model should be reviewed to be certain that all items 
are adequately described. This can be readily accomplished by completing the 
material quantity take off for each increment of sub-system expansion since 
each quantity must be represented by a term in the economic function. 

A MATHEMATICAL MODEL FOR CHOOSING 
BETWEEN ALTERNATE PORT SITES 

The economic function of Equation (1) is the mathematical model which is 
used to select the "best" sub-system and its attendant port site. While it 
is not mandatory that the economic function be programmed for a digital com- 
puter, investigation of incremental growth and design alternates makes its 
use quite desirable in all but the most elementary cases.  This paper assumes 
that the iterative capabilities of a digital computer will be employed m the 
illustrative example which follows. 

ORGANIZATION OF ANALYSIS 

Figure 7 shows a descriptive computer flow diagram which is designed to 
analyze the type of sub-system discussed in this paper (i.e. pipeline, tank 
farm, loading lines, and harbor).  It requires as inputs the general data 
applicable to all systems, quantity data for each sub-system on an incremen- 
tal basis, unit cost data for both capital and annual costs, and the initial 
and ultimate system throughputs. 

The program then computes the unit transportation cost for each desig- 
nated increment (usually 1/10 or 1/20 of range between initial and ultimate) 
of throughput for each candidate sub-system. The output may be either printed 
or plotted as graphs. 
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The following sections describe the principal features of the pro- 
grammed mathematical model and the basis of important computations. 

GENERAL INPUTS 

Step 1 in the program is to establish general study data which will 
typically consist of the following items: 

1. Throughput range to be considered. 7. Escallation costs. 

2. Throughput increment for analysis. 8. Duties & taxes. 

3. Crude oil specific gravity. 9. Indirect costs. 

4. Ship turnaround time. 10. Load factor of system. 

5. Storage tank size. 11. Contingency allowance. 

6. Financial costs. 12. Study currency. 

Any other items which will remain constant for all sub-systems may be in- 
cluded in general study data. 

Step 2 consists of listing the basic uhit cost items which are required 
to establish both capital and annual costs of all sub-systems.  Such items as 
dredging cost per cubic yard, and pier maintenance cost per year are included 
in this section. Assignment of unit costs can be simplified by relating all 
cost units of the same general type of material to a single basic unit. An 
example would be that of breakwater armor stone cost based on core rock cost 
times a multiplier. All unit costs are established to represent actual on- 
site prices. 

PORT SITE 

Step 3 requires that a port site be chosen that is associated with one 
of the candidate primary sub-systems for which quantity information has been 
supplied as data. 

The general port site data of Step 4 concerns input items such as cost 
of land at the port site, cost of access, cost of utilities, and other simi- 
lar items peculiar to the geographical location of the candidate site. 

It is possible that several tank farm sites may be considered at each 
port site.  It is probable however that an independent hand calculation will 
permit a single tank farm site to be selected for a given port without expand- 
ing the sub-system analysis. One of the most significant data items associ- 
ated with the storage tanks will be earth-moving and foundation preparation. 

PIPELINE 

To each port site will come several pipeline routes. Step 5 requires 
that one of these candidate pipeline routes be selected while Step 6 reads 
the quantity items such as pipeline length, miles of ditching in rock, and 
pumping horsepower at existing stations or by the addition of new stations 
along the line. 

SPECIFIC HARBOR DEVELOPMENT CONCEPTS 

At this point in the analysis a single port site on the coast is under 
consideration, as is one of several pipelines leading from the producing 
field to the port. At each port site several harbor development concepts 
have been carried through the preliminary design phase. For this study three 
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harbor development schemes are considered for each candidate site, fixed 
piers with breakwater, sea berths, and mono-moorings. Due however to avail- 
able area or peculiar bathymetric conditions, some sites may not be adaptable 
to all three designs. 

If the piers and breakwater scheme of Step 7 is to be considered, the 
throughput is initialized in Step 10 and then specific sub-system data is 
read in Step 11.  Specific data consists of weather delay days or hours 
which result m port closure (this varies with natural protection at the site 
as noted in Figure 5 and with the operational limits of the mooring equipment 
included in the scheme), length and size of loading lines, pumping horsepower, 
and items such as dredging or removal of wrecks. 

Calculate Number of Berths 

The number of berths in a port must be such that the throughput can be 
loaded into tankers in the most economical manner. This calculation depends 
primarily on tanker size, loading rate, throughput, and weather delay. 
Observations at several ports have indicated that ship arrivals and queuing 
can be accurately described by a Poisson distribution (References 3,4, and 5). 
Two methods may be used to determine what queuing delay is acceptable. 

(1) The first method is to assume a maximum congestion figure of 
say,5%. This means that 5% of the time there are tankers 
waiting for a berth.  This figure is based on experience with 
tankers, however, it is rather unsatisfactory as it makes no 
allowance for variation in demurrage and berth costs. 

(2) The alternative, and better, method is to make a benefit-cost 
analysis by comparing demurrage costs with the capital and 
annual costs of a new berth. Figure 8 shows the results of 
such an analysis. Here The Berth Unit Transportation Cost 
(BUTC, which is the unit cost of moving oil from the tank 
farm into the tanker) is plotted against throughput. For each 
number of berths there is optimum throughput giving a minimum 
BUTC shown by the vertical dotted line in Figure 8.  If the 
throughput is less than this optimum value, the BUTC rises since 
the berths are not being used at their optimum occupancy.  If 
the throughput is greater, the BUTC again rises due to demurrage 
costs on waiting tankers, until the curve intersects the down- 
ward curve of the next higher number of berths. At this point 
the BUTC falls again and for this throughput a new berth should 
be added to the port. As the number of berths increases the 
BUTC for the optimum throughput decreases due to an increase in 
berth occupancy for the same delay time. 

TANK STORAGE CAPACITY 

The necessary volume of tank storage capacity m Step 13 is deter- 
mined by the uncertainty of tanker arrivals and of discontinuities in pipe- 
line delivery. The Poisson distribution calculation in Step 12 gives the 
probability of a given number of tankers arriving on a single day and the 
probability of consecutive days this number will arrive.  If no tankers 
arrive for a number of days, then oil from the pipeline must be stored.  If a 
large number of tankers arrive for several days, for example just after a 
storm, then there must be sufficient oil in storage to load these tankers 
even if flow through the pipeline has ceased. For a single crude it is usual 
to allow three-and-a-half days of storage for pipeline stoppages. The extreme 
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Figure    8 
BERTH     UNIT    TRANSPORTATION     COST    AGAINST 

SYSTEM     THROUGHPUT 

storage requirement which is normally chosen is such that on one or two days 
a year the storage capacity is inadequate. 

After determination of the storage capacity and selection of a tank 
size, the tank farm area is computed.  The tank size and height and slope of 
dikes is general input data read in Step 1. The program also computes the 
amount of earth moving required to construct the dikes. 

CAPITAL AND ANNUAL COSTS 

After the number of berths and tank farm size has been determined in 
Steps 12 and 13, the program then returns to the input quantities associated 
with that particular increment of growth.  Capital and annual costs are 
computed on the basis of the unit cost input data for the individual sub- 
system under consideration.  These costs are then stored and the next incre- 
ment of throughput is considered. 

The program completes the analysis of each combination of pipeline and 
port development concept in Steps 17 through 23. 

SELECTION OF PORT SITE 

After the computation of unit transportation costs for each increment of 
throughput, curves are plotted for each sub-system associated with a particu- 
lar candidate port site.  Figure 9 shows curves which typically result from 
the analysis of three alternate harbor concepts associated with a single 
candidate pipeline route.  Since these curves are plotted from the UTC's com- 
puted only at the designed increments of throughput, they may be smoothed by 
decreasing the increment and thereby plotting a greater number of points. 

The high initial UTC associated with the piers and breakwater design can 
be attributed largely to the high first cost of the breakwater.  As throughput 
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Figure    9 
ECONOMIC     COMPARISON    OF    SITE 

DEVELOPMENT    CONCEPTS 

increases, the UTC decreases reflecting the fewer weather delays and higher 
loading rates at fixed piers. Mono-moorings and spread moorings on the other 
hand show a lower initial UTC due to the fact that the only first cost associ- 
ated with this type of port, other than the berth equipment, is the small craft 
harbor. The UTC for these two types of designs remains nearly constant, or 
increases slightly, with increased throughput. The increased UTC results from 
longer loading lines to distant berths coupled with larger line sizes and in- 
creased loading pump horsepower. The shapes of these curves, however, reflect 
the local design, construction, and operational pecularities of the candidate 
port site. 

Following the selection of a "best" development concept for each port 
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site, a composite or summary graph may be plotted as shown in Figure 10. This 
graph shows only the lowest UTC sub-system for each port site considered. The 
lowest UTC curve represents the selected site or sites and the associated 
harbor development concept. 

SYMBOLS 

c o 

o a. 

• v> 
o 
O 

c 

P8B = Piers   8  Breakwater 
SM   = Spread   Mooring 
MM   = Mono-mooring 

-Port   Site   D    (P8B) 

JL Port  Site  A 
(SM) 

Port Site   C (SM) 

—, , , i. 
^-Envelope   of   Error 

System    Throughput 

Figure   10 
ECONOMIC    COMPARISON     OF 

ALTERNATE    PORT    SITES 

ACCURACY OF ANALYSIS 

Early in the study the required accuracy of the economic analysis was 
established. That accuracy can be represented as an absolute or percentage 
error for each UTC. If that plus or minus error is plotted as an envelope on 
the lowest curve in Figure 10, it may enclose one or more other curves above 
it. All curves which fall within this envelope must be considered to represent 
"best" sub-systems.  In Figure 10 the Port Site E employing mono-moorings must 
be considered to be equal to the Port Site C at higher throughputs. At this 



PETROLEUM PORT SITE 1349 

time economic, political, or social factors not expressed in the economic 
function may determine the port site.  In the absence of such factors, an 
analysis of the type described in this paper, but performed on the basis of 
more thorough definition of all variables may permit a rational decision to 
be reached. 

When the difference in unit transportation costs times the maximum annual 
throughput represents a capital cost less than the normal difference in con- 
struction bids, further refinement of the analysis is academic. 

Occasionally two port sites, or alternate development concepts at one 
site, will change relative position as throughput is increased.  This is 
shown in Figure 10 for Port Sites A and B.  In such a case additional economic 
factors must be considered to arrive at a rational decision. 

CONCLUSIONS 

(1) The systems approach to petroleum port site selection requires the 
engineer to recognize that port site selection is not an independent problem, 
but is intimately related to adjacent parts of a total transportation system. 

(2) The systems approach represents a method of accounting for all 
variables which affect the economics of shipping through a particular port 
site and results in economically defensible decisions. 

(3) By the systems approach it is possible to determine the accuracy 
with which unit transportation cost is computed by means of the economic func- 
tion so that excessive accuracy is not unjustifiably presumed. 
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CHAPTER 86 

CONSTITUENT TRANSPORT IN ESTUARIES 

Bard Glenne,  Asst    Professor,   Civil Engineering Department,  Oregon State 
University,   Corvallis,   Oregon,  USA. 

During the last two decades considerable progress has been made in analyzing 

the diffusion process in estuaries.    Unfortunately,   certain difficulties (e  g 

prediction of diffusion coefficients) still prevent common application of the 

diffusion method     An old technique,   related to the diffusion concept,   can 

however,   frequently give useful information regarding constituent mixing 

and transport velocities in natural estuaries 

RESIDENCE TIME 

Conventionally the residence or detention time refers to the arithmetic mean 

time spent by all water particles within a certain length of a channel.    The 

residence time of constituent particles in an estuary can be defined as the 

average length of time the constituent particles will remain withm a certain 

region or reach of the estuary     The constituent residence times will change 

with the location of the constituent sources and sinks and thus generally differ 

from the conventional residence ,times. 

In the case of a one-dimensional estuary the constituent residence time may be 

defined as the mean time a constituent will spend traversing a specified section 

of the estuary     For a steady state system the mean time must be 

mass of constituent in a section of infinitesimal length (dx) 
avg    mass rate of constituent transport through the section 

where T = mean constituent residence time      This expression can also be 

written 

dT=P^ ....(1) Auc 

1350 
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where A = local cross sectional area,  u = local advective ("fresh water") 

velocity,   c = constituent concentration,  and the bar denotes the mean values 

of the parameters taken over a finite inte'rval of time.    The axioms of 

turbulent stresses as proposed by Reynolds (reference 1) can be used to 

reduce the term Auc 

Auc- = A u"c + A(u'c')  (2) 

where u' and c' are the instantaneous deviations from the mean values      In 

equation (2) the total constituent transport is expressed as the sum of an 

advective and a diffusive constituent transport     The equation for molecular 

diffusion further states that the rate of diffusive transports proportional 

to the mean constituent gradient     This is known as Fick's First Law and can 

in one-dimension be written 

u'c'   =   -   E-3-5  (3\ 
dx l  ' 

2 
where E = variable,   overall longitudinal diffusion coefficient (ft  /sec).    The 

applicability of equation (3) in well-mixed estuarme situations is now generally 

accepted. 

When the equations (2) and (3) are substituted in equation (1) the equation for 

constituent residence time per unit length of estuary results 

dT - //U 
S   =   __   \    ,_ • • •  (4> 

u c - E    a c 
9x 

When the advective transport overshadows the diffusive transport,   equation (4) 

reduces to the usual detention time equation for plug flow. 
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To avoid using a diffusion coefficient it is convenient to introduce an integrated 

form of the steady state,   one-dimensional continuity equation for conservative 

constituents in estuaries (references 2,   3 and 4) 

a - x 
AE-=   Aijc-XS  (5) 

ax o s * ' 

X 
where   £ S_  is the summation of sinks and sources of the constituent landward o    s 
of the point x.    Eliminating E between equations (4) and (5) 

dT   =   A_c 
dx (6) 

Ps 

A useful observation can be made regarding constituent residence times m 

natural estuaries.    The linearity of equation (5) implies that,  for steady 

conditions,   the constituent concentration throughout the estuary is directly 

proportional to the source strength     Thus equation (6) demonstrates that the 

constituent residence time is independent of the source strength 

In Figure 1 are plotted the approximate maximum and minimum integrated 

residence times for silica and advective flow for the 1961-62 water year in 

Northern San Francisco Bay. In general, silica can be said to represent a 

typical landward source constituent m Northern San Francisco Bay. Since 

silica and "fresh water" essentially have identical source locations the 

differences in their transport velocities and residence times therefore 

represent the diffusive transport of silica. 

TRANSPORT VELOCITY 

When the expression dT/dx is inverted it gives the constituent transport 

velocity.    Inverting equation (4) 

dx E   dc 
dT c    3x (V) 
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When the constituent concentration gradient is zero the expression reduces 

to the advective velocity     The significance of the diffusive transport term 

can be calculated from equation (7).    To obtain an expression,   void of E, 

for the local constituent transport velocity equation (6) is inverted 

iT   =   AfSs -•<« 

With a minimum of data available equation (8) can be used to evaluate steady 

state,   one-dimensional constituent transport in an estuary     Since the consti- 

tuent transport in most natural estuaries is not strictly one-dimensional it 

is usually advisable to divide the estuary into several sections and to step- 

wise perform the computations    (see Figures 1 and E) 

In Figure E is plotted the range of transport velocities for silica,   chloride, 

and "fresh water" for the 1961 -62 water year in Northern San Francisco Bay 

A discontinuity in the data is present between San Pablo Bay and Carqumez 

Strait owing to differences m observation periods. 

CONCLUSION 

The linear characteristic of the one-dimensional mass continuity equation for 

constituents (conservative or first order decay) in estuaries shows that the 

constituent residence times or transport velocities are independent of the 

constituent source strength      This fact permits computation of representative 

constituent transport velocities using artificial or natural tracers with typical 

discharge locations 

The evaluation procedure outlined above requires a minimum of data and labor; 

e  g    no knowledge of diffusion coefficients      In estuaries and bays with pre- 

dominantly one-dimensional constituent transport the procedure gives practical 

information regarding the mixing and exchange mechanism. 
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In Northern and Southern San Francisco Bay dissolved silica (SiO ) was 

found to be a good representative tracer naturally discharged by rivers 

and streams. 
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CHAPTER 87 

HYDRAULIC MODEL EXPERIMENT ON 

THE DIFFUSION DUE TO THE COASTAL CURRENT 
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and 
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ABSTRACT 

The diffusion phenomena due to the tidal current and the 
longshore current inside and outside a harbor are studied m a 
hydraulic model experiment, for which the Kashima Harbor area is 
used as the prototype. The tidal current, the longshore current 
and the effect of density are taken into account, but the direct 
effects of wind and waves are not considered. 

A model of Kashima Harbor, with horizontal and vertical 
scales of 1/500 and 1/63 respectively, was constructed, and a 
semidiurnal tide generated by an automatically controlled 
pneumatic tide generator and longshore current by a water 
circulating system were provided for it.  The water level at 4 
stations and current pattern were measured.  The diffusion of 
dyed water from instantaneous point sources and a continuous 
point source was investigated by the photographic method and dye 
concentration analysis. 

INTRODUCTION 

After the completion of new coastal industrial zones, which 
are now under construction or m the planning stage, it is 
expected that various kinds of industrial waste water will be 
discharged into the sea so that water pollution may become an 
important problem.  In order to execute such a plan rationally it 
is essential to forecast its probable after-effects and the 
hydraulic model experiment is one of the most useful means of 
doing soil]. 

1357 
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Generally there are many factors controlling the diffusion 
phenomena m the sea, for example the ocean current, the tidal 
current, the longshore current, density stratification, waves, 
the wind and so on. In this study, however, the tidal current, 
the longshore current, and the effect of density are taken into 
account. 

Kashima Harbor, which faces directly to the Pacific Ocean, 
was used as the prototype. 

PROTOTYPE 

The Kashima Nada Coast is a monotonously straight coast 70 
km long as shown in Pig. 1. The bottom slope in this area is 
about 1/150 to a depth of 20 m and less than 1/500 from 20 to 40 
m as shown in Pig. 2. The contour lines are almost parallel to 
the coastal line. Kashima Harbor, an artificial harbor for 
100,000 ton ships, is now under construction in this area. The 
water depth in the harbor is 16 m at the entrance and 10 m in the 
inner part of the harbor. The southern breakwater is 2.8 km long 
and the northern one 1.4 km. The bottom material in this area is 
fine sand with a median diameter of 0.13 to 0.17 mm as shown m 
Pig. 212]. 

There are three major ocean currents in this area as shown in 
Pig. 3, that is, the Kuroshio, Tsushima Current, and Oyashio.  The 
former two are warm currents and the latter is a cold current. 
The current pattern in this area is very complex and the relation 
between such ocean currents and the longshore current m front of 
Kashima Harbor is not so clear. The longshore current often 
flows northwards in summer and southwards in winter, which corre- 
sponds with the main direction of the winds. 

The tidal constants in this area are shown m Table 1. The 
spring tidal range is about 94 cm and the neap range 35 cm at 
Choshi, 25 km away from Kashima Harbor. The monthly mean sea 
level is highest in October and lowest in April as shown in Table 
2. The difference between them is about 25 cm. 

Table 1  Tidal constant m the prototype 

^Constitu- 
\^ent 

Station^\^ 

M2 S2 % Ol 

H(cm) K(°) H(cm) K(°) H(cm) K(°) H(cm) K(°) 

Onahama 

Choshi 

Uera 

30.2 

32.2 

35.6 

127.2 

130.7 

141.3 

13.9 

14.6 

16.3 

161.2 

163.4 

171.9 

22.4 

23.0 

21.6 

172.6 

175.8 

175.3 

17.3 
18.6 

16.7 

159-3 
159.6 

158.5 

The current ellipses obtained at a point 16 m deep are shown 
in Pig. 4. In this figure the length written on the right of the 
figure shows the value above the bottom. The diurnal tidal cur- 
rent flows almost parallel to the coastline (NNW-SSE) and the 
semidiurnal rather normal to that (NE-SW). 



HYDRAULIC MODEL EXPERIMENT 1359 

km 
50 -n 

Pig. 1 Bathymetrio chart of the Kashima Nada 
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Pig. 3 Ocean currents near -the Kashima Nada 
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Pig. 4 Tidal ellipse at Kashima at 1, 4, and 9 m above the bottom 
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Table 2  Monthly mean sea level at Choshi (1955~1965) 

Month 1 2 3 4 5 6 
Sea level 

(cm) 
107.9 98.5 94.3 90.0 91.8 101.6 

n 8 9 10 11 12 Mean 
106.8 111.4 114.6 115.1 107.2 107.6 103.9 

When industrial waste water is discharged into the sea, it 
is supposed that the diffusing area consists of two regions[3] ; 
the first region, in which vertical mixing mainly occurs due to 
the upwards intrusion of sea water into the waste water, and the 
second region, in which horizontal mixing mainly occurs due to 
the horizontal eddy diffusion.  As to Kashima Harbor, it is to be 
expected that the inner part of the harbor will belong to the 
first region and the outer part to the second region. Since the 
harbor has not yet been constructed, a field observation for the 
diffusivity was carried out only m the outer part of the harbor. 
This was made by taking aerophotographs of dye patches. A sketch 
of the movement of the dye patches is shown m Pig. 5. The time 
change of the area of the dye patches is shown in Fig. 6. In 
this figure the letters A,B, etc. show the locations in Pig. 5. 

The concentration of the dye at time t in the dye patch, 
which had the symmetrical distribution C = Co exp (-r2/a2) 
initially, was obtained as follows. 

-r2 
C = 

1 + 4Kt/a2 
exp< 

a2 (1 + 4Kt/a2), 
(1) 

from 

*( 
32C 
9r2 

3C 
— ) r ' (2) 

Supposing the same concentration at the rim of the patch the 
concentrations at tX-X  and ^l are written as follows, 

l+4Ktx/a
2 

Assuming 

exp 
(' 

-n2 

•}• 
exp I- r.2 

"r 1-1 

a2(l+4Kti/a2) >      l+4Kt1_1/a
2    la2(l+4Kt1_1/a

2) 

1 + 4Kt1/a
2    1 + 4Kt1_1/a

2 

and 
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exp [     -r2     \      x  _      r2 

<- a2(l + 4Kt/a2)J      a2(l + 4Kt/a2) 

the diffusivity is written as follows, 

AS: 

4TT At, 
(4) 

where S = TT r%, Sx -  S^i = ASX and tx  - tx_x = Atx. 
The relation between the diffusivity Kp evaluated by this equa- 
tion and the equivalent radius of the patch r is shown in Fig. 7. 
The slope of the straight line in the figure is 4/3. 

SIMILITUDE 

In the hydraulic model experiment for the coastal current 
it is necessary for the following equations to be valid in order 
to hold a dynamic similitude between the prototype and the model 

tr = Xphr
-1/2 (5) 

and 

,"1/2 *r2/3 (6) 

where x is the horizontal length, h the vertical length, t the 
time, n Manning's roughness coefficient, and the suffix r shows 
the ratio of the quantity m the prototype to that in the model. 

When the flow in the model belongs to the turbulent regime 
the 4/3 power law, K = e'^3  L^ , must be valid, where e is the 
rate of energy dissipation. On the other hand, the ratio of the 
diffusivity Kr is expressed by Kr = xr

a tr"' from the considera- 
tion of the dimension.  Equating both diffusivities under the 
condition Lr = xr, we get 

u^.^x^ (7) 

Assuming e_ = 1, the following equations are obtained from 
equations (5), (6), and (7). 

hr = tr = xr
2/3 (8) 

-1/18 (9) 
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As to the horizontal diffusivity, we get 

4/3 K„ Xi- ao) 
When xr = 500, other scale ratios become as follows; hr = 63, 
tr = 63, and nr = 0.7. 

The Reynolds number in the area changes according to the 
tidal phase and the strength of the longshore current. The 
maximum value m the model is expected to be 3200 at the entrance 
of the harbor assuming the current velocity to be 10 cm/sec in 
the prototype. Therefore it can be regarded as an experiment in 
the turbulent regime. 

The hydraulic factors in the model are shown in Table 3. 

Table 3  Hydraulic factors in the prototype and the model 

Factors Scale Prototype Model 

Distance 1/500 4 km 8 m 

Water depth 1/63 16 m 25 cm 

Tidal range 1/63 126 cm 2 cm 

Tidal period 1/63 12 hr 25 m 11 m 50 s 

Current velocity V8 10 cm/s 1.3 cm/s 

Discharge 3/2.5 x 105 9 x 105mVday 42 cmVs 

Diffusivity 3/4 x 103 4 x lo3 cm2/s 1 cm2/s 

EXPERIMENT 

The experiment was carried out at Ujigawa Hydraulic Labora- 
tory, Disaster Prevention Research Institute, Kyoto University. 

A model of Kashima Harbor, as shown m Fig. 8 with horizontal 
and vertical scales of 1/500 and 1/63 respectively, was made of 
concrete. The bottom roughness in the model was fixed at n = 
0.015 by use of sand of 3 mm m median diameter. In this study 
the model of the harbor m the temporary stage was used, that is, 
the harbor was closed along the broken lines in Fig. 8. The 
semidiurnal tide and the longshore current were provided by an 
automatically controlled pneumatic tide generator and by a water 
circulating system, respectively.  The water level at 4 stations 
is measured by wave meters of the electric resistance type.  The 
flow pattern was obtained by intermittently photographing many 
floats scattered on the water surface with 35 mm cameras. The 
vertical distribution of the current velocity was measured by 
photographing the colored line drawn by a dye particle in the 
water. The diffusion from instantaneous point sources and a 
continuous point source was investigated mainly by the photo- 
graphic method and dye concentration analysis. Warm water 
colored by 'methylen blue' dye was used m place of waste water. 
The difference of the density between sea water and waste water in 
the model is usually controlled so as to be 1.4 x 10 

The time change of the visual area of dye patches was 



HYDRAULIC MODEL EXPERIMENT 1369 

012345  6'"    Model 
I • I ' I ' I. 

3 km   prototype 

Fig. 8 Model of Kashima Harbor 
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observed in the same way as in the prototype. When only the 
semidiurnal tide is provided the diffusivity in and out of the 
harbor in the model reduced by K = As/44t, by using warm 
colored water, is shown in Fig. 9 against the equivalent radius 
of the patch r.  The straight line indicates the value obtained 
in front of the harbor in the prototype (Fig. 7).  The diffu- 
sivity in the model is smaller than that in the prototype.  This 
may be caused by the different conditions in the prototype and 
in the model, that is, there was a southerly longshore current 
of 20 to 30 cm/sec in the prototype but only the semidiurnal 
tide was provided in the model. 

The diffusivity in the harbor is shown in Fig. 10 when both 
the semidiurnal tide and the discharge of fresh water of 4.5 x 
10rm3/day from the innermost part of the harbor were provided. 
The diffusivity is about twice that of the preceding result 
(Fig. 9).  It is considered that the discharged water stimulates 
the turbulence in the harbor.  This figure shows that the diffu- 
sivity is about lO^cmVsec for the dye patch of 100 m in equiva- 
lent radius. 

As to the diffusion out of the harbor in presence of both 
the semidiurnal tide and the longshore current of about 25 cm/sec, 
the diffusivity has been reduced by K = AW*/32At for the plume 
discharged from a continuous point source, where W is the width of 
the plume.  The result is shown in Fig. 11.  In this figure N 
means the result for northerly current and S for southerly current. 
Although the methods of analysis are different from each other, 
the experimental value agrees well with the one observed (Fig. 7). 

The front of the dyed water continuously discharged from the 
innermost part of the harbor is shown in Fig. 12.  The full line 
indicates that m the case without tide and the broken line that 
with tide.  When a discharge of 9 x 10 m3/day is provided the 
front comes to the harbor entrance after 2 days, and it goes out 
to the open sea as a potential flow.  The presence of the tide 
accelerates the diffusion. When the front passes through the 
harbor entrance in presence of the tide it is pushed into the 
harbor at high tide and pulled out of it at low tide. 

The concentration of the dye near the surface and the sketch 
of the vertical section along the center line of the harbor is 
shown in Fig. 13.  Entry mixing occurs in the region of the first 
1 to 1.5 km and then mixing is weak until a little outside the 
narrow part (st. 7) and it becomes strong again in the sea area. 
The length of the region where entry mixing occurs depends on the 
rate of discharge, that is, the larger the discharge provided is, 
the longer the length of the region appears. 

When both the tide and the longshore current are provided 
the dyed water pulled out of the harbor at low tide flows 
discontmuously like a mass of cloud downstream with the longshore 
current and diffuses horizontally in the early stage.  In the 
later stage, that is, after a few days, the dyed water flows 
continuously out of the harbor like smoke from a chimney. 
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Pig. 12 Change of area with time of dyed water from a continuous 
point source (model) 
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CONCLUSION 

By the present hydraulic model experiment, where the model 
used to represent the semidiurnal tide and the longshore current 
had a horizontal scale of 1/500 and a vertical scale of 1/63 and 
where the direct effect of wind and waves were disregarded, it is 
established that the diffusion phenomena out of the harbor are 
almost reproduced in the model. Since the tidal current and also 
the diffusion are considered to be reproduced m the harbor, the 
diffusion of waste water in the prototype is expected to be 
almost the same as m the model. 
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SHEAR VELOCITY IN A TIDAL ESTUARY 
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ABSTRACT 

A study involving the determination of the bed shear stress and thence 

shear velocity in the Narrows of the River Mersey (a well mixed tidal estuary) 

is described.    The two dimensional equation of motion is examined and it 

is concluded that in order to determine the energy slope (S) (and thence 

the shear stress and shear velocity) it is essential to evaluate density,  inertia 

and kinetic energy terms as well as surface slopes.     Although the density 

term is much smaller than the other terms it is important at periods of 

low slack-water. 

Measurements of the various terms are described and attention is drawn 

to the difficulties arising m the case of the surface slopes.    Comparison 

is then made between the values of the shear velocity as predicted from the 

energy slope and those obtained using velocity traverses throughout the depth 

and with measurements of velocity at three fixed positions near to the bed. 

Finally consideration is given to the relationship between the cross-sectional 

mean velocity (U),  the depth-mean velocity (U) and velocity at 3ft.   above the 

bed (U,) and the shear velocity obtained from the energy slope.    It is 

concluded that there is good linear correlation of each of these velocities 

(U,  U and U  ) with the shear velocity throughout the tidal cycle except for 

the period around low slack-water. 

1377 
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INTRODUCTION 

The shear velocity (u ) is one of the basic parameters which govern 

the vertical distribution of sediment in uni-directional flow.    It is to be 

expected that u   will be as important in the case of tidal flow.    However, in 

this case the variation of the shear velocity with time can be quite rapid; this added 

complication implies that the problem is essentially more complicated for 

tidal flow than for the uni-directional case. 

Recent research by the junior author has shown that the distribution of 

sediment in a tidal flow can be described by equations similar to those of the 

uni-directional flow,   e. g.   the equation as used by Rouse,   Vanom,   Einstein, 

(ref.   1,   2 and 3) provided the suspension exponent z = W/flKu    is adjusted for 

the temporal variation of u    (W is the fall velocity of the sediment particles, 

K is Von-Karman's constant and Bis a numerical constant).    The determination 

of u   for the case of tidal flows is therefore important for the description 

of sediment distribution which,   in turn,   is required if a quantitative analysis 

of the sediment transport within a tidal area is to be made. 

ANALYSIS 

The longitudinal equation of motion m two dimensions can be written for 
4 

an estuary (after Agnew ) as- 

whe 1 
y 
u 

and       p 

density of water. 
shear stress, 
position on the vertical above the estuary bed, 
velocity in the x direction (positive seaward) 
pressure. 

If the vertical density gradient and the velocity in the y direction 

are ignored and atmospheric pressure is assumed constant then the pressure 

gradient along the estuary can be written* 
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•pgl    +     g(H-y)| ¥ (2) 

where I :     water surface slope (positive ebb direction) 
and       H        :     water depth. 

Substituting equation (2) into equation (1) and expanding the first term 

(ignoring variations   of density with time) gives 

*u .   u^y   .    u2^>       gJ   +  jB(H.y)ig   -I^=o     (3) 
ST  +       SZ    +    J &    •     gI    +   f(H-y)T,    -    fTy 

I  iu ^ fa2)        2D["l-y U2] I (ft T ... 

-g37+ 5xfe;+   L« + T4~ pi^ = x        (4) 

where  D       :     density slope     =    — ¥r- 
f 

2 
Substituting *l =   y/H and assuming U   /gH is very much less than unity, 

equation (4) can be written: 

A     +     F     +     2D   (1 -*)     -     ~   Y£    =     I (5) 'V     '     fgH^f 
Integrating equation (5) throughout the depth (I. e.  from?? =  0 

to   1?=1. 0) and assuming the shear stress at the surface is zero gives 

^5   =   s   =   l   •   D   +   Ai   +   Fi <6> 
where ,_.     ,   „ y«=i.o 

Aj     =     - | Ady =     inertia slope, 
/Xf=^. 0 

F1     ~     ~ l Fd<J7 =    kinetic energy slope, 

and     £        =     sh'ar stress at the bed. 
b 

Now the shear velocity 

** = (Vf>* (7) 

so equations (6) and (T) show that the shear stress at the bed and the shear 

velocity are dependent upon density (D),   inertia (A ) and kinetic energy (F  ) 

terms as well as surface slope (I).    In order to determine the variation of 

u^ throughout a tidal cycle it is therefore necessary (a) to measure the water 

surface slope along the estuary,   (b) to determine the variations of velocity 

both along the estuary and with time m order to calculate the inertia and 
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kinetic energy slopes,   and (c) to measure the longitudinal variation of 

density. 

In order to determine the inertia and kinetic energy terms A    and F. 

the variation throughout the depth of each of the terms A and F is required. 

It is convenient to consider A and F to increase linearly from zero at the 

bed to some values A,   and F    at some small distance above the bed given 

by ty ~ V-t •   an<^ then to increase to surface values of A    and F    respectively 

according to some chosen mathematical relationship.    This arrangement 

is indicated in Fig.   1. 

Fig.   1.     Assumed variation of inertia and kinetic terms with depth 

The simplest relationship to be assumed between   0} = If    and   ^7 = 1.0 

is a linear one (Fig.   la) and the integration of the terms A and F throughout the 

depth then give: 

Aj   =  -Ajl   -  tfj)  -   |(As - Ab)(l - ^ (8) 

and     Fj  = -Fjl  -  tyj  -  |(Fg  - Ffc)(l - ^) (9) 

The special case of uniform velocity distribution from bed to surface 

is easily obtained from equations (8) and (9) with 4)     = 0,  A    = A^ = A      and 

F      as 
m 
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A!   =   ^A
S 

+ V     =     "\ 
and     Fa   =  -*(FS + Ffe) -F 

(10) 

(11) 

It is of interest to compute the values of inertia and kinetic energy- 

terms when various distributions throughout the depth are assumed and 

to compare these values with the linear case given by equations (8) and (9). 

For this purpose a number of cases are presented below and because the 

same relationships are true for A    and for F1  only the formulae for F 

are given. 

Log curve with 2 points known 

if the value of F near the bed and at the surface are known  and the 

distribution of F is assumed to be logarithmic the expression for F. is 

found to be 

-Fb(l - i?1) 
{1L 
ln( ) - 1 + 7, (12) 

Log curve with 3 points known 

In this case it is assumed that a third value of F is known F   at| 

as well as F    at Q]    and F    at ^? = 1. 0.    If the distribution is assumed to be 

linear between the bed and F,   and then two logarithmic curves between F 
b b 

and F    and F    and F    then the expression for F, becomes 
l 1 s 1 

Vi        (Fi • Fb)   r     *, 

(13) 

Parabolic with 1 point known 

The surface value is F    and the distribution is assumed to be parabolic 
s c 

between the bed and the surface. 

1 =   -|F (14) 
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Parabolic with 2 points known 

In this case values of F    and F,   are assumed to be known at V= 1.0 
s b t 

and *V   respectively.    The distribution of F is assumed to be linear from the 

bed to  y = 4?    and then parabolic to the surface with the requirement that 

the parabola is tangential to the linear distribution at 4} = ^?    l. e.    no 

discontinuity in slope at 11 = 47 .    Then 

Fi = -*Fb 7i" V1 -V - *Jr^£ [<* -To>3/2 - <1i -fo>3/2]    <15> 

(16) 

where F    and ft)    are given by the equations 

°        (F    - F   )2 

<Fb-Fo)    = (^%)      <V V 

(F» "  Fo)2 

-d      <J  - 7o>        =   2F(F    -F) (17> 
b    b        o' 

For consideration of the differences between the various relationships 

considered it was decided to use typical (maximum) values of the velocities in 

the estuary reach under study and compute the various values of F    obtained 

using equations (9),   (11),   (12),   (13),   (14) and (15). 

The surface velocity at either end of the reach under consideration was 

taken to be 3. 0 and 5. 0 ft. /sec.    The variation of velocity with depth was 

taken as logarithmic and the shear velocity was taken as constant along the 

reach and equal to 0. 24 ft. /sec.    The velocity near the   estuary bed (I. e. 

'V = '"?.  =0. 05) was then calculated from the logarithmic velocity distributions 

and yielded values of 1. 21 and 3. 19 ft. /sec.    The mean value of the velocity 

over the vertical at either end of the reach was also calculated at 2.4 and 
2        2 

4.4 ft. /sec.    From these figures it is seen that F    is proportional to (5    - 3  ) 
2 2S 

l. e.   16 while F    is proportional to (3. 19    - 1. 21   ) l. e.   8. 7.    If F is determined 
2 2 

from the depth-mean velocity,  then F is proportional to (4.4    - 2.4  ) l. e. 

13.6. 
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The differences between the various assumed vertical profiles for F 

can now be compared by using the values of F    and F    quoted above.    The 

linear distribution (equation (9)) gives F1 proportional to 12,57 while 

the simple parabolic case (equation (14)) gives F    proportional to 10.7.    The 

more complicated parabolic distribution (equation (15)) gives F1 proportional 

to 13. 06 whilst the single log curve (equation (12)) gives F    proportional 

to 13.48. 

If the value of F is calculated for various elevations above the estuary- 

bed from the two velocity profiles as measured throughout the depth,  then 

the depth-mean value of F is found to be proportional to 13. 5.    Thus,   as 

expected the single log curve agrees most closely with the depth-mean value 

of F.    The simple linear form is,  however,  only about 7% less than the much 

more complicated log expression.    The one point parabolic curve shows the 

worst agreement.    The use of the depth-mean velocity to calculate F shows 

excellent agreement with the depth-mean value of F.    Thus the use of the 

depth-mean velocity to calculate the F.. term would appear justifiable. 

If the velocity profile does not increase regularly from the bed to the 

surface (e.g.  in certain flood profiles in stratified estuaries the surface 

velocity is lower than at mid-depth) then the value of F    will be given by equation 

(13) with F ^ F  .    In order to examine this type of distribution,  the surface 

velocity at either end of the reach was reduced from 3. 0 and 5. 0 ft. /sec.  to 

1. 8 and 3. 0 ft. /sec.  respectively.    The velocity profile is assumed to reduce 

logarithmically from the surface to mid-depth, the latter has the same value 

as previously l. e.   2. 59 and 4. 58 ft. /sec.   and the distribution below mid-depth 

is as before.    Therefore F    is now proportional to 5.75 while F   in equation 

(13) is proportional to 14. 3 with *?   equal to 0. 50 and "1    = 0. 05.    With these 

values,  F1  is found to be proportional to 10. 64,  while the value of F computed 

from the depth-mean velocity is found to be 10. 5.    The depth-mean value of 

F computed at various elevations above the bed from the assumed log velocity 

profiles is found to be 10i>6. 
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Thus again the value of F1  computed from the assumed log distribution 

of F gives excellent agreement with the depth-mean value of F from 

the velocity profiles.    This could be expected since a log curve was chosen 

for the depth variation both of velocity and of F.    There is again close 

agreement between F computed from the depth-mean velocity and the depth- 

mean value of F.    The depth-mean velocity will therefore be used to compute 

values of the F    term in equation (6). 

Consideration of the vertical velocity term in the equation of motion 

In deriving equation (6) it was assumed that the vertical velocity could 
5 

be ignored.    For a similar study Sato,  Kikkawa and Kishi    included this term 

and found it to be of importance at certain stations of the River Tone.    In 

the case of the Narrows of the River Mersey it was found that this term is 

relatively small and unimportant.    It is possible that at its maximum value 

it is of the same order as the value of D,  however it is only large when the 

value of S is large and is in general less than 10% of the value of S.    The value 

of D on the other hand is constant throughout the tidal cycle and is therefore 

important when the value of S is small,   around the periods of slack water. 
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MEASUREMENTS 

The previous analysis indicates that four basic quantities,   I,  A  , 

F   ,   and D,  have to be determined from field observations in order to 

calculate the bed shear.    The necessary field work has formed part of a 

much larger research programme (which is still in progress) for the investiga- 

tion of the water and sediment circulation patterns of the Mersey Estuary. 

This research is sponsored by the Mersey Docks and Harbour Board. 

The field observations of velocity,   density etc.   from which the four 

basic quantities are determined have been made in an area of the Mersey 

known as the Narrows.    The estuary here runs a straight course for several 

miles (cross-flow is thus a minimum) and is narrow enough to be unaffected 

by coriollis forces.    It is however,   wide enough to be considered two 

dimensional.    The reach is also free of rapid changes in cross-section and 

the estuary is well mixed so that the vertical salinity distribution in the 

Narrows is almost uniform (i.e.  less than 2% difference between surface 

and bed).    The measurement of I,   A  ,   F    and D in this research   are now 

considered separately. 

(1)        Water Surface Slope (I) 

In the absence of cross-flow,   Cornollis and wind forces,  the term I 

can be taken as constant across the width of the estuary.    Its magnitude was 

found initially by an examination of the automatic tide recordings at Gladstone 

Dock and Princes Pier.    These gauges are both situated on the East side of 

the river at the ends of the reach under consideration.    A preliminary 

examination of water surface slope from the tide gauge records indicated some 

very odd results e.g.  large flood slopes in the middle of the ebb tide. 
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Each tidewell was then critically examined.    At Princes stage it was 

found that the tidewell (an 8" O. D.  pipe) was situated in a fairly fast flowing 
6 & 7 

stream.    Research work by Perry indicated that this particular tide 

gauge was subject to an error which caused the water surface level inside 

the well to be greater than that outside and this error depended on the 

magnitude of the flow velocity past the tide gauge orifice.      Meanwhile 
o 

Lennon    had demonstrated that both Princes and Gladstone tide gauges were 

subject to a salinity stratification i. e.  the density of water in the well at high 

water decreased from the low water salinity value at the surface to the high 

water salinity value in the region of the orifice.    Thus at high water the level 

inside the tidewell was greater than in the tideway.    A further difference 

of level between the tidewell and tideway can also be caused by the presence 

of silt which enters the well from the tideway on the flood tide.    In the limit 

the silt completely blocks the tidewell orifice and the water is unable to 

escape.    Further errors can also result from the automatic recording 

equipment itself e. g.  eccentric timing mechanisms and badly aligned pen 

carriages.    Because of all the above mentioned difficulties the water surface 

slope was determined independently of the automatic tide gauge equipment 

and of the Princes tidewell. 

A self-aligning engineers level was mounted on a floating pontoon attached 

to Princes Stage (a floating landing stage) at approximately 6-8ft.  from a 

tide staff.    The latter could be read to - ^" .    Readings on the tide staff were 

taken continuously for a period of 30 seconds every 15 minutes.    The height 

of collimation of the level was determined at slack water and checked during 

the course of the experiment.    The water level was also read directly from 

the tide staff as a cross-check. 
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The level at Gladstone was determined by using an electronic probe 

device which indicated the water level relative to the top of the well of the 

tide-gauge.    Basically this instrument consists of a pointer attached to a 

surveyor's tape through which a current is passed,   the other electrode 

usually being the well itself.    As the politer touches the water surface the 

circuit is completed and this is registered as a frequency-change in an 

audio-signal transmitted from the instrument.    This instrument could be 

read to -1/16 in.    The salinity of the water in the well was measured at 

slack high and low water as also was the salinity m the tide-way at the 

orifice level.    Errors due to silt were eliminated by cleaning the well,  the day 

previous to the tests.    There is little velocity past this well except when 

ships are entering Gladstone Dock,  the level in the tideway is therefore 

assumed to be equal to that in the well,  less the salinity error. 

The tide curves at each station were then plotted and smoothed(particularly 

the Gladstone curve near high water when the passage of ships into the Dock 

caused the levels to be slightly reduced).    The water level at Gladstone 

was then corrected for the salinity error using the mean value of the salinity 

(1. e.  density) inside and outside the well.    The difference at any instant of 

time between this curve and that observed at Princes is then the water surface 

slope along the  reach (I) 

(li)      Inertia Slope (A ) 

In three-dimensional flow this term will not be a constant across the 

estuary since the lateral distribution of velocity (U) is not constant.    In the 

two-dimensional case the variation of A    across the estuary is ignored and the 

variations of the mean velocity are considered.    Thus for the present calculation 

A1 will be determined from the cross-sectional mean velocities at the surface 

and near the bed. 
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Several days field observations of the water velocity near the estuary 

bed and at the surface were available for a position in the centre of the river, 

midway between Princes Pier and Gladstone Dock.    These observations were 

collected as part of the general research work in progress m the Mersey 

estuary.    The velocities were measured using a Kelvin Hughes Direct Reading 

Current Meter.    These field results were plotted out against time and the 

surface and near-bed velocities taken off the resulting graphs at half-hourly 

intervals.    These velocities were then plotted against high water level 

(similar to the effect of range m the Mersey) so that a set of velocities could 

be obtained at half-hourly intervals for a tide of approximately 27. 5 ft. 

H. W.   (L. B.D. ). 

9 
From the work of Burke    it is possible to relate the depth-mean velocity 

(U) at the position under consideration to the cross-sectional mean velocity 

(U) l. e.  U = aU where a is a constant.    Thus it is possible by using this 

relationship to reduce the half-hourly surface and near bed velocities to the 

equivalent cross-sectional mean velocity. 

Values of A^ and A , every half hour were then calculated from the 

reduced (cross-sectional mean) velocities. A1 at each time interval then 

follows from equation (8) with ^1     =   0. 05. 

(m) Kinetic Energy Slope (F  ) 

This quantity will also vary across the width of the estuary,  depending on 

the velocity distribution across the width.    For the case of two dimensional 

flow the cross-sectional mean velocity (U) will again be used to compute F  . 

In the case of a real estuary the value of F1    =   jr—   (U^   ),   will not be equal 

to the mean value of F , for the cross-section and a factor (o() must be used 
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to account for this discrepancy.    The constant (oi) can vary from 1. 0-2. 0 

depending on cross-sectional shape.    In the case of the Mersey,   in the area 

of the Narrows,   the constant will be of the order of 1. 1 and because of this, 

the correction will not be applied (l. e. oils taken as 1.0).    In order to compare 

the two dimensional equation with river observations,   a position was chosen 

at which the mean depth is close to the cross-sectional mean-depth.    Cross- 

sectional effects should therefore be a minimum. 

The calculation of F using F,   and F    has not been possible since this 
b s 

requires velocity measurements opposite Princes Pier,  which is the centre 

of ship passenger traffic for Liverpool,   Birkenhead,  North Wales and 

the Isle of Man.     Use has therefore been made of the cross-sectional mean 

velocity (U) in order to calculate F.    The value of U every half hour through- 

out a tidal cycle at various cross-sections along the river,  including 
9 

Gladstone and Princes,   have been computed by Burke    using the continuity 

equation.    The value of F    at half-hourly intervals through a tidal cycle can 

thus be calculated as the difference between (U /   ) at Princes and Gladstone. 

Adjustments to tj for different tidal ranges are also possible since the 

variation of V with high water level (or range) is linear m this reach of the 

Mersey.    In the present computations F    has been calculated for a high water 

level of just over 27ft.   l. e.   similar to the tides for which the surface slope 

was measured. 

(IV)     Density Slope (D) 

This term indicates the presence of a longitudinal density gradient in 

the Mersey which is always present due to the mixing of fresh and saline 

water.    Its order of magnitude in the case of the Mersey is small but it can 

be significant when the terms I,  A and F are small (e. g.   slack low water). 
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In order to indicate the relative magnitude of all the terms (I,  A    and F  ) 

these have been expressed in terms of D (Fig.   2).    Thus on large Spring Tides 

the total energy slope can be the order of twenty times the density effect,  but 

on Neap Tides with a large freshwater flow this could be reduced to less than 

ten times the density effect.    For the purposes of the present calculation, 

the density term is taken as solely due to the variation of salinity along 

the estuary (1. e.  depth variation is ignored) and to be a constant throughout 

the tide. 

Fig.   2.      Variation of Water Surface and Energy Slopes 
Throughout the Tidal Cycle 
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Longitudinal salinity data obtained by Wallingford      for a model of 

the Mersey Estuary was examined and a longitudinal profile of mean salinity 

produced.    From this,   a mean longitudinal salinity gradient was produced. 

This was then combined with the centre-line mean-depth of the reach to 

produce an overall mean figure for the density term D.    This amounted to a 

head difference over the Princes to Gladstone Reach of 0. 062 ft.      m 

the horizontal distance of 16, 000 ft. 

The energy slope (S) can now be calculated from equation (6) using the 

components I,  A,,  F,  and D and this is shown in Fig.   2.    Once S is known, 
11 2 

the shear on the bed ( Q' ) can be calculated as also can u    = ( tL/p)2 as shown 

in Fig.   3. 

Shear velocity using velocity profiles 

The value of u    thus obtained can also be compared with measurements 

taken in the field.    A position on the cross-section midway between Gladstone 

and Princes was selected such that the depth at mean tide level was 

approximately equal to the mean cross-sectional depth at mean tide level. 

Measurements of the water velocities were made on a vertical from the 

surface to approximately 3ft.   above the estuary bed.    This was done using 

the direct reading current meter.    These velocity transverses were made 

at approximately half-hourly intervals.    The velocities in the region 6m. -3ft. 

above the bed were measured using three Ott Mark V Arkansas Current 

Meters mounted on a vertical freely pivoting rod which was held within a 

triangular framework.    The Ott Meters were connected to a control unit 

which enabled the three meters to be read simultaneously.    The length of time 

for which the velocities were recorded could be varied to any time interval. 
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In the case of the present observations a time interval of 10 seconds 

was used which appears to have been too low since the included results 

for u    show a large scatter.    Some of this scatter has been reduced by 

averaging all the results taken within each fifteen minute time interval. 

The shear velocity is obtained from the results by making a semi-log plot 

of the velocities against height above the bed,   as was done by Lesser     .    The 

same technique was used with the vertical profiles obtained with the D. R. C. M. 

except that the semi-log plots were confined to below mid-depth so that 

any wind,   ship effects etc.  were avoided.    The comparison between the 

river results and those from equation (7) are shown m Fig.  3. 

12 Bowden      has suggested that u^ can be related to the depth-mean velocity 

in a linear fashion i. e.  u    = kU.    In order to examine the relationship 

between velocity and u ,  the velocity at 3ft.   above the estuary bed (U_), 

the depth-mean velocity and the cross-sectional mean velocity were plotted 

against time.    Three values of k were determined from these plots such that 

the sum of the squares of the errors in prediction was a minimum i. e. 
2 = 22(kU-u )    was a minimum (with U equal to U  ,   U and U in turn).    The 

three values found were k1  = 0. 077,  k    = 0. 052, k, = 0. 054,  for the velocity 

at 3ft.   above the bed,  the depth mean and the cross-sectional mean 

respectively.    A measure of the best relationship of the three is provided 

by the term   V (kU-u )  , it was found that the cross-section mean velocity 

provided the best fit.    The comparison of the three values of u   using the 

values of U„,   U and U with that value of ut calculated from the energy slope 
3 * 

method is shown in Fig.  4. 

DISCUSSION OF RESULTS 

The comparison between u% computed from the energy slope method 

and from the tripod results (Fig.  3) is seen to be reasonable.    It is felt that 

much of the scatter on the tripod results is due to two main causes.    Firstly, 

the timing interval for the Ott current meters was too low.    This enabled 

large velocity fluctuations,   and thus fluctuations in shear to be recorded. 

Secondly the two calculations of u   from the velocities at 6" and 12" and 

the velocities at 12" and 27" indicate that the top Ott meter (27") may have 
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Fig.   3.  Comparison between measured values of shear velocity with those obtained 
from the energy slope 

been affected by the supporting framework of the tripod rig.    If this is so some 

re-design of the framework will be necessary.    The question of velocity 

fluctuation can be overcome by a longer timing interval.    Another possible 

reason for the values of u^ obtained from the meters at 12" and 27" generally 

being too small may be that the meter at 27" had a different blade pitch 

than the other two meters and this may cause it to react differently to 

any turbulence. 
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The shape of the u^ curve (from the energy slope) is seen to closely 

follow the shape of the velocity distribution near the bed.    However,  the 

water surface slope is seen to be out of phase with both the u    and the velocity 

curves,  particularly on the ebb tide. 

If the velocity is used to determine u   by assuming a linear relationship 

(u    = kU) i. e.  bed roughness is assumed constant,  then the cross-sectional 

mean velocity,   rather than the velocity near the bed,  is found to be a better 

fit for u    as calculated from the energy slope.    Thereason for this is 

probably the uncertainty of the position of the D. R. C^M.  near the estuary 

bed; the averaging over the vertical etc.  for the mean velocities tending to 

reduce these sort of effects.    The reasonable fit of the cross-sectional 

mean velocity to the u    curve (except at low water) does however mean that 

the mean velocity could be used to determine the shear velocity in those areas 

remote from land (e.g.  Liverpool Bay) where it is not possible to measure 

the water surface slope etc.   and where density effects are small.    These 

velocities could be obtained by field measurements or even by computation 

if an accurate mathematical model is available. 

Fig.  4.   Comparison between shear velocity obtained from velocity near the bed, 
depth-mean velocity and cross-sectional mean velocity 
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The results also indicate that u    can be found for an estuary without 

taking many field observations.    The water surface slope and density terms 

can be measured at the shore,  while the kinetic and inertia effects could be 

obtained using velocities computed by applying the continuity equation to the 

estuary.    This would produce the cross-sectional mean velocity (U) from which 

the A and F terms could be found. 
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NOTATION 

A 

D 

F 

H 

I 

U 

u. 

y 

^ =  y/H 

f = r   : 

Subscripts - 

b 

inertia term 

density slope 

kinetic energy term 

water depth 

surface slope (positive when sloping downwards from 
land to sea) 

velocity in the x direction (seawards) 

(C-u/P)2     '•     shear velocity 

distance measured along the estuary,   seawards 

distance vertically above the bed 

coefficient 

:       percentage depth 

density 

shear stress 

near the bed 

surface 

intermediate position 
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m        :       mean value 

1 :       when used with A and F implies integrated values throughout 
the depth. 
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IAN LARSEN, Research Engineer 

Vattenbyggnadsbyran (VBB) Ltd, Stockholm, Sweden 

TORBEN SORENSEN, Director 
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ABSTRACT 

Waste water may due to buoyancy effects spread horizontally 
on top of the recipient.  The spreading is chiefly determined by 
the buoyancy flux and to a large extent unaffected by dilution 
and diffusion. This phenomenon is of great practical importance 
for larger outfalls of waste or cooling water in coastal regions. 

INTRODUCTION 
The discharge of sewage water or cooling water into a recipient 

normally represents a buoyancy flux: The product of the discharge 
and the density difference between the receiving water and the waste 
water due to differences in salinity or temperature. In a homo- 
geneous recipient this product is obviously indifferent to dilution. 

The rising of the waste water to the surface if discharged be- 
low surface has been described in literature and will not be trea- 
ted here. 

The object of this paper is to describe what may be expected to 
happen when the diluted waste water at the rate of Q arrives at the 
water surface - or is trapped at an intermediate level - with almost 
the same horizontal velocity, U0, as the main current.  Due to the 
relative difference in density, A , the diluted waste water will try 
to spread in all directions. 

BUOYANCY SPREAD WITHOUT VERTICAL TURBULENT DIFFUSION 

The sheet of waste water formed on top of the main current is 
supposed to have a uniform thickness, h, in the direction perpendi- 
cular to the main current.  According to ABBOTT (ref. 1) a density 

1397 
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front, h in thickness,will advance with a velocity v = V A gh 
relative to the main current, g being the acceleration of gravity. 
With the notations of fig, 1 the front condition states 

IL sin 6 = y A gh (1 

When turbulent diffusion is neglected, the continuity equation is 

2BhlI. Q (2) 

Integration yields 

=   1 B. 
(x   ) 2/3 

31 {%} +1 (3) 

where B is the initial half width of the sewage field, chosen so 
that the front velocity at this section equals the velocity of the 
main current: 

3 = Ag Q (4) 

Only the product of A and Q, being equivalent to the buoyancy flux 
appears in Eq (3) and (4).  For a homogeneous recipient the spread 
is evidently not dependent on the initial dilution at x = o. 

Normally B0 is larger than the diameter of the rising jet of 
waste water or the width of the outlet of cooling water.  If not 
the equation of spreading, Eq (3), will have to be modified but 
the dependence of the buoyancy flux will remain. 
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TURBULENT DIFFUSION 

Turbulent diffusion between two layers of slightly different 
density has been discussed by LARSEN (ref. 2). When turbulence 
is produced mainly outside the transition region it was by 
dimensional reasoning found that the velocity of exchange, We, 
between the layers could be expressed by 

W 

>Jv w I 4'PS  V^*J 
(5) 

where A' is the relative difference in density,v is the kinematic 
viscosity, p the density of water and w the dissipation of energy 
into heat per unit mass of water. The function f { - -} would 
depend on the ratio between the rates of dissipation in the two 
layers assuming homogeneous turbulence. When the respective values 
of w in the two layers are equal, We represents the transfer in 
both directions but in case the level of turbulence in one layer 
is much lower than in the other the transfer expressed by We will 
only be from that layer to the other.  It was estimated that the 
function fj - -\     in both cases would be rather linear, the co- 
efficient of proportionality, a , being of the order of magnitude 
0.2 in agreement with experiments reported by ELLISON and TURNER 
(ref. 3). The dissipation of energy in the surface layer of a 
uniform current with a velocity U0 and a depth d is of the order 
of magnitude 

1000 d (6) 

and the rate of diffusion may then be estimated by 

W_ A' 
QU„ 

1000 d (7) 

BUOYANCY SPREAD WITH DIFFUSION 

The equation of continuity is 

^{A' B • h • UQ} = -We (8) 

as well in the case of one sided vertical diffusion from the top 
layer to the underflowing recipient as in the case of symmetrical 
turbulent exchange between these layers. According to Eq (7) the 
right hand side of Eq (8) varies only with B.  If  A' • h and B 
are considered as the dependent variables, the solutions to Eq (8) 
and Eq (1) are common for the two cases considered.  In the former 
case A' is constant, A , and h varies with x. In the latter both 
A' and h vary with x but the total flow 2B • h • U is constant, 

(h is here an equivalent thickness of the surface layer). 
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A parameter of diffusion may be defined according to 

We • A' • g • BQ    a BQ 

1000 d 
(9) 

The result of integration of Eq (8) and Eq (1) as shown in fig. 
(2) indicates that the variation of B with x is rather unaffected by 

B/B 

20 

M=0 

1 =2 

—1 

1   =I0"2 

1 =5 ,63 

s IM=2 10 2 

50 X/B 

FIG. 2 

the rate of turbulent diffusion expressed by the value of M as 
long as the surface layer exists. The width, B, of the sewage 
field may therefore be calculated according to Eq (3). 

An evaluation of the distance xm over which the waste water is 
able to spread due to density effects, may now be obtained by inte- 
gration of Eq (8) using Eq (3).  The result is shown graphically 
in Fig. 3. 

In case of symmetrical turbulent exchange the dilution, S, of 
the waste water will be determined by 

f   io.78  (f ) 
2/3 

+ 1 } ho) 
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FIG. 3 

NUMERICAL EXAMPLE 

Waste water is discharged into a homogeneous recipient at the 
rate of q = 10 m3/sec. The relative difference in density between 
the undiluted waste water and the recipient is AQ = 25 10~

3, 
The depth of the recipient is 10 m. One sided transport is con- 
sidered and a is taken as 0.2. The dilution at the point of dis- 
charge is irrelevant, the buoyancy flux corresponds to A Q = 
A q = 0.25 mVsec. 
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irding to  Eqs (3),   (4) and Fig,   3. 

«o m/sec 0.10 0.20 0.40 
Bo m 1250 156 19.5 
M - 0.025 0.0031 0.00039 

*n/Bo - 9 35 120 
m 11300 5500 2340 

B /B m'   o - 7 15 31 

Bm m 8700 2340 600 

For smaller values of U0 the level of turbulence may no longer 
be determined by the bottom shear alone. This corresponds to lar- 
ger values of M and the numerical results may be somewhat doubtful. 

CONCLUSION 

The theory presented above taking into account the vertical 
turbulent diffusion shows that the spreading of waste water due 
to density differences is determined chiefly by the buoyancy flux 
and to a large extent unaffected by dilution and diffusion. The 
theory is incorrect in many details but may be expected to give 
results of the correct order of magnitude.  Calculations for out- 
falls from larger cities will show that places normally considered 
sheltered from the outfall zone by a region of considerable turbu- 
lent diffusion may in some cases be polluted by poorly diluted waste 
water.  The influence of wind may add significantly to this effect. 
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CHAPTER 90 

USE OF A COMPUTATIONAL MODEL FOR TWO-DIMENSIONAL TIDAL FLOW 

Jan J. Leendertse 
The RAND Corporation 
Santa Monica, California 

INTRODUCTION 

The numerical solution of tidal hydraulic problems has been greatly fa- 
cilitated In the last decade by the development of high-speed large-memory 
computers. Problems which only could be studied by use of hydraulic models 
can now readily be studied with mathematical models if the computational tech- 
niques for solutions are developed. 

Unfortunately the difficulties in formulating usable methods for these 
complicated problems in fluid dynamics are formidable, particularly if the 
problems are multidimensional in space. As a result the numerical solution 
approach to these hydraulic problems has generally been limited and has not 
kept pace with the increased capabilities of the presently available compu- 
ters. 

In this paper a new approach is given to the solution of two-dimensional 
tidal flow in shallow water. 

THE DIFFERENTIAL EQUATIONS REPRESENTING TIDAL FLOW 

The basis of the computational model for tidal flow is the long-period 
water-wave equations (ref. 1): 

|t + afi^ju + »uh^ai.0 (3) 

Symbols are defined as follows: 

U, V : vertically integrated velocity components in the x and y 
direction respectively 

C : elevation of the free surface over the undisturbed level 
h : depth 
g : acceleration due to gravity 
f : Coriolis parameter 
C : Chezy coefficient 

 sE  
This research is sponsored by the United States Air Force under Project 

RAND. This is an abridgment of RAND Memorandum RM-5294-PR.  The views, con- 
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THE SYSTEM OF THE FINITE-DIFFERENCE EQUATIONS IN TWO DIMENSIONS 

The following notation is used in the approximation of the differen- 
tial equations: 

u(n) = u(jiX) kAy( ^6);  Ax - Ay - As (4) 

where 

(x,y)  = (jAx,  kAy)  and  is a  spatial grid point 

j,k - 0,  ± h,  ± 1,  ± 3/2,   ... 

n - 0,   h,   1,   3/2,  2 

Furthermore, the following notation of averages and differences shown here 
for £, is introduced: 

$.*s h °W+ cj-*,k> <5> 

^x E ^.k - Gj.^k) («) 

Cy s (Cj,k-^ " Cj.k-^ <8) 

*J.k S k ^i-k.k-h + Cj-%,k+* + Cj+%, k-% + ^-rt.fcH^ (9) 

A space-staggered scheme is used where velocities, water levels, and depth 
are described at different grid points (see Fig. 1). This scheme has the ad- 
vantage that for the variable operated upon in time, there is a centrally 
located spatial derivative. 

In time, a multistep operation is used in such a manner that the terms 
containing space derivatives and the Coriolis force are generally taken 
alternating forward and backward. 

The individual operations each have two time levels. The first opera- 
tion is taken from time n to time n+%, and the second operation is taken from 
time n+%  to time n+1. Values of the fields of £» u, and v at time n+i are 
obtained from the fields of Q,  u, and v at time n by an operation which is 
implicit in J and u and explicit in v. Then the fields of £, u, and v at 
time n+1 are computed from the fields of £, u, and v at time n+% by an opera- 
tion which is implicit in C and v and explicit in u. The two sets of dif- 
ference equations of this multioperation method are now written with the equa- 
tion of continuity as the second equation of each set (Eqs. 11, 14), using an 
integer value for j and k and maintaining the velocity gradients in the con- 
vective-inertia terms in differential form within angle brackets < >. The 
effects of bottom roughness are indicated by a function R. Thus, for the 
first operation the equations are: 
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Fig. 1—Space-staggered scheme 
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u<n+*>  - U(n) + k At f7(n>  - k At u(n+*> <|H><n>  - k tt v(n> <^>^ 
Ox dy 

- h £J gfcx - R(x) at j  + %,  k (10) 

c <"+*>)  . c(n) . % A£ [(Ky + ^    <n+*>  . % £ [(H* + ?y)v]  (n) 

at j,  k (U) 

v<n+*> - v<n>  - % At f5(n+%)  - % At 3<n+%> <|><n> 

-% Atv(^> <!><»>  - % M 8C(»)  - »(y)<«*>j,k + % (12) 

For the second operation,   the equations are: 

U(»-H)  = UC^ + h At ^(n+1)  .  % (n+1)   J^n*) 
ox 

- * At ?<-D<^<-*> . % £ gCx(^> . R(x)(^> 

at j + %,  k (13) 

c(n+l)  , c(n+4)  . % |£ [(Hy + ^)u](n+%).  % £ [(Rx + ^^(n+1) 

at j,k (14) 

v(n+l)  = y(n^  . h tt ^(n+%)  _  % ^ =(n+%)<g>(n-^) 

- % At v^l)|>^)  - % || «<«*»  - R(y)<^> 

at j, k + % (15) 

where 

"tSVk.k - 2A7 (uj4#,k  "  Uj-%,k> <16> 

du 1 
<55^>J+%,k = 2As" (uj+^,k+l " "j+^k-P <17> 

0v 1 
<5x>j,k+% = 2As <vJ+l,k+fc" vj-l,kW (18) 

^.fcrt-SS^.k*- Vj,k-%> (19> 
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*(*>(n) - \ * ^(i%lf%    at'+ i-k       (20) 2
 (Ky + f( o(cV 

W 2 (Kx + £y(ti+%))(cy)2 
(21) 

Z (Hy +f (n+1))(CX)2 2 

^ (K
35
 +r *• xcy) 

A special, additional technique will be employed for the computation of the 
nonlinear terms marked with an asterisk. 

Solutions of the Equations (10-15) are found by direct computation or by 
solving systems ot equations which relate water levels and velocities on lines. 

In each of Eqs. (10) and (11) there are three values at the time level 
(n + h)i which are all situated at the line k and have to be computed. Wri- 
ting the continuity equation first and omitting the subscript k, we can write 
Eqs. (10) and (11) in the following form: 

" 1 fs  ^  + CV"]^ - C<**> + | H C(Hy + eVu]]^ = A<
n>     (24) 

2 As 8Cj    + (1 + 4 As VUJ4 " Uj-V uj+%  
+ 2 As  gCj+l  ' Bj+%   (25) 

where 

A<n)=C(n)   -iA£[(k«+Cy)v]» atj.k (26) 2  As 

J-Hl +2LAtf      2As  (Uj+%,k+l       Uj+%,k-l)JV 

Thus, one equation with three unknowns exists for each velocity field point 
(u^+v) and each water level field point (£ ) on a line k.  If a row of N 
walle? level points is on the line and velocities are given at the boundaries 
outside of the water levels concerned, N water levels and N - 1 velocities 
at time (n + %) must be solved from 2N - 1 equations. 
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We now introduce 

1 At 
j      2 As lj+l      2 As 5'   " 

(28) 

(29) 

Equations (24) and (25) can be written in matrix form for a line k, 

assuming that u. , is a given velocity at the lower boundary and U.J , 

is a given velocity at the upper boundary: 

rJ+% 

J+% 

0    -r 
J+% 

J+l 

1 rJ+# 

-h-h \ 

*j 

uj+% 

C
J+I 

[n+%) 

DJ+% 

J+l 

(n) 
*J-k UJ-% 

0 

0 

0 

rI+% uI+% 

(n+%) 

(30) 

where aJ+% 
1+iM 

4 As V
U
J4 " uj-y (31) 

The values of the vector ({ , U
J+L, £T+1> •••> CT) at tfie n + % time 

level can be solved with a limitea number oi operations by a process of elim- 
ination of unknowns.  Starting with the first equation, the water level 
£,  is expressed as a function of the unknown velocity uT.,: J+%" 

<r >=- vJ+f
+«», (32) 

where 

PJ = rJ+% 

+ r (n+%) 
J-% UJ-% 

(33) 

(34) 

Substitution of Eq.   (32)  into the second equation of  (30) gives 

_rJ( Vj+%      + V  + V1 + 4 As(uJ+|      "j-W UJ+%      + rJ+l       CJ+1      " BJ+% 

(n+%) c - ,(n+%)     . or expressing u*  ,       as a  function of Cl,.       gives 
JT? J+l 

(35) 



where 

TWO-DIMENSIONAL TIDAL FLOW 1409 

uJ+% RJCJ+X     + SJ (36) 

LX + Vj + 4 As  V
U
J4      

U
J-WJ 

B<g + rjQj  
Sj " fl+rP    + ±^ (u<n>  - u<n>)l (38> 

L1 + Vj + 4 As  \UJ+f      VvJ 

Again,  the water level can be expressed as a  function of the next velocity: 

C
J+I ' 'PJ+I

U
J3 

+ QJ+1 (39> 

where 

luL 
J+1   i + rj+^Rj 

(40) 

Generally, the following recursion formulas can be written 

co-*> . _PjU<^> + Qj (42) 

„("+*)  .    „      ,(n+%) 
UJ "RJ-1CJ + Sj-1 

(43) 

where 

Qj = (A5n>+rj-%sj-i)/(i + rj-%Vi> <45) 

*j-vi/cl + rj'j+i4i<uJ(J-ujS)] (46) 

sj" »& + rjV/C1 + VJ + i fs <"U - US>] (47> 
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the other bound is reached.  If uj£p' is a given velocity, the last two 
factors computed are Pj and O..  Since Eq. (42) expresses g, as a known 
function of the velocity "J+i^ , Ci can be computed, and all water levels 
and velocities can be found in descending order by use of Eqs. (42) and (43). 

The nonlinear terms in the continuity equation which are marked with 
an asterisk can be computed on their proper time level by an iteration 
procedure. The first estimate of J*    is made by the implicit procedure 
of taking the nonlinear term at the time level n. Next, the value £   ' 
thus computed is used in Eq. (11) for the actual computation. This itera- 
tion can be repeated several times. Use of the mathematical model, however, 
indicated that no gain in accuracy is obtained. 

The velocity in the other direction at the time ieve''' n + ^ can De 

found explicitly from Eq. (12), since the velocity u^n' in the Coriolis 
term is already known.  Eq. (12) can then be written: 

(v(n) - A Ut f + i AE /v(n)    . v(n)   n=(n+*> . I M  (n» 
(n+%)  lv    2 LAt * +2 As  -l+l.k+%   1-1.k^J"      2 As SS J 

2 At 8 ._x  ,y(n+%)." y.2 + 4 As CVj,k-»#-  VJ,k-VJ 
2     (H*+5'^UTV)(C') 

at j, k + h      (48) 

For the second operation, going from the time level n + %  to n + 1, Eqs. 
(14) and (15) are solved implicitly in the same manner as described for 
Eq. (10) and (11). Finally, the velocity in the x-direction can be compu- 
ted explicitly from Eq. (13). It can be seen that no more than two suc- 
cessive fields have to be stored in the computer memory, as only the lat- 
est information available is necessary to compute the next step. 

The coefficients for the recursion formulas in the y-direction are 

pk - W(1 + rk-%"k-i> (49> 

% - <Akn+%) + vA-iW + VA.i> <50> 

h - <%) • w*+ Vk+i S «2$* - v£*)]        <52> 
where 

A(«H*>   . c<»**>       lAi[(Ky+^)u]n+%      atj>k 
"k b 2 As (53) 
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B(n+%)  = v(n+*0  _  1 c 1 At      (n+A>)       _     (n+^)    . ,g<n+%) 
k+% V 2 lW  £ + 2 is  C  J+l,k+fc      Vj-l,k+¥J 

- 1 At gv^^V + (v(n4%))2 atj    k+i            (54) 2§               ;Kx+^(n+%))(cy)2 atj>k + 2             (54) 

The recursion formulas in the y-directton are 

4n+1) - -v&1}+ \ <55> 

V, 
(n+1) =     (n+1) + 
k-% \-l<k' +Sk-1 <56> 

The explicit operation for the u velocity becomes 

(n+1) _ u 

{,<»«> 4 ^ f -if(u;g+1 - u;^>,i>iv(n+1) - in ^r}} 
[i + i At gy(u<^>)2

: <^+y +1 g (u;^> - «j#>] 
(fiy +Cx(n+i;)(Cx)/ 

(57) 

The formulas developed above cannot be used directly in this form 
for electronic computation. Coding in FORTRAN presents problems, as co- 
ordinate description of the variables can be made only on integers, and 
mteger-and-one-half values do appear in the formulas developed. Multipli- 
cation of all coordinate descriptions of the points by a factor of two 
would eliminate this problem; however, such a lattice system is uneconom- 
ical from the point of view of memory use of the computer because not all 
locations of an array u, v, £ and h would be used. 

It is possible to give each of the variables u, v, £ and h a separ- 
ate coordinate system, which would result in a good use of memory and would 
also allow coordinate description on integers. The computational formu- 
las for these special coordinate systems and the computation program are 
presented in Ref. 2. 

STABILITY, DISSIPATION AND DISPERSION 

One of the requirements of the numerical solutions of the equations 
is that the obtained solutions converge to the solutions of differential 
equations. Also, the solutions should be stable. This can be investigated 
by following a Fourier expansion of a line of errors as time progresses. 
If this line of errors (error wava) grows with time, the computation 
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becomes unstable and dominates the solution.  If, on the other hand, error 
waves will be damped heavily if computation progresses, then, components 
of the waves which we try to represent by the numerical procedures will 
be damped also and possibly in a degree which is not in agreement with the 
solutions of the differential.equations.  Such a numerical scheme is dis- 
sipative. An investigation^ ' of simplified sets of difference equations 
(10) through (15), indicates that the multioperation method is uncondi- 
tionally stable and not dissipative. 

Numerical procedures however, have influence on the phase speed of 
the wave. This effect is called dispersive. The discreetness of the 
representation of the waves in time and in two spatial dimensions, influ- 
ences this effect. Fig. 2 shows the computed wave velocity versus the 
wave velocity of the partial differential equations as function of spatial 
representation for a given ratio of time and spatial gridsize. The direc- 
tion of the wave compared to the grid influences this ratio.  If more than 
thirty points are used to represent one wavelength on the spatial grid, 
then the difference between computed wave velocity and the wave velocity 
of solutions of the partial differential equations are less than 1%. 

NUMERICAL EXPERIMENTS 

The model was tested by comparing measurements with computational 
data.  The mouth of the Haringvliet in The Netherlands was used (Fig. 3) 
since detailed measurement of tidal levels and currents were available, by 
The Netherlands Rijkswaterstaat, and in addition this area had large var- 
iations in depth over short distances. A grid size of 400 m with a compu- 
tational array of 31 by 55 points was chosen. As an aid in the evaluation 
of the results, a plot program was developed for the display of currents 
and water levels at certain times of the computation (Fig. 4). The values 
of the Chezy coefficients were then adjusted until a good agreement was 
found between measured and computed velocities and water levels (Fig. 5). 
A detailed description of these experiments can be found elsewhere(^). 

As a final check of the general computational procedures developed 
during the experiments with the Haringvliet area, a tidal computation was 
made of the southern North Sea (see Fig. 3). The gridsize used is 5600 m. 

The northern boundary of the model was described at four locations 
as a time function of the water levels. Other points of this boundary 
were computed by linear interpolation or extrapolation (Fig. 6). The 
southern boundary in the English Channel was described at the coasts as 
a time function of the water levels, and the intermediate points were com- 
puted by interpolation. 

In the southwestern part of The Netherlands, currents in the differ- 
ent parts of the estuaries of the Rhine and Schelde were used for the bound- 
ary. Tidal data for the period from 0.00 hr (Middle European Time), September 
13, 1958, were used for computation.  Some adjustments were made at the be- 
ginning and end of this period in order to make all tidal curves a complete 
cycle over this period. The half time step of each operation was taken at 
5 min. The C values were computed every half hour (real time) on the loca- 
tion of the water level as a function of the average depth at that moment. 
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i i i i i i i i i i 

Fig. 3—Location of Haringvliet and North Sea computational models 
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Fig.4—Haringvliet (estuary of the Rhine) 
Situation 15.6 hr (real time) after start of computation 

Bottom   Field of the computation and  comparison  between measured  velocities and 
computed  velocities.   The measured velocities are average velocities of 
similar tidal  cycles at a particular  location, while the computed  velocities 
are the average velocity in an 800-by-800-m area of a particular tidal  cycle. 

Top        Isometric sections representing  computed water  levels on every fifth  line of 
the  bottom graph. 
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Fig. 7—I so high-tide levels and times on September 12, 1958 

Fig. 8—I so low-tide levels and times on September 12, 1958 
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Computations were started with all water levels and velocities taken 
at zero. The water levels and currents at the open boundaries were in- 
creased from zero with five steps into the given tidal curve.  The start- 
ing disturbance disappeared after approximately 14 hr. 

The locations of equal high-tide levels (co-range lines) obtained from 
the results of this computation are shown in Fig. 7, together with the ar- 
rival times of the highest water levels (co-tidal lines). Figure 8 shows 
the same for the low tides.  In these two figures a counterclockwise rota- 
tion of the vertical tide may be seen. The water level information shown 
in Figs. 7 and 8 concurs with tidal information presented by Defant(3) 
as to phases and amplitudes of the tides. 

The maximum magnitude of the computed currents such as shown in Fig 6 
agrees with information given on tidal charts, but no detailed analysis has 
been made of the phase and amplitude of these currents with respect to such 
information. Water levels and currents along the coast are not accurate 
as the grid size is too large for a good representation, and also more ac- 
curate input data is needed for these computations. 

CONCLUDING REMARKS 

It has been shown that the propagation of long waves in coastal waters 
can be studied successfully by use of a numerical integration method. The 
multioperation method developed is characteristic of implicit methods; name- 
ly, there is no upper limit on the time step for stability reasons, as is 
the case with explicit methods. The multioperation method allows a direct 
and rapid solution of all velocities and water levels on each time level. 

The multioperation method described is particularly suitable for 
long-wave computation in coastal waters, where water movements are intro- 
duced by changes in the water level (or currents) along the sides of the 
model and where the effect of bottom friction is larger than the effects 
of lateral eddy viscosity, which is neglected. 

The contribution of the convective-inertia terms in the equation of 
motion is assumed to be small compared to that of other terms. These terms 
are represented with a lower order of accuracy. 

(2) 
The detailed description of computational procedures   permits an ex- 

pedient introduction of geographic features such as water depth, boundar- 
ies, and characteristics of bottom roughness for the modeling of wave pro- 
pagation in hydraulic engineering research. 

Generally, information concerning the magnitude of the effect of bot- 
tom roughness is inadequate.  In some cases, like the Haringvliet model, 
the water movements are influenced by bottom roughness to a considerable 
extent.  In such a case, the parameter C has to be found in an iterative 
manner by comparing computed results with actual field measurements.  The 
rate at which the model can be adjusted to resemble the prototype depends 
on the extent of available field data and on the experience of the engin- 
eer making the investigation and his insight into the physics of the wave 
problem and into the behavior of the method of numerical solution. 
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CHAPTER 91 

COMPREHENSIVE TIDAL STUDY OF THE ST. LAWRENCE RIVER 

J. Ploeg, Assoc. Research Officer, National Research 
Council, Ottawa, Canada. 

J.W. Kamphuis, Asst. Research Officer, National Research 
Council, Ottawa, Canada.* 

ABSTRACT 

The St. Lawrence River is a major waterway 
connecting the Port of Montreal to the Atlantic Ocean. 
As is the case with so many natural rivers, extensive 
dredging has been necessary to provide adequate navigation 
conditions.  About 100 years ago the Ship Channel of the 
St. Lawrence River was at several places only 10 ft deep 
and 150 ft wide; presently it has a minimum depth of 35 ft 
and a minimum width of 800 ft.  However, further improvements 
are necessary, to meet present and future navigation require- 
ments . 

The Hydraulics Section of the National Research 
Council is studying improvement schemes by means of a 
hydraulic and a mathematical model of the St. Lawrence River 
from Montreal to Father Point, a distance of about 350 miles. 
The hydraulic model has been built to a horizontal scale of 
1:2000 and a vertical scale of 1-120.  The mathematical 
study uses a finite-difference approach, employing both 
explicit and implicit computational schemes. 

This paper describes the two studies and deals 
briefly with the merits of operating a mathematical and 
hydraulic model simultaneously. 

1.0  Introduction 

The St. Lawrence River (Fig. 1) is the largest river 
in Eastern Canada.  Its drainage basin above Quebec City amounts 
to some 400,000 square miles, which is comparable to the areas 
of Great Britain, France and West Germany combined.  The Great 
Lakes on the border between Canada and the United States are 
part of the St. Lawrence River System.  They provide large 
natural storage areas and, together with the extensive hydro- 
electric developments, tend to regulate the river flow.  The 
mean fresh water flow at Quebec City is 320,000 cfs, the 

*)Now Asst. Professor, Queen's University, Kingston, Canada. 
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Fig. 1 St. Lawrence River 

minimum recorded discharge is 190,000 cfs and the maximum 
flow is about 500,000 cfs, giving a ratio of 2.6 between 
the two extremes.  Compared to other rivers, this ratio 
is very low; the ratio between the minimum and maximum flow 
of the Rhine for instance, is around 20. 

The tide propagates up the St. Lawrence River as 
far as Lake St. Peter, 750 miles inland from the ocean. 
Because of the large changes in the geometry of the river 
bed (Fig. 2), the tidal propagation is of a complicated 
nature.  The mean tidal range at Father Point is 10 ft, at 
Quebec City 15 ft, and at Three Rivers 1 ft.  The horizontal 
tide at Father Point has an average peak flow of 70 million 
cfs, which is reduced at Quebec City to about 1.5 million cfs. 

The St. Lawrence forms the navigation route between 
the Atlantic Ocean and the Port of Montreal, which together 
with the smaller ports of Three Rivers and Quebec City, 
handles approximately 36 million tons of cargo and 400 million 
bushels of grain annually.  In spite of the size of the St. 
Lawrence River, extensive dredging has been necessary at many 
places to provide an adequate navigation channel.  To meet the 
requirements of modern navigation, further improvements are 
necessary. 
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Fig. 2  Representative River Dimensions 

The Department of Transport of the Canadian 
Government is responsible for the maintenance and 
improvement of the St. Lawrence Ship Channel.  This must 
be accomplished without adversely affecting the water 
levels in Montreal Harbour or any other region.  The 
Hydraulics Section of the National Research Council was 
asked to undertake a comprehensive study of the tidal 
propagation on the St. Lawrence River and to investigate 
the effect of proposed improvement schemes on the tide 
and water levels throughout the river system.  Because of 
the importance of the problem, it was decided to conduct 
simultaneously, studies on a hydraulic and a mathematical 
model. 

2.0  The Hydraulic Model 

The Hydraulic Model of the St. Lawrence River at 
present comprises only the section from Montreal to Quebec 
City, a distance of 160 miles.  Because of the size of the 
St. Lawrence River, the existing laboratory space was not 
sufficiently large to accommodate the entire model.  While 
an extension to the building was under construction the 
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first half of the model was completed and a temporary- 
tidal control mechanism installed at Quebec City.  This 
allowed the calibration of the first stage of the model 
and also some preliminary testing. 

The model has a horizontal scale of 1:2000 and 
a vertical scale of 1:120.  In addition to the practical 
considerations of available floor space and required 
accuracy of measurements, a number of other reasons 
dictated the choice of these scales.  For example the 
Lake St. Peter area is extremely shallow with low current 
velocities and to obtain turbulent flow in the model in this 
region, a high distortion is desirable.  However, at other 
locations, the cross-sectional area and shape of the river 
bed changes quite abruptly; one such area is just upstream 
of Quebec City.  With too high a distortion, it may become 
impossible to calibrate the model in regions of strongly 
varying cross sections, since the flow pattern in the model 
would be drastically different from that of the prototype. 

The distortion of about 17, resulting from the 
choice of the horizontal and vertical scale of the St. 
Lawrence model, turned out to be close to the optimum. 
A smaller distortion would certainly have resulted in 
laminar flow conditions in Lake St. Peter, while a larger 
distortion would indeed have caused difficulties in the 
calibration of the model around Quebec City. 

The first phase of the model construction was 
completed by the end of 1967. 

The calibration of this section of the model took 
approximately 6 months.  Two sets of boundary conditions were 
used.  In the first case, a mean discharge was used with a 
spring tide, while in the second case, a nearly mean discharge 
was combined with a neap tide.  A more complete calibration 
will be carried out next year, when the final section of the 
model from Quebec City to Father Point is completed.  Calibra- 
tion was achieved mainly by varying the density of the 
artificial roughness pattern.  The roughness elements 
consist of thin, 3/4" wide aluminum strips.  Figure 3 shows 
some results of the final calibration tests.  At all places 
the water elevations in the model are within 0.10 ft of the 
recorded prototype water levels. 

3.0 The Mathematical Model 

During the course of the study several finite- 
difference mathematical models, both explicit and implicit, 
were developed to simulate the propagation of the astro- 
nomical tides on the St. Lawrence River.  Of these only one 
will be described in this paper and for further details the 
reader is referred to previous publications by one of the 
authors (Refs. 1 and 2). 
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The model described here is an implicit finite- 
difference scheme with only one island taken into account. 
This is a reasonable simulation since the dimensions of the 
other islands are small compared with the river dimensions. 
The model limits are Father Point and Montreal as in the 
hydraulic study.  The river is divided into 204 longitudinal 
sections.  Some of these sections are three miles long, 
while others, in regions where the river geometry varies 
considerably, are one mile long.  The numbering scheme 
around Orleans Island is shown in Fig. 4; the section 
numbers have been circled and 52, 62 and 72 are skipped in 
the numbering system.  The remainder of the numbering scheme 
is self evident.  Section 1 is at Father Point, Section 207 
at Montreal. 

h»> '       r 

Q« © o«)" Q» ©  o». 

Fig. 4 Nomenclature at Orleans Island 

3.1 Equations•  The equations considered in this study 
are the equations of continuity and of motion for one- 
dimensional unsteady flow in open channels.  These may 
be written respectively as: 

3x + BS 3t " dx = ° W 
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11 ia 
gA  3t 'l 3h + 92BS 

8h 
3x 

gA^ 

C^A^d 

3h 
3t gA3 

3A 

(2) 

where Q is the river discharge, h the water level with 
respect to a certain datum (IGLD-195S) , Qx the tributary 
inflow, Bg the surface or storage width, 6j and 82 the 
momentum and energy coefficients of velocity distribution, 
A the conveyance area, g the acceleration due to gravity, 
C the Chezy friction factor and d the appropriate depth.  It 
is evident that some simplifying assumptions have been made 
m the derivation of these equations. 

These differential equations may be written as 
difference equations for each section: 

3 Q' + h'   + a Q'   = y mm    m+1    m m+1    m (3) 

&   h' m m 3'+6 h' . + m  m m+1 m+1 
(4) 

where the dash refers to the values of h and Q at the new 
time level t = t + T, T being the time step chosen and 
where a, B, y, 6, and e are coefficients which are functions 
of the known tidal conditions at time t = t and of the 
section dimensions resulting from the schematization process. 

When these equations are written for each section 
and combined with usual conditions at the junction points 
and with the boundary conditions, f^(t) and f2(t), the 
water level variation at Father Point and the upland flow 
at Montreal respectively, a set of simultaneous equations 
resulting in a matrix as shown in Fig. 5 may be set up. 

3.2  Schematization:  In a finite-difference scheme as 
described her 
number of sec 
From the char 
possible to d 
level and the 
(Fig. 6).  Th 
BCD is the wi 
third width, 
the width of 
obtained by p 
each section. 
mileage from 
sectional are 

e, the river has to be schematized into a 
tions each with its own constant dimensions, 
ts and from available dredging records it was 
iscern two distinct levels, the chart datum 
level above which the ground is never inundated 

e river widths at these two levels were determined, 
dth at chart datum, and By the total width.  A 
Be,was also taken at the 6 foot depth contour, 
the conveyance channel.  These widths were 
lanimetermg the appropriate surface area for 

In addition to these widths, the correct 
the reference point (Father Point) , the cross- 
a below chart datum (total river volume in the 
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Fig. 5 Matrix Resulting from the Equations 

section divided by the section length), the elevation of 
the chart datum with respect to IGLD, the maximum level 
of the shallow areas and the tributary discharge into the 
section were also obtained. Each river cross section was 
then simplified and represented m the model as shown in 
Fig. 7. 

3.3 Solution:  The crux of an acceptable method of solution 
is the efficient evaluation of the large matrix in Fig. 5 
which must be solved at every time step.  The procedure 
followed has been outlined in detail in Refs. 1 and 2, and 
is somewhat as presented by Dronkers in Ref. 3.  In essence, 
the matrix is reduced to upper triangular form and subsequently 
the solution proceeds by back-substitution. 
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Fig. 6 Definition of Widths 

Fig. 7 Adopted Schematization 

In the areas away from the island, all values 
in the matrix of Fig. 5 appear along the major diagonal. 
In this case it is possible to reduce Eqs. (3) and (4) to 

V+q,  h* , n+t Q' , = s m ^m m+1  m^m+1    n (5) 

hm+l+pm+lQ'm+l = rm+l (6) 
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where: 

> t  = *m ~   6 +p     m - 6 +P m *m        m "m 
» s„ 

Y +r m  m 
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1+t;  t m m e   -S   r +C s m  m m  mm 
m+1 " 6 +5 q  '  m+1 -   <5 + r q m  mm m  mm 

(8) 

and where 

C  = 1+6 p m     mm (9) 

*21*22*2JB2* 

•SJ'S.'U'J. 5 d,. 

\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\\^^^ x\\\\^ 

areas   and  not   inserted   are   seroes                                                      4                      • 1 
2n->. 

°2„-2 

1              P, * Ul 

1 «1   S 
1     »2 § 

Vl 

U2 

1     ««   «2 > 1      P! \ U3 

^ m^^^^^ ̂ ^^ $ ̂  
1                          <n-* '»-. \ 

1 p»-i xN "... 
\ v 

Note All  coefficients   outside   shaded \ n   1 

areas   end   not   inserted  are   zeroes 1          ». \ 
i 

* 

s 

Fig. 8 Triangularization of a Matrix 
with an Additional Column 

In the areas with junctions, the problem of 
triangularization is more complex since some values 
appear quite a distance away from the major diagonal. 
For the case where a value appears to the right and 
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above the diagonal it is possible to extend the method 
developed above.  Referring to Fig. 8, the top matrix 
with an additional column denoted by dn, may be reduced 
to the lower matrix using the relationships: 

a2i,2i+l 
q. =  ; t  = a2i,2i"a2i,2i-lPi    1   a2i,2i"a2i,2i-lPi 

b2i-a2i,2i-lrx d
2l-

a2i,2i-lUl 

"•21,21      21,21-1^1 x °2i,2i   a2l,2l-lpi 

a2i+l,2i+2+5iti b2l+l"a2i+l,2i-lri+5iSi 

Pl + 1   =   a21 + l,2i + l+?i<1i   '   *1+1   = a2i+l,2i+l
+5i*i 

d2i + l-a2i + l,2i-lUiniVi u.+1   =    »  

(10) 

l2i + l,2i+l+Ci<1i 

Ci = "a2i+l,2i+a2i+l,2i-lPi 

a12        bl    „      dl p. =   , r, =   and u, =   1   au    1   axl      1   alx 

When values of an additional row appear below the band, the 
matrix is first triangularized and these values subsequently 
eliminated as in Fig. 9, using the relationships: 

= ^n-l^-^VA-! 

e = C.   +(-l)nt  ,L  . 2n n-1 n-1 

n-1 

n-1 n-1  <- '       l 
1 = 1 

n-1 

= (-l)ns  .L  n+ ^~] (-l)
1?      ,        (11) n-1 n-1 *-.—r-1       I 

i = l 

where 

L.+1=(-l)
i+1(C2.+2-C2i+1p.+1) + (ti-<liP1+1)Li 

P.+1=(-l)
1+1 C2l+1ri+1+(Bi-airi+1)Li 



1432 COASTAL   ENGINEERING 

,1+1 
wi+i=("1)        c2l+iui+i

+^i-^i+i)Li 

Ll = C1P1-C2 

Pl = Clrl-b2n+l 

Wl = clul-d2n+l (11) 

With these basic tools it is possible to solve 
the matrix in Fig. 5 and for illustration the successive 
steps will be given. 
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SS 

Fig. 9 Triangularization of a Matrix 
With an Additional Row 

Triangularize to row 103 of Fig. 5 using Eqs. (5) 
and (6).  The values slightly off the band in rows 104 and 
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105 may be easily eliminated.  Using Eqs. (10), row 105 
to 123 may be triangularized and again the h^2 term in row 
124 may be eliminated.  Eliminate the I153 term in row 125 
using (11) and then eliminate the ch^ and eQg2 terms. 
Similarlytusing (10) rows 125 to 143 may be triangularized, 
and the Qg? term in row 145 may be eliminated using (11). 
The remainder of the matrix is again a single channel and 
may be reduced to upper triangular form using (5) and (6). 
The result is the matrix in Fig. 10. 
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Fig. 10 Triangularized Matrix 

The final step in the solution is one of back 
substitution. Since there is only one unknown in each 
row, all unknowns may be calculated beginning with Q208- 

This method of solution is unconditionally stable, 
although in the elimination process, where it proceeds 
through the equations in numerical order, without due regard 
to the absolute value of the points used to eliminate each 
column, a type of mathematical instability could occur.  In 
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this particular problem, the growth of errors was not of a 
magnitude as to cause this type of instability. 

The time required for a typical solution was 
12 minutes on an IBM 360 model 50 computer.  This 
includes rather lengthy plotting routines. 

Some results as they compare with observed 
prototype data are shown in Figs. 11, 12 and 13, and 
here it may be seen that the model results correspond 
quite closely to the field results, the water levels being 
within 0.1 ft and the time within 15 minutes.  Water levels 
only could be compared since field current observations are 
at present not available. 

X //      V \        TIME AFTERMW AT FATHER POWT IKWEESI      . 

i   i     \        \\ v. 

Fig.11 Comparison of Observed and Computed Water Levels 
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4.0 Testing Procedures and Results 

After the calibrations of the hydraulic and 
the mathematical model were completed, a series of 
tests was carried out to study the effect of some of 
the navigation improvement schemes.  First of all, the 
mathematical model had shown that the change in the tidal 
conditions at Quebec City as a result of most of the 
proposed plans was nil or very small.  Only the major 
improvement schemes, involving extensive modifications 
to the existing river conditions, affected the tidal 
propagation throughout the system.  In such cases the 
present hydraulic model can no longer be used without 
changing the downstream boundary conditions.  The mathema- 
tical model was used to supply the new boundary conditions 
for the hydraulic model. 

Another demonstration of the way in which the two 
models complement each other involves the generation of the 
tide at Quebec City in the hydraulic model.  The basic input 
to the hydraulic model is the horizontal tide at Quebec City. 
This is accomplished with a variable inflow, which either 
supplies or withdraws the tidal discharge of up to 1.5 cfs. 
Since no actual discharge measurements are available for 
the calibration condition, the mathematical model supplies 
this input to the control circuit of the hydraulic model. 
A 10 ft wide weir controlled by a feedback circuit connected 
to the vertical tide, acts as the final trimming device to 
give the exact tidal profile. 

The first improvement schemes which were studied 
on both models, were the so-called Lake St. Peter plans. 
One of the plans under consideration, calls for the 
construction of dykes along the navigation channel through 
the lake.  Lake St. Peter is a large shallow body of water, 
which now acts as an effective filter influencing the conditions 
upstream as well as downstream of the lake.  In addition, the 
conditions in winter time on the St. Lawrence are very 
adversely affected by this shallow lake. 

The first series of tests included only the 
construction of dykes, without changing any of the other 
conditions.  Obviously, this is mainly of academic interest 
since the new cross sectional area is only 1/5 of the 
original area and therefore the current velocities in the 
new channel will be unacceptably high.  However, the tests 
show clearly the importance of Lake St. Peter m regard to 
its effect on the tidal propagation in the river.  Figure 
14 shows the envelopes of the high and low water elevations 
as observed on the hydraulic model and computed on the 
mathematical model for a spring tide with average upland flow, 
with and without dykes in Lake St. Peter.  The water levels 
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upstream of the lake have risen as much as 4 ft at Sorel 
and about 2.5 ft at Montreal, while just downstream of 
the lake the tidal range has increased considerably.  The 
slight differences between the results of the hydraulic 
and the mathematical model are caused by the schematization 
of the delta at the upstream side of Lake St. Peter. 

The second series of tests included not only the 
dykes along the channel, but also control structures which 
allow a certain amount of the flow to bypass the navigation 
channel over the north and south banks of the lake.  The 
percentage of water to be diverted is governed by the 
maximum velocity allowed in the channel, which is m the 
order of 4 ft/sec.  The dotted line m Fig. 14 shows the 
water levels resulting from a test which included this 
diversion of flow. 

The St. Lawrence Tidal Study has shown encouraging 
results so far.  Having the two models operating simulta- 
neously has indeed proven to be a great advantage and will 
certainly continue to be of assistance when the section of 
the St. Lawrence River from Quebec City to Father Point is 
included in the hydraulic model. 
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CHAPTER 92 

EFFECT OF CHANNEL DEEPENING ON SALINITY 
IN THE JAMES ESTUARY 

Maynard M. Nichols 

Virginia Institute of Marine Science 
Gloucester Point, Virginia, USA 

SUMMARY 

The effect of a 10-foot channel deepening on the salinity distri- 
bution and net flow were studied m the James Estuary to predict 
estuarine-wide changes that might disturb the natural conditions 
favorable to oyster production. A hydraulic model was employed to 
determine the physical changes; then the potential biological conse- 
quences were evaluated by integrating the model data with corollary 
field and laboratory observations. 

THE ESTUARY AMD MODEL 

The James is relatively shallow, averaging less than 11.5 ft. 
Estensive shoals have formed between the shore and central channel 
and, m the middle estuary, oyster bars grow on these .shoals in the 
salinity range at  about 5 to 15 °/oo. Mean range of the tide is 2.5 ft. 
and estuary water varies from partly-mixed to well-mixed. The proposed 
channel which would run 87 miles inland for a width of 300 feet. This 
is part of series of deepemngs that have proceeded with development 
of the estuary. 

The "580-foot" long model reproduced to scales of 1:1000 hori- 
zontally and 1:100 vertically, the entire tidal James. To accommodate 
variable salinities in lower Chesapeake Bay, the model was extended 
seaward 3*+ miles from the estuary mouth to nearly constant salinity in 
the ocean. By varying freshwater inflow and sump salinity like that 
in the natural estuary, successive roughness adjustments were made to 
reproduce the mean salinity over a tidal cycle (at 1:1) with time as 
well as over a range of river inflow. Verification showed that the mean 
salinity difference between model and prototype was less than + 0.9 
and -1.8 °/oo. 

EFFECTS OF DEEPENING 

Tests were run before and after deepening at several levels of 
steady freshwater inflow, 11,500, 3,200, and 1,000 cfs at Richmond, 
and at relatively stable salinity. These conditions were selected 
because they are critical to control of oyster predation and disease. 

1439 
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The salinity change, though small, was most pronounced in the middle 
estuary where the major cut was performed (Rocklandmg Shoal, Fig. 1). 
Deepening produced a slight freshening of near-surface water, mainly over 
the shoals, and an increase of salinity in near-bottom water of the 
channel. With greater stratification, vertical mixing between upper and 
lower estuarine layers was reduced. Of the three inflows tested the 
salinity change was grestest (up to 1.2 °/oo locally) and most widespread 
at conditions of intermediate flow (3,200 cfs). However, changes were 
not of sufficient magnitude to cause a significant change in oyster 
production. 

Velocity measurements made with a miniature Price meter in the 
model over a tidal cycle displayed so much variation within a single 
cross section and from test to test, they were not satisfactory to 
calculate changes in the net volume transport produced by deepening. 
Instead, salt balance equations of Pritchard (l9°5) were used. Results 
showed a trend of reduced net trend of reduced net transport m both 
upper and lower layers reaching 20$ in the cross section of the major 
channel cut. 

DISCUSSION 

Depth is one of the important parameters - in addition to width, 
tidal velocity and river inflow - that control estuarine circulation. 
When other parameters are held constant, the effect of increasing depth 
is to increase the cross-sectional area of flow, particularly below the 
level of no-net-motion. Consequently, the same tidal velocities will 
flush a smaller volume through the section, with greater stratification 
produced by deepening, tidal forces are less effective in mixing water 
between the two estuarine layers and consequently net volume transport 
(up and downstream) is reduced. The overall effect of increasing depth 
is to shift the salinity regime and circulation pattern from a well- 
mixed toward a partly-stratified type. 

As the need for deeper channels may be expected to continue in the 
future, it is pertinent to ask: How deep can we go in an estuary before 
a marked change takes place? Is there a critical or threshold depth 
beyond which salinity will greatly increase? Further, what optimum 
river inflow produces the greatest change' These are among the questions 
formulated for future study in the James, as well as in a new model 
proposed for all of Chesapeake Bay. 

Conference discussion of this and related papers pointed up a need 
to demonstrate the accuracy and confidence of model results. Hydraulic 
changes studied by comparing "before and after" conditions demand rigid 
control of model operation. For example, the ability of a model to 
establish the same stable salinity conditions over a certain time should 
be repeated. Then too, what scale is most effective for analyzing salinity 
regimes in a model' Essential details of the James Estuary model study 
(196^-1966) as summarized above will be reported m a forthcoming publi- 
cation. An evaluation of model operation and accuracy is underway. 
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Fig. 1. Distribution of bottom isolines in the model before 
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SOME CONSIDERATIONS ON HYDRAULIC DESIGN OF BOTTOM WATER INTAKE 

Shin-ichi Senshu 
Supervisor, Coastal Hydraulic Division, Hydraulics Department, 
Technical Laboratory, Central Research Institute of Electric 
Power Industry, Tokyo, Japan 

ABSTRACT 

The selective withdrawal characteristics of bottom water intake placed on the 
sea bed for the condenser cooling system of steam power station are presented and 
several design methods are proposed   The results of field observations are also 
shown. 

INTRODUCTION 

Recently in Japan, the most intake structures for condenser cooling system of 
thermal (or nuclear) power stations sited on a seashore are de&igned as bottom 
water intake m order to withdraw a large quantity of clean water of low tempera- 
ture from the deep layer of thermally stratified sea basin.   The following types 
have been used for such intake structures: (a) skimmer-wall type, (b) horizontal 
inlet of intake pipe, and (c) vertical inlet of intake pipe.  (shown m Fig. l) 
The characteristics of skimmer-wall type intake were previously studied by the 
author and the bottom water intake of this type has been constructed at several 
"oower stations 

In this paper, the characteristics of horizontal type inlet of bottom water 
intake pipe are presented on the basis of fundamental experiments conducted at the 
Hydraulics Laboratory of CRIEPI and some design methods are proposed.   The results 
of field observations are also shown which were carried out to examine the effect 
of bottom water withdrawal by such structures 

CHARACTERISTICS OF HORIZONTAL TYPE INLET 

The withdrawal characteristics of horizontal type inlet depend on the follow- 
ing values; (see Fig. 1 (b)) 

b width of rectangular opening of inlet, 

h0 height of opening, 

d   • depth from interface of stratification to top of opening, 
z0 rise from sea bed to bottom of opening, 

L* topographical clearance behind opening (horizontal distance from opening 
to bank), 

L'     length of visor horizontally projecting at the top of opening, 

p     density of lower layer water, 

dp     difference in density of two layers water, 

Qc     maximum discharge under critical condition, which can be taken from the 
lower layer water without drawdown of interface, 

u0    mean velocity at the opening under critical condition, u0 =   Qc/ bh° 

Considering the effect of three-dimensional flow approaching the inlet, the 
critical withdrawal condition for the horizontal type inlet with rectangular open- 
ing can be obtained from the energy equation as follows 

1442 
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where 

= c ( ih/ho (1) 

In Eq. 1, c denotes the coefficient depending on the velocity distribution of 
approaching flow and should be determined experimentally as the function i 
m=z«/h.o   ,   n = b/h,    and C^i/hs 

= L/ho 

The TO 
experiment 
rectangular 
results of 
width to he 
range of n 
a tendency 
from the bo 
prevails. 
the opening 
condition. 

lue of c is shown in Pig. 2 (a) and (b), which is obtained from the 
of three-dimensional.   These figures correspond to the opening of 
section whose ratio of width to height is 4-1 (n = 4)   However, the 

the experiment show that the effect of the opening geometry (ratio of 
lght, n) on the withdrawal characteristics is not dominant for the r 
= 2 ~ 4.  For the considerably larger value of n, the value of c has 
to become smaller, since the effect of the three-dimensional inflow 
th sides of the opening declines and the two-dimensional inflow prevail 
It is found from Fig. 2 (b) that the visor installed at the top of 
is effectual on increasing the maximum discharge under the critical 
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HYDRAULIC DESIGN OP BOTTOM WATER INTAKE 

1.  Method of economical design to minimize the total depth 

This method is based on the idea that the most economical size of the intake 
is given by the opening height h0   so as to minimize the total depth below the 
interface, zo +  h0   + Ah   , for a given discharge under the critical condition. 
The economical opening height k0  m this manner is obtained from Eq  1 for hori- 
zontal type inlet, by differentiating z<> +   h0   + 4k   with respect to h0   and equating 
to zero, that is 

3(l+m) ,^/» 
(2) 

and the corresponding depth Ah  is 

..(3) 

The economical opening height, ho    , foi skimmer-wall type intake can be 
obtained in the same manner from the critical withdrawal condition, fl0-  0.9( Ah/h"), 
based on the result of the two-dimenstional experiment presented in the author's 
previous study, as follows. 

2X09J,/ 
(4) 

and  the   corresponding depth   rfh  is 

a9/i ~2f> i 
(5) 

where, ? is maximum discharge per unit width of skimmer-wall under the critical 
condition 

Several examples of bottom water intake of horizontal type inlet designed by 
this method are shown m Table-1    In these examples, maximum intake discharge is 
Q -  11 m3/sec, depth of upper layer H - 4 m, and relative density difference 
4P/p~  0.0017 (corresponding to temperature difference between upper and lower layer 
water, AT =   5 °C). 

Table-1.  Horizontal type inlet designed by the 
method to minimize total depth (n = 4). 

No. Design  condition ih 
(m) 

h0 

(m) 
2o 

(m) 

Total  depth 
B+M + ho+a, 

(m) (m/s) 

1 I =6,   m=0,       ;'=0 3.23 2  16 0 9.39 0.590 

2 I =6,   m=l,       I '=0 3.88 1.30 1.30 10.48 1.627 

3 1=6,  m=1.5, l'=0 4.04 1.08 1.62 10.74 2.360 

4 1=6,   m=0.5, l'=l 2.88 1.28 0.64 8.80 1.678 
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2,  Method of providing the inlet velocity so as to keep stability of the 
interface 

The design method described above is apt to give rather large magnitude of 
inlet velocity, which promotes occurrence of turbulent mixing at the interface 
and results in simultaneous inflow from the upper layer.   It would be the practi- 
cal method, therefore, to determine the value of k0   and Ah   under the critical con- 
dition, by providing first the inlet velocity u0   with the magnitude to keep stabi- 
lity of the interface. 

For horizontal type inlet of rectangular opening (6 = riko  ), 

.(6) 

and 

Ah — (7) 

It is adequately recommended that the magnitude of u0   should be taken as 0.10 ~ 
0.20 m/sec, on the basis of stability condition of interface of two-layer strati- 
fication. 

Figure 3 is the design diagram of horizontal type inlet by this method based 
on Eqs. 6 and 7 for the condition Aofp  - 0.0017 (^T = 5 °C), n = 4, and c = 1 17 
( / = 0, m = 0). 

20      30  40 50 60 SO /CO 

 -   Q   ( m3/sec) 

Fig. 3.  Design diagram for horizontal type 
inlet by method of providing the 
inlet velocity. 

For skimmer-wall type bottom water intake, the values of ko    and corresponding 
Ah  for the given inlet velocity Uo are determined by 

h0=<l/u .(8) 

and 
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ih = \ •   (9) 

Several examples of bottom water intake of horizontal type inlet designed by 
this method are shown in Table-2   In these examples, the values of Q,// and AP/p 
are same as the ones for the above examples in Table-1 

Table 2  Horizontal type and skimmer-wall type inlet 
designed by the method so as to keep stability 
of interface (inlet velocity, u»  , is given 
first). 

i\i h. Zo 
Total depth b Given inlet 

No Design condition B+d/*+Ke + z„ velocity Mi 
(m) (m) (m) (m) (m) (jn/sec) 

a-1 1 = 0, m = 0, /' = 0 2 88 3.70 0 10 58 14 8 0 20 

a-2 horizontal  [ - 0, m - 0 
type inlet, 

r= 0 3 )0 3.00 0 10 30 12 0 0 30 

a-3 n=4       !~6,m=l, (•= 0 1 92 3 70 3 70 13 32 14 8 0 20 

a-4 ( = 6, m = 0 3 i = 0.4 1  82 3 70 1 11 10 63 14 8 0 20 

b 
Skimmer-wall type inlet 
(two-dimensional case of a- i) 

3 32 3 72 0 11 04 14 8 0 20 

3.  Hydraulic design of vertical type inlet 

The vertical type inlet with cover plate and bottom guide plate as shown in 
Pig. 1 (c), can be designed in the same manner by applying the above-mentioned 
methods for the horizontal type inlet to each divided portion around the opening 

Divide the cylindrical opening formed between the upper cover plate and the 
lower giude plate of diameter D1 into a  portions (for each divided portion, n  = 

(TD'/2)/A<,) , and apply the design formular to each portion of /? among a,   assuming 
that the remaining part (« - ^) is ineffectual for withdrawing water due to the 
surrounding obstruction. 

For a given discharge Q  and inlet velocity u0 t   the opening height h„  is 
obtained from 

.(10) 

then, the corresponding depth Ah.  can be calculated by Eq. 7, in which the value of 
coefficient c  should be taken for the ease of ( = 0. 

On the other hand, in the economical design to minimize the total depth at 
the inlet, the calculating formulas are as follows: 
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«(!+») c4, 
(11) 

..(12) 

izTlA / 
(13) 

For a given dischargeQ  , the diameter of the cylindrical opening, D', is obtained 
from Eq  11, then successively ho  from Eq  12, uo   from Eq  13 and Ah   from Eq, 7. 

Two design examples of bottom water intake of vertical type inlet for the 
same value of Q  ,  II  andJ/>/pas m examples above described, are shown in Table-3 

Table-3.  Vertical type inlet for the 
given inlet velocity, uo -  0.20 m/sec 

Design condition 

1=0,   m=0.5, l'=0.4,   n=4, a=4, /» =3, 

1=0,   m=0 3, Z'=0.4, n=2,a =4,p =3, 

D' 

10.90 

7.72 

4* 

(m) 

1.48 

1.90 

(m) 

2.14 

3.03 

(m) 

Total depth 
H+Ah + ho + zo 

(m) 

1.07 

0.91 

8.69 

9.85 

Pig. 4.  Design examples of horizontal type and 
vertical type bottom water intake. 
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These two vertical type bottom water intakes are sketched m Pig, 4, together 
with one example of horizontal type intake (a-4 in Table-2)    Comparing c-1 with 
c-2, c-2 for n-2 is rathei economical than c-1 for n=4, because the volume of the 
whole structure for the former is 2/3 of the one for the latter. 

4  Method of permitting to entrain the surface layei water of high temperature 
beyond the critical condition 

Above mentioned are the design methods to take the colder bottom water from 
the theimally stratified basin and to prevent the warmer surface water from with- 
drawing into the cooling system.   However, when the flow rate increases and exceeds 
the maximum discharge under the critical condition, the interface is drawn down 
below the top of the opening and simultaneous inflow from the upr>er layer may develop. 

To permit the entrainment of warmer water from the upper layer to some extent 
brings the design method to obtain more economical intake structures than designed 
under critical condition.   In case of such a design method, the required depth Ah 
for horizontal type inlet is estimated by the following equation for a given 
entrainment factor X ; 

- Ahc ( \-X)% ~ Xh0 .(14) 

in which, dkc  is the depth for the critical design given by Eq  7, d,nd entrainment 
factor X   is the ratio of inflow from the upper layer to total discharge withdrawn 
through the opening.   Mean water temperature of cooling water, To  , when warmer 
surface water is entrained, is estimated by 

To^lTx -f ( l-X)T2 ... (15) 

where Tj and T2   is water temperature in upper and lower layer, respectively 

For two-dimensional skimmer-wall type intake, the following relation should be 
used, instead of Eq  14; 

Ah= Ahc{x-X)   - Xh» (16) 

Equation 15 or Eq  16 can also be used to estimate the entrainment factor X 
for the existing intake structures 

FIELD OBSERVATIONS 

To examine the effect of bottom water intake structures designed by the author's 
method, field observations have been earned out at several thermal power stations 

Figure 5 shows an example of the observed vertical distributions outside and 
inside of the skimmer-wall type bottom water intake at SAKAI-KO Thermal Power 
Station sited in Osaka Bay The intake structure was completed in July of 1967. 
The maximum discharge of cooling water is 100 m3/sec for the output of 2000 MV m 
its final project. The opening height below the skimmer-wall, k0 » is 4.8 m, and 
the designing mean velocity at the opening, u0  , is 0 16 m/sec. 

As seen in Fig. 5, the conspicuous stratification due to water temperature 
difference develops in the basin m front of the intake in August, and this bottom 
water intake is of great advantage to withdraw colder clean water.   The average 
temperature of cooling water measured at the pumping pit was 24 °C in spite of the 
water temperature of 30.5 °C in surface layer outside of the skimmer-wall. 
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 _water temperature (°C) » water temperature (°C) 

20 21 22 23 24 25 26 27 28 29 30 31 20 21 22 23 24 25 26 27 28 29 30 31 

Pig. 5.  Observed water temperature distribution at 
bottom water intake of cooling system for 
Sakai-ko Thermal Power Station 

Figure 6 shows another example of vertical temperature distributions outside 
of the skimmer-wall type bottom water intake observed at SHIN-SHIMIZU Thermal Power 
Station sited in Shimizu Port.   The maximum discharge of cooling water is 11.7 
m3/sec for the total output of 306 MV,  A0= 4.12 m and u0  is 0.07 m/sec. 
The cooling water discharge during the testing period was 6.15 m3/sec. 

Assuming the discontinuous temperature distribution outside of the skimmer- 
wall shown by dotted line m Fig. 6, the average temperature of cooling water is 
calculated by the author's method as 25.85 °C ( X  - 6 fo)   m ebb tide and 26.1 °C 
( X = 0) m flood tide.   These values are in quite agreement with the observed 
water temperature at pumping pit. 

Figure 7 shows the water temperature distribution in front of the horizontal 
type bottom water intake with visor observed at ICHIHARA Thermal Power Station m 
Tokyo Bay   Assuming that T\  = 26.5 °C for upper layer, Tz =  21 5 °C for lower layer, 
depth of surface layer H = 3.5 m from the observed temperature distribution on 
August 15, the average temperature of cooling water is estimated as 21.7 °C 0=4.5%). 

Figure 8 shows the water temperature distribution around the vertical type inlet 
of bottom water intake pipe for SAKAI PLANT of UBE K0SAN Industrical Company in Osaka 
Bay.   It is seen that the conspicuous density stratification is formed near the 
intake.   Assuming that T\ -   27.5 °C, Ti  = 24.3 °C and 3=  3.6 m from the observed 
data, calculation gives X=  0.       Therefore, water temperature of cooling water 
results in the assumed lower layer temperature, 24.3 °C, which coincides with the 
average temperature measured at the pumping pit. 
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Pig. 6.  Observed water temperature distribution at bottom 
water intake for SHIN-SHIMIZU Thermal Power Station. 

Studies are further continued to make clear the characteristics of selective 
withdrawal in the field of continuous density distribution which is generally more 
actual condition in sea basin. 
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Fig. 7 An example of water temperature distribution 
observed in front of bottom water intake for 
ICHIHARA Thermal Power Station. 
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Fig. 8.  Water temperature distribution observed at vertical type 
inlet of intake pipe for SAKAI PLANT of UBE KOSAN INDUSTRIAL 
COMPANY. 



1452 COASTAL   ENGINEERING 

ACKNOWLEDGEMENT 

The author wishes to express his gratitude to Dr A. Vada for his advices 
and to Mr. T. Pujimoto for his assistance in performing all experiments. 

REFERENCE 

S. Senshu and A. Vada  "Study on bottom water intake for condenser cooling 
system of power stations", Proceedings of the 10th Conference on Coastal 
Engineering, 1966 (Tokyo). 



CHAPTER 94 

STUDIES OP PREDICTION OF RECIRCULATION OP COOLING WATER IN A BAI 
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Tokyo, Japan 

ABSTRACT 

In the present report, a few factors of great importance in the determination 
of the degree of recirculation of cooling water for power station are chosen for 
theoreti cal analysis 

First, the problem of flow and thermal diffusion in the &ea caused by outfall 
of warmed cooling water is considered.   Numerical solution of the equation of 
thermal diffusion with a complete set of Eulerian equations in which the value? of 
the eddy coefficient of diffusion and viscosity depend upon the relation to the 
velocity shear and vertical density gradient is presented   The Boussinesq approxi- 
mation LS used throughout   The mechanism of development of upwellmg phenomenon is 
discussed from the numberical experiment taking into account of the interaction 
between the flow and the thermal distribution.   From the result of field survey, 
the occurrence of the return flow m the bottom layer oi the coastal region is con- 
firmed   The numerical solutions give a good representation of all features of flow 
and thermal profiles. 

Next, study on cold water intake from bottom layer is presented   The numeri- 
cal experiment of the stratified fluid with a continuous density gradient flowing 
into the submerged intake is conducted to gain additional insight into the mechanism 
of density flow in the field of the continuously stratified fluid.   The results 
lead to the conclusion that the flow in the field of the continuous distribution of 
density differs from that for a two-layer system 

I   INTRODUCTION 

In a previous paper" , the effect of some dominant factors on the recirculation 
of cooling water was discussed.   A practical theory was also presented from which 
quantitative prediction of water temperature and velocity fields due to discharge of 
warmed cooling water may be obtained for a bay characterized by a meteorological 
condition. 

By the development of the technique of this numerical model test, the next 
problems can be solved   They are the followings, (a) presumption of approaching 
velocity to intake entrance, (b) discrimination of thermoclme stability caused by 
the appearance of locally high velocity, (c) influence of outfall of warmed cooling 
water on a vessel navigation and (d) estimation of influenced range of water tempe- 
rature rise m the sea in relation to compensation for coastal fishery. 

On the basis of these studies, the design criteria of intake and outlet struc- 
tures can be determined   By the app]1cation of the developed method of computation 
to the real planning site, the hydraulic design of the intake and the outlet at 
Tsuruga Nuclear Power Station, Mizushima Thermal Power Station, Shimane Nuclear 
Power Station and Oita Thermal Power Station was done 

To know the aspect of the thermal diffusion caused by the outfall of warmed 
cooling water, we can not but rely on the method such as the field survey, the 
hydraulic model test and the numerical experiment by an electronic computer 
The positive field survey is especially important for the research work of recircu- 
lation of cooling water    It i& because there is a fundamental defect in the method 
verifying its result however rich the products of theoretical analysis may get   It 
is necessary to collect the data of field survey as many as possible and to deal with 
it correctly and then to make efforts approaching the essence of the problem induc- 
tively. 

1453 
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There are some methods to solve the problem of recirculation of cooling water 
But some questions arise.   That is, the method by the hydraulic model test comes 
into question m the point of similarity of real phenomena    It is because the flow 
in the sea is very small, as the discharged water from the outlet has a low velocity 
and heat exchange between the sea surface and the atmosphere must also be considered. 
In the present study, the method of numerical experiment is used throughout from 
this point of view. 

In the present report, two factors of great importance in the determination of 
the recirculation degree of cooling water for power stations are chosen for theore- 
tical analysis.   In the first place, the problem of flow and thermal diffusion m 
the sea caused by the outfall of warmed cooling water is considered.   Secondly, 
study on cold water intake fiom the bottom layer is presented. 

In this report, we present some results of a theoretical investigation of 
turbulent thermal diffusion in a compressible fluid by means of direct numencal 
solution of a complete set of dynamic equations.   The application of numerical 
experimentation to physical theory is generally justificable only when more concise 
analytic methods have been unproductive or have reached apparent limits of useful- 
ness, but these conditions seem to prevail m the field of turbulent fluid mechanics. 
Although it would be possible to formulate and numerically integrate sets of diffe- 
rential equations, initial and boundary values, appropriate to a broad range of fluid 
dyanmics phenomena, this method would have little merit in the cases where general 
analytic solutions are available.   One should always keep in mind, however, that the 
results of numerical experiment are purely logical consequences of the various 
theoretical approximations and simplifications initially assumed, difficult though 
it may be to trace through the effects of particular assumption. 

An accelerated Liebman method using finite difference m this report is deve- 
loped for obtaining the distributions of flow and water temperature.   In the model 
to be discribed, a coupled set of simultaneous nonlinear partial differential equa- 
tions is transformed into difference equation system, which is solved numerically 
with the aid of electronic computer IBM SYSTEM 360,   The Eulenan grid-point 
representation at points evenly spaced in a rectangular net was chosen principally 
because of its relatively straightforward program coding and the relatively large 
fund of knowledge available, pertaining to its characteristic behavior. 

II.  FORMULATION OF THE PROBLEM 

In order to obtain the distributions 
of flow and thermal diffusion in the sea 
basin off the outlet,  it is necessary to 
consider both dynamic movement of released 
water and thermal diffusion of water 
temperature.   As shown in Fig. 1, take 
the Cartesian coordinates in three dimen- 
sional space, the origin of which is taken 
as the center of outlet   The direction 
of three axis of the coordinates are as 
seen in the definition sketch (see Fig. l) 
Let us assume that the outlet has a 
rectangular section, 2B m breadth and H 
m height, from which the cooling water 
with an initial constant temperature  T0 
is released into the sea in the direction 
perpendicular to the coast 

x(f) 

Fig. 1. Definition sketch 
for thermal spread. In general, a velocity caused by 

discharged watei in the bay has to be kept 
small.   Because the small relative velocity 
between an upper and a lower layers keep the stability of the stratification in the 
bay.   Therefore, the eddy viscosities are predominant in a field of the flow in the 
bay, and the field of flow are strongly subject to the influence of the coastal 
boundaries near the outlet.   In this respect, it differs from the general phenomena 
of jet flow. 
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The equations of motion in the i   direction and the equation of continuity can 
be written as 

and 

3 / .    3u,\ 3u,   Bp , 
dx\  ' 3xJ       '   3i dx, 

(1) 

d(,pu, ) 
9x, 

(2) 

where ; - 1, 2, 3 corresponds to the x,   y,   z  direction respectively   Xk   is the 
unit vector along the 2 axis    u, (1   ~ 1, 2, 3) are the velocity components along 
the x,   y,   z  direction and the eddy viscosities corresponding to those directions 
are Ax , Ay,   Ai   respectively   p  the pressure, p  the density. 

On the other hand, the equation for the thermal diffusion is 

3T 
dx, 

K,    dT_\ 
P    dx,i 

Q, 
P,CJ1U 

(3) 

where K,   are eddy thermal diffusivities,   Q0   represents the heat gain or loss for the 
surface layer of sea basin, Cw   is the specific heat of water and Hw   is the thickness 
of layer between the sea surface and the atmosphere, across which process of momen- 
tum and heat transfer occur. 

An approximate relation between density and water temperature is 

P=Po (1 — <*T) (4) 

where the density, p0 ,    is the standard density of the fluid   The main process for 
the heat balance in any part of the coastal region is shown in the following list 
(see Fig  2) 

Table - 1 

Process of heating the sea basin Process of cooling the sea ba&m 

1  Absorption of radiation from 1  Back radiation from the sea 
the sun and the sky, surface, 

Qb=c{T+tn){\~a-b]e{Ta)}   (\-K  n) 

2  Convection of sensible heat 2  Convection of sensible heat 
from atmosphere, Qh to atmosphere, 

Qk^ha(Ta~T) 
3  Condensation of vapor, Qe 3  Evaporation, 

4 Addition of waste heat from 
Q.= k{e( T,)-e{T)) 

power plant, 

&=(£) \(l-r)Tb+Tc-(l-r)T} 

The following symbols are adopted for use in Table-1. 

Qs radiation energy from the &un and the sky. 

"r average reflectance over the integration period 

T water temperature m the surface layer, 

0" Stefan-Boltzman's constant for black-body radiation 

a, b constants. 

e(Ta) the sa-turation vapour pressure at the sea surface in mbs 
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e(T) 

k 

coefficient depending on the cloud height 

cloudiness on the scale 1 to 10. 

atmospheric temperature. 

saturation pressure for water temperature. 

heat transfer coefficient (= 2.77 x lO"4 (0.48 + 0.272F)) 

mass transfer coefficient (k  — 2k). 

intake discharge of cooling water 

surface area of bay. 

mixing ratio from the upper layer. 

rise of water temperature added by condenser of power plant. 

water temperature in the bottom layer. 

The net-exchange rate across the sea 
surface to the above processes is then 
represented by the linear combination, 

^=Q-Qb+Q^Q=Q-QZT (5) 

The solution of tnis problem is divided 
naturally into two parts, one of which 
corresponds to the radiation effect and 
diffusion effect, and the other effect 
of internal diffusion mechanism which 
results from nonunxform temperature 
distribution in the water. 

Boundary conditions on the velocity 
are taken to be   on the free surface, 
flow parallel to the surface; at the 
fixed boundaries, velocity equal to zero 
The thermal flux must be zero m normal 
direction to the boundaries except the 
sea surface or at the mouth of bay. 
The thermal gradient on the sea surface 
or at the mouth of bay should be remain 
constant 

Schematic diagram of main 
processes for heat balance 

In the fundamental equations which govern phenomena of flow and thermal 
diffusion, the density enteis explicitly.   It might therefore be expected that 
variations of density in a vertical direction would modify the results, but the 
variations of the density in the sea are too small to be of importance m this 
respect.   If the variations of the density are related to the gravitational effect, 
the product term of pg ,   would play an important role in the interaction between the 
flow and thermal diffusion.   And therefore, it should be taken into account in the 
equations of motion.   From this assumption, the equations of continuity can be 
replaced by the Boussmesq approximation.* 

Most studies of fluids with density gradients use the Boussmesq approximation 
(Boussmesq, 1903), which neglects density variations m the inertial terms of the 
equations of motion  The general meaning is that the density difference Ap  occurs 
in the acceleration terms as 

Ap^\dV 
dt 

where p is the mean density, and therefore, if -dp/p<^l the acceleration term may 
be simplified to dV/dt. But, the term g Jp/p m the vertical equation of motion 
should not be neglected because g is large. 
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The problem now is to solve this nonlinear set of equations subject to the 
boundary conditions.   Since the set is not tractable by any analytical methods 
known at present, it is necessary to resort to approximate methods for the finite 
difference solution. 

Ill   NUMERICAL CALCULATION OF HEAT BUDGET IN A BAY 

There would be two major modes of elimination of heat from power plants, one 
is the dissipation of heat to the atmosphere through radiation and the other is a 
gradual movement of warm surface water out to the open sea.   The relative losses 
between each other would depend on meteorological and tidal conditions.       The 
determination of the sea surface temperature not only provides a means of predict- 
ing the amount of recirculation for intake and outfall conditions, but also plays 
a definite and specific role in the determination of the effect of intake and out- 
let design on the amount of recirculation    In this case, it is very important 
for the effective utilization of the cooling water to investigate the water tempe- 
rature distribution in the bay and its change as time goes 

The technique with the aid of an analogue computer for estimating the distri- 
bution of water temperature in the bay has been developed to provide a reasonably 
accurate procedure which requires only available meteorological data.   The heat 
balance of the water in the bay is calculated by integrating the equation of heat- 
conduction over the entire water masses of the bay   The heat transfer in the 
atmosphere and the bay water are then calculated under the following assumptions 

1) The bay is divided into some blocks for mathematical development 
Thermal diffusion and tidal effect would be taken into consideration m executing 
numerical simulation. 

2) During summer, there exists a remarkable layer of thermocline at 3 ~ 4 m 
below the sea surface in the bay.   This interface is stable in spite of tidal 
changes and wind. 

3) The warmed cooling water would spread from the outlet in the form of a 
thin layer on the surface of the bay, and therefore high temperature content of 
discharged cooling water is not diffused into the lower layer through the layer 
of thermocline with large stability. 

4) The tidal change is simulated by the sinusoidal curve due to the field 
survey. 

5) The water temperature at the open sea is equal to normal temperature not 
influenced by the discharged warm water. 

In the above case of treating the problem of time history of water temperature 
in the calculation of heat budget, the meteorological data such as the radiation, 
atmospheric temperature, need the records with the variation of a day.   Such cal- 
culations give only a rough estimate these phenomena, but they serve to give an 
approximately quantitative idea of the interplay between the bay water and the 
atmosphere.   Prom these calculated values the general features of the daily change 
of the heat loss or gain from the sea surface can at least be grasped. 

Wada, A. and N, Katano2) have applied this technique to some bays in which the 
recirculation of cooling water comes into question, and obtained the balancing water 
temperature m the surface layer and intake water temperature against parameters 
such as the dimensions of bay, meteorological condition, the tidal flow, and the 
cooling water flow. 

Take, for instance, the case of J. Power Station.   This station is planned to 
be located on the innermost of T. Bay.   T. Bay is similar to a rift valley in shape 
The width of the bay at the innermost is about 300 m with a depth of about 15 m 
The width and depth increase gradually toward the mouth and the widest section is 
about 700 m at the mouth of the bay, while the depth increases to about 25 m   Its 
length is about 1,700 m.   Prom the result of the field survey, it is clear that the 
waters of the inner bay and the outer sea are interchanging, and that the tempera- 
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ture of the bottom water below the interface between two layers in the bay about 
25 °C 

The cooling water intake will be located at the innermost of the bay of 13 m 
deep, and the waimed water is returned to the same bay through the outlet about 200 
m distant from the intake    The water in the bay has a pronounced temperature 
stratification.   One should intend to use the bottom layer water which has a more 
suitable temperature for the cooling condenser with a view to achieving a higher 
efficiency and reducing the trouble associated with impuiities in the water. 

Prom the above-mentioned assumptions, the rate of temperature rise AT/it   in 
each block, taking the effects of tidal current and thermal diffusion into account, 
is given by 

dli=        l <0     „    „ >.   1 
(it        C.,<(H,+r,) C 

for No   1 Block 

-»,+<&, + &,) 

jIT, 
,11 

1 
(ft.-6 -Qr.)+~(Q,,-Qr,+0tI-Qr.+Q,,+Q.,)] 

dT, 
lit •wiK'-w^ -&,+« 

for No   2 Block 

-o.,-«..+a,) 
for No  3 Block 

in water column of cross section 1 cm* and thermoclme depth of Hjr V 
Figure 4 represents schematic diagram of flow and heat advection in T 

(see Pig. 3) 
bay.   Energy 

that due to losses from the sea surface to the air by contact with cooler air am 
evaporation are dealt with as negatives.   The sign in the equation (6) represents a 
positive one for incoming heat energies into blocks. In the 
the definitions are as follows 

above equation (6), 

7(0 
A, 

Q, 

the net radiation (— Q3 — Qb) 

"T.+ p  (o = A(2/m+1), /?=2MW)) 
rT(r = A(2m+l)) 

tidal change, out of the bay 

surface area for each block, 

heat energy m each block by 
the discharge of warm water, 

heat energy transferred by 
the mixing from upper layer, 

heat energy advected by the 
tidal current. 

(a) Schematic diagram of flow 

m the  bay 

Outlet 

out of the bay in the bay 

(b) Schematic diagram of advection 
of  heat energies 

Pig 3.  Choice of block Pig. 4.  Schematic diagram of flow 
and heat advection in T. Bay 
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In the following numerical calculations, the undermentioned values were used 
for the various factors m the heat budget, according to the meteorological data 
observed m the summertime at T bay over the period of twenty years 

Average air temperature   28.5 °C 

Average wind velocity  V =  3 3 m/sec 

Relative humidity * 79 $> 

Cloud amount • n  -  6 3 

Coefficient depending 
on cloud height  K = 0.083 

The above-mentioned records represent 
the values of average state   However, m 
the case of treating the problem of time 
history of water temperature m the calcu- 
lation of heat budget, the meteorological 
data such as the radiation, atmospheric 
temperature, need the records with the 
variation of a day   These data were 
chosen from the records taken in site 
Figures 5 and 6 represent the daily vari- 
ations of the radiation and the atmospheric 
temperature   From the process of conver- 
gence of the water temperature in the 
surface layer at natural condition, the 
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daily variation of heat budget was obtained as shown in Fig  7.   Figure 8 shows 
the process of convergence of the water temperature in the surface layer effected 
by the discharged warm water.   Based on heat-budget concepts, graphs have been 
developed to permit the estimation of the water temperaure of sea surface, taking 
into consideration of the addition of heat by plant to bay (see Fig. 9) 
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IV.  INTERACTION BETWEEN FLOW AND THERMAL DISTRIBUTION 

4.1  Preface 

Generally speaking, phenomena of flow and thermal diffusion caused by the 
outfall of warmed cooling water seem to be composed of complex processes.   The 
field of flow would change that of water temperature distribution in the vertical 
section.   The diffusion process of warmed water would also change the field of 
flow.   Thus, these processes of two phenomena can not be consideied independently 
each other, but must be taken into account of the interaction between these two 
phenomena. 

In order to confirm the realization of the above mentioned matter, it is 
necessary to conduct the numerical experiments on the thermal diffusion in the 
vertical section taking into account of the thermal diffusion-velocity correla- 
tion. 

4.2  Actual state of thermal diffusion of cooling water 
and stability of stratified distribution in density 

The following points were made clear as the result of the discussion carried 
out to make clear possibility of intake and outfall of cooling water m the same 
basin of bay, m confirmation of preparatory investigation data for water temper- 
ature of the sea around the Mizushima Bay and other research data 

1) The thermoclme is stable in spite of tidal change.   The eddy viscosity 
near the boundary is very small (about 0 05 c.g.s.) and the stratification 
of density is not destroyed by mixing caused by the prevailing winds of 
5 —- 8 m/sec. 

2) Based on the data of the field survey, the thermal diffusion coefficients 
are calculated.   It is found that the horizontal thermal diffusivity is at 
least 50 times greater than the vertical, the order of which seems to be 
about 0.01 m2/sec.   Accordingly, it is concluded that the decrease of the 
temperature observed m the field tests should be due to the horizontal 
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mixing with the surrounding waters of lower temperature, with addition to 
the process of cooling the sea surface and the process of entrainment of the 
lower colder water to the upper layer current 

Generally, the warmed cooling water discharged from the outlet flows as an 
upper layer current partly because of its mertial momentum and partly 
because of its lower density.   The upper layer current thus exerts the 
tangential stress on the lower layer which favours the compensation current 
along the sea bottom   That is, the water temperature in the lower layer is 
almost unchanged, but there is a slow movement of lower layer upstream from 
the open sea to compensate for the water lost by entrainment.   It seems that 
the surface outfall of cooling water gives rise to upwellmg motion near the 
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(b)  Minato Power Station (a) Mizushima Power Station 

Pig  10.  Vertical variation of velocity off the outlet 

Until recently the investigation of upwellmg motion was not enough to 
afford any insight into the inner mechanism of this phenomenon.  Detailed 
systematic field surveies of the upwellmg phenomena have been made at power 
plants located on the Mizushima 
Bay and the Muke Port. The results 
indicate the occurrence of the 
return flow in the bottom layer due 
to the outfall of cooling water  n.^i,. n      

50 Outlet 
100 150 

Pigure 10 represents the state of 
occurrence of the return flow in 
the bottom layer of the coastal 
region off the outlet by the out- 
fall of cooling water at the 
Mizushima and the Muke Thermal 
Power Plants.   The upwellmg 
motion may be also understood by 
the vertical structure on the 
thermal diffusion of Fig. 11, in 
which the uniform rise of the 
isothermal line towards coast is 
a particularly marked feature of 
the thermocline structure of the 
upwellmg region. 

This compensation current phenomenon probably occurs at the sea region off 
shore the outlet.   The upwellmg brings water of greater density and also 
leads to change in the distribution of mass, and exercises therefore a 
widespread influence upon the sea conditions off coasts where the process 
take place. 

30 °C 

29° 

IV 

Pig  11  Vertical distribution of water 
temperature along the j-axis perpendi- 
cular to the shore in M Bay 

V  DIFFUSION IN THE DENSITY STRATIFIED SEA 

In the theory of locally isotropic turbulence, it was found originally by 
Kolmogoroff that the eddy viscosity and eddy diffusivity increase with the scale 
of the phenomena concerned. The basic idea is that a wide spectrum of turbulent 
motions, or eddies, exists with scales varying from less than a centimeter up to 
the dimensions of the body of water itself. There exists an intermediate range 
of eddies which are m energy equilibrium. It is shown that in this range Kcc^i, 
where /, is a linear dimension representative of the scale of diffusion being 
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studied.  A number of authors have suggested that this lav should be applicable 
to horizontal diffusion m the sea.  In a stratified sea the application is 
complicated by the effect of density currents and the shear effect    It would 
seen unwise to assume that the 4/3 power law applies m a given stratified con- 
dition unless an independent experiment there has indicated that it does so. 

The process of turbulent exchange m the stable stratified sea is different 
from that m the homogeneous sea region   The existence of the density gradient 
may introduce into the energy spectrum a new equilibrium lange —the "buoyancy 
subrange"— situated in a range of lower wave numbers than the mertial subrange, 
as suggested by Bolgiano (l959)3)    As for the vertical diffusivity Kz ,   on the 
contrary the 4/3 power law will not be useful as much as for the horizontal 
diffusivity, not only because of a fact that the integral scale of turbulence Is 
comparable or even smaller than the scale of phenomena m the vertical direction, 
but also because of a strong dependence of Kz   on the stratification is still lacking 

An application of the transfer theory or the mixing length theory has been ex- 
tensively accepted, as a useful approximation, to practical problems of turbulent 
diffusion m the sea.   Various empirical formulas have been proposed to represent 
the variation of Kz , or the mixing length associated with it, with Rt 
Taylor (l93l)4) examined on turbulent phenomena of very small scale and pointed out 
that the influence on the vertical exchange and the diffusion of momentum were of 
many kind and that the process of exchange was isotropic.   A semi-empirical study 
based on the mixing length theory was first developed by Rosshy and Montgomery 
(1935)5) by introducing certain stratification parameter —Richardson number— into 
the expression for the mixing length    Thus, the application of their idea to the 
coefficient of diffusion results in 

K
'
=rM^\=£t\J!t\(-i+pR')"=K° a+w       •• (7) 

where £ z a,n& &Qdenote the mixing length for the stable stratified and the nonstrati- 
fied sea, respectively, and Rt   represents the Richardson number given by 

*,= (* dp/dz)/p(dp/dz)2 

Different considerations of the exchange mechanism m the stratified sea produce 
different expressions for the coefficient of diffusion on the degree of stability 

The influence of stability on the vertical mixing process due to tuibulence 
has also been treated by Mamayev (1958)6) , who considered that the appropriate 
forms for At   and Kz  were 

Kt=K0e-«R*   ,     A=A0e-mR> ..... (8) 

where n — m > 0   Prom Jacobsen's data it was deduced that n = 0.8, m = 0.4 

The effect of the density stratification m the vertical section on the 
horizontal exchange of turbulence was first investigated by Pan (l936)7) and 
Bowden (1965)8)    The results show that the turbulent exchange in the stable 
stratified sea is very nonisotropic and that the effective coefficient of hori- 
zontal diffusion is inversely proportional to the coefficients of the vertical eddy 
diffusion.   The occurrence of a stable gradient of density therefore increases the 
effective horizontal mixing very considerably.   This conclusion is inconsistent 
with that led by Taylor previously mentioned.   But, Taylor's theory concerns with 
the exchange process of very small scale   The above conclusion is applicable only 
to phenomena with long duration.   R.V. Ozmidov (1965)9) proposed a new model of 
turbulent exchange m the stable stratified sea.   Prom the theory of locally ISO- 
tropic tuibulence, the mean velocity gradient of the turbulent eddies is given by 
the following equation 

£=«* '"*   (9) 
where c is a universal dimensionless constant, £   is the energy dissipation rate and 
£  is the distance   The critical scale £CT  that the turbulent field loses its non- 
isotropy may be obtained by taking Qcr   as £  when Rt   approaches a finite value, a 
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The effect of shear existing in the Richardson number Rt   may be replaced with 
equation (9)    The critical scale Q^r  depends on energy dissipation rate e  and on 
parameter   /?— (g/p) {dp/dz)        In this case 8cr  3 s given by 

= «>/r (10) 
'"      \g(dP/3z)) 

where a   is a dimensionless constant 

The values of the veitical and horizontal turbulent exchange coefficient Kz 
and Kh   also depend parameteis e and ft  .   Within scales vanng from the critical 
scale ^f( up to the "Kolmogorov micio scale

11, S0=(^s/e)4    ,   where is v   is the 
kinematic viscosity, the turbulent fields have the isotropy even in the strati- 
fied sea   For eddies with S~>Qcr  , large turbulent eddies have only vertical 
axis.   That is, we have Kh? Kz     for large scale exchange because the diffusion 
velocity has its upper limit even if the spot of diffusion becomes large 

The maximum value of Kz   can be estimated on the basis of the 4/3 power law 
from the theory of locally isotropic turbulence.   That is 

at'Cj pe 

g(dp/dz) 

where is an universal constant 
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VI   METHODS OF SOLVING FUNDAMENTAL EQUATIONS 

The distributions of flow and water temperature in the continuously strati- 
fied sea caused by outfall and intake of cooling water must be obtained by taking 
account of the interaction between flow velocity and thermal distribution 
In order to obtain the velocity and the density fields, the numerical experiments 
is conducted in the vertical section.   In the fundamental equations which govern 
phenomena of flow and thermal diffusion, the density enters explicitly   In this 
report, the Boussmesq approximation is used throughout, which neglects density 
variations m the mertial terms of the equations of motion   From this assumption, 
the equation of continuity can be replaced by thns approximation.   And theiefore 
we can introduce a stream function P  into the fundamental equations   Replacing 
the equations (l)~~ (4) by a Laplacian equation of the stream function, an equation 
satisfying the vorticity, and an equation for the thermal diffusion, we obtain the 
following equations (12)~(14)   To obtain the equation for the transfer of vorti- 
city, the pressure P is eliminated between equations m the t-  and z-directions of 
equation (l) by cross-differentlation and subtraction   Solution of the equation 
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of thermal diffusion with a complete set of Eulerian equations may be obtained 
numerically. 

1 fd'P , 3ZP\ ,      , 

«-€+»(*0+'.£ 2(f   f- \3z   3x 
3P d(\ 
dx   dz) 

+ 3_(dA_, 
3x\ dz 

3w\      3 (3A, 
dz)     3z\dz dz}'1'   dx    dz2        dz     dz2 

(13) 

dz     dx      dx    dz      dx\pu    dx)      dz\pw    dz) 

The term of thermal horizontal gradient is contained in the first term of the 
righthand side of equation (13).   And this term could probably be interpreted as 
one having power of binding the flow associated with addition of the warmed 
cooling water. 

The effect of thermal gradient is omitted, in the first order approximation, 
to simplify the mathematical development.   Solutions of the first order approxi- 
mation are applicable only to bay having negligible stratification or gravitational 
convection.   A more general solution is obtained by the combination of equations 
(12), (13) and (14), by applying these first order values obtained above.   If the 
processes are repeated, the required solution will be obtained finally   Solutions 
thus obtained give the values which are influenced, to some extent, by the thermal 
distribution-velocity interaction. 

In the experimental treatments of the previous paper" , the coefficients of 
eddy diffusivity and eddy viscosity were assumed to be constant despite the fact 
that the magnitude of the coefficient depends strongly on the local turbulence 
The existence of thermal activity and buoyancy effects add great complexity to the 
exchange problem.   Generally speaking, the effect of a thermal stratification on 
the state of turbulence is described by means of the local Richardson number. 

It is, in fact, doubtful that a universal equilibrium theory can be established 
to relate turbulent transfers to mean gradients, regardless of scale and for the 
entire range of the Richardson number.   The assumption we will make essentially 
imply above mentioned theory.   Thus we must apply a considerable amount of empiri- 
cism, and can not expect the resulting expressions to be necessarily valid for all 
physical frameworks. 

In this treatment, the eddy coefficients of viscosity and diffusivity are 
assumed to be of form proposed by Mamayev   This formulation must have a finite 
value as R^^  .   And therefore, the following relations are adopted 

^=(^+^0 e~mRi)     (15* 

K^iKj+Koe-***)  (16) 

where Ax  , A0 » Kx   and KQ   are constants. 
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VII   NUMERICAL EXPERIMENTS OF THERMAL DIFFUSION 

In this report, the most basic 
are the net outseaward flow require' 
the gravitational convection due to 
lower water Numerical solution 
partial differential equations desc 
rature distribution for a given sea 
solutions provide new insight into 
velocity fields as a control mechan 
development of upwellmg motion cou 
Figures 13 and 14 represent respect 
and velocity along the longitudinal 

contributions to the velocity fields m the sea 
d for disposal of the warmed cooling water, and 
the density difference between warmed water and 

have been obtained for the coupled system of 
ribmg the flow circulation and the water tempe- 
condition with meteorological data.   These 

the interaction of the water temperature and 
ism in coastal dynamics.   The mechanism of 
Id also be confirmed by numerical experiment. 
lvely the vertical profiles of water temperature 
section obtained by the calculation. 

Fig  13.  Water temperature distribution along a longitudinal section. 

150m 1 00 5 
15 15 16 16 16 1* 17 17 18 19 20 24 2V 31 h 3b 36 •it 37 £50  

14 15 15 16 16 16' 17" 17 ft ft          1 20l   ' 23 2h 30 T1 
3b 35 37 37 }o  

14 14 15 15 

14*"         ' 

15 

~14~"" 

16' 16 

IT* 

16 17 

15 

17 a 

19 

"ltT 

25 

22 

18 

28 31 32* ~3"T~ 31 30 

~14~ 

"07" 

r// 
13 13 14 15* 24 

14 

n 

^4• 

27 

~20~~ 

14 

25* 

12 

10 

12 

10 

12 12 

Tl 

12 

11 

13 

11     " 

13 13   ' 

u 

13 13- 14 14 /4 

/      5 
11 11   '" 12-     > 13* 12 08 

\>, 09 05 09 09 09 09 09 09      '• 09 09      ' * 09 6ll 09 OH 07 * 05 02 

07 07 07 07 07 07 06 06 06 06        * OB 06* 0b* 04* 02 01 04 04 02 

W
at

er
 d

ep
th
 

in
 i

r 

05 

04~       *" 

05 05 05 05 05 04 04 04 04           l 03 02 02 
03 04 04 06 05 02 

04 03 03 03 03 03 02 02 02 01 02 04 06 08 ' 08 

11 

'll" 

08 05 02 

03 02 02 02         * 02 01 01 01 00 00 01 04 06 

"oT" 

08 10 09 

08 

05 01 

"oT" 01 01 01 01 00 00 00 00 Rh fbi V 

01 00 00 00 00 01 01 01 P1 te % 05 

04 

0 

of oV 10 10 07 03 01 

00 
0 

00 
0 

00 
0 

00 
0 

01 
0 

01 
0 

Til 
0 

01 
0 

01 
0 0 0 

OS 

0 

07 07 08 05 02 01 

*f/f=t//= ' i~tn=ti>= ^/fe t)?H =il/= W=ti /=//£. ==/«? /&=// /s/ff 

Fig. 14.  Velocity distribution along a longitudinal section. 

The general feature of the velocity solution is shown in Fig. 15, where the 
value, Az/Ax - 0.1, has been used This figure utilizes only the first and the 
fourth order velocity. These curves show a surface outflow and a deeper inflow 
of water. Higher order approximation, taking into account of interaction, has 
a considerable effect on the shape of the vertical profiles of water temperature 
and velocity. 
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\ 
H= . ml ^"o 

- \N - 2H 

- \ - 3H 

- \ v 4H 

- .- 5tf 

- 
/• 7ff 

10m  ( *>H) 

An interaction solution m the vicinity of the outlet gives the velocity 
larger or smaller than that give by the first order solution at the surface oi 
at the bottom.   However, off the outlet, differential advection between two 
layers will tend to develop a density instability in these layers, giving a much 
increased vertical coefficient of diffusivity   The motion of water particles 
near the outlet can be grasped from velocity distribution along a longitudinal 
section shown m Fig. 14.   From these series of experiments, it can be seen that 
colder water in the lower layer is sucked into the upper layer along the vertical 
wall, and that the temperature of released water in the upper layer is decreased, 
to some extent, by entrainment and its volume also increases as it moves off- 
shore.   This upwellmg action will also change the vertical profile of the water 
temperature   This can be understood by the process of formation of the thermoclme 
shown m Fig. 15    The upper movement of isothermal lines near the outlet would be 
probably determined from the relation between the turbulent intensity of cooling 
water flow and upwelling motion   In this case, it seems that the upwellmg pheno- 
menon is excelled in the fluid motion near the outlet   Figure 13 is similar to the 
vertical structure on the thermal profile of the field survey shown m Fig. 11, in 
which the uniform rise of the isothermal lines toward the coast is a particularly 
marked feature of the thermocline structure of the upwelling region.   The numerical 
solutions give a good representation of all features of flow and thermal profiles. 
From the velocity profile at the site 80 m (or 40 //, where H  is the height of outlet) 
shown in Fig. 15, the difference between the first and the higher ordei approxima- 
tions can't be almost found. 

The process of the formation of water temperature distribution is different 
from that of velocity fields.   As the solution goes to a higher order approxima- 
tion the heat energy caused by the outfall of warmed cooling water has a tendency to 
accumulate in the form of wedge shaped in the surface layer (see Fig, 16) 

      1st appr 
- T/To -*—T/T„ 

—   2nd appr 
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33    31    29   27    25    33    31    29    27    25    33    31    29    27   25    33    31    29    27   25    33    31    29    27    25    33    31    29    27    25    33    31    29    27 25 
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11     v 
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Fig.   16       Profile   of water  temperature  distributio 
K, = Kl+ K0 e-"x,,A,= A,+A0 e~" *' . 
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This phenomena can also be understood by the distribution of water temperature 
at the site far off the outlet.   The results do suggest that the mixing proce&s 
resulting in the entramment into the upper layer predominates over that by the eddy 
diffusion near the outlet   Therefore, refinement of the influenced range of flow 
and water temperature rise by the surface outfall is obtained by taking the supply 
of the lower water into account.   The subject of futuie reseaich would be the 
theoretical description of upwellmg in a stratified, two-layer sea   This point is 
being investigated. 

VIII   CONSIDERATION OF COLD WATER INTAKE FROM A STRATIFIED FLUID 

Finally, problem on the colder water intake from the bottom layer in the sea 
with relation to design of the intake structure of cooling water is considered. 

Up to present, the study on the selective withdrawal mtakmg colder water of 
lower layer has been carried out on the assumption that the sea water has a two- 
layer system with a discrete interface acioss which the density changes abruptly 
In the field, however, such a well-defined interface does not usually occr   The 
vertical distribution of the density presents continuous profile by development of 
the intermediate layer when the mixing between two layers is promoted by the wind 
action.   However, an equivalient interface has been assumed to exist at the place 
in the depth at which the vertical gradient of temperature or density is a maximum 

It appears desirable to extend the theory and experiment to systems with con- 
tinuous density stratification   Namely, paying attention to the dynamic inter- 
actions between the density (or temperature) and the velocity distributions, intake 
equ:pments to promote the efficiency of cooling water intake should be designed. 

Because of the inherent difficulty in making steady experiments with continu- 
ously stratified flows, the results are not very conclusive.   For a given intake 
geometry, the maximum colder water discharge that can be withdrawn without inducing 
appreciable withdrawal from the upper layer m the sea with two-layers was only 
determined.   It is interesting to investigate the selective withdrawal problem of 
a fluid with known density from a stably stratified fluid in the feea because little 
work has been done m the field of continuously stratified flow 

Theoretical studies of incompressible, 
steady, viscous flow towards a sink in a 
stably stratified fluid were made by V R 
Debler (1959)"" , Iih, O'Dill and Debler 
(1962)'" , Robert C.Y. Koh (1966)m    ,   and 
Onishi and Hino (1967)31   In these studies, 
it is assumed that the density increases 
linearly from the sea surface to the bottom 
and that the intake opening is taken as a 
line sink 

In the present report, the numerical 
experiments of the stratified fluid with a 
continuous density gradient flowing into 
the submerged intake with a finite opening 
is undertaken to gain additional insight 
into the mechanism of density flow m the 
field of the continuously stratified fluid 
In this section, some calculations are 
made to obtain the distributions of flow 
and water temperature at varying veloci- 
ties 

The intake structure is in the form 
of submerged curtain wall with a finite 
opening.   The height oi opening is 3 m 
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The numerical model contains the dimensions of 9 m m water depth, 390 m far 
off the intake structure in longitudinal section   This model corresponds to the 
intake type of curtain-wall structures at Sakai-Port Thermal Power Station. 
Figure 17 shows the cross section of curtain-wall type for this Power Station. 
An example of the result of temperature measurements for bottom water intake is 
shown m this figure    The conditions of calculation is setting up on the basis 
of the result of the field survey at the Sakai-Port site 

The boundary conditions of numerical calculation are given as follows. 

(I) T  = 31  C at the sea surface, T -   25  C at the sea bottom, 

(n)  The water temperature for the sea infinitely far off is set up by 

solving the diffusion equation -r~ I—- ~  1 = 0 with the model of 
dz\Pdz 

diffusivity, K^Kv+K, e'm^ 

Its result is shown in Fig. 17 with the dotted line.   The general features of 
the velocity solution by numerical experiments is shown by Fig. 18.   In this case, 
the values, At/Az  =  0.1, KK/KX  =  0.1, K,   = Ai   = 0.01 m2/sec and K0   = A0   =  0.1 
m2/sec have been used.   The values of intake velocity as a parameter are «0 = 0.2 
m/sec, 0.5 m/sec.    This figure gives the first and the fifth order velocity. 
Figure 19 represents a result of the vertical profiles of water temperature ac- 
companied by bottom water intake (u0   -  0.5 m/see)    Higher order approximation 
has a considerable influence on the vertical profiles of the velocity and the 
water temperature in the sea region   The interaction solutions in the vicinity 
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of the inlet give larger than that give by the first order solution especially at 
the bottom layer.   From Figs. 18 (a) and 18 (b), the characteristics of the intake 
for the different values of intake velocity may be understood.   If one makes the 
intake velocity small, it can be seen from Fig. 18 that we can expect effectivene&s 
of intake 

—-TC 
5      27     29     3 

1 
/ 
/ 
/ [/ 

—*- TC 
25    27     29      3 

—^TC 
5      27    29      3 

x/H0=l0 x/H0=2 3 x/H0-6 7 Sea   infinitely 

far    off 

Pig. 19  Profile of water temperature 

Figure 20 shows the distribution of the water temperature near the inlet for 
the two values of intake velocity.   The full lines means the case of u0   - 0.2 
m/sec.   From Figs. 19 and 20, it can be seen that the vertical profile of water 
temperature m the sea is not subject to the influence of the intake for the 
section far off x/H0   -5—6 (//0 is the    Tr 
intake opening, $   is the distance from 2j>_   27~~"~ 29    31 
the inlet) from the intake structure. 
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= 0 2m/s 

Fig. 20  Water temperature near outlet. 
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Fig 

(Mean  intake water 
temperature   26 2C) 
21   Intake water 

temperature. 
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The result of calculation of the intake water tempeiature from the continu- 
ously stratified field is shown in Fig. 21 for the two values of intake velocity. 
The water temperature of intake, %  , is 27 °C at the intake velocity of u0   =  0.5 
m/sec, 71 - 26.4 °C at «0 = 0.2 m/sec.   There is less change in the value of the 
water temperature of intake than it was expected.   In the continuously stratified 
field, there exist a flow which has only a small velocity m the surface layer 
This flow toward the coast m the surface layer changes into the flow towards 
vertical down in the neighborhood of vertical wall upper the intake opening. 

The results lead to the conclusion that the flow m the field of the continuous 
distribution of density differs slightly from that for a two layer system having a 
discrete interface.   However, these results seem support the view that the 
application of a two-layer system to the design of the practical intake structure 
is possible.     Further studies in this respect must be the subject of future 
research. 

CONCLUSIONS 

The following points were made clear as -ihe results of the field surveys and 
the numerical experiments. Those were carried out to make clear the possibility 
of the intake and the outfall of cooling water m the same basin. 

1) Numerical solution of the equation of thermal diffusion with a complete set 
of Eulerian equations in which the values of the eddy coefficients of dif- 
fusion and viscosity depend upon the relation to the velocity shear and 
vertical density gradient was presented.   Our efforts to develop a numeri- 
cal model capable of simulating density flow problems have evidently been 
partially successful.   Results of the computation are m reasonable agree- 
ment with the observed features.   It also seems that the eddy exchange 
terms in the vertical section partially satisfy a real physical requirement. 

2) The mechanism of development of upwelling phenomenon was made clear from 
the numerical experiment, taking into account of the interaction between 
the flow and the thermal distribution.  It was made clear that the colder 
water in the lower layer was sucked into the upper layer along the 
vertical wall of the coast.   And therefore, the mixing process resulting 
m the entramment into the upper layer predominates over that by the eddy 
diffusion near the outlet.    These phenomena were also confirmed by the 
field surveys with respect to the velocity and the water temperature off 
the outlet. 

3) The numerical experiments of the stratified fluid with a continuous 
density gradient flowing into the submerged intake opening were conducted. 
The results lead to the conclusion that the flow m the field of the con- 
tinuous distribution of density differs slightly from that for a two layer- 
system having a discrete interface.   However, these results seem support 
the view that the application of a two-layer system to the design of the 
practical intake structure is possible. 
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CHAPTER 95 

SHIP WAVES IN NAVIGABLE WATERWAYS 

DUMCAN HAY, M.S. 

REGIONAL COASTAL ENGINEER 
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ABSTRACT 

Model tests were conducted at the University of California, Berkeley, on six 
ship models to determine the heights of the waves produced by ships. Measure- 
ments were made at various distances from the sailing line with the models 
moving at various speeds in various water depths. The results of the tests 
are presented in graphical form, as prototype values. 

INTRODUCTION 

There has been considerable theoretical and experimental work conducted on the 
pattern of ship waves and the resistance offered to the ship by the waves it 
produces. Most oi the previous work was conducted in order to understand the 
mechanism of wave generation, the wave Dattern, and the sauat of the ships. 
There are, however, v»ry little data available on the height of waves at 
various distances from the sailing line, produced by ships of various hull con- 
figurations, moving at various speeds. 

This report presents the results of model studies carried out at the University 
ol California, Berkeley, on six model ships. The maximum height of the gene- 
rated waves at various distances from the sailing line, and various water 
depths, is related to the ship's speed. The results will provide data for the 
design of harbour and channel revetments which are subject to attack by ship 
waves.  On waterways where public safety is a factor or control ol erosion is 
necessary, the results give an indication of the maximum allowable speed of a 
ship in the waterway. 

TESTING PROCEDURE 

The types and dimensions of the six models tested are tabulated in Table 1. 
These models were chosen to represent a wide range of hull configurations. 
Bow views of the models are shown in Figures 12 and Ij. 

1472 
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TABU i I 

MODEL TYPE SCALE PROTOTYPE DIMENSIONS MODEL 

Overall Beam Draft Displacement 
Length Ft. Ft. for Test's 
Ft. Lbs. 

A Marine r 
Class Cargo 
Ship 1-96 566 7U ?k 37.32 

B David Taylor 
Series 60 1:96 505 6U 2\x 30. as 

C Moore Dry- 
Dock Tanker 1:96 50U 66 28 U5.U8 

D Auxiliary 
Supply Vessel 1:32 156 36.3 9 61.00 

E Barge 1:U8 263.5 5U.5 1U 97.80 

F Tug 1:32 152.7 3U.3 1U 66.50 

The models were towed by a taut nylon line which was connected to the model fore 
and aft. Suspended weights connected to a sheave provided the driving force. 
When the weights were released and the velocity was constant, the time required 
for a given number of revolutions of the sheave of known diameter was recorded 
and the velocity of the model was calculated. The waves produced by the models 
were measured by wave gauges positioned at distances from the sailing line of 
0.5, 1.5, 2.5, and "iS  times the model ship's length. The waves were recorded 
on a four-channel Sanborn recorder. For a given model, four series of tests 
were run for water depth to draft ratios of 1.375, 2.0, 2.5 and 3.5. These four 
ratios were chosen to cover the range of water depths normally encountered in 
navigation channels. For each run the still water depth was the same at all gauges. 

RFSIILTS 

The height of the largest wave in the wave group, measured from the preceding 
trough to the crest, is designated %ax. Figures 1 to 9 present prototype 
values of some of the test results. In these plots, X is the distance from 
the sailing line at which Hmax was measured, L is the overall length of the 
ship, D is the ship's draft in feet, and d is the still water depth, in feet. 

From the graphs presented it is possible to obtain cross-plots such as Figure 10. 
In this manner it is possible to show the decay of Umax from the sailing line 
or the effect of water depth on Hmax. In Figure 10, Fr is defined, as usual, 
as dimensionless V/V gd. 
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DISCUSSION 

The results of the tests show that in protected waterways ships may produce 
waves of significant magnitude relative to wind generated waves. The graphs 
presented will provide data for harbour and coastal engineers, or port autho- 
rities, to determine necessary protective measures or limiting speeds of 
vessels in navigable waterways. It is noted that smaller vessels such as the 
tug of Figure 9, may produce waves comparable m heipht to the waves produced 
by a large vessel, but at a lesser speed. 

The test results show that for a given ship, speed and distance from the 
sailing line, the value of "max increases with decreasing water depth. The 
increased wave heights in shallow water are related to the increased resistance 
and squat a vessel experiences in shallow water. When a vessel enters shallow 
water the return velocity of the water alongside the ship increases. By 
Bernoulli's equation it is possible to show that an increase m wave height 
and squat must accompany this increased velocity. The connection between the 
ship's squat and the heights of the waves produced is evident by the similar 
asymptotic character of the curves presented in this report and the curvps 
presented by Schijf for squat. (Ref. 1.) 

During the model tests the wave gauges were arbitrarily positioned at fixed 
locations as determined by the overall length of the ship. Therefore, the 
results show the maximum wave heights at the point of the wave gauges which 
is not necessarily the maximum wave heights in the wave pattern. A ship 
produces diverging and transverse waves (ref. 2). The highest waves in the 
wave pattern are where the diverging and transverse waves intersect and super- 
impose. These locations are termed cusps. It is evident that the position of 
the wave gauges was not necessarily in line with the location of the cusps. 
This may explain the apparent irregularities of some of the curves. Also, a 
cross-plot taken from the data, such as figure 10, is only correct at the 
points X/L equal to 0.5, 1.5, 2.5 and 3.5. A curve drawn through these points 
is only indicative of the wave decay and does not take into account the pos- 
sibility that the location of a cusp may be at an intermediate value of X/L. 
However, for practical purposes, the error in drawing a smooth curve on the 
cross-plot is not appreciable. 

As mentioned previously, the water depth and the ship's speed are important 
factors with respect to the heights of ship produced waves. Another factor is 
the fineness or configuration of the vessel's hul]. Brebner defined a fineness 
ratio as, V"/J  A. (ref. 3) L"' is the length of the curved part of the bow, at 
the waterline, measured in the horizontal plane, and A is the cross-sectional 
area of the parallel middle-body, below the waterline. 

The effect of the fineness of the bow is shown in the cross-plot of figure 10. 
It was not the purpose of the tests to explicitly study the effect of the bow 
fineness; therefore, the data does not lend itself to the isolation of this 
factor. The factors of wave decay and velocity are not totally excluded in 
Figure 10, therefore all the curves do not lie in order. Generally, figure 10 
does confirm intuition and observation by showing that the wave producing 
capacity of a ship decreases with increasing fineness. 
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A comparison between models A and B and the results obtained by Brebner for 
the 650 foot Empress of Canada is shown on Figure 11. The fineness ratio 
of the Empress of Canada is U.OU. The results are in reasonable agreement. 

SUMMARY 

Ships travelling in waterways may produce damaging waves. The graphs 
presented in this paper give an indication of the magnitude of the waves 
which may be expected for various vessels. It should be noted that the 
results are for vessels travelling in water of constant depth. Further 
tests were conducted on ship waves m shoaling water. The results of these 
additional tests will be presented by Professor J.W. Johnson, Department of 
Civil Engineering, University of California, Berkeley. 
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CHAPTER 96 

SHIP WAVES IN SHOALING WATERS 

J. W. Johnson 
University of California 

Berkeley 

ABSTRACT 

Models of two types of vessels were towed at various speeds in water 
of uniform depth.  On one side of the sailing line the ship waves were 
allowed to move over beaches of various slopes.  The wave heights were 
measured and compared at two points equidistant from the sailing line— 
patterns were determined by photographs. 

INTRODUCTION 

Several studies have been made at the University of California to 
determine the characteristics of waves generated by moving ships.  The 
initial studies by Johnson (1)* were concerned with model tests in the 
laboratory as well as some field tests with a power boat. More recently 
Sorensen (2,3) measured the waves generated by five different types of 
ships moving in the Oakland Estuary in California.  Sorensen (3,4) and 
Moffitt (5) also determined the surface contours of a ship-wave system 
by stereophotography of a ship model moving at various speeds through 
water of constant depth.  To extend the work of Sorensen (2,3), Duncan Hay 
has determined by model studies the wave characteristics of several large 
commercial type ships, barges, tugs, etc., moving at various speeds in 
shallow water of various uniform depths.  Hay's data are presented in the 
foregoing chapter of this publication. 

A typical ship-wave pattern consists of diverging waves and trans- 
verse waves.  These waves form a constant pattern and meet to form a 
locus of cusps with an angle to the sailing line.  In deep water this 
angle is about 19° 28' and becomes greater in shallow water.  The maximum 
wave height occurs when the locus of cusps passes a measuring point.  It 
has been customary to refer to the maximum wave height H  , as the maxi- &   max' 
mum vertical distance between any given wave trough and the following 
crest.  The magnitude of the maximum wave for a given ship is a function 
of the ship speed, the water depth, and the distance from the sailing 
line.  Some information on maximum wave heights for several types of ships, 
as determined by both laboratory and field studies, are presented below. 

See References 

1488 
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SHIP WAVE MEASUREMENTS 

An indication of the general order of magnitude of the height and 
period of the maximum wave generated by boats from 3 to 343 tons is 
given in Table 1.  These data are derived from the measurements of Sorensen 
(1) m the Oakland Estuary in which a depth of approximately 35 ft. 
existed.  The maximum wave height and half period is given at distances 
of 100 and 500 ft. from the sailing line with the boats moving at 10 
knots.  The length, beam, and draft of each vessel is also presented. 
It is to be noted that the difference in wave height between the extremes 
of size of vessel is relatively small for the depth of water existing 
in the tests. As discussed elsewhere (1) the critical factor governing 
the maximum wave height is the ratio of draft to depth, a factor which 
is not readily apparent in the comparisons shown in Table 1. 

The data presented in Table 1 pertain to ship waves in water of 
uniform depth.  To obtain information on the transformation of such waves 
as they move into shoaling water, a series of laboratory measurements 
were made with models of the Mariner Class cargo ship and a barge similar 
to that used by Hay but to a 1:96 scale.  The characteristics of these 
models are described in Table 2.  Cross sections of the sloping beaches 
used in the tests are shown in Fig. 1.  The models were towed at various 

TABLE 1.  WAVES GENERATED BY VARIOUS BOATS OPERATING AT 10 
KNOTS IN THE OAKLAND ESTUARY (depth = approx. 35') 

Boat Length 
(ft) 

Beam 
(ft) 

Draft 
(ft) 

Displacement 
(tons) 

Distance from 
sailing line 

100 ft 500 ft 

H 
max 
ft 

T/2 
sec 

H 
max 
ft 

T/2 
sec 

Cabin 
Cruiser 

23 8.25 1.66 3 1 1 - 0.8 - 

Coast Guard 
Cutter 

40 10 3.5 10 1.6 1.0 1.0 1.0 

Tugboat 45 13 6 29 1.6 1.2 0.9 1.2 

Fishing 
Boat 

64 12.8 3 35 1.8 1 0 0.7 1.0 

Fireboat 100 28 9-12 343 1.6 1.3 1.0 1.3 
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TABLE 2.  SHIP CHARACTERISTICS 

Type 

Prototype Dimensions 

Model 
Length 
Scale 

Displacement 
(tons 

Length 
(ft) 

Beam 
(ft) 

Draft 
(ft) 

Mariner 
Class 
Cargo 

16,500 566 74 24 1 96 

Barge 5,400 263 55 14 
1-96 

TABLE 3.  TEST CONDITIONS FOR WAVES ON SLOPING BEACHES 
(PROTOTYPE DIMENSIONS) 

Model 

Bench Slope 

1 10 1 5 Com posite 

dl 
(ft) 

d6 
(ft) 

X 

(ft) 

dl 
(ft) 

d6 
(ft) 

X 

(ft) 

dl 
(ft) 

d6 
(ft) 

X 

(ft) 

Cargo Ship 60 5 1006 60 15 725 56 8 932 

Barge 42 3.5 882 42 10.5 665 56 8 932 
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speeds in water of various depths, and the wave heights were recorded at 
equi-distances on the two sides of the sailing line.  On one side (sta. 1) 
the water was of uniform depth, and on the other side (sta. 6) the waves 
were allowed to pass over beaches of three different slopes.  The water 
depths at stations 1 and 6 and the distances of these stations from the 
sailing line are summarized in Table 3.  The results of the various wave 
measurements with the two models are presented in Figures 2 and 3.  It 
is evident from Fig. 2 that at the lower speeds the waves from the cargo 
ship appear to be less on the 1:5 and 1:10 slopes than in water of uniform 
depth—apparently as a result of refraction effects. At the highest speeds 
the waves are as high or greater on the sloping beaches than in water of 
uniform depth.  Because of the relatively low maximum speed of the barge, 
the wave heights on the sloping beach are always less than in water of 
uniform depth.  In all instances it should be noted that, even though 
the waves on the beaches may be lower than in the deeper water on the opposite 
side of the sailing line, the waves will peak up and break on the shoreline. 

Some indication of the character of the wave pattern in the nearshore 
area is illustrated by Fig. 4 which shows contours of the wave surfaces 
resulting from the passage of the Mariner Class ship model. These contours 
were obtained by stereophotogrammetric analysis from stereophotographs 
taken as the ship waves moved from water of uniform depth onto a 1:10 beach. 
The dimensions shown in Fig. 4 are model values.  In prototype terms, this 
figure shows that a Mariner Class cargo ship of 16,500 tons displacement 
moving at 19 knots in water 48 ft. deep along a sailing course parallel 
to and 890 ft. from the waters edge will give the pattern shown m Fig. 4 
as the waves move over a 1:10 beach. The ship's stern is approximately 
960 ft. ahead of point A (Fig. 4), and the height of the breaking wave crest 
at point B is 10 ft. above the still-water level.  The length of shoreline 
covered in Fig. 4 is approximately 500 ft. 

To supplement the wave patterns obtained by stereophotogrammetry, 
illustrated by Fig. 4, ripple-tank photographs obtained by towing a 1:576 
scale model of the Mariner Class ship at various speeds were obtained in 
the ripple tank at the University of California and are shown in Figs. 5 
and 6. The technique of obtaining these photographs is described elsewhere 
by Laitone (6). These photographs show the waves as they move from water 
of uniform depth onto beaches with slopes of 1:5 (Fig. 5) and 1:10 (Fig. 6). 
Two views of the waves are presented for each ship speed to permit a 
detailed evaluation of the entire wave system.  The wave patterns are shown 
for four different values of the parameter, 

A = C/C„ 

where C is the speed of the ship and Co is the velocity of a wave in shallow 
water; i.e., C„ = /gd, where g is the acceleration of gravity, and d is 
the water depth.  Examination of the various photographs shows the obvious 
change in wave height and geometry of the wave pattern with ship speed. 
Also of interest is the large bow waves that exist when the critical speed 
of X = 1 is exceeded.  The nature of the refraction and reflection of this 
bow wave, as well as the following smaller waves, from the sloping sides 
also is of interest. 



1492 COASTAL   ENGINEERING 

SUMMARY 

The above data provide some measure of the heights of waves resulting 
from the passage of typical ships movxng at various speeds near sloping 
shorelines.  The magnitude of such waves when ships travel at relatively 
high speeds obviously may create hazardous conditions to unobserving users 
of the shoreline. Floating equipment and docks along a shoreline also 
are subject to damage. 
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I RUN 6 
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(a) WATER   SURFACE    CONFIGURATION 
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Fig. 4 - Surface contours of waves generated by a Mariner 
Class cargo ship moving at 19 knots in 48 feet of 
water 890 feet from the shore which has a 1:10 
beach slope. 
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mil1 

A =  0.75 

y 

A = 0.90 

A = 1.02 

X - 1.11   A 

Fig. 5.  Ripple tank photographs of ship waves moving 
onto a beach with a 1:5 slope. 
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X = 0.75 

X = 0.90 

st ,1 
X =  1.02 

X =  1.11 

Fig. 6. Ripple tank photographs of ship waves moving onto 
a beach with a 1:10 slope. 



CHAPTER 97 

MEASURING OF SQUAT IN THE FAIRWAY TO THE PORT OF LULEA, NORTH SWEDEN 

Carl G Carlstrb'm, Chief Engineer Harbour Projects 
Luossavaara-Kiirunavaara AB, Stockholm, Sweden. 

ABSTRACT 

The importance of knowledge of squat and expected underkeel clearance 

for ships passing a fairway is essential to the navigational safety 

and the economy of a harbour. 

In order to check the squat of ships in the fairway to the port of 

Lulea a photographic measuring method has been evolved and used in 

measurements on three different ships.  Determining of squat is 

made by levelling the position of vessels in relation to water level 

at the berth before sailing and en route at measuring points along 

the fairway. 

The accuracy of measurements was determined by observations on 

reference staffs. The order of standard deviation is 1/2 inch, at 

2,400 feet distance.  Observations indicate squat ranging from 

1 foot 5 inches at speeds of 9 knots to 2 inches at 3>7 knots. 

The measured squat corresponds rather good to tneoretically calculated 

values according to Woltiger and Shell/Sogreah. 

The measuring method used has reduced the field work.  The greatest 

advantage is that adequate values of squat will be directly recorded 

with only a few corrections including irregular factors such as 

turbulent flow, hull deformations and variable channel sections. 

A condition is however sheltered water and possioilities of solid 

foundation for instrument arrangement. 

1499 
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INTRODUCTION 

The importance of knowledge of squat and expected underkeel clearance for 
ships passing a fairway is essential to the navigational safety and the economy 
of a harbour 

In order to check the squat of ships In the fairway to the port of Lulea, a 
photographic measuring method has been evolved and used in measurements on three 
different ships  Determining of squat is made by levelling the position of 
vessels in relation to water level at the berth before sailing and en route at 
measuring points along the fairway. 

The accuracy of measurements was determined by observations on reference 
staffs  The order of standard deviation is 1/2 inch, at 2400 feet distance. 
Observations indicate squat ranging from 1 foot 5 inches at speeds of 9 knots 
to 2 inches at 3 1/2 knots 

The measured squat corresponds rather good to theoretically calculated values 
according to Woeltiger and Shell/Sogreah 

The measuring method used has reduced the field work  The greatest 
advantage is that adequate values of squat will be directly recorded with only 
a few corrections including irregular factors such as turbulent flow, hull 
deformations and variable channel sections. 

A condition is however sheltered water and possibilities of solid foundation 
for instrument arrangement. 

THE FAIRWAY 

A new ore loading terminal and a new fairway were built in 1962-65 at Lulea, 
North Sweden, by the Swedish mining company LKAB and taken into full operation 
in the summer of 1965. Shipping season is normally 7 months from May to 
December. 

The total length of the fairway is 7 nautical miles, 5i miles of which have 
been dredged; removed volumes totalling 7? mill, cu.yds. consist of clay, gravel, 
sand (Pig. l). Some 100,000 cu yds. was blasted rocks. The minimum depth at 
mean water level is mainly 40 feet. The blasted sections hold 45 feet and an 
excavated part with full channel cross section has 42 feet minimum depth. (Pig. 2). 
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The min.  bottom width on one nautical mile stretch is 250 feet, in the remaining 
parts 550 feet. 

There is no tide, but irregular variations in water level by currents and 
winds occur. Normal deviations from mean water are + 1 foot (93 % duration). 
Lowest recorded water is about 3 feet below mean water level 

Size of ships 

At present the underkeel clearance recommended is 3 feet permitting a draught 
of 37 feet which corresponds to vessels of about 40,000 tons dw fully laden at 
mean water level  The reckord load of about 4-5,300 tons in a 50,000 tons dw 
ship was shipped in August 1968  The currart draught was 36' - 5" at abt. 8" 
low water. 

NEED OP INFORMATION ON SQUAT 

It is a well- known fact that a ship in motion changes the margin between 
the keel and the bed compared to the value when the ship is at rest. The change 
of this underkeel margin resulting from change of the ship's trim and sinkage 
of th^ water level due to motion is usually combined under the term squat 

Ships'offleers and pilots have in general only their own experience to 
make themselves an idea of the required underkeel clearance. This often 
leads to overrating of the safety factor by adding considerable 
margins for squat. Seen from the point of safety 
this is inviolable but from the freight economy less satisfactorily.  It is 
quite clear, that without underrating the safety, one should not base decisions 
of underkeel margin on thumb-rules but on real knowledge for an optimal 
utilization of investments made in harbours and approach channels 

In 1960-1961, when the period of planning was in progress, much discussion 
occured about the dimensions of the channel and the order of underkeel 
clearance to be stipulated.  Differences of opinion particularly among the 
pilots has forced to measurements in order to determine squat and evaluate 
underkeel clearance with 'ships in motion. 

MEASURING METHODS 

Already in 1904 observations on squat were made by US Army Engineers in the 
Ambrose Channel at the entrance to New York. These observations showed that 
big vessels needed large margins at high speeds. A few years ago model scale 
tests were made by Shell with experimented work executed by the Sogreah 
Laboratory, Grenoble  A continuation of these investigations in full scale 
have been carried out by Shell in the deep channel to Maracaibo in Venezuela 
with echo sounding  The method has given Interesting results and has led to 
a pratical method for determining of squat. 

Photographic measuring method 

At the request of LKAB the Swedish consulting firm Skandiaconsult has 
evolved a method which seems to give rather thorough statements of vessels' 
squat. A condition i3 however that there is sheltered water and possibilities 
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for solid positioning of the levelling instruments near the fairway. Die method 
is suitable for inland waterways in semi-open water. 

Principally the sinkage of ships is photographically registered by means of 
levelling instrument combined with camera equipment.  (Fig. 3). This method 
has the advantage of making the levelling operation possible after the field 
work, thus eliminating misreadings on the levelling staffs and preserving the 
basic measurement material. The measuring distance with equipment now used 
can under good visibility conditions reach up to about 5 nautical mile with 
an accuracy of about + •§ inch. (12.7 mm). 

Determining of squat is made by levelling the position of the vessel in 
relation to the water level in the trimming position at the berth before the 
sailing and en route at measuring points along the channel. The difference 
between the values of ship in motion and at rest makes the sinkage demanded, 
which practically includes squat and hull deformations, appearing with ships 
in motion. 

Equipment and arrangements 

For determining the position of the vessel in relation to the water level, 
graded levelling staffs are put up midship, andrear the bow and stern. (Fig. 4) 
Listing of the ship is found with a pendulum 30 - 50 feet in length attached 
to the sky-light of the engine room. The positions are determined by 
observations of the light buoys passed and the speed by timing between the 
buoys. 

Water table fluctuations are observed by means of a water level indicator. 
The current stationary water level on the actual occassion of measuring is 
used as reference level. The heights over the water level of the instrument 
are decided with stationary levelling staffs put up at the measuring stations 
along the fairway. The collimation errors of the instruments can easily be 
corrected by a number of measurements between the stationary staffs. 

The measuring equipment consists of a combination of a standard model 
self-aligning level instrument (Zeiss, Ni2, 30 X Magn.) and reflex cameras 
with a picture size of 2k  x 36 mm of good optical quality, (type CanWon 
1:2 and Minolta 1:1.2. Film: Kodak Plus X, exposure 1/30 - 1/60 sec). 

Registration of the height positions of the vessel related to the stationary 
water level is made by photographing the levelling staffs, when the vessel 
is passing the observation lines from the measuring stations. (Fig. 5)- 

Assessment of the registrations is made from the photos by means of a 
micrometer with a reading accuracy of 0,01 mm. The ship's sinkage can be 
determined in relation to the reproduced cross hairs which represents the 
stationary water level in the observation line. On calculation of the 
reference water level and the squat, corrections for earth curvature, refraction 
and the listing of ship roust be made. Corrections for variations in water 
density were unnecessary. 

OBSERVATIONS 

Measurements on ships' sinkage and determinations of squat have been carried 
out for three different vessels carrying 23,300, 37,200 and 35,700 tons of 
load respectively. 
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Dimensions of the ships: 

No^_   DW_     Length*. £p_  B^SMth moulded   Depth moulded   Draught,_SFB_ 

1. 23,420 tons  560'- 0rt     74'- 6" 44'- 3"     32'- 11s" 

2. 38,270 tonfa  abt. 700'    88'- 2" 35'- 3i" 

3. 36,200 tons  630'- 2"     88'- 6" 52'- 0"     35'- lli" 

The 36,200 tons ships traversed the fairway three times under similar conditions 
at different speeds. Observations were made from stations positioned on two 
light-houses and one point on the canal embankment. Distances ranged from 
300 metres (1,000 feet) to 900 metres (3,000 feet) in three or four lines from 
each station to the centre line of the fairway.  (Fig. l). 

Accuracy of measurements was determined by a great number of observations on 
the reference staffs. The order of the standard deviation ranges from + 4.2 mm 
(+ 0.065 inches) to + 13 4 mm (+ 0.53 inches) at a distance of 800 metres 
(2,600 feet). The values stated indicate the accuracy of the measurements, 
including the error in reading the photos. A previous series of 20 measurements 
in a known precision levelling net has showed a mean deviation of 11- 14 mm 
(0.43 - 0.55 inches) at a distance of 740 metres (2,400 feet). 

Results of observations indicate that speed of the ship has great influence 
on the squat. The order of squat measured was maximum 370 - 430 mm 
(1'- 2j" to 1'- 5") for the 4 knots for the 36,200 tons ship. 

Squat diagram for the 36,200 tons ship (Fig. 6) inward bound show moderate 
squat values of 3y - 4j inches at a speed of 4 - 4-g knots and 5-7 inches at 
5 - 5k  knots. (Corrections are made for counter-current of 0,2 - 0.4 knots). 

The listing due to trimming or sheering is at most 60 mm (2p inches) 
converted to required extra margin at a speed of 8 knots, negligible at 
4-5 knots  Change of listing was observed at the curves. 

All the ships was changing the trim slightly by the bow, maximum about 
2 inches at speed of 7 - 9 knots, when passing the constricted cross section 
of the channel  In the other parts of the fairway with incomplete cross 
sections and semi-open water, no observable change of trim could be stated. 
In the trimming position at the berth, all the ships had a trimming to the 
stern between 8 inches and 1 foot. The change of trim when they passed the 
channel was less than 2 inches. 

Evaluation of the underkeel clearance 

The minimum depth stated is regularly being controlled by bar-sweeping 
along the total bottom area of the fairway with help of a measuring frame 
suspended on a catamaran driven by two out-board motors and operated by 
2-3 men. (Fig. 7). According to the observations and calculations on 
squat, there was a minimum underkeel clearance of fully 3 feet at the current 
high water level of 6 to 8 inches on the occasion of measurements. 
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SQUAT CALCULATIONS 

Measured squat based on the photographic levelling method have given some 
results which might be of interest especially in comparison with calculated 
squat based on theoretical methods. 

Two methods of calculation have been tested against the measured squat values. 
The calculations,  referring to the three passages of the 36,200 tons ship at 
different speeds, have been carried out for observation line No. 2 (semi-open 
water, incomplete cross section) and line No. 9 (full crocs section, calculated 
area 3640 sq.metres). The speed of the ehip ranged from 3s to 5 knots in 
line No. 2 and 4 to 6 knots in line No. 9. 

The graphs show that in this particular case the measured squat corresponds 
rather good to a somewhat modified method according to Wb'ltiger at low speeds 
and in semi-open water, while a method developed by Shell and Sogreah is nearer 
to the measured values at full cross section and higher speeds. (Pig. 8 and 
Table l). The graphs even indicate the well-known fact, that the speed of the 
ship has great influence on the order of squat. 

CONCLUSIONS 

Though the measurements of squat at present should be regarded as preliminary, 
some conclusions for practical purpose can be drawn on the results.  One is that 
the ships observed seemed to be trimmed to the stern g  to 1 foot more than 
necessary for the passage of the fairway. A trimming to an even keel could 
probably help to improve the underkeel margin or alternatively increase the 
load, in case of underkeel clearance sufficient to the navigational safety. 

.'lotiici' conclusion is that the ships were changing the trim slightly by the 
bow, when they passed the full cross sectional area of the channel. The change 
of trim was max. 2 inches at speeds of 7-9 knots. In other parts of the fairway 
with incomplete cross sections and semi-open water minor change of trim could be 
observed. 

Bibliography: 

Captain A F Dickson. "Navigation of Tankers through Channels", 
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of the Royal Dutch Shell Group of Companies 

Captain A F Dickson: "Underkeel Clearance" 
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Section 
Ho 

Speed 
over 
ground 

Direction Current 
Telocity 

Relative 
•peed 

Meeaured 
etuet 

Calculated aquat 
according to 

F M ? «Blti«er 

1 

k.k 
k.5 
3.8 

0 
I 
0 

0.2 
0.2 
0.2 

k.2 
k.7 
3.« 

5 
12 

5 

6 
7 
5 

5 
8 
1 

17.0 
21.1 
13.6 

8.k 
10.2 
5.9 

2 

k.k 
k.5 
3,6 

0 
r 
0 

0.2 
0.2 
0.2 

k.2 
k.7 
3.k 

6 
8 
2 

6 
8 
2 

3 
8 
3 

Ik.* 
17.2 
11.3 

6.k 
7.9 
3.9 

3 

k.6 
k.5 
3.6 

0 
1 
0 

0.2 
0.2 
0.2 

k.k 
k.7 
3.* 

6 
9 
5 

6 
8 
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3 
7 
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16.0 
17.8 
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9.2 
10.8 
5.3 

li k.8 
l>.6 
3.8 
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0 

0.2 
0.2 
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k.6 
It.S 
3.6 

» 
6 
5 

5 
8 
5 
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7 
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13.7 
1».3 
9.5 

8.0 
9.2 
5.1 

5 
1.8 
k.5 
3.9 

0 
1 
0 

0.2 
0.2 
0.2 

k.6 
k.7 
3.7 

6 
11 

l> 

3 
8 
3 

8 
3 

13.7 
13.7 
10.1 

8.0 
8.3 
5.1 

6 
•1.8 
k.5 
3.8 

0 
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0 

0.2 
0.2 
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I4.6 
k.7 
3.6 
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9 
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12 
6 
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15.2 
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1.0 

6,8 
7.3 
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k.k 
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0 
1 
0 

0.2 
0.2 
0.2 
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k.6 
3.6 

6 
9 
6 

5 
10 

5 

5 
9 
5 

18.6 
18.6 
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7.7 
7.7 
5.0 
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k.5 
5.0 
6.0 

0 
1 
0 
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0.1. 
0.1. 

k.l 
5.". 
5.6 
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21 
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21.2 
22.ll 

6.1 
11.7 
12.6 
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0 
1 
0 

0.3 
0.3 
0.3 

>>.2 
5."> 
6.1. 

5 
15 
22 

1 
10 
17 

1 
12 
12 

11.8 
17.5 
2k.ll 

7.1 
12.8 
18.8 

" 

k.6 
5.3 
7.0 

0 
1 
0 

0.2 
0.2 
0.2 

k.k 
5.5 
6.8 

6 
13 
20 

6 
9 

21 

It 
12 
18 

12.7 
18.8 
27.1 

7.3 
11.7 
18.6 

TAELii  1:     SUMMARY OF MEASURED AND CALCULATED SQUAT 

NOTATIONS 
Speed over ground) 
Current velocity ) expressed in knots 
Relative speed  ) 

Measured squat  ) . ,    .   . 
., .  , . ,    . ( expressed in centimetres 
Calculated squat ) 

F - Fore 
M - Midship 
S - Stern 
0 - Outgoing 
1 - Incoming 
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NOTE 
THE DATA  OF THE  BOTTOM PROFILE ARE 
AFTER FINAL DREDGING AND DO   NOT 
CORRESPOND TO THE  DATA ON THE 
GENERAL PLAN 
S= CROSS SECTIONAL AREA 
s= MIDSHIP AREA = 0.98xBxT 

FIG.2 
CROSS SECTION AT LINE 9    (OBSERVATION STATION NO 3, SEE 

GENERAL PLAN. 
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FIG. 3  OBSERVATION STATION AT LIGHTHOUSE 
LEVELLING INSTRUMENT AND ATTACHED CAMERA 

601 60 M  39 

<TG. 4  LEVELLING STAFFS ATTACHED TO SHIP 

1> 
:-'IG. 5  OBSERVATION PHOTO OF LEVELLING STAFF AND CROSS-HAIRS 
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>TG. 7 BAh- SWEEPING CONTROL EQUIPMENT 
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3         A         5         6 
H 1 1 1- 

RELATIVE SPEED 
7       KNOTS 

10 

15 

20 

LEGEND: 
1 MEASURED SQUAT IN LINE 2 
2 CALCULATED SQUAT IN LINE  2 

ACCORDING  TO WOLTIGER 
3 CALCULATED SQUAT IN LINE 2 

ACCORDING TO SHELL 
A    MEASURED  SQUAT IN LINE 9 
5 CALCULATED SQUAT IN LINE 9 

ACCORDING TO WOLTIGER 
6 CALCULATED SQUAT IN LINE 9 

ACCORDING TO SHELL 

FOR LOCATION OF LINE 2 AND 9 
SEE THE GENERAL PLAN APPENDIX NO 1 

FIG. 8 

THE SANDO CHANNEL, LULEA 
SQUAT MEASUREMENTS 
MEASURED AND CALCULATED SQUAT 

25 
SQUAT 
(CM) 



CHAPTER 98 

RECTANGULAR  RESONATORS  FOR  HARBOUR  ENTRANCES 

by 

William James* 

ABSTRACT 

A complete theoretical analysis of the behaviour of resonators built 
into the breakwaters of a harbour entrance would be extremely difficult. 
This paper describes an approximate development for extreme values of 
resonator geometry and shows how a combination of these cases explains 
certain observed phenomena for intermediate shapes. 

The paper also describes comprehensive laboratory tests on reson- 
ators and draws attention to certain significant discrepancies from 
present design practice.  In particular, the paper indicates the 
extent to which optimum resonator geometry depends upon the harbour 
entrance width and demonstrates that such resonators can be designed 
to prevent any penetration of waves into harbours, without restricting 
shipping. 

INTRODUCTION 

A resonator is taken to be a short rectangular branch canal, com- 
pletely closed on three sides, built orthogonally on to the entrance 
breakwaters of a harbour (see Fig.l).  Only the action of such res- 
onators in parallel straight breakwaters has been investigated and 
this geometry is identical to that studied by Valembois in 1953 
(ref.l).  In this present paper the effect of distributed reflections 
from the harbour is not considered;  this study pertains only to the 
geometry of such resonators and their action on waves entering harbours. 

The dimensions of the resonator should be optimized such that a 
mass of water contained within the resonator and that part of the 
entrance channel contiguous with the resonator mouth (here termed the 
"junction element" as shown in Fig.l), has a resonance frequency equal 
to that of the harmful incident wave that should be totally reflected 
back into the ocean.  For the purposes of this paper the lowest 
frequency eigenvalue is used; for batteries of resonators tuned to 
cover a wide frequency band, resonance will also occur at higher 
harmonics. 

Limiting the treatment to semi-infmite oceans and harbours results 
in simpler mathematics but introduces complications in the experiments, 
since the wave generator channel and harbour must be completely de- 
coupled.  Further simplifications in the mathematical treatment 
result from the use of first order linear wave theory and the assum- 
ption of irrotational motion.  Such development will accord closely 
with the tsunami-type waves likely to excite range action in real 
harbours but experimental waves are necessarily Stokian and, for 
accuracy, non-linear effects must be accounted for.  Consequently, in 
this study, wave measurement was effected by micrometers and corrections 
were applied to render the readings correct to the nearest 0.005 inch. 

* Lecturer, University of Natal. 
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cni? m 
domain 2     \      \       domain I 

"7 "?" /sa- 
domdin 2 

- —<vfl   * 

Fig.l Wave components 

MATHEMATICAL TREATMENT 

Evidently the zone of protection provided by a resonator in the 
downstream direction, at resonance, is limited to a width of one half 
the incident wavelength (ref.2).  Hence wave energy transmitted into 
the downstream domain will increase directly with increase in channel 
width above one wavelength, for the case where resonators are placed 
on both sides of the entrance channel.  It follows that a resonator 
investigation of this type may be limited to one-dimensional propa- 
gation.  Note that, though the assumption of plane waves is invalid 
near the junction element, two-dimensional motion becomes one-dimen- 
sional at distances of the order of twice the depth from the discon- 
tinuity, for these channel widths.  Moreover, researchers have 
found that this limitation is not at all serious, provided that no 
transverse resonance occurs (ref.3).  Transverse resonance is likely to 
occur when the basin width is close to an integral number of half^wave- 
lengths. 

The resonator geometry may be intermediate in shape between extremes 
that are either long and narrow, when the motion is in a direction 
normal to that of the waves in the entrance channel, or short and wide, 
when the motion is parallel to that of the entrance channel. 
These cases are denoted mode I and mode II respectively (see Fig.2). 
It is assumed that the complicated motion for intermediate geometries 
can be approximated by superposition of these unidirectional components. 
Each mode is considered in turn and then a combination is shown to 
accord with observations for an intermediate case.  The effect of turbu- 
lent dissipation is also discussed. 

MODE/ MODE 2 

Fig.  2      Extreme cases. 
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Mode I 

Notation is defined at the end of this paper. 
For mode I, 

wW«A2 

Hence:  (a) the water surface of the junction element remains app- 
roximately horizontal and (b) the origins for the resonators and the 
channel may be assumed to coincide. 

Using complex representation, the reflected wave is written: 

T7 = % aeJ (Mx+at) 
The water surface for the original incident wave, the reflected 

wave, the partial clapotis in the resonators and the transmitted wave 
may be matched for each contiguity: 

1 ta= f = (! + *>§ 
The equation of continuity for the junction element is: 

for equal depths throughout. 

Equations (1) and (2) can be solved for lot/, I(31, l©l,°6, p , 0    in terms 
of |£| , 9.    , and, in this study, an Elliot 803 computer was used to 
tabulate the results.  All results were checked against the expression 
for the conservation of energy developed below. 

Mode II 

In this case the 6   and 0R waves are parallel to the main channel. 
The waves are matched for discharge and surface continuity again at 
each channel discontinuity as follows: [  ^. 06 = 8~(I+H) 

VJ p•« S(W *• 2 d)( i - z eZJKW) 
These equations were solved, checked against energy conservation and 

tabulated using an I.B.M. 1620 computer. 

Energy conservation 

The energy of the reflected and transmitted waves is equal to that 
of the original incident wave less the energy dissipated in the reson- 
ators and junction element. 

Proceeding from £  = xflfafd**1*    + Z^Ji^^X^'^ 0) 

we get, for no dissipation,   /-/l^ • ia\l  _ l 

For tsunamis and the experimental waves, viscous attenuation is 
negligible in the resonators.  However, turbulence at the upstream 
edge is considerable and a lumped head loss can be postulated at this 

Poi«: HL = a (\B\ - \B\ \9\)  - K filH1 
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Equation (3) then leads to: ^ 

This allows HL to be computed from observations of |0d<|, |jS) and|©|. 
U should include allowances for: 

(a) local high velocities at the upstream re-entrant, 
(b) the overall flow pattern in the junction element, 
(c) the vertical velocity distribution. 

The problem can be simplified by considering a steady-state flow 
pattern applicable to resonant conditions only and ignoring the local 
effects of surface deformations•  Thus the transverse velocity profile 
along an equipotential emanating from the upstream edge of the resonator 
provides a good basis.  Extreme velocities close to the edge can be 
reduced to manageable proportions by ignoring velocities within a 
nominal boundary layer and the vertical velocity distribution can be 
assumed to be the same as that given by Airy theory under a node in a 
standing wave.  Using Schwarzian transforms for the upper half-plane 
the co-ordinates for given incremental values of t/' can be computed 
along the equipotential starting from the sharp edge.  The velocity 

•JJ is given by these differences and K can be calculated from 

Intermediate geometry. 

Any general combination of the type 

( *$ )total = ( a >P  >l«*,d> + ( *, f>  )nf2(w,d) 

where the subscripts refer to the results obtained from computations 
for modes I and II and fj(w,d) denotes a simple function of the type 
d/(w+d) and w/(w+d) respectively, would reveal that: 
(a) ^minimum *  ° "^1 *  1 generally. 
(b) for large w, there is an increasing tendency for the resonant 
value of d/^  to exceed a value of 0.25. 
(c) for large w, there is a second type of resonance. 
(d) resonant values of d/A  depend upon both w and W. 

PRELIMINARY VERIFICATION. 
A suitable experimental programme could not be devised without 

preliminary pilot studies.  The results of these tests are now des- 
cribed and refer to an isolated single resonator. 

Apparatus.  The narrow "perspex" flume and timber housing for opposed 
adjustable rectangular resonators is shown in fig.3. 

The rear wall of each resonator cantilevered vertically downwards 
from a system of clamps, which traversed along both side walls for the 
full length of the resonator.  Hence any variation of resonator width, 
which was effected by means of a false (upstream) side wall, necessi- 
tated a change in width of the rear wall.  This was achieved by means of 
twin thin overlapping galvanised iron sheet lips.  An intermediate 
perspex wall was used to reduce the width of the entrance channel. 
For such tests filters were arranged at the upstream sharp edge of the 
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intermediate wall and on the seaward side an efficient wave absorber 
was built. 

Where the theoretical domain is semi-infinite, it is axiomatic that 
wave re-flections off the paddle are NOT allowed and wave filters were 
used for such decoupling devices.  These filters were not effective at 
low wave steepnesses.  Nevertheless, results were frequently obtained 
under stop/start conditions, i.e. before the initial waves would reg- 
ret lect and hence were of some value. 

The desideratum that domain 2 be semi-infinite caused difficulty, 
because of insufficient space (in which to absorb all the energy of 
the transmitted wave.)  Of necessity the writer adopted an absorber 
similar to that developed by Hamill (ref.4). 

Fig.3 Preliminary apparatus. 

Procedure. Envelope heights were directly measured to 0.01" by means 
of a simple steel pointed probe of 0.10" diameter, detected with the aid 
of a standard CRO, the time base adjusted to give a stationary signal. 
The actual reading recorded was such that only 5 signals were obtained 
in any 10 consecutive waves. 

Envelope heights were measured for each value of 'd', the length 
of the resonator.   'd' was varied up to 8 times per value of resonator 
width, which was varied up to 7 times for each value of width of 
entrance channel.  In all, four different entrance channel widths were 
tested.  The wavelength was generally held constant.  Wave periods 
were measured by timing 100 consecutive waves and wavelengths were 
then calculated by substitution into the first-order equations. 

Every experimental "run" commenced from still water conditions 
and measurements were conducted as soon as the partial clapotis in 
each domain had stabilised.  Wave periods were measured both at the 
start and the end of the run. 

Results. 

All experimental readings were plotted. Nodes and loops were measured 
off these plots and the coefficients of reflection and transmission 
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were computed.  In this pilot study no allowance was made for attenuation, 
non-linear effects, or experimental error. 

The coefficients were then all plotted against the dimensionless 
tuning parameter d/A together with relevant results from theory (see 
Fig.4). 

A number of photographs were taken of the entrance conditions at 
the resonator. 

Discussion. 

The photographs indicated extreme turbulence throughout the resonator 
and junction element.  Velocities of this nature will occur very 
seldom indeed in any full-scale structure but the photographs provided 
an obvious warning of the navigational hazards resulting from an irrat- 
ional design. 

An obvious result is the discrepancy of the resonating values of 
the tuning parameter from that prediced by theory, not only for the 
fundamental mode but also for higher harmonics.  Similar experimental 
results have m fact been obtained in analogous systems and have led to 
the formulation of "end corrections."  The results of tests on 
resonators with curved entrances revealed further reductions in both 
the tuning parameter and the distance of the domain 1 partial clapotis 
from the resonator at resonance.  This, of course, was to be expected. 

FURTHER EXPERIMENTS 

Introduction. 

The pilot study provided reasonable agreement with the theoretical 
development, with the reservation that the "end correction" for the 
tuning parameter be evaluated empirically.  However, the results 
obtained for large resonator widths were inconclusive and it was 
apparent that the main objectives in the final programme should 
necessarily include: 

(a) a substantial reduction of non-linear effects, 
(b) improved measurement technique, with regard to both accuracy 

and speed, 
(c) vastly improved decoupling devices, 
(d) a study of the effect of entrance channel width, 
(e) a study of the effect of large resonator widths. 

Perhaps the most important object of this second programme was to 
check whether a single resonator behaved as a smgle-degree-of-f reedom 
oscillator, or, if not, to delineate the conditions under which this 
postulate did hold.  Another important aim was to ascertain the val- 
idity of the linear theory used. 

Apparatus.  Experiments were carried out m the narrow flume, shown 
in Fig.5.  It was hoped to shorten the upstream domain considerably 
in order to provide sufficient space for efficient measurement and ab- 
sorbtion in the downstream domain.  Eventually, however, a compromise 
was reached by the construction of the bend seen in Fig.5. 
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Fig. 4. Typical Preliminary Results. 
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Transverse oscillations were avoided by prohibiting such trouble- 
some frequencies.  No low frequency vibrations greater than 0.0001" 
were detected.  Nevertheless a special instrument was attached, in 
case parasitic oscillations developed from other sources(see p.10). 

Despite the smoothness of the perspex walls, side effects were 
easily visible under suitable low-level lighting.  Disturbances radi- 
ated from the loops of the partial clapotis.  Other sources of similar 
pseudorandom surface undulations were the filters, inconsistencies 
along the boundaries, vibrations inherent in the generator mechanism, 
and external vibrations, especially due to laboratory pumps and tur- 
bines and passing vehicular traffic.  Surface tension was generally 
minimal, because of dispersive agents used in the measuring procedure, 
and consequently the "noise" resulting from meniscus inversion was 
probably of the order of 0.001" in amplitude. 

Fig. 5 Final Apparatus. 

The incident wave periods and still water depths were chosen 
such that consistent waves were delivered at the resonators.  For 1<OAS 

sees, waves became too unstable and it was found that the standard 
deviation of wave heights varied inversely with still water depth. 
For reasonably shallow depths, this instability rendered wave measure- 
ment exceedingly difficult.  Shallow still water depths also necess- 
itated long probes which increased measuring errors and consequently 
the smallest depth tested was 5". 

Standard deviations were measured by means of a "dekatron" counting 
unit and the probes described below.  The count recorded the "number 
of crests greater than" (or "number of troughs less than") for each 
micrometer setting.  Such a count was taken for batches of 100 consec- 
utive waves at setting increments of 0.0005" throughout the range. 
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Histograms were plotted from the differences in the counts for sequen- 
tial settings, of which a sample is given in Fig.6. and these revealed 
symmetrical relative-frequency distributions. The computed standard 
deviations were of the order of 0.0015" for a = 0.25" and under the 
conditions obtaining. The coefficient of variation was less than 1%. 
This compares very favourably with standard deviations quoted by other 
workers. 

The symmetrical bell-shape shown in Fig. 6. greatly facilitated 
measurement; the mean reading is given by approximately half the 
number of a fairly large sample of waves, say 20. 
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V" 

o/o 
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/ 
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\ 

X 
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/JSO      2331 2332 2333 i 334 2 Hi 
micrometer remind 

Fig. 6. Wave measurement histogram. 

The writer did not investigate the reflection/transmission character- 
istics of the bend alone; the overall effect of the absorber down- 
stream, the filters at each end of the bend, as well as the bend 
itself was examined.  The filters were constructed of perforated zinc 
plate, 16 gauge (similar to those shown in Fig.7), 36" long, at 0.5" 
pitch, extending throughout the depth of water and measured coefficients 
of transmission were of the order of 0.4 " 0.6, depending upon wave 
length. 
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At least two filters were arranged in each domain, whence the total 
"decoupling coefficient" for each domain was at worst 0.06, assuming 
total reflection off the paddle and absorber. 

Fig. 7. Wave filters. 

The reflectivity of the absorber used in the pilot study was found 
to be about 0.1.  Although this is considerably better than rubble- 
mound absorbers - for which the value would have been about 0.3, a 
desirable value would be Dt^ 0.02.  The requirements of linear theory 
dictate that wave steepnesses be kept minimal and this in turn demands 
a highly efficient absorber. 

Constructed in perspex, the final absorber was 6'0" x 9" and the 
perforations were 1" dia. at 2" centres.  When fixed in position down- 
stream of the bend, the overall gradient was less than 0.007.  The 
reflectivity of the entire demain 2 set-up was measured and the read- 
ings adjusted for experimental errors and non-linearity.  The results 
demonstrated two points: 

(a) decreasing transmission (from domain 1 to domain 2) with 
decreasing wavelength, due entirely to the dissipative forces. 

(b) increasing reflectivity with increasing wavelength. 

In an effort to detect long period fluctuations in water level, a 
3 1. separating flask was attached to the end of the flume.  A column 
of water was positioned in a short horizontal section of capillary 
tube attached to a large diameter rubber bung and the lower end of 
the flask was connected to the flume through large diameter glass 
tubing.  A change of water level in both the flume and the flask of 
0.001" would therefore displace the column of water several inches. 
The indicator had to be replaced regularly, as evaporation in the main 
flume caused sufficient reduction in water level.  Short period fluc- 
tuations were ineffective because of the overall impedance of the 
arrangement.  Within limits, the impedance could be adjusted by stop- 
cocks.  The instrument was attached to the flume behind the absorber, 
downstream of the bend. 
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Major sources of error are surface tension effects.  When these eff- 

ects are reduced, e.g. by using  very fine probes and limiting instan- 
taneous contact to a depression of the crest surface rather than actually 
puncturing it, it is usually impossible to see any meniscus effect. Probes 
were fashioned out of fine stainless steel sewing needles, nominal diameter 
about 0.015".  The needles were coated with a thin layer of a P.V.C. akraline 
non-wetting paint, to ensure that no column of water drained down off the 
probe as it emerged from a crest.  Probably because of galvanic corrosion, 
it was necessary to maintain the sharp points by careful abrasion. 

Probes were attached to micrometer heads, capable of being read to 
0.0001".  The micrometer heads were securely mounted on heavy cross- 
bars, clamped to the flume and the signal relayed to the cathode ray 
tube. A newer improved instrument uses a dial gauge, as shown in Fig.8. 
Another possible source of error is the sum of 

(a) the depth to which the crest is actually depressed before a 
signal is obtained 

(b) the height to which the surface of the crest is raised before 
contact is broken. 

A dispersive agent was added continuously to reduce this and numer- 
ous very careful measurements were made on still water.  The maximum 
correction was found to be 0.007".  The extent of dynamic effects was 
not established. 

Fig. 8. Wave measurement. 
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General Procedure. 

Wave periods (for at least 100 consecutive waves) were measured both 
at the outset and at the conclusion of the experiment.  Both trans- 
verse oscillations and seiches were successfully avoided, so that the 
generator was stopped only at the conclusion of each experimental "run" 
when the resonator geometry was adjusted.  Experiments were controlled 
in the laboratory by simultaneous curve-plotting.  In this way the para- 
meters were chosen to yield the family of curves plotted in Fig.13. 

Usual methods for evaluating the two primary components of the 
partial clapotis in both domains have two basic assumptions in common: 

1. The fundamental waves have harmonic wave-form. 
2. Only two such constituents are present. 

Consequently, disregarding measuring errors, the accuracy of both 
methods increases with decrease in both amplitude and wavelength of 
the incident wave (because of reflectivity).  It was found that values 
of OC  calculated by the 3-point method were usually unreliable and the 
method was soon discarded in favour of the loop-and-node method.  This 
enabled on-the-spot plotting of characteristics and thus greater flex- 
ibility and control of each experiment, a most important consideration. 

On the other hand accurate scanning demands between 8 and 20 
measurements of envelope height for each experiment, a somewhat pro- 
tracted and tedious labour. 

Data Processing. Resonator antinodes and loops and nodes for both 
domains were punched-up and a program was then written to correct for 
the measuring errors described above and to compute,  inter alia , 00 
and |5 . 
These results were plotted as shown in Figs. 9 and 10. 
The effect of attenuation and non-linearity is immediately apparent, 
from the fact that the plots do not tend to 1.0 or 0, as the case may 
be, as d/fr -*- 0. 

Discussion. 

In assessing the accuracy of the results, the errors have been eval- 
uated as follows: 

(a) Systematic errors, due to attenuation and non-linearity.  These 
errors do not affect the derivation of the geometry for resonance but 
are of paramount importance in establishing absolute values of reflec- 
tivity and transmissivity.  Corrections for both these errors can be 
applied easily: 

(i) Attenuation. All values of 06 and P   should be corrected by 
multiplication by the reciprocal of &Q , the transmissivity at d/\ = 0. 

This operation yields even larger values of OCj, .  The effect of 
domain 2 reflectivity at resonance is very small, i.e. usually -<i 0.01A 
in amplitude in domain 1.  It is incorporated in the random errors 
discussed below. 

(ii) Non-linearity. The analysis of real partial clapotis produces 
low values of 06 , and negligible effect on p  , when 00  is not very 
small.  Corrections for this can be applied easily. 
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(b) Pseudo-random errors, attributable to generator instability, 
surface "noise", negative waves from domain 2 and the errors in the 
processes from measurement to plotting. 

The writer did not attempt to assess individually such imponderable 
errors, as these are best calculated from the scatter obtaining in the 
graphs. 

In error analyses, only graphs with a relatively high density of ex- 
perimental results are admissible.  As little scatter was found during 
the laboratory control of the experiments, the number of experiments 
was reduced to a minimum and, ipso facto, most of the curves plotted 
are unsuitable for error evaluation.  However, certain curves were 
analysed and the probable error on the plot having the largest scatter 
of all the tests performed in the final programme was found to be 
0.0146.  The writer therefore submits that the random error was not 
much more than 1%. 

The parameters of resonator geometry were rounded off to the second 
decimal place.  The calculation of wavelength to this order of accuracy 
required an accuracy of measurement of wave period of 0.001 sees, and 
of still water depth of 0.05". 

Figures 9 and 10, clearly indicate that the combined resonator and 
junction element acts as a two-degrees-of-freedom oscillator, under 
certain conditions.  An appraisal of the DC  and ^ curves reveals a 
gradual transition from the single-degree system to the two-degrees 
system and an eventual preponderance of the second mode of resonance 
as wA increases beyond a value of 0.5.  Further appraisal reveals that 
this "critical" W/A  increases with increase in WA • 

The modes of oscillation are illustrated in figs. 11 and 12 respec- 
tively. 

Note that the water surface sketched is exaggerated in the vertical 
scale; amplitudes were small and consequently the nodal lines sketched 
are inaccurate.  Nonetheless, the sketches elucidate the mechanisms at 
resonance and illustrate the transition between these states. 

Results for the first resonant mode were finally combined in Fig.13. 

GENERAL CONCLUSIONS. 

For the sake of simplicity, only the points of primary importance 
are enumerated below: 
1. Resonators can be applied in harbour engineering for the elimination 
of waves causing short period agitation, influx of sea sediments and/ 
or range action. 
2. The results corroborate the results of the analytic theory developed 
and verify that the response of a short rectangular branch canal to 
periodical plane gravity waves propagated across the mouth is analogous 
to that of a single degree of freedom oscillator within certain limits: 

For small values of W/A and when wA>0.5, the resonator becomes a 
two degrees of freedom oscillator. For larger values of W/X this 
limiting value of wA.  increases. 
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Fig.11.    First mode of resonance. 
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Fig.12-    Second mode of resonance. 
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Waves of the characteristic resonance frequency are not transmitted 
past the resonator but are reflected upstream as negative waves. 

3. The zone of protection provided by a resonator is limited to a width 
of A/2 in the downstream domain.  Consequently, the benefits of reson- 
ators vanish as W increases beyond A . 

4. Resonant amplitudes of vertical oscillation in a resonator are finite, 
irrespective of viscous dissipation. 

5. The cardinal point established in this investigation, is that reson- 
ator geometry for resonance differs greatly from earlier recommendations. 
Of utmost significance is the width of the entrance channel.  Harbour 
entrance geometry at resonance is accurately related to incident 
wavelengths by the family of curves in Fig.13, which has immediate 
application in design. 

6. The frequency band width for which f> is less than any prescribed 
value is a function of W/A  (and increases directly with increase in w/A ) 
as well as a function of W/A 
The dependence of the tuning parameter &l\   on W/A  at resonance is such 
that a minimum exists at W/A -^ 0.2.  Generally, however, the tuning 
parameter increases with increase in w/A • 

These two points indicate a compromise in the selection of w and d. 

7. Optimum resonator performance is related to the energy dissipated in 
the resonator. At resonance, oC- = 1 - |3 approximately.  Optimum per- 
formance appears to be relatively sensitive and further experiments, 
in which viscosity is carefully controlled, may be useful to fix abso- 
lute values.  (In these tests there was no temperature control and 
changes of viscosity of up to 20% were involved.) 

8. Finite wave heights reduce the effectiveness of the resonator.  The 
effect appears to be small, however.  Wave height has no influence on 
resonator geometry for resonance. 

9. Small values of w/A are accompanied by both decreased efficiency and 
high resonant velocities.  Such velocities could prove a serious 
navigational hazard. 

10. Where there is partial reflection in domain 2 the resonator should 
be located at 1 • n"/z(n = 1, 3, 5 ...), or at the position of a loop if 
reflections are distributed.  Ad hoc model tests would then be advisable. 

11. Still water depth is of little or no consequence in the resonator 
geometry for resonance. 

12. Non-uniform depths effectively reduce performance.  However, the 
tuning parameter could be substantially reduced in the case of long waves 
and considerable savings in financial outlay could then accrue. 

13. Current techniques used for the reduction of finite partial clapotis 
incur unreasonable errors, because of the trochoidal waveform. Suit- 
able corrections can be applied easily.  Current wave-flume measuring 
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techniques also incur systematic errors through viscous attenuation 
and menisci effects.  Corrections for these can be easily applied. 
The random error encountered in similar investigations need not exceed 
1% if a similar measuring procedure and experimental apparatus is 
adopted. 
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NOTATION 

w resonator width 1 
W channel width m 
A wavelength lei 
9 surface ordinate y 
0. semi-amplitude h 
Ot complex vector i> W reflectivity E 
J y=r J> 
& phase angle g 
k wave number z 
X horizontal abscissae HL 
or circular frequency U 
t time K 
T unit vector in x direction d 
IW transmissivity q 
c a constant s 

* stream function 

length of an equipotential 
transmissivity for resonator 
reflectivity in resonator 
vertical ordinate 
still water depth 
velocity potential 
total energy 
mass density 
gravitational acceleration 
transverse co-ordinate 
equivalent head loss 
a generalised velocity 
dimensionless coefficient 
length of resonator 
velocity vector 
distance along an equipotential. 

Subscripts 1, 2, R, refer to semi-infinite ocean, downstream domain and 
resonators respectively. 

Subscripts I,II refer to mode I and mode II respectively. 
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CHAPTER 99 

THE MOTIONS OF SMALL BOATS IN STANDING WAVES 
by Fredric Raichlen,  Assoc.   Professor of Civil Engr. , 
W.   M.  Keck Lab    of Hydraulics and Water Resources, 

Calif.   Inst.   of Tech. ,   Pasadena,   Calif. ,   USA 

ABSTRACT 

Some dynamical aspects of the surge motions of small boats moored 
asymmetrically with elastic non-linear restraints are discussed herein.  In 
connection with the theoretical analysis of mooring dynamics,   experiments 
were conducted to determine the periods of the free oscillations of a 26-ft 
boat moored in various ways in a floating slip.    These results are in reason- 
able agreement with those predicted theoretically.    An analytical study of the 
mooring dynamics of seven small boats indicated that the periods of free os- 
cillation were less than about 10 sec. , hence,   for these boats the important 
wave periods for forced oscillations would be in the range of those of storm 
waves. 

INTRODUCTION 

An important question which is raised in the design of harbors for small 
boats of the size usually used for pleasure is the range of wave periods which 
could be expected to cause damage to these moored boats      If these periods 
can be predicted then the problem of minimizing wave-induced oscillations in 
a small-boat harbor may be simplified,   because it would be sufficient to in- 
vestigate the response of a harbor to waves only over the limited range of 
wave periods which affects small craft.    The objective of the study reported 
herein was to develop a method of predicting this range of wave periods for 
surge motions of a small boat given the dimensions and characteristics of 
the boat and its mooring system. 

It is first important to consider some of the major differences between 
small and large boats which relate to their dynamics.    The most obvious 
difference between the two cases is size, in the case of small pleasure boats 
the vessels which are of interest are less than approximately 60 ft long and 
the displaced weights are less than approximately 10 tons as compared to 
large vessels whose length may be 300 ft to 700 ft with displaced weights 
ranging from 9, 000 to 50, 000 tons.    However,  it is not the displaced weight 
alone which is of importance in defining the response of the vessel to waves, 
but the important parameter is the ratio of the restoring force associated 
with the mooring system to the inertial force (which depends on the dis- 
placed weight of the vessel). 

With respect to this ratio,   the nature of the restoring force for large 
ships can be quite different from that for small boats.    Wilson (1967a) has 
described the mooring systems used by a number of large vessels.    In 
general those systems consisted of a large number of lines extending from 
the bow,  the stern,   and the midship of the vessel to the dock which restrict 
motion both in the fore and aft direction as well as in the direction perpen- 
dicular to the dock.    Even though the elastic characteristics of the individual 
mooring lines may be quite different from one another,   on the average the 
restoring force for motion in the fore and aft direction for similar displace- 
ments would be approximately the same.    (It should be noted,  however,   that 
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for motions of a large vessel m sway,  1. e. ,   ma direction perpendicular 
to the dock,   the restoring forces would be highly asymmetrical. )   In addition 
to these features,   usually the mooring lines for large ships have slack to 
allow for motions due to changes in the tide. 

In contrast,   generally small boats are moored with only a few lines, 
e. g. ,   in mooring in a "U-shaped" slip usually only two bow lines and two stern 
lines are used.    Under these conditions,  it is evident that the restoring force 
for motion m one direction may be quite different from the restoring force 
for similar displacements in the opposite direction.    This asymmetry can 
have a significant effect upon the motion of the boat and potential boat damage. 
For instance,  if a boat is moored in the slip with little clearance between the 
bow of the boat and the front of the slip,   impact damage to the bow may be 
possible due to the asymmetrical restoring forces.    This type of damage 
possibly aould be eliminated   by using a stiffer more' symmetrical mooring 
system. 

Although only two examples of the differences have been presented, 
through these it is evident that attention must be given to the details of 
mooring for small boats which could perhaps be neglected for large vessels. 

THEORETICAL CONSIDERATIONS 

An analysis is presented in this section which describes the motions of 
a moored body in surge when exposed to a standing wave system.     The 
mooring system used in the analytical model can result in non-linear asym- 
metrical restoring forces which resist the wave-induced motions.    Only 
surge motions (boat displacements either toward the bow or toward the 
stern) are considered,   and the boat is treated as a block body with no 
attempt being made to fully describe in detail the shape of the vessel.    The 
innovation in this development concerns incorporating a non-linear asym- 
metrical restoring force in the equation of motion of the analytical model. 
For a more complete development of the basic equation of motion the 
interested reader is referred to Wilson (1958),  Kilner (I960),  and 
Raichlen (1965). 

The block body is a rectangular parallelepiped of length 2L,  beam B, 
and draft D moored in a way such that the only allowable motions are in 
surge.    The standing wave is formed in water of a constant depth d by a 
progressive wave which is reflected from a perfectly reflecting surface 
located a distance b from the center of the moored body.    The x-coordinate 
is measured from the center of the body in the at-rest-position and denotes 
the movement of the center in surge motion.    (A schematic diagram of this 
body moored in a standing wave system is shown in Fig.   1. ) 

The equation of motion m surge of the moored body is 

Mx = F+F+F, +F (1) p        I        d        r 

where x is the acceleration of the body,  (d3x/dt3),  M is the mass of the 
body and     F    = net pressure force acting on the ends of the body,  F.  = 

inertial force due to the unsteady motion of the body and the fluid,   F , d " 
force due to viscous effects,   F    = restoring force due to the mooring system. 
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Considering small amplitude standing waves and certain assumptions 
relating to the water particle accelerations it can be shown (see Wilson (1958)) 
that,  neglecting viscous effects,  Eq.   1 becomes 

x + (Fr/CMM) = U (2) 

where C>/rM = M  + M ' (M ' is the added hydrodynamic mass) and 

U = C, a cos a t (3a) 

Q = Ag [sinh kd - smh ks] sin k L sin kb/(LDak cosh kd) (3b) 

The forcing function U is the average over the displaced volume of the block 
body of the water particle accelerations in the standing wave.    It is intro- 
duced as a simplification in describing the pressure force and the mertial 
force m Eq.   1 (see Wilson (1958) and Raichlen (1965)). 

The problems in solving Eq.   2 arise primarily due to the form of the 
restoring force,   F   .    Although the Variation of the virtual mass coefficient, 
C    ,  with boat shape and other conditions is not well known,  the effect of 
this quantity on the dynamic response of a small moored boat in most cases 
is not as important as the effect of the restoring force if a reasonable esti- 
mate of CM is made initially. 

Consider the following general expression for the restoring force 

F   (x) = F1(x) for x > 0 (4a) 

F   (x) = F2(x) for x < 0 (4b) 

where x is defined as positive for motion toward the bow and negative for 
motion toward the stern.    (The functions of Eqs.   4 may take any form 
linear or non-linear,   symmetrical or asymmetrical,  free travel or no free 
travel. ) 

For simplicity, the equation of motion (Eq. 2) is rewritten so that the 
phase relation between the forcing function and the body response is incor- 
porated in the forcing function 

* + (Fr/CMM) = C a  cos (0 - co) (5) 

where 9 = at and cp is the phase angle and Eq.   4 describes the variation of F   . 

If the restoring forces FJx) and F3(x) are different then it is reasonable 
to assume that the mean position of motion of the vessel will be different 
from the at-rest-position of the vessel.    Therefore,  the general solution to 
Eq.   5 is taken as 

x = 6 + X cos 6 (6) 

Eq.   6 is an approximate solution which neglects the effect of higher harmon- 
ics; however,  it has been shown in most mooring problems (see Kilner (I960)) 
that this is justified.    The motion described by Eq.   6 is shown in a schematic 
manner in Fig.   2 along with assumed restoring forces described by Eq.   4. 
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By setting x = 0,   Eq.   6 describes the degree of asymmetry of the restoring 
force,  that is 

6 = -X cos 8j. (7) 

and for 6j  = TT/2 the displacement of the mean position from the at-rest- 
position,   6, becomes equal to zero.    It is noted from Fig.  2 that Q1  = TT/2 
implies that F,(x) = -Fs(x), hence,  the restoring forces and the resultant 
motion for that case are symmetric about the at-rest-position of the boat. 
If,   on the other hand,   8j  = TT the boat motion is highly asymmetrical and in 
accordance with Eqs.   6 and 7 there would be no motion of the vessel in the 
minus x-direction,   1. e. ,   for a given displacement F3(x) >> Fx(x). 

Klotter (1951) has described the solution of an equation such as Eq.   5 
with non-linear restoring forces based on the averaging method of W. Ritz. 
Rewriting Eq.   5 as, 

E(x) = x - C a cos (9 - cp) + (Fr/CMM) (8) 

the averaging method furnishes the following two conditions 

C^TT 
J      E(x) cos 0 d 9 = 0 (9a) 

n2TT 
J     E(x) sin e d 9 = 0 (9b) 

Assuming the form of the displacement described by Eq.   7,   the first two 
terms of Eq.   8 can be integrated directly in accordance with Eq.  9a (or 
Eq.   9b).    The integral m Eq.   9a which is comprised in part of the third term 
in Eq.   8,   referring to Fig.   2,   can be integrated over three intervals, hence- 

|.2TT   Fr ^  Fx(x) r2n-6xF   (x) 

C~Mcos9d9=J     CT3icosed9+J C^Mc°g6d9 
o      M o      M Q% M 

r 2TT       F   (X) 
+ J,    0 cHi cos9 d9 <10> 

2TT-6].    M 

In order to solve Eq. 10 so that the solution to Eq. 9a can be obtained it is 
necessary to evaluate the restoring forces Fx (x) and F2(x) for a particular 
mooring system. To carry out the indicated integrations it is assumed 
that the functions Fx(x) and F3(x) can be represented reasonably well over 
the range of displacements which are of interest by polynomials consisting 
of odd powers of x,   that is to say 

F^x) = axx + asx
3 + a3x5 (11a) 

F3(x) = rlX + r2x
3  + r3xs (lib) 

Eq.   6 is substituted into Eqs.   11a and lib and the resulting expressions are 
then substituted into Eq.   10.    Although the integrations indicated m Eq.   10 
are straightforward,  the result consists of numerous terms in powers of 
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sines and cosines of 9X and other system parameters and for the sake of 
brevity will not be given explicitly in this discussion  (see Raichlen (1968)). 
In order to evaluate Qx the equation of motion (Eq.   8) is averaged over one 
wave period.    When this is done only one term remains 

2TT    F 
de = 0 (12) 

o        M 

Eq.   12 can be integrated over the same intervals as used m Eq.   10 and a 
solution can be obtained for the variation of Qx with X   (see Raichlen (1968) 
for details of this analysis). 

Solving Eq.   9b in a similar way it can be shown that cp = 0,   TT, which is as 
it should be for the forced oscillations of an undamped dynamic system. 

Using this approach the following general equation is obtained which 
describes the response in surge of the arbitrarily moored body in terms of 
its maximum displacement in the positive x-direction from the at-rest- 
position 

+ 
Q(l - cos (5j) (1  - cos Oj)    . 2TT 

j        Fr cos e d 6 = 0 (13) X u      TTX C..M max max   M 

where    X =6+X = X(l- cos 9, ) max x 

The integral in Eq.   13 is evaluated from Eq.   10 with the variation of %x with 
X determined from Eq.   12.    It should be noted,   the most direct solution to 
Eq.   13 is to solve for a given values of C,  X,and f)x.    Since the maximum 
displacement in the negative x-direction,  X    .   ,   can be obtained from the r a mm 
relation     X = (26 - X ), the response curve is fully defined, mm max 

To demonstrate some of the general features of the solution the problem 
is reduced to one with linear restoring forces by letting aE = a3 = rs = r3 = 0. 
It can be shown that Eq.   13 reduces to- 

C(l  - cos 91) „ 
a3+__  CT__J> o (14a) 

max M 

where S = (ax   - rx) [&- -  1  - SHLMl J + ^ (14b) 

and 9j is given by   tan &,.  =    rx  TT + (ax   - rx ) 9j  \/{a1  - rT) (14c) 

For a.x  ^ rx this case corresponds to a bi-lmear asymmetrical restoring 
force and for rx  >> ax,   9,  tends to TT which indicates highly asymmetrical 
motions.    When ax  = rx,  Eq.   14a becomes the equation of motion for a 
linear spring system and Eq.   14c shows that 9j  equals TT/2,   the condition 
of symmetry as seen in Fig.   2. 
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In an actual mooring problem neither of these two cases is likely to 
occur and the problem must be treated as indicated by Eqs.   10 and 13 after 
fitting Eqs.   11a and lib to the predicted (or measured) restoring forces. 
In order to develop a method of predicting these restoring forces,   consider 
first the schematic diagram of Fig.   3 which shows a block body (representing 
the small boat) moored with four lines to a dock.    Initially the lines are slack 
by some arbitrary amount A-t.    Upon movement of the body in the positive 
x-direction this slack becomes zero after the boat moves through a distance 
A, denoted as the free travel.    Until the vessel has moved this distance the 
restoring force is considered to be zero.    This is because the lines usually 
have a small unit weight and the restoring force is assumed to develop only 
due to the elastic characteristics of the lines      Therefore,  when x = Af 
the line tension is zero (T'~ = 0),   and T* becomes greater than zero for 
x>Af. 

The restoring force F    shown in the plan view m Fig.   3 is equal to the 
sum of the x-components ol the line tensions,   T"~,   for all lines acting to re- 
strain the boat's motion in a given direction.    Hence 

N 
F    =Y T* (15) r     '       x 

~ i       n 

n=l 

where from the geometry of Fig.   3 

T"~     = T'"   cos B    cos a (16) x n n n n 

The elastic characteristics of the mooring line can be represented as 

T>'</TBrk.= R ^ <17) 

* 
where T_   .     is the average breaking strength of the particular line,   e is 

the strain (total elongation divided by length),   and R and m are constants. 

Consider the definition sketch of a typical line shown in Fig    4 where 
the line goes from a cleat on the dock to a cleat on the boat passing through 
a guide at its point of first contact with the boat.    Therefore,   the line is 
divided into two sections     the first section going from dock to boat with a 
length     V =  I + A-t,   and the second section on the boat with a length l1. 

For small elongations and considering the geometry shown in Fig.   4 the 
x-component of the line tension can be expressed as 

y    2., 1/2 

x  = *-i It'iV+l^ j        ~ z     ^(m -  1/27 LX " AfJ (18) 

where K1  = RTg,    (see Raichlen (1968)). 
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The method of approach used in determining the variation of the restor- 
ing force with the displacement of the boat in the direction of either the bow 
or the stern follows directly from Eqs.   17 and 18.    For a given displacement 
the component tensions,   T*    ,   computed from Eq.   18 and the corresponding xn 
elastic characteristics Kx  and m,   are summed m accordance with Eq.   15, 
repeating this procedure until the restoring force vs.  displacement curve is 
constructed. 

In order to determine the coefficients R and m in Eq.   17 the elastic 
characteristics of various materials used for mooring have been obtained 
from various manufacturers.    In addition to these data,   tensile tests were 
conducted in the laboratory using a short section of 5/8-inch diameter 
manila rope.    Based on the available information the values used in this 
study are:   R = 18,   m = 1. 48 for manila and R = 2. 54,   m =  1.65 for nylon. 
The breaking strength of ropes composed of various materials,   T"'    ,    ,  were 
obtained from the manufacturer's data or from Wilson (1967b). 

RESULTS AND DISCUSSION OF RESULTS 

A series of tests were conducted at a small craft harbor near Los Angeles, 
California,   (Marina del Rey) to determine the periods of free oscillation of a 
26 ft boat (referred to herein as Harbor Boat No.   3) moored with a system of 
four  5/8 in.   diameter manila lines (two bow and two stern lines) to a "U" 
shaped floating slip.    The boat had a length of 26 ft,   a beam of 9 ft 2 in. ,   a 
maximum draft of 2 ft 4 in. ,   and a loaded displacement of approximately 
7, 000 lbs.    The hull in cross section was a modified Vee shape and for this 
reason the block body approximation used for the shape is perhaps not as 
good as when applying this to larger vessels,   such as tankers.    The dimen- 
sions of the mooring system are presented in Table  1 using the nomenclature 
of Fig.   4. 

Table 1.    Dimensions of Mooring Lines of Harbor Boat No.   3 

Bow Lines Stern Lines 

Port Starboard Port Starboard 

z o 
* 

27. 5 29. 18. 16. 

yo 27. 32. 33. 36. 

f 60. 57. 76. 80. 

I 71. 72. 85. 89. 

<1 
36. 36. 0. 0. 

*Note all dimensions in i nches 
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These dimensions show that although an attempt was made to moor the boat 
in the center of the slip,  this objective was not achieved exactly.   The length 
of the mooring line,  I,   shown in Table 1 is for the case of all lines taut, in 
the test two other cases were examined'   4 in.  and 8 in.  of slack in all lines. 

In these tests the boat was displaced m either the direction of the bow 
or the stern with known applied forces and the displacement relative to the 
dock was recorded photographically by means of a time-lapse movie camera. 
A photograph of the boat and its mooring system is presented in Fig. 5, which 
also shows the experimental arrangement for the tests.    A scale is fixed to 
the boat along with an electric stop clock to facilitate measurements of the 
displacement and of the period of the free oscillation.    The vessel was dis- 
placed using rigging that went either from the bow or the stern of the boat 
to piling located nearby.    After the force vs.   displacement characteristics 
of the mooring system were determined the boat was displaced either in the 
positive or the negative x-direction with an applied force of 200 lbs or 500 lbs 
and then suddenly released.    Although it would have been desirable to use an 
applied force greater than 500 lbs this was not considered possible due to 
the condition of the pilings.    The motions of the boat after it was released 
were recorded using a time-lapse camera and the displacement-time history 
of the boat's motion as well as the period of free oscillation were determined 
from a frame-by-frame analysis of the film.    Such experiments were con- 
ducted for the condition of taut lines,   4 m.   slack in all lines,   and 8 m.   slack 
in all lines,   with the initial force applied first to the bow and then to the stern. 

The variation of the restoring force with displacement for Harbor Boat 
No.  3 moored with taut 5/8-m.  manila lines is presented in Fig.   6.    In 
addition to these data,  predicted restoring force curves are presented in 
Fig.   6 which were obtained from Eqs.   15 and 18 using the elastic character- 
istics presented along with the breaking strength   of this rope (4400 lbs). 
The agreement between measurements and theory in Fig.   6 is relatively 
good,   one of the mam reasons for disagreement is the fact that the point of 
application on the boat of the applied load was above the center of gravity of 
the boat.    Therefore,   some pitching of the boat was introduced,   contrary to 
the conditions of the analysis. 

Predicted force displacement curves are presented in Fig.   7 for the 
three conditions which were tested.    Curves are shown for the bow lines 
(resisting motion in the negative x-direction) and the stern lines (resisting 
motion in the positive x-direction) for the four-point mooring system which 
is  shown in the inset in Fig.   7.    The effect of the addition of even a small 
amount of slack between approximately 5% and 10% of the line length) is 
seen m Fig.  7, for these cases the force displacement curves approach a 
constant displacement for small applied forces corresponding to the free 
displacement of the vessel.    The measured data for the two cases of slack 
lines are not included in this figure, the agreement between the experiment 
and the theory was good with respect to the slope of these curves but it was 
poor with respect to the prediction of the free displacement of the vessel. 
The primary reason for this is attributed to difficulties in measuring the 
at-rest-position of the vessel for the case of slack lines. 

Typical examples of the free oscillations of the small boat are presented 
in Figs.  8a and 8b for the case of all lines taut and 8 in.  slack in all lines. 
The periods of free oscillation were determined from such displacement- 
time histories for all cases tested. 
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Fig    6   Measured and Predicted Restoring Force vs 
Displacement    Harbor Boat No    3,  All Lines 
Taut 

Fig 7 Predicted Restoring Force vs Displacement 
Harbor Boat No 3, All Lines. Taut, 4 inches 
Slack,  8 inches Slack 
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The results of these experiments are compared to the results of the 
theoretical analysis in Fig.   9.    The equation of motion for the case of free 
oscillations is given by Eq.   5 with the right-hand side set equal to zero. 
A value of the virtual mass coefficient of CVj =1.2 has been used in Eq.   5 
for Harbor Boat No.   3 in accordance with data from Wilson (1958) for a 
floating body with a similar beam-to-length ratio.    The curves which result 
are presented m Fig.  9 for the three cases investigated     taut lines,   4 in. 
slack in all lines,  and 8 in.   slack in all lines.    Measured data,   similar to 
that obtained from figures such as 8a and 8b are included in Fig.   9 for two 
different definitions of the initial displacement.    One set of data is based on 
initial displacements which were determined experimentally and the second 
set of data is for initial displacements which were theoretically determined 
for the given applied force, the former is labeled Meas.   Init    Displ    and the 
latter is labeled Pred.  Init.  Displ.  in Fig.   9.    It is seen that both sets of 
experimental data show reasonable agreement with the theory except for the 
case of 4 in.   slack and the case for taut lines with a force of 500 lbs applied 
in the negative x-direction.    For small values of displacement the theoretical 
curve of free oscillations for the case of taut lines tends to a constant value 
of the period of oscillation because of the approximation to the force which 
was used (Eqs.   11) and not due to the nature of the mooring system.    For 
displacements less than the free travel,   for the cases with slack,   motion is 
undefined since the restoring force is zero. 

The undamped non-linear response curves for Harbor Boat No.   3 
moored under the three different line conditions are presented in Figs.   10, 
11 and 12.    These response curves,  obtained from Eq.   13,  are plotted as 
the variation of the maximum displacement of the boat in surge from the at- 
rest-position (Xmax or X      n) with the wave period,   T,  for various values of 
the forcing function Q.    It has been seen from Eq.   3b that the parameter Q is 
the maximum with respect to time of the water particle velocity averaged 
over the displaced volume of the moored body.    Since this is a function of the 
standing wave amplitude as well as certain parameters of the system,   in 
general the interpretation of £ is not simple and its value must be determined 
for given system parameters and wave amplitudes as a function of the wave 
period.    The "backbone" curves,   £ = 0,   correspond to the case of free 
oscillation and are the same as those shown in Fig.   9. 

These examples demonstrate that simple changes m the mooring system- 
can have a profound effect upon the dynamics of the moored boat.    For 
instance,   the motions induced by storm waves (8 sec.   to 12 sec.  periods) 
for the boats moored with 8 in.   of slack in the lines are approximately five 
to six  times greater than those for the boat moored with taut lines.    Where 
one mooring arrangement may be considered safe,   the other may be poten- 
tially dangerous.      In addition,      damage to the boat moored with taut lines 
may be due to the failure of the lines or fittings, however,   for the case with 
slack lines impact of the boat with the dock due to excessive motion may be 
the probable source of damage.    It is interesting that for the three cases 
which are considered resonance occurs well below the periods associated 
with storm waves, viscous effects would not tend to alter this  significantly. 

Consider the variation of the forcing function C>   with the wave period. 
A specific case is presented in Fig.   13 where the variation of the ratio of 
the forcing function to the wave amplitude,   Q/A,  with wave period is shown 
for a block body whose center is located 120 ft from a reflecting surface 
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Fig     10   Response Curve     Harbor Boat No     3,   Taut Lines 
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(b =  120 ft), the depth of water at the mooring site chosen for this example 
is  10 ft (d = 10 ft).    These dimensions were chosen to demonstrate some 
of the features of the forcing function and only in a general way do they repre- 
sent conditions at the berth at Marina del Rey.    However,   Fig.   13 demon- 
strates the periodic nature of the variation of the quantity £/A with wave 
period, at certain intervals this function and the locus of the maxima of this 
function become zero.    This occurs when the crest of the standing wave is 
located at the center of the body and there is no net force acting, conversely 
at maxima nodes occur at the center of the body.    Therefore,   in general it 
is not sufficient to view the response curves for a particular boat simply as 
curves of constant Q since the variation of the forcing function Q with wave 
period is also important in completely describing the dynamic motion of the 
boat.    However,   to investigate potential damage it is possible to use a 
relation such as that shown in Fig.   13 to determine the maximum value of 
the forcing function,   £ ,  which would be realized for a particular wave 
amplitude and then to view the response curves (such as Figs.   10,   11 and 12) 
which correspond to that maximum value. 

A consequence of neglecting the asymmetric nature of the mooring sys- 
tems for small boats is illustrated by the response curve of another boat 
whose in situ mooring dimensions were obtained at Marina del Rey.    The 
boat is approximately the same size as Harbor Boat No.   3     a length of 25 ft. , 
a maximum beam of 9 ft.   and a maximum draft of approximately 2. 5 ft.   The 
estimated displaced weight of this boat is 5200 lbs.    The variation of the 
restoring force with displacement predicted for this boat using Eqs.   15 and 
18 is presented in Fig.   14.    The solid curve corresponds to the predicted 
force-displacement relation and the curve with short-dashed lines corres- 
ponds to Eqs.   11a and lib  fitted to this relation.    It is seen that due to the 
dimensions of the mooring system the restoring force for motion in the 
negative x-direction is greater than the force which results from similar 
displacements in the positive x-direction. 

One set of response curves for Q - 2 ft/sec.   is presented in Fig.   15a 
based on the restoring forces labeled as Fx(x) and F2(x) in Fig.   14 showing 
the asymmetrical nature of the response of this boat to a periodic forcing 
function.    Included in Fig.   15a is the variation of 6 (the distance from the 
average position to the at-rest-position) with wave period which also shows 
that the motion is not symmetrical about the at-rest-position but it is 
symmetrical about a mean position a distance § away. 

Since large vessels are usually treated as symmetrically moored sys- 
tems (see Wilson,   1967a) it is of interest to treat the mooring system of this 
boat in a similar fashion to investigate the resulting response curves.    A 
symmetrical restoring force was obtained by first plotting the predicted 
curves shown in Fig.   14 in the positive F    vs.  x-quadrant and then computing 
the average displacement for a given applied force.    The expression which 
best describes the resulting average curve is shown m Fig.   14 with long- 
dashed lines.    The response curves for Q = 2 ft/sec.  based on the "averaged" 
restoring force are presented in Fig.   15b for motions only in the positive 
x-direction, the curves which correspond to motions in the negative x- 
direction would be mirror images.    A comparison of Fig.   15a and Fig.   15b 
shows the problems which may arise in assuming symmetry where the 
mooring system is highly asymmetrical.    For example,  if the clearance 
between the bow of the boat and the slip had been small it would be possible 
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Fig  15   (a) Response Curve,   25 ft Moored Boat with 
Predicted Restoring Force 

(b) Response Curve,   25 ft Moored Boat with 
Averaged Restoring Force 
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to conclude,   using an average restoring force system,   that no damage would 
be expected due to waves of certain heights and periods whereas using the 
predicted restoring forces a distinct possibility could exist that the boat 
would actually strike the dock. 

In a similar manner the response curves we/e obtained for  six other 
small boats moored at Marina del Rey.    The force-displacement relations 
were determined from the elastic characteristics of manila and nylon 
described previously and in situ measurements of the mooring dimensions. 
The lengths and estimated displaced weights of the boats are presented in 
Table 2, for more details of the mooring systems the interested reader is 
referred to Raichlen (I968). 

Table 2.    Measured Lengths and Estimated Weights 
of a Sample of Small Boats 

State of California |     Length Estimated Weight 
Registration Number j    (Ft-In. ) (Lbs) 

CF 6141 CB 
1 
|      22'-5" 3,700 

CF 0675 CJ [      24'-8" 5,200 
CF 0394 CV |      25' 5,200 
CF 0310 CV I      25' 5, 200 
CF 7651 CL I      29'-3" 8,200 
CF 7198 CJ |      33' 11,500 
CF 1756 CW i      38' 17,000 

The important range of wave periods for these small boats is shown in 
Fig     16 where the variation of the period of free oscillation is plotted as  a 
function of the ratio of the displaced weight of the boat to the restoring force 
which corresponds to a given boat displacement in either the positive or the 
negative x-direction.   Fig.   16 shows that for the range of restoring forces 
(or displacements) considered the periods of free oscillation of the boats 
varied from approximately 2 sec to 10 sec.    In the region of large line 
stresses,   10 >W/F    > 1,   the periods generally were less than 6 sec.    It is 
interesting to note that the smallest boat had associated periods which were 
about twice as large as the periods associEt ed with the largest boat investi- 
gated.    This was due to the characteristics of the mooring systems,   demon- 
strating that it is possible without mooring restrictions in a small boat 
harbor for the range of the important periods of oscillation of small pleasure 
boats to be close to the periods of storm waves.    However,  Fig.   16 also 
indicates the incidence of small boat damage due to waves in a harbor may 
be reduced by adopting restrictions on the elastic characteristics of lines 
and the mooring geometry which are permitted for certain size boats. 
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CONCLUSIONS 

The following major conclusions may be drawn from this study 

1. The theory which is developed to treat the surge motions of small 
boats which are moored asymmetrically with elastic non-linear 
restraints appears adequate when the results are compared to 
experimental results of the free oscillations of a small moored 
boat. 

2. A major difference between the mooring systems of small boats and 
large ships is the restoring forces which oppose surge motions, for 
small boats these forces will probably be asymmetrical whereas 
relatively symmetrical restoring forces are expected for large 
moored ships. 

3. An analytical study of the mooring dynamics of seven small boats has 
indicated that the nature of the restoring force may be more important 
in defining the periods of oscillation of these boats than the displaced 
weight of the boat. 

4. For the seven small boats studied the periods of free oscillation were 
less than about 10 sec.    For forced oscillations of  a small boat in 
surge the important wave periods would be increased by an amount 
dependent upon the magnitude of the forcing function and the permitted 
motion of the boat,  but they would still probably remain in the 
range of those of storm waves. 
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CHAPTER 100 

TSUNAMI HEIGHT,  OAHU,  HAWAII: MODEL AND NATURE 

by 

Jan Malan Jordaan, Jr.*, Associate Professor of 
Civil Engineering, University of Delaware, 
Newark, Delaware 

and 

William Mansfield Adams, Professor of Geosciences 
and Director of Tsunami Research, Hawaii Institute 
of Geophysics, University of Hawaii, Honoluiu,Hawai 

Abstvaot 

A I 20,000 scale model was built of the island of Oahu and 
neighboring topography. The model was undistorted and rotatable 
so that an incoming tsunami from any direction could be easily 
incorporated by turning the 12' x 12' model to face the wave 
generator from the desired angle. The wave basin was 30' wide and 
40' long; with a I-10 wave absorbing beach situated at the opposite 
end from the wave generator. The waves were modeled to a vertical 
scale of I:2000. 

The model was supplemented by a small-scale (1-247,500) model, 
also undistorted, in a transparent 6' x 12' ripple tank. This model 
represented the eight principal islands of the island chain and 
their surrounding topography. 

Nature data of runup height for four different tsunamis 
around Oahu show a strong tooal  amplification effect, varying more 
with respect to fixed positions around the Island (prominent 
features, points, bays, reefs, etc.) rather than with respect to 
variations in deep sea direction. 

A less pronounced local effect was obtained in the model tests 
and direct point-to-point correlation of model and nature data 
was not very meaningful beyond a general trend agreement. The 
orientation effect was similar on the model as in prototype. 

Formerly Associate Professor of Civil Engineering, 
University of Hawaii, Honolulu, Hawaii. 
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Introduction 

The general nature of tsunami waves can best be illustrated 
by Fig. I, tide gage records of tsunamis at Johnston Island, 700 
miles west-southwest of Oahu CRef. 3). Tsumami records for Oahu 
show furthermore, considerable variation in the maximum extent of 
run-up. It was attempted here to obtain in the model records simi- 
lar to Fig. I for the tsumami run-up around the perimeter of the 
scale model. Suitable regular wave sequences to approximate the 
more complicated tsunami record were arrived at by successful 
triaIs. 

Pilot Tests 

Preliminary tests were run while the instrumentation was 
developed and the performance of the model was determined. The 
following tests in Table IA were used as a guide to the later series 
of tests and served to optimize the wave generation, measurement 
and control of ambient test conditions in the model. This data is 
superseded by the tests as in Table 2 which were made under optimum 
condit ions. 

Table IA 

Pilot Model Tests 

Large Smal 1 
Orig I n Direction, e Mode 1 Test Model Test 

wave period wave period 
and dIrection 

Aleutians 354° 1 to 4,5,8 - 

Chi le 124° 8,10,12 sec. 2 sec. 
(145°, 167^°, 

180°) 

Prototype Data 

Information on wave run-up around the shore of Oahu was obtained 
from the available records published by MacDonald, Cox and others 
(Ref. I, 2) for the following tsunamis. 
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Table   I 

Tsunami Records Bxarmned 

Date Origin Di rection,8 

1 Apn 1 1946 Aleutians 354° 

5 Nov. 1952 Kamchatka 310° 

23 May I960 Chi le 124° 

27 March 1964 Alaska 6° 

The prototype data were plotted on polar coordinate graphs 
centered on the island center, with values at 10° intervals 
determined by interpolation for comparison with the model data 
taken at 10° intervals around Oahu. The data were replotted after 
being normalized (divided by the average of the 36 values) for 
each individual tsunami record. These data showed a similar trend 
for each tsunami, in that, independent of the direction of origin, 
6, the normalized run-up values showed a consistent increase or 
decrease relative to the position azimuth angle 6. Further analysis 
showed that the principal augmentative effect was associated with 
certain sections of the coast, hence offshore topography, rather 
than the azimuth of the tsunami origin. 

Model Data 

The model data were obtained by sensing the water surface 
fluctuation at 10° intervals around the island by means of immersed 
floats attached to strain gages. Readings with 2%  accuracy were ob- 
tained for water waves 0.3 mm in height and 5m in wavelength. The 
amplification factor at the 50m (nature) depth contour was determined 
by dividing the wave height here by that in deep water (4000m). The 
phase lag of wave arrival around the island was also obtained from the 
record and used as a control on the reliability of the model performance. 
The phase lag in the model correlated with arrival times of waves around 
the island obtained from wave refraction diagrams (MacDonald, Shepard, 
Cox, and Cox and Mink). 

Model-Prototype Correlation 
1946 and 1952 Tsunamts 

These tsunamis arrived on Oahu from the north to northwest and 
were not materially influenced by the neighboring islands. The model 
tests showed firstly a rather marginal correlation with the prototype 
values, about a 0.4 correlation. When normalized, the model tests for 
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three wave periods (8, 10, 12 seconds model) showed a consistent 
agreement with the hypothesis above that the principal augmentative 
effect is due to the submarine topography and hence varies with the 
location angle B more strongly than with the wave original direction 
angle 6. Examination of the areas of poor and even negative correl- 
ation between the model and prototype showed that these were where 
low values in nature were associated with medium-high values in the 
model. The apparent reason was the presence of coral barrier reefs 
in nature, which were too near the coastline or too shallow to be 
minutely scalable in the model. 

i960 Tsunami 

The Chilean tsunami was simulated lastly on the model because 
of the inherent complication caused by the presence of four islands 
in line with the origin of the wave. In an effort to determine the 
incident wave directions to be used near Oahu for the simulation, a 
series of tests was made on the small scale model of all the islands, 
Table 2. Its wave generator was set up in three separate test runs to 
generate waves from the south, southeast and SSE directions in turn. 
Wave heights were recorded near the Oahu island perimeter at 12 
locations, using the same gages as used on the large model. The 
normalized data was plotted on a polar graph, and found to agree with 
the azimuthal distribution of the 1946, 1952 tsunamis on the large 
model. The local wave crest orientation, however, was not readily 
determinate. 

A wave refraction diagram was thereupon prepared to determine 
local wave direction input using the available transpacific wave 
refraction diagram presented by MacDonald et at  (Ref. I) for obtain- 
ing the incident direction of 135° southeast of Hawaii island. The 
local wave refraction and diffraction by the wave front method was 
carried out by A. Fallon and the wave crests and orthogonals determined. 
It was found that the incident wave near Oahu is an interrupted tsunami 
wave-front, refracted to an average approach direction of 124°, with 
the two branches diffracting on each side around the four islands - 
Hawaii, Maui, Lanai, and Molokai, in turn, to approach Oahu from two 
angles of 80° and 190°, reaching the shores on either side almost 
simuItaneously. 

The wave was simulated by aligning the model island's north at 
-124° to the line normal towards the wave generator, and interrupting 
a length of 10 ft. in front of the central portion of the wave gener- 
ator by an impervious wave absorbing barrier (Fig. 3). This resulted 
in two diffracted as well as refracted wave systems sweeping in from 
the end portions of the wave generator and approximately representing 
the desired condition in nature. 
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The model tests were completed in July 1968 with the running 
of a series of tests with the above simulated tsunami origin from 
the south-east to determine the shoreline wave distribution for the 
I960 Chilean tsunami event. 

The data for three parallel cases were then rigorously 
analyzed, namely, the following three cases: 

Table 2 

Final Model Test Data Series 

Series Direction 
from North, 6 

Source and data of 
simulated tsunami 

Wave periods 
in mode 1 

A 

B 

C 

354° 

310° 

124° 

Aleutians, 1946 

Kamchatka, 1952 

Chile, I960 

8,10,12 sec. 

8,10,12 sec. 

8,10,12 sec. 

Description of Test Prooedure 

For each test case, A, B, or C, there were altogether 36 wave 
measuring points, spaced 10° apart around the 50 meter (nature) deep 
perimeter of the island. At each point, as well as at a deep water 
location, wave probes were placed and records obtained for each of 
a series of four waves of 8, 10, 12 seconds, respectively. The wave 
generator was oriented relative to the model to generate a wave from 
the required direction. To accomplish this orientation, the model was 
rotated on its turntable and the offshore slopes adjusted to conform 
approximately to the underwater ridge connecting the islands. The wave 
period was then set, for 8, 10, and 12 seconds in turn and the generator 
run for four cycles in each case, creating four wave crests and starting 
with a crest. The record obtained contained the time-trace of the wave 
in deep water near the wave generator, and at the successive shore Iine 
positions with 10° increments where the other gage was located. Since 
the two gages were nominally identical and were calibrated to prove 
this identical linear response, the shoreline amplification of the wave 
was obtainable directly by reading the trough to crest values from the 
two traces and dividing the shallow water value by the deep water or 



1560 COASTAL   ENGINEERING 

"reference value". This was done for two selected waves out of the 
sequence of four successive crests; namely (a) the first crest, 
measured from undisturbed level, (b) the third crest measured from 
the preceding trough level. These were called (a) "First arrival", 
(b) "third wave", respectively. 

Analysis of Data 

With three wave origin direction conditions and three periods 
at each direction, there were thus nine distributions of wave 
amplification of the "first arrival" and the "third wave" around the 
island. In order to abstract any existent general trend, first the 
distributions for 8, 10, 12 seconds were added together for each 
direction, giving a set of three distributions (for the three 
directions: A, B, C) for "first arrival" amplification around the 
island, and a corresponding set of three distributions for the "third 
wave" amplification around the island. 

Trends of Model Data Analyzed 

Upon inspection of these six distributions it was found that 
two clear trends emerged. 

1. The "first arrival" amplification showed a strong 
correlation with original wave approach direction, 
the amplification being a maximum approximately at 
the azimuth position around the island which faces 
the incoming wave system, and declining towards 
minimum at points +_  120° away from that maximum 
position (with a smaller secondary maximum at the 
position diametrically opposite). 

2. The "third wave" amplification, showed a strong 
correlation with individual features around the 
island periphery such as bays and points of land. 
The correlation with features appeared to be 
ascribable to resonant conditions being excited 
in some of the larger bays and bights and around 
headlands. This resonance was reached by the time 
of "third wave", but not the first, and persisted 
as a gradually diminishing surge after the sequence 
of four waves from the generator was over. 

Data Presentation 

The trends for 8, 10, 12 second period (model times)* 

Nature time is 141 x model time 



TSUANMI HEIGHT 1561 

waves were constant with each other and, although there were minor 
variations, the amplification distribution patterns were sufficiently 
similar that it is concluded that there were no sudden trend reversals 
likely with a slight period increase or decrease, and that an average 
of the data for the three periods was a well-enough representation of 
a typical tsunami case. 

The final data presentation is therefore in the following form- 

1. Distribution of "first arrival" amplification with 
respect to angle between shoreline position and 
original wave direction for each of three cases CFig. 4). 

2. Distribution of (I) above for the three cases 
combined (Fig. 5). 

3. Distribution of "third wave" amplification with 
respect to angle of shoreline position with true 
north for each of three cases of tsunami origin (Fig. 6). 

4. Distribution of (3) above for the three cases 
combined (Fig. 7). 

This model data is then comparable to prototype tsunami data 
from run-up records published (Refs. I, 2). 

Prototype Data 

Data for the three cases, A,B, C, (Table 2) were obtained from 
published tables and were plotted and digitized by 10° intervals 
around the island periphery to facilitate model to prototype correl- 
ations (Fig. 8, typ). Since there was no information on the "deep 
water wave height" in the prototype, and since the three cases A, B, 
C in the prototype had most likely different deep water wave heights, 
it was decided to remove a possible bias when comparing these to model 
data where A, B, C all had the same deep water wave height as follows 

The thirty-six digitized values of shoreline run-up height in 
nature for each case (A, B, or C) were added and an average value 
obtained. The individual values were then divided by this average. 
It was assumed this average would be proportional to the non- avail- 
able "deep water wave value", (Fig. 9). 

Prototype Tvends 

The data when so processed revealed a trend which agreed for 
all three cases, namely, a correlation of high values of relative 
shoreline run-up amplification with position around the island. 
For instance, the shoreline run-up would be high at a certain location 
compared to the average around the island, regardless of whether the 
tsunami originated from north, northwest or southeast. A fourth case, 
1957 tsunami, was also compared with this trend and found to agree as well 



1562 COASTAL   ENGINEERING 

Model/Prototype Correlations 

Comparison of an individual model test with the prototype 
run-up distribution generally was not very encouraging (Fig. 10). 
It would agree in certain respects but not in others. Another test 
at a different period would give conflicting trends (Fig. II). It 
was realized that to attempt correlations by eye would be likely 
to introduce personal bias, as to whether the mode I/prototype 
correlation was good, bad, or indifferent. 

A rigorous correlation study was made for selected model test 
distributions for the 4 sec. period and Aleutian 1946 tsunami con- 
dition which formed part of the prhminary series of verification 
tests. The correlation study revealed fairly weak correlations at 
first, and after a major improvement in the offshore topography in 
the island model was made, the correlation was improved to 0.4 
(1.0 being ideal, and 0 being no correlation). 

It was concluded that two factors contributed to an apparent 
lack of strong model to prototype data correlation. 

1. Selectivity of model test conditions, which do not 
cover all possibilities of wave period and resonant 
interaction that might all contribute to the 
highest water mark in nature. 

2. Scale-effect, which influences the ultimate behavior 
of the water's edge. In nature the wave might break 
and reach pretentious heights against cliffs, in the 
model the topography is considerably generalized and 
surface tension prevents breaking of the very modest 
wave oscillations. Furthermore, the model data is 
taken for practical purposes at some distance from 
the actual shoreline (-50 meter contour- about 3 to 
6 inches out from the water's edge in the model) 
whereas the nature data is taken from the debris line 
left by the actual water line excursion inland. 

To avoid arriving at spurious correlations in some instances 
and none at others, the only comparison of model and prototype finally 
presented consists of comparing with each other (i) the distribution 
of "thiid-wave heights" around the model, (which showed a strong 
correspondence with position around perimeter) and (ii) the distri- 
bution of "maximum relative run-up" around the prototype island in 
nature (which likewise showed a strong correspondence with position 
around the perimeter). Comparing (i) with (II), the result is not a 
perfect match, and in fact is a rather poor agreement, although some- 
what better in certain places than in others (Fig. 12). 
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Causes for Lack of Positive Model/Prototype Agreement are. 

1. The effectsof nearshore submerged features, 
coral reefs, basalt outcrops,are not repro- 
duced in the model due to the large scale- 
reduction of 1.20,000. This is best seen in 
Kaneohe Bay and Kaena Point. The model data 
for each of these locations gives essentially 
one value respectively. MacDonald, Shepard and 
Cox in their paper on the 1946 Aleutian tsunami 
(Ref. I) show how the tsunami run-up varied 
near Kaena Point, and ascribe this due to coral 
reef outcrops. In the model the reefs are not 
reproducible and the water depth is of the same 
magnitude as the wave height. At Kaneohe Bay 
the reported surge is about 4 ft. maximum. The 
use of a 10 x greater scale for wave height in 
the model is perhaps the cause of questionable 
behavior in very shallow areas like Kaneohe Bay, 
where reef outcrops could not be represented on 
model scale. 

2. The effect of the model basin boundaries, and 
partial reflection and return of wave energy from 
the wave absorber beach in the basin. 

In nature the interaction of a "monochromatic" 
train of waves and an island of arbitrary shape 
leads to a scattering in radiating fashion of all 
the wave reflection that takes place off the 
island perimeter. Apart from some multiple reflec- 
tions between adjacent shorelines, this reflected 
energy radiates outwards eventually to be lost 
from the system. In the model, however, it is 
practically impossible to avoid some return of 
scattered energy from the confining side walls of 
the basin. The waves passing the model are intended 
to be perfectly absorbed by a sloping beach covered 
with rubberized hair Tests showed that about 60$ 
of the wave amplitude is absorbed and 40? returns 
to form a partial standing wave system with the 
incoming waves. The reflected waves eventually 
reflect once more off the wave generator end and 
decay eventually as standing waves having several 
nodal systems. 
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General Discussion on Use of a Sequence of Waves 

For the reason above of partial reflection by the basin 
boundaries, testing with a continuous train of waves would not 
be valid as some of the basin nodal lines would intersect the 
island perimeter and give spurious values of zero amplification, 
whereas the basin antinodal lines would give exaggerated ampli- 
fication values. 

The use of a short sequence of several waves (in this case 
4) does permit data to be obtained before the reflected waves 
return from the beach and sidewall to interact with the ampli- 
fication of the traveling wave system. The purest information 
will be obtained with a single crest or trough, since the return 
signal will be identifiable as a separate single wave of smaller 
amplitude occurring later in the record. Use of a single or 
solitary wave would give essentially the same data as the lead- 
ing wave of a short sequence, but since the solitary waves does 
not have a definite period, no information on resonance behavior 
of adjacent shorelines would be obtained. The use of a sequence of 
four waves was then decided upon by observation of the optimum 
^ehavior of traces obtained with I, 2, 3, 4, and more wave 
sequences (Fig. 13). 

Evaluation of Reliability of Model Data 

The model results are quantitative but are not to be 
interpreted as quantitative predictions  of prototype behavior; 
because: 

1. Prototype wave height input is unknown, hence 
model wave height input is an arbitrary choice. 

2. Prototype waves are spectral, whereas model 
waves are monochromatic. Absolute predicta- 
bility comes nearest in the first crest, and 
here the model results agree markedly well 
with theoretical prediction for an idealized 
conical island. 

3. The ultimate run-up in the prototype is greatly 
dependent on non-modelable features, e.g., cliffs, 
reefs, perimeter roads and roadside features, 
canefields, tropical vegetation, houses and 
streets, buildings, yards and lands. 

Apart from the above I imitations the model data are subject 
to certain artificially-imposed restrictions: 

I. Subjectivity in selection of wave period and 
origin, especially in a complicated case like 
the I960 Chile tsunami which is prior-refracted 
by four other islands. 
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2. Reflection and partial standing waves caused 
by side and end walls and beach in model basin. 

3. The model data are more reliable for the first 
arrival than for the later waves. 

4. The model data are considered more reliable on 
the exposed shore than on the lee shore with 
reference to the wave origin because the lee 
shore receives in addition to the refracted 
incoming wave, also the unrealistic partial 
reflection from the absorbing beach. 

5. The data from the model for the Barber's Point- 
Pearl Harbor-Diamond Head-Koko Head area appear 
to give higher wave amplificat ion than experienced 
in nature For two of the three test cases this 
is the lee-side with respect to incoming waves, 
and therefore subject to a back reflection from 
the model basin beach. For the third  case (Chile 
I960) the pre-conditioning of the incoming wave, 
to strike the south and east shores in a fashion 
in accordance with the theoretical wave refraction 
pattern (produced by the ridge to the south east 
forming the four islands south of Oahu) was not 
fully achieved. There is, therefore, some un- 
certainty in the data for this I960 Chile wave 
condition which is more so on the exposed south 
shores. 

6. The data obtained served to illustrate partially 
the type of general behavior that the tsunami 
wave system undergoes in its interaction with 
the nearshore island topography. 

Canolueions 

The model study of tsunami wave amplification around Oahu 
yielded quantitative data which correlate to a certain extent with 
field data. It yielded qualitative understanding of the phenomena 
involved in the process of interpreting the results obtained and 
increasing the precision of measurement and control of test procedure. 

Although the model data in itself do not show sufficiently 
strong correlations with observed data to permit detail prediction 
of inundation levels given a certain wave height, period and orien- 
tation, nevertheless a qualitative generalized behavior pattern is 
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evident, as has been stated in Trends of Model Data Analyzed. 
The prototype data trends a I so found in the course of this study 
are remarkably consistent. It is hoped that tsunami forecasting 
could make use of these two trends in arriving at a decision to 
call a tsunami alert, or to determine the area to be evacuated. 

Refevenoes 

1. MacDonald, G., Shepard, F.P., and Cox, D.C., The Tsunami of 
April 1946 in the Hawaiian Islands; Pacific Science, January 
1947. Scripps Institute of Oceanography, Bull. 5, 6, I960, 
pp. 391-528. 

2. Cox, D.C. and Mink, J.F., The Tsunami of 23 May I960, in the 
Hawaiian Islands, Bull. Seism. Soc. of Am., Vol. 53, No. 6, 
pp. I 101-1209, December 1963. 

3. Wennekens, P.M., Office of Naval Research report, "Tsunami 
vs. Johnston. Island'', and Hawaii Institute of Geophysics 
Records. 

4. Havelock, T.H., "The Pressure of Water Waves Upon a Fixed 
Obstacle", Proc. Roy. Soc. (Lond.), Vol. 175A, 18 July 1940, 
pp. 409-415. 

Aeknow ledgmente 

This research was sponsored by the National Science Foundation 
under Grant No. GK 1374, and was performed at the Look Laboratory of 
Oceanographic Engineering, University of Hawaii. The principal research 
assistance was provided by Mr T.D. Krishna Kartha and Mr A.R. Fallon, 
Research Associates'. The assistance of Mr. G. Pararas-Carayann is and 
of the secretarial staff of the Tsunami Group, Hawaii Institute of 
Geophysics, and of the Civil Engineering Department staff, University 
of Delaware is gratefully acknowledged. 



TSUNAMI HEIGHT 1567 

K^MTCKATKA 

10  11  12  13  14  1$  16  17  IS  19  20  21  22  23 

CHI L.£. 

.. 1    !    :    i    i    i    i    ,  _ T.d. Oo »•« • cord Sho~»« Q   Ttw nan* 

-r-r— 

-o4— 

9 10 

1 
_L. 

1 
t - 

T 

i 

3 
1  

1 fr    jit^.j .        |           JOHNSTON ISLAM)   HAWAII 

t ~ - r -- >j_t? 
1 *PP 
U      1 5      1 

How 
6      1 

.1 G'M T ' 
/     It     >»     3 

i 

i 'i 
0    31     32     2}     t 
If11' 

? < : < r 

After P.M. Wennekens, Ref. 3. ALASKA 

Figure 1. Tide Gage Records Showing Tsunamis 
at Johnston Island, Pacific Ocean 
Lat. N. 16° 45', Long. W. 169° 31'. 



1568 COASTAL   ENGINEERING 

Bm^^t-^^^'mM^iw^m^;^ 

5 "a 

x: -PLYWOOD  WALL©   IS    HIGH (TYPICAL) - 
IZ 

OENERATOWl 
^>\s\xv,v\s\.s>^'--''-W' 

yaii^aiLMW»iaawiiwiww!w« 

MOVABLE   WAVE    PROBE   1 -A 

NOLUERS 

FIGURE 2   OAHU  TSUNAMI  RUN-UP   MODEL 

FIGURE 3   TSUNAMI  RUNUP MODEL, OAHU    SHOWN  FOR  I960 
CHILE 



TSUNAMI HEIGHT 1569 

ANSLE /3-9 
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Figure 10. Prototype and Model Data for two periods, 
6=354°, Aleutian Tsunami. 

(a) Prototype (nature) 
(b) Model 4 - second period, continuous waves 
(c) Model 5 - second period, continuous waves 
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Figure II. Model data, showing effect of further variation 
of period, 7.6 sec, 10.7 sec, and 12.4 sec, 
respectively. 
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Figure 12. Comparison of distribution of (a) amplitude of 
initial crest, (b) height of wave first trough 
to second crest, (c) height of third wave 
(second trough to third crest), for an 8 sec. 
period, four wave sequence, as in Fig. 13. 
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Figure 13. (a) Typical data sequence, 8 sec. period, four 
waves (traces shown inverted). Plot of data 
in Fig. 12-c (Plot VIl-B). 

(b) Comparison of same wave sequence at six 
different positions in Test Basin (traces 
shown right way up). 
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SUMMARY 

The wave model regime, in the given bay of the arbitrary 

outline, have been studing at the three scales 1:150, 1:300 

and 1:450. The models had the fixed bed. The model of the 

scale 1:1^0 had been conditionally admited as the prototype 

at the investigation. 

As a result of the study the scale effect for the present 

case have been found* The correction scale factors depend 

on the relative water depth. 

The largest correction scale factors are n* 1*5 for the 

model scale 1:300 and YX =2.1 for the model scale 1:450. 
H 

At these eases the relative water depth is less than ^ < 0.20. 

The correction scale factor is n. = 1 for the model scale 

1:300 and 1:450, if the relative water depth is more than 

S > 0.30 - 0.55- 

LIST OF SYMBOLS 

h      - wave height; 

A     - wave length, 

*f    - wave period; 
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H   - depth of water measured from SWL; 

hi  - wave height at the point i; 

X  - wave length at the point i; 

fc*!l - coefficient of the remaining ware height 
1  h 

at the point i; 

n = K"   - correction scale factor (where S = 300 
8 

and 450) 

INTRODUGTIOH 

The  determination of the model scale is one of the princi- 

pal question at the study the port protection from waves* 

It is well known, that the model scales are applied from 

1:40 up to 1*500 for such investigations in the practice of 

the hydraulic laboratories. 

The relationship between the laboratory model figures and 

the same figures of the prototype is calculated by the Proud*s 

law at any scale of the model* However, the loss of the wave 

energy is more at the models of the small scale thati at the 

ones of the large scale* As a result we can have the under- 

estimation of the wave heights* To avoid the underestimation 

of the wave heights name  investigators (1,2) had proposed to 

xAbjraouee the correction scale for the wave heights at the 

port study en the models of the small scales. For example, 

T.Blu (3) takes notice that the relative wave heights at the 

model scale 1:400 are twice less than the ones at the model 

scale 1:100* We can find a lot of articles and research work 

(4-7) concerning to the dissipation of the wave energy at the 

model investigation. 
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The great interest to this problem is explained by natural 

desire to get reliable results at the least expenses and with- 

out wasting ouch time. 

Indeed, at present time one can get the most reliable res- 

ult* for the estimation of the wave regime only with the help 

of the model study, as the analytical methods remain till now 

rather imperfeot. 

MODEL 

The study of the wave regime had been carried out on the 

fixed bay model of the arbitrary relief. The general scheme 

of the bay model is presented in Fig.1. The situation of the 

wave generator and the points in which wave gauges were ins- 

talled are also shown in the same Fig-1 and here you can see 

the direction of the ware fetch by the arrow, at which we 

have results presented in this paper. 

The model of the hay was disposed on the concrete floor 

in the hangar. The bay isobaths had been drawn by the chalk 

on the concrete floor and according to the sheet iron strips 

of the appropriate sise were placed. The space between the 

strips was filled up by sand, which had been moistened by 

water and had been rammed. The cement solution of 1,5 cm cover- 

ed the sand model* After three-four days the model of the bay 

was prepared for the wave study. All models of the scale 1:150, 

1:300 and 1:450 had been built in this way. 

EQUIPMENT AND METHODS 

The waves were generated by a flatter-type machine, driven 

by 10 kw- the direct current motor. The electric wave gauges 
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of the ohm resistance were used to measure the wave heights. 

Bie wave trains consisted up to 30 waves by 3 times and 

they were oontiniously recorded by the oscillograph on the 

photopaper belt- 

We calculated the mean wave heights from -3 of the largest 

wave height for any point. The relation of the mean wave 

height calculated by the above method, to the height of the 

initial wave, measured at the open sea, determined the coeffi- 

cient of the remaining wave height at the given point kj= _* . 
h 

If one knows the coefficient of the remaining wave height at 

every point it is possible to plot the isolines of the coeffi- 

cients of the remaining wave height. 

ANALYSIS OP RESULTS 

The wave regime Is shown for the three scale models in 

Sable 1. 

Table 1 

NN 
Haute 

Unit 
of 

measur. 

Scale of model 

1t150 1:300 1:450 

1 Wave height       h cm. 4.2 2.2 2.0 

2 lave length       X cm. 66 25 20 

3 Wave period      T sec 0,65 0,40 0,31 

4 Wsve depth in the 
open sea         H cm. 24 12 S 

5 Wave slopness     — 
h 

15,6 11,2 10,0 

6 Relative water depth -r- 
A 

0,36 0,48 0,40 

? Keen water depth in 
the bay          H, cm. 

i 
! 12 6 

1 

*,5  | 
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As shown in fable 1 tba waves were of considerable steepness 

and they were generated at rather great water depth. 

According to the Proud*s law the wave characterisations of 

the prototype are following: h = 4,5 i, A « 70 m and 

«f = 7 see- 

The estimation of the automodelity of mean wave regime in 

the bay for the all three scale models was made by Reynolds' 

number according to Mich's and Ofitzerov's formulas 

where U, 8 
orln 

ft % 

X     ,    M3TH, 
W\—:  

(1) 

- bottom velocity 

-f * 0-011 ( t = 15°C) kinematik viscosity of 
water 

%h 
R„ =  o  r (2) 

where Un » |n\/—~ CAA\-^;—-      •* orbital velocity 1 u x 
Table 2 sehows the Reynolds' numbers for the all three 

models 

Table 2 

J iti50 1*300 1:450 

i       ^ 14200 

8500 

4200 

5620 

5500 

5450 

In Table 2 on can see that the Reynolds' numbers for all 

the models appeared to be more than 2000. 
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It allows to believe that the wave regimes in all our 

models are within the limits of the same automodel zone. 

The values of the coefficient of the remaining wave 

height and the relative water depth to any point were cal- 

culated • The values were then marked on the paper and by 

them one drew the three curves (Fig.2). The curves are in 

entire confirm!t; to eaoh other. 

The less the scale of the model - the more the curve 

steepness and therefore, for the same relation of the water 

depth to the wave length f*  the coefficient of the remain- 
A; 

Ing wave height Ki is appeared to reduce with the decreas- 

ing of the model scale* 

The dissipation of the wave energy results from the 

turbulent viscosity of the water and the bottom friction. 

The less the relative water depth _i  the more the loss 

of the wave energy because of the bottom friction. 

I.Stepanov (8) notes in his work, that the imformation 

about the influence of the turbulent viscosity upon the 

decreasing off the wave height is very contradictory. 

The dependency between the relation of the coefficients 

of the remaining wave heights of the studied models n = g150 

and the relative water depths £i  are given in Fig.3 

The Fig#3 is based on Fig»2.    ' 

In ItgO one can see that the correction scale factor 

n = 1 for the models with the scale 1:300 and 1:450 when 

the relative water depths are ^i %,  O.30 - 0-35, but 
X< / when the relative water depths are ai < 0.20 we have 

n a 1.5 for the scale 1:300 and n ='2.1 for the scale 

1:450. 

K8 
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Aa  the relative water depth H^  decreases from 0,30 up 

to 0.20 the correction scale factor inoreases. 

CONCLUSION 

The investigation carried out can not claim to establish- 

ment the correction scale factors in all possible cases* How- 

ever, these investigations display great importance of the 

problem, which can be solved more completely by the investiga- 

tion of the scale series including wave research in field 

conditions < 
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